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In order to study the longitudinal seismic capacity of shield tunnels, this work applies the structural seismic vulnerability analysis, based on incremental dynamic analysis (IDA), to a shield tunnel and explores the ground motion intensity measure suitable for the shield tunnel in different site types. The failure probability of the structure at each earthquake intensity is calculated by combining the probabilistic seismic demand model with the limits on the engineering demand parameters to establish the seismic vulnerability curve of the structure. The results indicate that the peak ground velocity (PGV) is the ground motion intensity measure suitable for the longitudinal seismic performance of the shield tunnel. The site type has the most profound influence on the extent of the longitudinal damage to the shield tunnel, and site type IV is the most dangerous under an earthquake. Further, the tunnel has stronger seismic resistance in the elastoplastic stage. The low-grade bolts between the rings damage more severely than the high-grade bolts. A tunnel with either a great depth of burial or a large cross section is more dangerous than the one with either a small depth of burial or a small cross section. The risk of the axial tension-compression failure of the shield tunnel is higher than that of the horizontal transverse shear failure.
Keywords: shield tunnel, ground motion intensity measure, longitudinal seismic performance, engineering demand parameters, incremental dynamic analysis, fragility curves
INTRODUCTION
Tunnels are an essential component of urban lifeline engineering and public social infrastructure and the traffic lifeline of modern metropolises. Their seismic safety and risk analysis have become an essential research topic on urban disaster prevention and reduction. Some studies have reported that underground structures and tunnels seriously damage under strong earthquakes (Pitilakis and Tsinidis, 2014). In addition, the construction of tunnels is expensive, and it is difficult to recover a damaged tunnel. Therefore, it is essential to conduct seismic research into tunnels.
At present, the risk analysis of earthquakes is chiefly qualitative, and the quantitative evaluation of the probability and consequences of earthquakes is not possible. The evaluation of the vulnerability to earthquakes is to determine the probability of damage to structures at various ground motion intensities from a macro perspective, which has become a powerful tool for evaluating the seismic risk of structures. For the study of the fragility curve, the methods of earthquake damage investigation and expert evaluation are primarily used in the early stages to establish the empirical vulnerability curve through statistical regression. Chen et al. (2012) established the seismic risk curve of a highway bridge system in the Wenchuan area based on the investigation of bridge damage caused by the Wenchuan earthquake. Later, some researchers utilized numerical simulation to analyze the structural response statistically and used damage indicators to establish analysis curves with clear probability significance (He et al., 2017). The development of numerical simulation from the elastic spectrum method to the nonlinear pseudo-static method and then to the nonlinear time-history analysis method was substantially parallel to the seismic response analysis. Jernigan and Hwang (2002) employed the elastic spectrum method to obtain the bridge fragility curves in Memphis. In another work, Hwang and Liu (2004) used the pushover method to analyze the vulnerability of a highway system affected by an earthquake in the eastern United States.
The research on the vulnerability of ground structures has lagged behind that on underground structures. So far, the seismic vulnerability analysis of tunnels has chiefly been based on the previous cases of damage to tunnels completed by expert judgment or empirical fragility curves (Pitilakis and Tsinidis, 2014). However, the analytical methods widely used in ground structures are very limited in researching tunnel vulnerability. Argyroudis and Pitilakis (2012) employed a pseudo-static method to analyze the vulnerability of shield tunnels and proposed relative bending moment performance indicators suitable for underground structures. Huang et al. (2017) studied the seismic vulnerability of mountain tunnels based on Argyroudis’s research (2012). Qiu et al. (2018) determined the seismic fragility curves based on the pseudo-spectral acceleration (PSA) in the entire period of a circular rock mountain tunnel and examined the effects of the rock parameters, the depth of burial of the tunnel, the diameter of the tunnel, and the thickness of the tunnel lining. Argyroudis et al. (2017) considered the soil-structure interaction (SSI) and the aging effect caused by the corrosion of the lining reinforcement and determined the vulnerability curves of shallowly buried tunnels through two-dimensional nonlinear dynamic analysis. For studying the seismic vulnerability of underground structures, a typical cross section of the structure is generally selected for two-dimensional finite element analysis, and the influence of the longitudinal seismic response of underground structures such as subway tunnels is not considered (Huang and Zhang, 2021). The longitudinal seismic vulnerability analysis needs to be carried out in depth for highly long linear underground structures to reveal the longitudinal influence mechanism of underground structures and the development law of seismic vulnerability.
The incremental dynamic analysis (IDA) has widely been used in structural fragility analysis. Bertero (1977) first proposed the basic idea of the IDA, and then it was widely used in seismic fragility analysis of bridges and buildings (Zhang and Huo, 2009; Lv et al., 2012; Wu et al., 2012; Zhang et al., 2018). As a method for structural seismic analysis, the IDA employs statistical methods to analyze the results after a large number of numerical calculations that limit the application of this method. In this regard, many scholars have improved the shortcomings of the IDA in the practical application of diverse structures (Vamvatsikos and Cornell, 2005; Yang et al., 2008; Wang et al., 2012; Huang et al., 2020).
The ground motion intensity measure is an essential part of seismic fragility analysis and correlates the risk of ground motion with the engineering demand parameters. Reasonable ground motion intensity measures can effectively reduce the dispersion of structural response prediction results. At present, the peak ground acceleration (PGA) or the peak ground velocity (PGV) is usually used as the ground motion intensity index in the seismic vulnerability analysis of underground structures. According to the relevant literature (Huang and Zhang, 2021), the PGA, as the most widely employed ground motion intensity index, accounts for 65.96%, and the PGV and the peak ground displacement (PGD) account for 14.89 and 6.38% respectively. Other ground motion intensity parameters are rarely used. Huang et al. (2020) reported that for the lateral seismic analysis of tunnels shallowly buried in soft soil, the PGA had a more significant correlation with the structural failure index than the PGV. Thus, the PGA is currently a more appropriate seismic intensity index in seismic vulnerability analysis. Anastasopoulos et al. (2007) inferred from the longitudinal seismic analysis of an immersed tunnel that the PGV had a closer correlation with the structural failure index than the PGA. Zhong et al. (2020) took a two-story, three-span subway station as the research object and compared the results of the discrete analysis of the PGA, the PGV, the PGD, and the IDA at different depths of burial of a non-free site. They concluded that the PGA was the seismic strength index suiting the subway station. It can, therefore, be seen that the PGA is not the most ideal ground motion intensity index for different underground structure conditions.
Considering a typical shield tunnel as an engineering case, we extend the structural seismic vulnerability evaluation based on the IDA to the longitudinal seismic performance evaluation of shield tunnels. By calculating the structural seismic response, the standard seismic intensity indices are compared and analyzed, and the longitudinal seismic intensity indices suitable for the structure of shield tunnels are proposed. By comparing diverse working conditions, the seismic vulnerability curves of shield tunnels under various influencing factors are established, which provides a basis for predicting damage to shield tunnels under different ground motions.
THEORETICAL DERIVATION
Incremental Dynamic Analysis
As a parametric analysis method, IDA has commonly been used to evaluate structural performance under the action of ground motion in recent years. The method is to adjust the amplitude of the ground motion records at a particular proportion, and the ground motion intensity after the amplitude modulation is used as the input of the structure to calculate the dynamic time history.
However, calculating the dynamic time history under earthquakes requires considering the nonlinear effects of soil mass and the dynamic boundary effect of the soil-structure interaction model, which makes the convergence of the model time-consuming and challenging. Therefore, the dynamic time-history method is replaced by the longitudinal response displacement method. The response displacement method considers that the response of underground structures during an earthquake depends on the movement of the surrounding strata. The relative displacement of the strata during an earthquake is simulated in the form of a static load through a foundation spring to determine the internal force on the structure. The equivalent linearization is also used to consider the soil nonlinearity, which avoids the problems of the many nonlinear constitutive models of soil, the easy nonconvergence of the calculations, and the dynamic boundary effect. The theory of the reaction displacement method is mature, and its error is controllable (Liu et al., 2019); the calculation workload and time are significantly reduced. It can improve the efficiency and make it possible to calculate the longitudinal seismic vulnerability of long-line, underground structures by the IDA.
Determination of Ground Motion Intensity Measure and Engineering Demand Parameters
In calculating the seismic demand model and the IDA, selecting the comprehensive ground motion intensity parameters and the engineering demand parameters is a prerequisite, which ensures the accuracy of the IDA results and affects the evaluation of the ground motion intensity index.
Combined with the peak value, spectrum characteristics, and duration of the ground motion records, six ground motion intensity measures are selected for the ground motion intensity parameters: the PGA, PGV, and PGD considering the seismic peak parameters; the pseudo-spectral acceleration considering the seismic spectral parameters; and the root-mean-square acceleration (RMSA) and Arias intensity considering the seismic duration parameters.
Generally, long underground structures have a large number of longitudinal joints. The longitudinal seismic performance of general tunnels chiefly considers the waterproofness performance requirements of the structural joints, so the amount of the ring joint opening and the dislocation are considered the engineering demand parameters. The amount of the ring joint opening primarily reflects the deformation caused by the axial tension, compression, and bending of the shield tunnel. The dislocation chiefly represents the deformation caused by the horizontal and transverse shear of the shield tunnel.
Evaluation of Ground Motion Intensity Measure
A cluster of IDA curves is obtained, and the statistical analysis of the cluster of the IDA curves is used to derive the structural seismic demand model. The structural seismic demand model is then employed to further evaluate the strength and weakness of the intensity measure (IM). The specific steps are as follows:
a) The modified IDA method is used to calculate the maximum response measure (EDPi) of the simplified analysis model under the ith seismic record.
b) n ground motion records are calculated to obtain n discrete points. Then, the natural logarithm of these points is taken to generate a series of data points [ln(EDPi), ln(IMi)]. Afterward, the natural logarithmic points are drawn in the plane coordinate system.
c) The model parameters are adjusted to determine the tunnel structure under diverse site types. Steps (a) and (b) are repeated to obtain the cluster of the IDA curves of the tunnels for various site types.
d) The linear regression of the points on these curves is done based on the cluster of the IDA curves. The related literature shows that there is an exponential relationship between the engineering demand parameter (EDP) and the ground motion intensity measure (IM) of the structure, as expressed in Eq. 1, which is the structural seismic demand model (Baker and Cornell, 2008; Padgett et al., 2008; Baker and Cornell, 2010). By taking the natural logarithm of both sides of Eq. 1, we can transform it into a linear relationship, as delineated in Figure 1.
[image: image]
where α and β are the regression coefficients.
[image: Figure 1]FIGURE 1 | A schematic of the structural seismic demand model.
The dispersion and correlation coefficients of ln(EDP) and ln(IM) can be obtained from the seismic demand model of the structure. In Figure 1 and Eq. 2 calculate the dispersion (δ). Eq. 2 calculate the correlation (ρ).
[image: image]
where cov(EDP, IM) is the covariance between EDP and IM; D(EDP) and D(IM) indicate the standard deviation of EDP and IM respectively; [image: image] and [image: image] stand for the average of EDP and IM respectively.
a) Correlation (ρ) is calculated by Eq. 2, and its value ranges from –1 to 1. The absolute value of ρ, i.e., |ρ|, is closer to one when there is a stronger correlation between the engineering requirements and the ground motion intensity measure of the research structure.
b) Efficiency is expressed by dispersion and is the opposite of the correlation. The ground motion intensity measure is more effective when δ is smaller (Giovenale et al., 2010).
c) Practicality is expressed by the size of the regression coefficient (b) in the structural demand model. Practicality refers to the degree to which EDP depends on the IM. The practicality of an intensity measure parameter is extreme, and the variations in the engineering demand parameters depend very much on the differences in the intensity measure (Luco and Cornell, 2007).
d) Proficiency (ζ) considers a composite measure of the effectiveness and the practicability simultaneously as given by Eq. 3 (Shafieezadeh et al., 2012):
[image: image]
where [image: image] is the standard deviation of the seismic response, and b represents the regression coefficient obtained from modifying the structural response data collected by the modified IDA method and performing linear regression statistics. The smaller the ζ is, the lower the randomness and the more reasonable the intensity measure become.
Fragility Analysis Theory
(Baker and Cornell, 2008; Baker and Cornell, 2010) pointed out an exponential relationship between the engineering demand parameters and the intensity measure. This paper assumes that there is an exponential correlation between the mean of the EDP (SD) and the IM as well, and taking the natural logarithm of both sides of such a relation yields the following equation:
[image: image]
where a and b are the regression coefficients that can be obtained from the regression analysis of a large amount of data calculated by the modified IDA. Eq. 4 is an expression with the intensity measure as the only independent variable.
The seismic fragility curve represents the failure probability of a structure under diverse ground motion intensities, which is the probability that the structural response exceeds the limit value of the structural capacity under the condition of a given earthquake intensity index; it is a conditional probability and can be expressed in Eq. 5:
[image: image]
where Pf is the surpassing probability of the structure, C denotes the seismic capacity of the structure, and D represents the seismic requirement of the structure; C and D are independent random variables, and both obey a normal distribution. SC is the mean of the seismic capacity of the structure. σC indicates the standard deviation of the seismic capacity of the structure, and σD is the standard deviation of the seismic requirements of the structure. This work only considers the randomness of the ground motion intensity and does not take the randomness of the structure into account; thus, σC is equal to zero in Eq. 5, and σD is defined as a function of IM as an independent variable. Pf is given by:
[image: image]
where [image: image] represents the standard normal distribution function. Eq. 6 defines the overriding probability corresponding to various structural performance standards. The obtained seismic fragility curve is used to evaluate the seismic performance of the tunnel. The specific steps are shown in Figure 2.
[image: Figure 2]FIGURE 2 | The process of the structural seismic vulnerability analysis.
ESTABLISHMENT OF FINITE ELEMENT MODEL
Calculation Model and Parameters
The shield tunnel is selected from a section of rail transit in China. The circumferential bolt layout of the tunnel is shown in Figure 3, and the parameters of the corresponding concrete pipe section are presented in Table 1. The elastic modulus is 34.5 Gpa and Poisson’s ratio is 0.2 of shield tunnel segment. According to the site type regulations described in the code for Seismic Design of Urban Rail Transit Structures (GB50909-2014GB50909-2014), the site is divided by the equivalent velocity of the shear wave of the soil layer and the thickness of the overburden layer. The thickness of the soil layer is set at 90 m, and the depth of burial of the underground structure is considered to be 10, 20, and 36 m respectively. Site types II, III, and IV are also selected since shield tunnels are rarely used in site type I in practical engineering. The specific physical parameters of the soil layer are listed in Table 1.
[image: Figure 3]FIGURE 3 | (A) The layout of the circumferential bolts and (B) the ring bolt detail of the shield tunnel in an engineering section.
TABLE 1 | The parameters of the soil layer.
[image: Table 1]The equivalent linearization is used to consider the nonlinearity of the soil according to the division of the site type and the specific parameters of the soil layer. Figure 4 delineates the variation in the shear modulus and damping ratio of the cohesive soil (clay), the sandy soil, and the rocky soil with the shear strain.
[image: Figure 4]FIGURE 4 | The variation in the shear modulus and damping ratio of the clay, the sandy soil, and the rocky soil with the shear strain.
Finite Element Modeling and Working Conditions
The longitudinal response displacement method is employed to model the tunnel, and the tunnel is assumed to be a beam element. Because many bolts connect the shield tunnel in the longitudinal direction, the treatment of the mechanical model of the structural ring joints directly affects the calculation accuracy. There are two modeling methods commonly used for ring joints: the equivalent homogeneous beam model shown in Figure 5B and the beam-spring model depicted in Figure 5C. The equivalent stiffness model does not consider the influence of ring joints. Moreover, although the model is simple, it overestimates the stiffness of tunnel lining, which quickly causes the results to differ from the actual situation. The beam-spring model can more accurately simulate the mechanical properties of ring joints and is closer to the structural response under actual seismic conditions. However, the beam-spring model has high requirements for selecting the spring parameters, and reasonable spring parameters significantly impact on the accuracy of the results. This work uses the beam-spring model for the calculations, and the longitudinal length of the model is 1,080 m Atsushi (2009). Abaqus finite element software selects the three-dimensional linear Timoshenko beam element (B31) with an annular cross section for the simulation. The overall model of the shield tunnel is shown in Figure 5A.
[image: Figure 5]FIGURE 5 | (A) The overall model of the shield tunnel, the model of the ring joints; (B) The equivalent stiffness model; (C) The beam-spring model and (D) calculate the base bed coefficient model.
Considering the influence of the joint rings of the tunnel, we disconnect and connect each beam element by setting an asymmetric, tension-compression, nonlinear spring; bending the nonlinear spring; and shearing the spring. For the soil simulation around the shield tunnel, the finite element model of the soil of the excavated structure is established, and the axial uniformly distributed load and the horizontal uniformly distributed load are applied to the structure position. After extracting the average displacement of the structure, the corresponding coefficient of the axial foundation spring and the coefficient of the horizontal transverse foundation spring are determined. The width of the model is considered to be 10 times the thickness of the soil layer Atsushi (2009) to ignore the boundary effects on the soil response, as shown in Figure 5D. To consider the influences of the depth of burial of the tunnel, the dimensions of the cross section of the tunnel, and the strength of the ring joints on the extent of the longitudinal damage to the shield tunnel under an earthquake, Table 2 presents the structural parameters and working conditions of the shield tunnel.
TABLE 2 | The comparative working conditions of the shield tunnel.
[image: Table 2]This paper selects waves according to the site type while taking into account factors such as the peak value, the duration, and the spectrum characteristics of the ground motion record; it also considers the seismic response of the underground structure or the seismic behavior of the structure to be the most unfavorable or dangerous ground motion record (Xie and Zhai, 2003). Thirty seismic waves are selected from the most unfavorable ground motion database of the Pacific Earthquake Engineering Research Center. Then, they are divided according to the site type so that the selected seismic waves are evenly distributed in the three site types, as shown in Figure 6; the ground motion records are also normalized.
[image: Figure 6]FIGURE 6 |  The time history of the ground motions in the different site types. (A) Site type II; (B) Site type III; (C) Site type IV.
SELECTION OF GROUND MOTION INTENSITY MEASURE
Statistics for Structural Seismic Demand Model
Conditions 1–3 are calculated based on the IDA process described in Evaluation of Ground Motion Intensity Measure. We draw the results using logarithmic coordinates; then, the linear regression of these discrete points (lnEDPi, lnIMi) is done to obtain the seismic demand model of the structure under each working condition, as shown in Figure 7.
[image: Figure 7]FIGURE 7 | (A–F) The statistics for the seismic demand model of the amount of the ring joint opening and (G–L) the statistics for the seismic demand model of the dislocation.
Figure 7 demonstrate that the distribution of the discrete points of the various site types (working conditions) is different, and the fitted regression curves differ. In other words, there are different structural seismic demand models for the various ground motion intensity measures. Comparing the distribution of the discrete points in the various site types reveals that the points in site type II are relatively more discrete than those in site types III and IV. However, the difference in the distribution of the discrete points under the three working conditions is not noticeable. The slope of the regression curves corresponds to the practicability coefficient in the ground motion intensity measure. According to the fitted regression curves in Figure 7, the ground motion intensity measure can be preliminarily evaluated. Site types II–IV have the same law. Taking site type II as an example, the slope of the fitted curve drawn using the PGV and the PGD as the ground motion intensity indicators is steep, and the dispersion degree of each point in the corresponding figure is small. Therefore, the PGV and PGD are better indexed when using practicability to evaluate the ground motion intensity measures. The amount of the ring joint opening and the dislocation correlate closely with the PGV and PGD.
Evaluation of Ground Motion Intensity Measure
Figure 8 delineate the variation curves of EDP corresponding to the shield tunnel and the ground motion intensity measures.
[image: Figure 8]FIGURE 8 | (A–D) The variation law of the intensity measures corresponding to the amount of the ring joint opening and (E–H) the variation law of the intensity measures corresponding to the dislocation.
Figure 8A shows that the coefficient of the correlation between the PGV and the PGD is higher than that of the correlation between the other ground motion parameters. In site type II, the PGD has the largest correlation coefficient of 0.9813, followed by the PGV with a correlation coefficient of 0.8590. In site type III, Arias has the highest correlation coefficient of 0.8215, followed by the PGD with a correlation coefficient of 0.8101. The correlation coefficient of the PGV is 0.7702, which also has a good correlation. In site type IV, the PGD has the highest correlation coefficient of 0.9331, followed by the PGV with a correlation coefficient of 0.9202.
Figure 8B confirms that the effectiveness coefficient of the PGV and PGD is smaller than the other ground motion intensity indices, so the effectiveness of the PGV and PGD improves. The correlation coefficient of the PGV in site types II, III, and IV is 0.7422, 0.5426, and 0.3437 respectively. The PGV has the lowest corresponding dispersion degree in the three site types, and its correlation is good. The practicality coefficient reflects the dependence of EDP on IM. The higher the corresponding coefficient is, the higher the dependence of EDP on IM becomes.
Figure 8C reveals that the selected engineering demand parameters are most dependent on the PGV, and the PGV is the most practical. In site type II, the PGV has the highest practicality coefficient of 1.1118, followed by the Arms with a practicality coefficient of 1.0291. The proficiency comprehensively considers the efficiency and practicality. The smaller the proficiency coefficient is, the lower the randomness and the more reasonable the selected IM is.
According to Figure 8D, the PGV has the best overall proficiency. In site type II, the PGV has the smallest proficiency coefficient of 0.6676. In site type III, the proficiency coefficients of the PGV, PGD, and Arias are almost similar and close to about 0.6. In site type IV, the PGV has the smallest proficiency coefficient of 0.3807.
When the structural engineering demand parameters are taken as the dislocation, the change law of each ground motion intensity measure is consistent with the amount of the ring joint opening. The coefficient of each evaluation index varies markedly in the different site types, so the site type is a critical factor affecting the evaluation of the ground motion intensity measure. In the various sites, the results of the IM corresponding to the longitudinal engineering demand parameters of the shield tunnel, that is, the amount of the ring joint opening and the dislocation, are similar for the various evaluation indices. According to the selected ground motion intensity measure analysis, the PGV has a good performance by the different evaluation criteria. Therefore, the ground motion intensity measure PGV is most suitable for checking the longitudinal seismic calculations of shield tunnels.
VULNERABILITY ANALYSIS OF SHIELD TUNNEL
Limit on Structural Performance Index
We select the amount of the ring joint opening, which can reflect the axial deformation of the structure, and the dislocation, which can represent the shear deformation of the structure, as the engineering demand parameters to determine the longitudinal performance index of the structure. This work summarizes the related indices of shield tunnels by combining the existing specifications with the relevant literature. Moreover, considering the classification of seismic performance in the relevant code, this study presents the limit on the longitudinal performance index of the structure of shield tunnels.
A plurality of precast segments form a pipe ring and thus a shield tunnel through compression assembly, and a ring is connected to another ring by a plurality of bolts. The connection between the rings is the weak link of shield tunnels and the most direct or potential factor in water leakage (Zhou and Yuan, 2009). The deformation of the inter-ring bolts is the key to the evaluation of the waterproofness of tunnels. Regarding the works of Wang (2009a), Wang (2009b), Zhou and Yuan (2009), and Lin et al. (2015) on the amount of the ring joint opening and the allowable range of the dislocation and the Technical Code for Protection Structures of Urban Rail Transit (CJJT202-2013), this work presents the limit on the performance index of the structure of shield tunnels, as listed in Tables 3.
TABLE 3 | The limit on the amount of the ring joint opening and dislocation.
[image: Table 3]Working Conditions of Vulnerability Analysis
In order to compare the two influencing factors, namely the dimensions of the cross section of the tunnel and the strength of the ring joints, we consider working conditions 6–8 for the huge shield tunnels with a diameter of 15 m. Working condition 6 is compared with working condition 2 to study the influence of the dimensions of the cross section of the structure. Working condition 7 changes the grade of the bolts between the rings and maintains the number of the bolts unchanged. In working condition eight, the grade and quantity of the actual bolts connecting the rings of an enormous shield tunnel section are adopted. The effect of the strength of the ring joints is also examined by comparing working conditions 6–8. The specific parameters and the working conditions of the shield tunnel are summarized in Table 2. The PGV is selected as the ground motion intensity measure, and the structural seismic demand model is obtained by calculating working conditions 4–8, as shown in Figure 9.
[image: Figure 9]FIGURE 9 | The statistics for the structural seismic demand model under working conditions 4–8 (the PGV). (A) the amount of the ring joint opening; (B) the dislocation.
DISCUSSION AND CONCLUSION
In the fragility functions, SC adopts the data on the structures in different performance states in Tables 1, 2. When the amount of the ring joint opening is used as the engineering demand parameter, the bolt reaches the elastic limit state, and SC is 0.946 mm; the waterproofness design value of SC is 2.0 mm. When the waterproofness limit value is reached, SC is equal to 4.0 mm. When the bolt reaches the tensile limit state, SC equals 24.6 mm. When the dislocation is used as the engineering demand parameter since there is no analytical solution method for the shear spring (Wang et al., 2019), only the design and limit values of the waterproofness of the structural design under transverse shear are analyzed. When the waterproofness limit value is reached, SC is equal to 4.0 mm; when the waterproofness limit value is reached, SC equals 10.0 mm. The expressions of the seismic fragility functions are presented in Table 4, and the corresponding fragility curves are delineated in Figure 10.
TABLE 4 | The expressions of the vulnerability functions.
[image: Table 4][image: Figure 10]FIGURE 10 | The seismic fragility curves of the shield tunnel in the various site types (A,B), the various depths of burial of the tunnel (C,D), various ring spring stiffnesses (E,F) and the various cross section sizes (G,H).
Analysis of Seismic Fragility in Various Site Types
Figure 10A plots the variation of the exceeding probability of the amount of the ring joint opening with the PGV when the structure is in the different site types.
Site Type II
When the PGV is 0.3 m/s, the exceeding probability of the ring bolts reaching the elastic limit state exceeds 50%, while at a PGV of 1.0 m/s, the exceeding probability of the ring bolts reaching the elastic limit state is close to 100%. When the PGV is 1.7 m/s, the exceeding probability of the ring bolts reaching the structural waterproofness design value is close to 100%, while at a PGV of 2.0 m/s, the exceeding probability of the ring bolts reaching the structural waterproofness limit is 88.5%. At this time, the exceeding probability of the ring bolts reaching the tensile limit is about 10%.
Site Type III
When the PGV is 0.2 m/s, the exceeding probability of the ring bolts reaching the elastic limit state exceeds 50%, while at a PGV of 0.8 m/s, the exceeding probability of the ring bolts reaching the elastic limit state is close to 100%. When the PGV is 1.1 m/s, the exceeding probability of the ring bolts reaching the structural waterproofness design value is close to 100%, while at a PGV of 2.0 m/s, the exceeding probability of the ring bolts reaching the structural waterproofness limit is 91.3%. At this time, the exceeding probability of the ring bolts reaching the tensile limit is about 14.1%.
Site Type IV
When the PGV is 0.08 m/s, the exceeding probability of the ring bolts reaching the elastic limit state exceeds 50%, while at a PGV of 0.21 m/s, the probability of the ring bolts reaching the elastic limit state is close to 100%. When the PGV is 0.6 m/s, the exceeding probability of the ring bolts reaching the structural waterproofness design value is close to 100%, while at a PGV of 1.6 m/s, the exceeding probability of the ring bolts reaching the structural waterproofness limit value is 100%. At a PGV of 2.0 m/s, the exceeding probability of the ring bolts reaching the tensile limit is about 24.3%.
It can be seen that under the tension and compression state, the ring bolts easily enter the elastic-plastic stage. Comparing the different site types reveals that the probability of the circumferential joint opening exceeding the different stages is higher in the order site type IV > site type III > site type II.
Figure 10B plots the variation of the exceeding probability of the dislocation with the PGV when the structure is in the different site types.
Site Type II
The exceeding probability of the dislocation height platform reaching the waterproofness design value is about 50% at a PGV of 0.7 m/s, while when the PGV equals 2.0 m/s, the exceeding probability of the dislocation height platform reaching the waterproofness design value is close to 95%. At this time, the exceeding probability of the dislocation height platform reaching the waterproofness design value is close to 61%.
Site Type III
When the PGV is 0.6 m/s, the exceeding probability of the dislocation height between the rings reaching the waterproofness design value is about 50%, while at a PGV of 2.0 m/s, the exceeding probability of the dislocation height between the rings reaching the waterproofness limit value is close to 97%. At this time, the exceeding probability of the dislocation height between the rings reaching the waterproofness limit value is close to 66%.
Site Type IV
When the PGV equals 0.4 m/s, the exceeding probability of the dislocation height between the rings reaching the waterproofness design value is about 50%, while at a PGV of 2.0 m/s, the exceeding probability of the dislocation height between the rings reaching the waterproofness limit value is close to 100%. At this time, the exceeding probability of the dislocation height between the rings reaching the waterproofness limit value is close to 91%.
It can be seen that the exceeding probability of the dislocation height caused by the shear of the bolts corresponding to the structural waterproofness design value and limit value is smaller than that caused by the tension and compression of the bolts. Thus, the axial direction of the shield tunnel is more dangerous than its horizontal direction under an earthquake. Comparing the different site types demonstrates that the probability of the dislocation height exceeding the different stages is higher in the order site type IV > site type III > site type II.
Under the influence of an earthquake, the bolts between the rings of the shield tunnel are easy to enter the elastic-plastic working stage under the action of tension and compression. The axial strength of the shield tunnel damages more easily than its horizontal and transverse strength, so the axial rings of the tunnel should be strengthened in the design stage. Comparing the longitudinal seismic fragility curves of the underground shield tunnels in site types II–IV reveals that the degree of risk is higher in the order site type IV > site type III > site type II.
Analysis of Seismic Fragility at Various Depths of Burial of Tunnel
The seismic fragility of the shield tunnels with a depth of burial of 10, 20, and 36 m is examined in site type III.
Figure 10C plots the variation of the exceeding probability of the amount of the ring joint opening with the PGV at the various depths of burial of the shield tunnel. When the amount of the ring joint opening is taken as the engineering demand parameter, the exceeding probability at each damage level rises with the depth of burial of the shield tunnel. When the PGV reaches 0.1 m/s, the probability of exceeding the elastic limit of the bolts at a depth of burial of the tunnel equal to 10, 20, and 36 m is 47, 54, and 58% respectively. At this time, the difference in the exceeding probability is the largest, reaching 11%. Moreover, when the probability of exceeding the elastic limit of the bolts is close to 100%, the PGV corresponding to a depth of burial of the tunnel equal to 10, 20, and 36 m is 0.8, 0.7, and 0.4 m/s respectively.
At a PGV of 0.3 m/s, the exceeding probability of the bolts reaching the waterproofness design value is 63, 71, and 79% at a depth of burial of the tunnel equal to 10, 20, and 36 m respectively. At this time, the difference in the exceeding probability is the most significant, reaching 16%. Further, when the exceeding probability is close to 100%, the PGV corresponding to a depth of burial of the tunnel equal to 10, 20, and 36 m is 1.1, 0.9, and 0.7 m/s respectively.
When the PGV equals 0.9 m/s, the probability of exceeding the waterproofness limit value of the bolts at a depth of burial of the tunnel equal to 10, 20, and 36 m is 53, 64, and 76% respectively. At this time, the difference in the exceeding probability is as high as 23%. In addition, when the PGV reaches 2.0 m/s, the probability that the bolts reach the waterproofness limit value is 91, 95, and 98% at a depth of burial of the tunnel equal to 10, 20, and 36 m respectively. When the PGV equals 2.0 m/s, the exceeding probability of the bolts reaching the tensile limit at a depth of burial of the tunnel equal to 10, 20, and 36 m is 10, 18, and 29% respectively.
Figure 10D demonstrates the variation of the exceeding probability of the dislocation with the PGV at the various depths of burial of the shield tunnel. When the dislocation is taken as the engineering demand parameter, the exceeding probability at each damage level increases with the depth of burial of the shield tunnel. When the PGV reaches 0.6 m/s, the exceeding probability that the dislocation reaches the waterproofness design value is 50, 62, and 72% at a depth of burial of the shield tunnel equal to 10, 20, 36 m respectively. At this time, the difference in the exceeding probability is the largest, reaching 22%.
At a PGV of 2.0 m/s, the exceeding probability that the dislocation reaches the waterproofness design value is 97% at a depth of burial of the shield tunnel equal to 10 m, while it is close to 100% at a depth of burial of the shield tunnel equal to 20 and 36 m. When the PGV reaches 2.0 m/s, the exceeding probability of the staggered platform height reaching the waterproofness limit value is 61, 74, and 87% at a depth of burial of the shield tunnel equal to 10, 20, 36 m respectively.
Observing the trend of the fragility curves demonstrates that the bolts can quickly enter the plastic stage and reach the waterproofness design value. The probability of reaching the waterproofness limit follows a relatively flat trend, and there is a faint possibility of reaching the tensile limit of the bolts. The probability of the horizontal and transverse dislocation reaching the corresponding damage degree is lower than that of the axial, circumferential seam opening. The extent of longitudinal damage to the structure increases with the depth of burial of the shield tunnel.
Analysis of Seismic Fragility at Various Ring Spring Stiffnesses
The shield tunnel has a large cross section. Ten and forty-two bolts with respective strength grades 5.5 and 8.8 are used to connect the rings. Working conditions 6, 7, and 8 define the low-stiffness ring connection, the medium-stiffness ring connection, and the high-stiffness ring connection respectively.
Figure 10E plots the variation of the exceeding probability of the amount of the ring joint opening with the PGV at the various ring spring stiffnesses. When the amount of the ring joint opening is taken as the engineering demand parameter, the exceeding probability at each damage level declines as the ring spring stiffness increases. When the PGV reaches 0.1 m/s, the exceeding probability of reaching the elastic limit of the bolts under the conditions of the high-stiffness ring connection, the medium-stiffness ring connection, and the low-stiffness ring connection is close to 6, 33, and 69% respectively. At this time, the difference in the exceeding probability is the most noticeable, reaching 63%. When the probability of exceeding the elastic limit of the bolt is close to 100%, the PGV corresponding to the conditions of the high-stiffness ring connection, the medium-stiffness ring connection, and the low-stiffness ring connection is 1.4, 0.6, and 0.4 m/s respectively.
At a PGV of 0.3 m/s, the exceeding probability of reaching the waterproofness design value under the conditions of the high-stiffness ring connection, the medium-stiffness ring connection, and the low-stiffness ring connection is 45, 79, and 82% respectively. At this time, the difference in the exceeding probability is the largest, about 37%. When the probability of exceeding the elastic limit of the bolt is close to 100%, the PGV corresponding to the conditions of the high-stiffness ring connection, the medium-stiffness ring connection, and the low-stiffness ring connection is 1.6, 0.8, and 0.7 m/s respectively.
When the PGV equals 1.3 m/s, the probability of exceeding the waterproofness limit value under the conditions of the high-stiffness ring connection, the medium-stiffness ring connection, and the low-stiffness ring connection is 65, 87, and 91% respectively. At this time, the difference in the exceeding probability is the most noticeable, reaching 26%.
At a PGV of 2.0 m/s, the probability of exceeding the waterproofness limit value under the conditions of the high-stiffness ring connection, the medium-stiffness ring connection, and the low-stiffness ring connection is 85, 96, and 97% respectively. Furthermore, when the PGV is 2.0 m/s, the exceeding probability of reaching the tensile limit of the bolts under the conditions of the high-stiffness ring connection, the medium-stiffness ring connection, and the low-stiffness ring connection is 0.1, 7, and 26% respectively.
Figure 10F depicts the variation of the exceeding probability of the dislocation with the PGV at the various ring spring stiffnesses. When the dislocation is taken as the engineering demand parameter, the exceeding probability at each damage level decreases as the ring spring stiffness increases. When the PGV equals 1.0 m/s, the probability of the dislocation height reaching the waterproofness design value under the conditions of the high-stiffness ring connection, the medium-stiffness ring connection, and the low-stiffness ring connection is 72, 91, and 93% respectively. At this time, the difference in the exceeding probability is the most remarkable, reaching 21%.
At a PGV of 2.0 m/s, the probability of the dislocation height reaching the waterproofness limit value under the conditions of the high-stiffness ring connection, the medium-stiffness ring connection, and the low-stiffness ring connection is 53, 77, and 82% respectively. At this time, the difference in the exceeding probability is the most significant, reaching 29%.
For the shield tunnel with a huge diameter, when the number of bolts between the rings is the same, a higher bolt grade leads to a lower probability of exceeding the limit on the performance index. Nonetheless, the gap is not remarkable, and the fragility curves are close to each other. The fragility curves change dramatically when the number of bolts between the rings increases while the bolt grade is the same. A higher number of bolts between the rings result in a lower probability of exceeding the limit on the structural performance index and thus a safer structure.
Analysis of Seismic Fragility at Various Dimensions of Cross Section of Tunnel
Figure 10G plots the variation of the exceeding probability of the amount of the ring joint opening with the PGV at the various cross section sizes. When the amount of the ring joint opening is taken as the engineering demand parameter, the exceeding probability at each damage level increases as the dimensions of the cross section of the tunnel enlarge. When the PGV reaches 0.1 m/s, the exceeding probability of reaching the elastic limit of the bolts is close to 69 and 33% for the tunnels with large and small diameters respectively. At this time, the difference in the exceeding probability is the largest, reaching 36%. When the probability of exceeding the elastic limit of the bolt is close to 100%, the PGV corresponding to the tunnels with large and small cross sections is 0.3 and 0.8 m/s respectively.
When the PGV is 0.3 m/s, the exceeding probability of reaching the waterproofness design value is 82 and 63% for the tunnels with large and small cross sections respectively. At this time, the difference in the exceeding probability is the most apparent, about 19%. When the exceeding probability of reaching the waterproofness design value is close to 100%, the PGV corresponding to the tunnels with large and small diameters is 0.7 and 1.1 m/s respectively.
At a PGV of 0.8 m/s, the probability of exceeding the waterproofness limit value is 68 and 46% for the tunnels with large and small diameters respectively. At this time, the difference in the exceeding probability is the most noticeable, reaching 22%.
When the PGV equals 2.0 m/s, the probability of exceeding the waterproofness limit value is 97 and 91% for the tunnels with large and small diameters respectively. Moreover, when the PGV reaches 2.0 m/s, the exceeding probability of reaching the tensile limit of the bolts is 26 and 14% for the tunnels with large and small diameters respectively.
Figure 10H portrays the variation of the exceeding probability of the dislocation with the PGV at the various cross section sizes of the shield tunnel. When the dislocation is considered the engineering demand parameter, the exceeding probability at each damage level increases as the dimensions of the cross section of the tunnel enlarge; however, the gap is not evident. When the PGV reaches 0.8 m/s, the exceeding probability that the dislocation height reaches the waterproofness design value is 86 and 68% for the tunnels with large and small diameters respectively. At this time, the difference in the exceeding probability is the most remarkable, reaching 18%.
At a PGV of 2.0 m/s, the exceeding probability that the dislocation height reaches the waterproofness limit value is 82 and 66% for the tunnels with large and small cross sections respectively. At this time, the difference in the exceeding probability is as high as 21%.
The different dimensions of the cross section of the shield tunnel have an apparent effect on the extent of longitudinal damage to it. The shield tunnels with a large cross section are more dangerous than those with a small cross section; thus, reinforcement measures should be taken in the seismic design of the shield tunnels.
CONCLUSION
A shield tunnel is selected as the analysis object, and a large number of numerical simulations are performed using the IDA based on the longitudinal response displacement method. We selected six earthquake ground motion intensity measures and determined the optimal ground motion intensity parameters according to the four evaluation criteria. This work also analyzes the structural seismic vulnerability curves under different influencing factors to evaluate the longitudinal seismic performance of the shield tunnel. The following conclusions can be drawn from the findings of this work:
The site type significantly affects the ground motion intensity measure, and the IDA curves obtained from the various ground motion intensity measures are entirely discrete. The PGV is a seismic intensity index suitable for the longitudinal seismic analysis of the shield tunnel and is more effective in the longitudinal IDA of the shield tunnel.
The impact of the various factors on the extent of damage to the shield tunnel is higher in the order the site type > the depth of burial of the tunnel > the dimensions of the cross section of the tunnel > the ring spring stiffness. The influence of the various site types on the extent of longitudinal seismic damage to the shield tunnel is more substantial in the order site type IV > site type III > site type II. The probability of damage to the shield tunnel increases as its depth of burial enlarges.
Regarding the ring spring stiffness, the longitudinal seismic damage to the shield tunnel is less severe when high-grade bolts connect the rings, and the structure is safer under an earthquake. Moreover, the shield tunnels with a large cross section are more dangerous than those with a small one.
Under the action of an earthquake, the possibility of exceeding the elastic limit and the waterproofness design value of the ring bolts of the shield tunnel is strong, the possibility of exceeding the waterproofness limit value of the ring bolts of the shield tunnel is relatively slight, and the possibility of exceeding the tensile limit of the bolts is minimal. Finally, the danger of the axial tension-compression failure of the shield tunnel is greater than that of the horizontal transverse shear failure.
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Traditional reinforced concrete piles have high strength and low cost in slope engineering, but the slow forming and long maintenance period make it difficult to meet the needs of emergency and disaster relief tasks, such as landslides caused by rainfall. In this paper, the influence of a new type of polymer anti-slide pile on slope stability under rainfall conditions is studied. With the advantages of fast forming, high strength, simple construction technology, and small disturbance to slope, the new type of anti-slide pile can meet the requirements of emergency and disaster relief tasks. The influence of different rainfall duration, rainfall form, location, and spacing of pile laying on the stability of rainfall slope is explored with fluid-solid coupling analysis. The results show that the slope stability gradually deteriorates with the increase of the peak duration of rainfall intensity. Without rainfall conditions, the reinforcement effect is optimal when the position of pile cloth is 1/2–3/4 L away from the foot of the slope (L is the horizontal length of the slope); with rainfall conditions, when the position of pile cloth is 1/4–1/2 L away from the foot of the slope, the reinforcement effect is optimal. Without rainfall conditions, the reduction of pile spacing can improve the reinforcement effect; with rainfall conditions, the reduction of pile spacing will affect the flow and discharge of seepage rainwater and reduce the reinforcement effect.
Keywords: rainfall slope, matrix suction, anti-slide pile, fluid-solid coupling analysis, slope stability analysis
INTRODUCTION
Landslide is a sliding geological phenomenon of slope rock mass along the through shear failure surface. The mechanism of a landslide is that the shear stress on a sliding surface exceeds the shear strength of that surface. In 2019, 6,181 geological disasters occurred in China, including 4,220 landslides, causing hundreds of deaths and direct economic losses of more than 2 billion yuan. At present, most of the ways to prevent landslide disasters in engineering are by setting slope retaining materials, such as an anti-slide retaining wall, anchor rod, anti-slide pile, and micro anti-slide pile, etc. Among them, anti-sliding piles and micro-anti-sliding piles are widely used in slope reinforcement engineering because of their simple structure, strong anti-sliding ability, and mature construction technology.
In recent years there has been a large amount of research and analysis of the stability of slope reinforcement and anti-slide piles. (Cai et al., 1998; Cai and Ugai, 2000; Wei and Cheng, 2009; Gao et al., 2015; Tan et al., 2018) studied the stability of slope reinforced by anti-sliding piles, using the finite element strength reduction method. Chen and Martin (2002) used finite element analysis software to explore the influence of soil arching effect on the stability of anti-sliding piles. Li et al. (2019), Mao et al. (2019) found that the deformation patterns of adjacent piles in pile groups are different, resulting in different degrees of axial forces and bending moments. Piles in the shear zone will separate and pile groups will be destroyed with the increase of fault displacement. Tang et al. (2014) found that the maximum soil pressure exerted by anti-sliding piles occurs in the middle and upper part of the sliding mass. The distribution of soil pressure has complex changing rules during deformation.
Even though the above scholars studied design optimization and other aspects of anti-slide piles to a significant extent, they did not consider the influence of rainfall. A large number of landslide accidents indicate that rainfall is an important factor in causing a landslide as major landslide accidents often occur after rainstorms. It is therefore very important to study the influence of rainfall on slope stability. Studies by Bogaard and Greco (2016), Sidle and Bogaard (2016), Morbidelli et al. (2018), Fan et al. (2019), Gidon and Sahoo (2020) have explored the influence of rainfall on slope stability and Luo et al. (2021) explore the influence of rainfall on highway slopes. Chatra et al. (2019) separately analyzed the influence of rainfall on the stability of soil slope with different densities. Wang et al. (2020) studied the influence of rainfall on the stability of multi-layer unsaturated soil slopes. Tang et al., (2017) proposed a method to incorporate the initial conditions of pore water pressure distribution into slope stability analysis based on rainfall data in the Three Gorges reservoir area. Moreover, Wu et al. (2017) have carried out tests on the dynamic characteristics of loess slopes under artificial rainfall conditions, and explored the influence of rainfall intensity and duration on stability. He et al. (2021) analyzed the characteristics of soil slope saturated zones and the influence of water body characteristic parameters on slope stability, and put forward a landslide prediction model based on the critical curve of the shallow saturated zone and one-dimensional model. Cai and Ugai (2000), Cai and Ugai (2004), Yao et al. (2021) have studied the influence of rainfall intensity and the hydraulic characteristics on slope stability by strength reduction method and finite element seepage analysis. However, they only consider the influence of rainfall on hydraulic characteristics and stability of the natural slope, and the influence caused by the existence of anti-slide piles is neglected. Li et al. (2018), Li et al. (2020) have undertaken stability analysis of slopes reinforced by anti-slide piles under rainfall conditions, but this study only analyzed the effect of one form of rainfall and ignored how the change of the form of rainfall would affect the slope stability.
The above studies are based on anti-slide piles made of concrete and gravel concrete. Traditional concrete materials have the characteristics of low price, high strength, and are easily sourced. They also have the disadvantages of long maintenance periods and long construction periods. For the dangerous landslide rescue task, these shortcomings may cause more casualties and more economic losses. The polyurethane polymer material is a new engineering material developed in recent years. It has the characteristics of early forcing, fast formation, high strength, simple construction technology, and causes minimal disturbance to the slope, etc. (Liu et al., 2018; Lin et al., 2020). It can be adopted to the needs of rescue and disaster relief tasks. Wang et al.(Wang et al., 2019; Wang et al., 2021a; Wang et al., 2021b) have explored the shear behavior between polymer material and concrete through the interfacial shear test. Using a model test and numerical analysis, they concluded that the effect of polyurethane polymer gravel piles on reinforcing the soft soil subgrade of the expressway is better than that of traditional piles (Wang et al., 2018). Shi et al.(Shi et al., 2014) explored the influence of length, diameter, and density of polyurethane polymer anchor rod on bond strength through bond performance test between polyurethane polymer anchor rod and silt. The author has previously studied the optimum design scheme for side slope reinforcement with high polymer micro anti-slide piles. However, the influence of rainfall on slope reinforcement by micro-piles was not considered.
Existing numerical analysis software can only realize the fluid-solid coupling analysis of rainfall slope and the safety factor analysis of slope without rainfall conditions. It cannot analyze the stability of slope strengthened by anti-slide pile with rainfall conditions. In this paper, a flow-solid coupling calculation model considering the characteristic curve of permeability coefficient and the soil-water characteristic curve is established, and rainfall infiltration analysis of the slope was carried out. The data of hole pressure, saturation, stress, and strain of slope reinforced by high polymer anti-slide piles during rainfall were obtained. Finally, combined with the characteristics of high polymer material, through the development of a numerical analysis software subroutine, the safety factor of the slope after rainfall was obtained by the strength reduction method.
SOIL HYDRAULIC CHARACTERISTICS AND SEEPAGE PATTERN
Characteristic Curve of Hydraulic Permeability Coefficient and Soil-Water Characteristic Curve
The biggest mechanical difference between unsaturated soil and saturated soil is the existence of suction, which has a great influence on the deformation and strength of unsaturated soil. In unsaturated soils, water conductivity decreases due to partial aeration in the soil pores. As soil water first discharges from the macropore under suction, water flow can only flow in the micropore with the increase of suction. Therefore, from saturated to unsaturated soil, its permeability will decrease dramatically. However, the permeability coefficient of unsaturated soils cannot be assumed to be constant and is strongly influenced by the change of matrix suction and saturation of soils.
In the analysis of this paper, the permeability coefficient of water in soil refers to the calculation Eq. 1 proposed by Alonso E (Alonso et al., 1995), which defines the relationship between permeability coefficient and matrix suction:
[image: image]
kw is the permeability coefficient and kws is the saturated permeability coefficient of soil, aw, bw, cw are constant parameters, aw, bw, cw are taken as 1,000, 0.01, and 1.7 respectively.
In this paper, the relationship between matrix suction and saturation is defined using the calculation formula of Equation 2 (Alonso et al., 1995) for the characteristic curve of water and soil in the model.
[image: image]
Sr is saturated; Si is residual saturation, 0.08 is taken in this paper. Sn is the maximum saturation and 1 is chosen in this paper, as, bs, cs are constant parameters. The values of as, bs, cs are 1 and 5 × 10–5, 3.5.
Infiltration and Runoff Modes
The rainfall infiltration mode of an unsaturated soil slope exists in various forms and the infiltration process is very complex. Mein and Larson (Mein and Larson, 1973) describe the process and behavior of rainfall infiltration by comparing three parameters: rainfall intensity q, permissible infiltration capacity fp of soil, and saturated permeability coefficient kws of soil.
1) q < kws: At this time, surface runoff will not occur and all rainfall will infiltrate, while the infiltration capacity of water remains unchanged.
2) fp > q > kws: All rainwater infiltrates, fp decreases with the increase of infiltration depth, but the rainfall intensity has not reached the permissible infiltration capacity of soil at this time, so the infiltration capacity will not decrease and the infiltration capacity is very high.
3) q > fp: At this time, the infiltration process is complicated, and rainwater cannot infiltrate completely. Runoff forms on the surface of the slope body and the infiltration capacity change constantly. This situation is not considered in this paper.
Soil Failure Criteria
The failure readiness of saturated soils is mostly Mohr-Coulomb criterion. However, due to the presence of matrix suction in unsaturated soils, the Mohr-Coulomb criterion does not apply to unsaturated soils. In the 1960s, Bishop (Bishop and Blight, 1963) proposed an expression for the strength of unsaturated soils:
[image: image]
ua is pore pressure because it is connected to the atmosphere, ua takes 0. uw is pore water pressure. c’ and φ′ are effective internal friction angle and effective cohesion respectively. However, because [image: image] is an empirical coefficient and is related to saturation, it is difficult to determine the value, so it is not widely used.
Fredlund (Fredlund et al., 1978) proposed another formula for shear strength:
[image: image]
φb is an angle defining the increase in shear strength for an increase in matric suction. Fredlund’s formula indicates that the shear strength of unsaturated soils is not only related to cohesion and friction angle but also matrix suction and internal friction angle changing with suction.
During the rainfall process, the matrix suction and saturation of the slope will change with the infiltration of rainwater, which will change the physical properties of the soil and affect the overall stability of the slope. The foot of the slope will slide and the top of the slope will sink. Although the overall sliding tendency is very small, its influence on the stability of the slope cannot be ignored.
In this paper, the fluid-solid coupling analysis of the slope model reinforced by high polymer anti-slide piles under different schemes was carried out to obtain the saturation and pore pressure of the rainfall slope at different times. Through secondary development of numerical analysis software, the stress and strain on the slope caused by long-term rainfall and gravity are applied to slope stability analysis.
ESTABLISHMENT AND ANALYSIS OF NUMERICAL MODEL
In slope engineering with anti-slide pile reinforcement, considering rainfall conditions, the influence of slope saturation and pore pressure variation on the mechanical characteristics of unsaturated soil is mainly analyzed. Rainfall form, intensity, duration, spacing of anti-slide piles, and different pile positions will affect seepage field and stress field changes of the entire slope, and then affect the overall stability of the slope.
Geometric Models and Material Parameters
A typical example of slope reinforcement with an anti-slide pile was selected. The slope height is 20 m, the foundation depth is 17 m, the groundwater level is below ground, the total horizontal length of the model is 60 m, and the slope gradient is 1:1.5. We then set up four monitoring units A, B, C, and D. Point A is set at the foot of the slope, point B and C are at the same height, point B is in front of the pile, point C is behind the pile and point D is at the top of the slope. The pile body forming material of the anti-slide pile is polyurethane high polymer, the diameter of the pile is D = 1 m, and the slope soil material is unsaturated soil. The sketch of the slope model is shown in Figure 1.
[image: Figure 1]FIGURE 1 | Sketch of the slope model.
In the numerical analysis software, the bottom of the model was set as the origin of the coordinate axis. For the subsurface boundary of the model, the pore pressure boundary condition is set, which is expressed in analytical form 10* (17-Y). The pore pressure boundary condition of the model ground is set to 0. The pore pressure boundary condition of the pile body is also set at 0 because the polymer material has the function of water plugging and has no permeability and the permeability coefficient is 0. At the same time, displacement constraints are set at the bottom of the model, X-direction displacement constraints are set at the left and right, and Z-direction displacement constraints are set at the front and rear. The rainfall intensity perpendicular to the slope is set at 0.0166 m/h and 0.02 m/h perpendicular to the ground. Rainfall forms are single-peak and double-peak, with a duration of 72, 96, and 120H respectively. An anti-sliding pile is considered the ideal elastomer. The contact interaction between pile and soil is adopted and the coefficient of friction between pile and soil is 0.46. With the increase in the length of the anti-slide pile, the construction difficulty and cost of the project will increase. Therefore, according to the height of the slope, the pile length is assumed to be 15 m. The mechanical parameters of soil and pile are shown in Table 1 (Liu et al., 2018; Lin et al., 2020). Soil hydraulic parameters are shown in Table 2.
TABLE 1 | Mechanical parameters of soil and pile.
[image: Table 1]TABLE 2 | Hydraulic parameters of soil.
[image: Table 2]Without Rainfall Conditions
Influence of Pile Laying Position on Reinforcement Effect
Assuming the spacing of piles is 3D, the stability of slope reinforced by anti-sliding piles under different positions of pile laying is analyzed respectively. Figure 2 illustrates the equivalent plastic strain diagram of a slope at different pile locations. Figure 3 illustrates the safety factors of slope at different pile locations and pile spacing under, without rainfall conditions. It can be seen from Figure 3A that when the pile position is lx = 20 m away from the foot of the slope, the safety factor of the slope is the largest and the reinforcement effect is the best under without rainfall conditions (lx stands for the distance from the foot of the slope). As can be seen in Figure 2, when lx = 22.5 m, the pile is close to the top of the slope, the sliding zone appears at the lower part of the pile, which results in the anti-sliding pile being unable to fully play its anti-sliding role. As can be seen in Figure 2 and Figure 3A, if the pile position changes from lx = 20 m to lx = 7.5 m, the reinforcement effect will gradually become worse and with the change of pile position, the plastic slip zone of the slope also shows an upward trend. Therefore, it can be inferred that if the pile is located at the foot of the slope, the sliding zone of the slope may be located above the pile, and the anti-sliding pile cannot play a role in anti-sliding. When the pile is located at the middle and upper part, the safety factor of the slope is relatively large and the anti-sliding effect of the anti-sliding pile is the best. Because the anti-sliding force provided by the anti-sliding pile and the anti-sliding force provided by the soil in front of the pile can be fully used to resist the sliding force produced by the soil after the pile and maintain the stability of the slope. When the pile body is close to the top of the slope, although the sliding force of the soil slope behind the pile is small, the whole soil slope will generate a plastic penetration area under the pile body, which will lead to slope instability. When the pile body is close to the foot of the slope, the soil in front of the pile cannot give fully provide anti-sliding force, the safety factor of the slope is too small, and the reinforcement effect is poor.
[image: Figure 2]FIGURE 2 | Plastic strain diagram at different pile positions.
[image: Figure 3]FIGURE 3 | Slope safety factor under different pile positions and different pile spacing without rain.
Influence of Pile Spacing on Reinforcement Effect
Assuming that the length of piles is l = 15 m and the location of piles is lx = 17.5 m, the stability of slope reinforced by anti-slide piles with different spacing between piles under without rainfall conditions is analyzed respectively. Figure 3B illustrates the slope safety factors after reinforcement with different pile spacing. From Figure 3B, it can be seen that when the spacing between piles is 6D, the safety factor of the slope after reinforcement is 1.723, and when the spacing between piles is 2D, the safety factor of the slope after reinforcement is 1.762. As the spacing between piles decreases, the pile group effect of anti-sliding piles is more easily brought into play, which makes the reinforcement effect of anti-sliding piles better and the safety factor increases constantly. However, if the spacing between piles is reduced continuously, the reinforcing cost will be increased, and the reinforcing effect will exceed the reinforcing demand, resulting in waste. Therefore, it is necessary to choose the spacing between piles reasonably according to the reinforcing demand.
Impact of Rainfall on Stability of Slope After Reinforcement
Rainfall infiltration is one of the important factors affecting the stability of a slope. Rainfall infiltration will change the overall seepage flow field of a slope, which will cause the mechanical characteristics of the soil to attenuate to a certain extent and the stability of the slope to decrease. Because of the existence of anti-slide piles, the seepage field inside the slope strengthened with anti-slide piles will be different from that inside the natural slope. The length of rainfall, the form of rainfall, the position of the anti-slide pile, and the distance between piles will affect the seepage field inside the slope and also the stability of the slope to some extent. It can be seen from the results of slope reinforcement by anti-slide piles when there is no rainfall the sliding zone of the slope has already occurred under the pile body when the pile position lx > 22.5 m. When lx < 7.5 m, the reinforcement effect of the anti-slide pile is poor. Therefore, the stability analysis of slope rainfall when lx < 7.5 m and lx > 22.5 m is no longer carried out. In this section, the effects of rainfall form, duration, position, and spacing of piles on slope stability under rainfall conditions are explored respectively, and the optimum pile position and spacing of anti-slide piles for slope reinforcement under rainfall are analyzed.
Influence of Rainfall Form and Duration on Slope Stability
Assuming that the precipitation is single-peak precipitation and the location of pile arrangement is lx = 20m, Figure 4 depicts a cloud chart of pore pressure distribution on a slope as rainfall intensity begins to decrease at different rainfall durations. Figure 5 depicts a cloud chart of pore pressure distribution on a slope at the end of rainfall. The matrix suction loss at the top of the slope is the largest, so the matrix suction change at the top of the slope is selected as one of the evaluation criteria. As can be seen in Figure 4, when the duration of rainfall is 72, 96, and 120H, matrix suction losses at the top of the slope are 200 kPa–37.9 kPa, 200 kPa–33.7 kPa, and 200 kPa–29.78 kPa, respectively. Although the difference of maximum suction loss of the slope soil matrix is small, the same degree of loss occurs in the overall mechanical characteristics of the slope, which reduces the overall stability of the slope. As it can be seen in Figure 5, at the end of rainfall, the matrix suction at the top of the slope recovered from 37.9 kPa, 33.7 kPa, 29.78 kPa–101 kPa, 77.4 kPa, and 62.65 kPa, respectively. Therefore, with the increase of rainfall time, the recovery ability of mechanical characteristics of slope soil gradually decreases. Although the suction of the soil before pile and in the shallow soil mass of the slope has little change, the saturation has changed a lot, and the mechanical properties of the soil have also been attenuated to a certain extent, which makes it easier for plastic failure to occur. The matrix suction of the soil body behind the pile and the soil above the slope decreases greatly, but it still has better mechanical characteristics compared with the soil before the pile and in the shallow soil mass of the slope.
[image: Figure 4]FIGURE 4 | Distribution of pore pressure at peak rainfall intensity for different rainfall durations.
[image: Figure 5]FIGURE 5 | Pore pressure distribution map of the slope after rain in different rainfall duration.
Figure 6 illustrates the pore pressure distribution of the side slope at four different times with lx = 20 m of pile location and double-peak rainfall in the form of rainfall, the total duration of rainfall is 120 h. From Figure 6, it can be seen that the pore pressure of soil mass is relatively small at 30 and 90 h. Because the rainfall intensity reaches the first and second peak respectively at 30 and 90 h, the matrix suction of soil mass decreases greatly and the strength of soil mass decreases. Because the pile body is formed by non-permeable polyurethane polymer and the internal pore water pressure is 0, the pore pressure distribution of the soil around the anti-slide pile is slightly different from that of the adjacent soil. It can also be seen from Figure 6 that matrix suction recovers to a large extent at 60H and 120 h but does not return to its original state as the rainfall intensity gradually decreases to 0. When the duration of precipitation is from 0 to 30 h and then to 60 h, the intensity of precipitation decreases from 0 to peak and then to 0, the matrix suction at the top of slope decreases from 200 kPa to 44 kPa and then recovers to 133 kPa. During the second rainfall process, the matrix suction at the top of the slope decreases from 133 kPa to 40.5 kPa and then recovers to 118 kPa. During the whole rainfall process, the matrix suction of the soil is restored twice, and the mechanical properties of the soil and the stability of the slope are improved.
[image: Figure 6]FIGURE 6 | Distribution of pore water pressure of the slope at different times in the form of double peak.
Figure 7 illustrates the pore pressure distribution of a slope at two different rainfall moments with single-peak rainfall. Although the duration of single-peak precipitation is the same as that of double-peak precipitation, the process of single-peak precipitation reaching its peak is longer which belongs to long-term strong precipitation, the process of double-peak precipitation reaching its peak is shorter which belongs to short-term strong precipitation. The time at t = 96 h and t = 120 h mean that the rainfall intensity begins to decrease and the rainfall ends. From Figure 7, it can be seen that at t = 96 h, the matrix suction of the slope top is reduced from 200 kPa to 29.78 kPa; when t = 120 h, the matrix suction at the top of the slope recovered from 29.78 to 62.65 kPa. During the whole process of rainfall, the mechanical properties of soil decrease, and the slope stability and mechanical properties of soil cannot be improved and restored in time. When the rainfall form is double peak rainfall, the mechanical properties of slope soil can be restored in time during the whole rainfall process; when the rainfall form is single peak rainfall, in the whole rainfall process, the recovery ability of slope soil mechanical properties is poor, and the risk of slope instability increases.
[image: Figure 7]FIGURE 7 | Distribution of pore water pressure of the slope at different times in the form of a single peak.
Influence of Different Pile Locations on Slope Stability Under Rainfall Conditions
The selection of pile position of the anti-slide pile will affect the change of seepage field inside the slope under rainfall conditions. It is assumed that the spacing between piles is 3D and the duration of rainfall is 120H. Figure 8 describes the matrix suction and saturation changes at the top monitoring unit D in different pile locations. In the absence of piles, the suction of the matrix near the top of the slope before rainfall should be 190–200 kPa in theory, but it can be seen from Figure 8A that the distribution of the suction of the whole foundation of the slope is affected by the existence of anti-slide piles. When the pile location is selected near the top of the slope, the suction of the soil matrix on the upper part of the slope will be greatly affected and the suction of the matrix will be reduced. When the position of pile arrangement is located in the middle and lower part of the slope, the suction of the soil matrix on the upper part of the slope is less affected. Under different pile laying conditions, the suction of the soil matrix near the top of the slope decreases rapidly as the rainfall intensity increases from 0 to the peak value. Within 3–4 h after the rainfall intensity reaches its peak value, the suction of the soil matrix near the top of the slope continues to decrease, and then the suction of the soil matrix near the top of the slope changes slightly over time. The soil matrix suction near the top of the slope shows a trend of recovery after 6–7 h of rainfall intensity reduction. When the position of pile arrangement is close to the middle and lower part of the slope, the recovery speed is relatively fast. It can be seen from Figure 8B that the saturation of the soil near the top of the slope first increases and then decreases during the rainfall process. Soil saturation increases continuously from residual saturation 0.08 before rainfall intensity begins to decay. When the rainfall intensity begins to decay, the infiltrated rainwater begins to drain, the soil saturation decreases rapidly, and the matrix suction of soil appears a trend of recovery at this moment. The changes of Figure 8A and Figure 8B mean that when the pile position is arranged close to the middle and lower part during the rainfall, the mechanical characteristics of the soil mass on the upper part of the slope decay first and then recover to a certain extent, and the stability of the upper part of the slope decreases first and then recovers to a certain extent.
[image: Figure 8]FIGURE 8 | Matrix suction and saturation at monitoring Unit D under different pile positions.
Figure 9 illustrates the safety factors of a slope at different pile locations after rainfall. Due to the influence of rainfall, the mechanical properties of soils are attenuated, and the soils in front of piles cannot provide enough anti-sliding force, at the same time, the slope as a whole is subject to varying degrees of strain. Therefore, the safety coefficient of slopes under different positions of pile arrangement has changed compared with that without rainfall. From Figure 9, it can be seen that the anti-slide pile can play a better anti-slide effect when the pile position is close to the middle and lower part of the slope.
[image: Figure 9]FIGURE 9 | Slope safety factors at different pile locations after rain.
Therefore, in the process of rainfall, when the position of pile arrangement is close to the middle and lower part of the slope, the matrix suction of the upper and lower part of the slope is relatively large and the mechanical characteristics are relatively good. After rainfall, the soil matrix suction recovers relatively quickly and the slope stability is relatively good.
Influence of Different Pile Spacing on Slope Stability Under Rainfall Conditions
Due to the existence of anti-slide piles, the suction and saturation of the foundation before and after the piles are quite different. When the spacing between piles is changed, the area before and after the piles is the most affected. Generally, the total amount of rainwater infiltration in front of the pile is less than that in the back of the pile, so pore pressure differences may occur during the process of rainwater infiltration. The rainwater infiltrated in front of the pile will flow back to the pile. At this time, the existence of the pile will hinder the flow of seepage rainwater, and the spacing between the piles will affect the ability to hinder. It is assumed that the location of pile laying is lx = 15 m and the precipitation is single-peak precipitation with the duration of 120H. Figure 10 illustrates the change of suction and saturation of the foundation before and after the pile when the spacing between the piles is 2D. As can be seen from Figure 10A, the suction of the soil matrix in front of the pile decreases relatively quickly. As rainfall progresses, matrix suction of soil decreases, and saturation increases. When the saturation reaches 1, the value of matrix suction becomes the value of maximum pore water pressure. Pore water pressure begins to decrease rapidly within 8–9 h after rainfall intensity begins to decrease. When the saturation degree begins to be less than 1, the suction of the soil matrix before the pile starts to recover, the pore water pressure disappears and the mechanical properties of the soil are restored. The change rule of matrix suction of soil after the pile is quite different from that of the soil before the pile. The matrix suction of soil after the pile shows a trend of continuous decrease and the saturation shows a trend of continuous increase. With the change of location of the monitoring unit, the specific value may change, but the change rule of suction and saturation of foundation before and after pile will not change.
[image: Figure 10]FIGURE 10 | Matrix suction and saturation of soil around the pile.
Figure 11 describes the change of suction and saturation of matrix at monitoring unit B at different pile spacing. It can be seen from Figure 11A that in the early and middle stages of the precipitation process, the soil mass in front of piles has better mechanical characteristics by choosing a larger spacing between piles. When the rainfall is over, choosing a large spacing between piles can accelerate the recovery rate of soil mechanical properties in front of the piles. It can be seen from Figure 11B that when the spacing between piles decreases, it is not conducive to drainage and the flow of seepage rainwater, and the soil in front of piles needs less time to reach saturation, which will lead to more plastic failure of soil in front of piles. At the same time, the soil mass in front of the pile will lose the matrix suction faster, which will reduce the resistance of the soil in front of the pile and reduce the overall stability of the slope.
[image: Figure 11]FIGURE 11 | Matrix suction and saturation at monitoring Unit B with different pile spacings.
Matrix suction and saturation changes at monitoring unit C at different pile spacings are described in Figure 12. As can be seen from Figure 12A, the suction of the soil matrix tends to decay continuously with different pile spacings. Selecting a large spacing between piles can make the soil behind the piles have a greater matrix suction in the early and middle stages of the rainfall process and provide a relatively larger anti-sliding force for the soil behind the piles. From Figure 12B, it can be seen that the soil saturation after piles shows a continuous growth trend with different spacing between piles. The regularity of suction and saturation of soil matrix at monitoring unit C under different pile spacings is due to the difference of pore pressure between soil body in front of piles and soil body behind piles and the difference of saturation between soil body before the pile and soil body behind the pile, which results in rainwater infiltrating before pile flowing to behind pile. The larger the spacing between the piles, the more infiltrated rainwater flows behind the piles, resulting in a larger change rate of suction and saturation of soil matrix behind the piles. However, in general, the increase of the spacing between piles is conducive to the flow and discharge of infiltrated rainwater, which can improve the mechanical characteristics of soil mass in front of piles to a certain extent and, as can be seen from Figure 13, a proper reduction of pile spacing can increase the stability of the slope.
[image: Figure 12]FIGURE 12 | Matrix suction and saturation at monitoring Unit C with different pile spacings.
[image: Figure 13]FIGURE 13 | Slope safety factors with different pile spacings.
CONCLUSION
In this paper, the anti-slide pile and slope are considered as a whole. In the rainfall infiltration analysis, a calculation model considering the flow-solid coupling of permeability coefficient characteristic curve and soil-water characteristic curve is established. On this basis, the fluid-solid coupling analysis of unsaturated soil slope with different rainfall duration, different rainfall forms, different pile positions, and different pile spacing are carried out respectively, and the stability of slope after rainfall is analyzed by strength reduction method. The main conclusions are as follows:
1) With the increase of rainfall duration, the suction of the soil matrix decreases, and the recovery rate of suction of the soil matrix decreases gradually. During rainfall, the saturation of soil in front of the pile and shallow soil of slope changes greatly, which makes plastic damage more likely. The matrix suction of the soil behind the pile and the soil above the slope decreases greatly, but it still has better mechanical characteristics than the soil in front of the pile and shallow soil.
2) Compared with the two-peak rainfall, the single-peak rainfall has a greater influence on the mechanical characteristics of soil, more serious loss of suction of soil mass matrix, and worse recovery ability after rainfall. This means that the duration of peak rainfall intensity has a key influence on the recovery ability of slope soil mass. When the rainfall intensity reaches its peak value, the recovery ability of mechanical characteristics of slope soil gradually decreases as the rainfall process continues.
3) Without rainfall conditions, the soil resistance in front of the pile can be better combined with the resistance of the pile body in the middle and upper part of the slope to give play to the anti-slide effect of the anti-slide pile. The best pile location is 1/2L-3/4L. With rainfall conditions, when the position of piles is located in the middle and lower part of the slope, the matrix suction of the soil body is relatively large, and the suction recovery ability of the soil body is strong after rainfall. The reinforced slope has a large safety factor and the overall slope has better stability. The best pile location is 1/4L-1/2L.
4) Without rainfall conditions, the smaller the spacing between piles, the easier the pile group effect of anti-sliding piles can be brought into play, the better the anti-sliding effect is, but at the same time, the economic cost will be increased. With rainfall conditions, the spacing between piles decreases, which is not conducive to the drainage and flow of seepage rainwater. Soil body in front of piles is more likely to reach saturation state, which reduces the resistance of soil in front of piles, resulting in plastic damage of the soil body in front of piles and reducing overall stability of the slope.
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The determination of overflow boundary is a prerequisite for the accurate solution of the seepage field by the finite element method. In this paper, a method for solving overflow boundary according to the maximum value of horizontal energy loss rate is proposed, which based on the analysis of the physical meaning of functional and the water head distribution of seepage field under different overflow boundaries. This method considers that the overflow boundary that makes the horizontal energy loss rate reach the maximum value is the real boundary overflow. Compared with the previous iterative computation method of overflow point and free surface, the method of solving overflow boundary based on the maximum horizontal energy loss rate does not need iteration, so the problem of non-convergence does not exist. The relative error of the overflow points is only 1.54% and 0.98% by calculating the two-dimensional model of the glycerol test and the three-dimensional model of the electric stimulation test, respectively. Compared with the overflow boundary calculated by the node virtual flow method, improved cut-off negative pressure method, initial flow method, and improved discarding element method, this method has a higher accuracy.
Keywords: seepage field finite element calculation, overflow boundary, functional, horizontal energy loss rate, analytical solution
INTRODUCTION
Seepage is an influencing factor that must be considered in civil engineering, such as the instability of banks and dams caused by seepage (Fox et al., 2006; Chu-Agor et al., 2008; Midgley et al., 2013); the anti-seepage of dams, channels, and buried sites (Mishra and Singh, 2005; Charles et al., 2010; John and Michael Duncan, 2010; Xu et al., 2013); and the problems related to seepage encountered in specific engineering (Kobayashi and de los Santos, 2007; Lu and Chiew, 2007; Hung et al., 2009; Batool and Brandon, 2013). The solution to these problems depends on the calculation of the seepage field. Therefore, finding a reasonable way to calculate the seepage field has always been an important research topic (Healy and Laak, 1974; Bhagu, 2007; Lai and Liang, 2008; Kazumasa and Kaneda., 2010; Chen, 2017; Li, 2017; Peng, 2017). The finite element method is widely used in the calculation of seepage fields because it can be applied to complex boundaries and complex soil layers. In past studies, the virtual element method (Wu and Zhang, 1994; Cui and Zhu, 2009), element penetration matrix adjustment method (Huang et al., 2001; Zhu and Liu, 2001), initial flow method (Pan et al., 1998; Wang, 1998), and some other finite element calculation methods of seepage field (Wang et al., 2003; Zhang, 2004; Xie and Zhang, 2005) are reasonable calculation methods of seepage field under known boundary conditions. However, the overflow boundary of the seepage field is usually unknown, so it is impossible to define the boundary before finite element calculation. For the determination of overflow boundary, scholars have proposed some solutions. Wu and Zhang (1994) proposed that within the possible overflow boundary, a row of lower points is assumed to be overflow points. The nodes below the overflow point are known nodes, and the nodes above are unknown nodes. The water head of each node of the seepage field is calculated and the free surface is iterated until it converges. The water head of the upper point of the overflow point is compared with its elevation. If the water head is less than the elevation, the assumed overflow point position is reasonable. Otherwise, the upper point shall be taken as the overflow point and recalculated until the requirements are met. Zhu and Liu (2001) pointed out that the overflow boundary can be regarded as the second type of boundary condition. After calculating the flow, it can be transformed into the first type of boundary condition by adjusting the free term. When dealing with the overflow boundary, Huang et al. (2001) define the points on the overflow boundary as fixed points and active points according to the relationship between the water head and elevation and finally finds the location of the overflow point through iteration and linear interpolation. In the equivalent permeability coefficient method, Xie and Zhang (2005) iterated the overflow point with the free surface according to the difference between the water head and elevation until the absolute value of the difference between the water head and elevation is less than the convergence value. There are two problems in the above method: firstly, the overflow point and the free surface need to be iterated together in the calculation of the overflow boundary, and the initial overflow point assignment is based on empirical estimation, so there will be a problem of non-convergence; secondly, the basis for determining the overflow boundary is usually only when the local element or node meets a certain condition, and it is not analyzed from the perspective of the whole seepage field.
Li et al. (2016) proposed a method to solve the overflow boundary based on the principle of minimum global total potential energy. By analyzing the water head distribution trend of the seepage field under different overflow boundary conditions, this method identified the boundary that minimizes the global total potential energy as the real overflow boundary. Hou and Sun (2019) put forward the concept of total potential energy in the real area on this basis, eliminated the influence of seepage virtual area, and considered that the overflow boundary that minimizes the total potential energy in seepage real area is the real overflow boundary. The above two methods make up for the problems existing in the previous overflow point, which do not need an iterative calculation and determination method from the perspective of the energy of the whole calculation area. However, the total potential energy is a scalar index, and the directionality of the hydraulic gradient in the boundary conditions of the overflow point cannot be considered. Therefore, the method of considering the total potential energy is not sufficient. If we can investigate the directional index, it is an improvement to this kind of method.
To sum up, based on the principle of global total potential energy minimization, through the analysis of the water head distribution of seepage field under different overflow boundaries, this paper puts forward a method to solve the overflow boundary based on the maximum of horizontal energy loss rate. It is considered that the overflow boundary that makes the horizontal energy loss rate of the seepage field reach the maximum is the real overflow boundary. This method not only retains the advantages of the original method but also considers the directionality of water flow and makes the physical meaning more clear.
THE APPLICATION OF VARIATIONAL PRINCIPLE IN FINITE ELEMENT CALCULATION OF SEEPAGE FIELD
In the two-dimensional seepage field, a rectangular coordinate system is established with the bottom of the upstream slope as the origin of coordinates, the horizontal direction from upstream to downstream as the positive axis direction, and the vertically upward direction as the positive axis direction. According to Darcy’s law and seepage continuity conditions, regardless of the compressibility of soil and water, the steady seepage of homogeneous anisotropic soil satisfies the following partial differential equations:
[image: image]
In Eq. 1, kx and kz are the permeability coefficients in x and z directions, and h is the water head function.
According to the variational principle, the solution of the above differential equation can be transformed into finding the extreme value of the function, and a function shown in Eq. 2 can be constructed:
[image: image]
Substitute Eq. 2 into Euler’s equation and its boundary condition, it can be obtained that:
[image: image]
[image: image]
It is easy to know that Eq. 3 is equivalent to Eq. 1, that is, when h can make the functional Eq. 2 reach an extreme value, this h can satisfy the governing equation of seepage, thus transforming the original differential equation problem into the extreme value problem of function.
Eq. 4 is the boundary condition that naturally forms in the process of variational differentiation, and all unknown boundaries will be given such boundary conditions. Let n be the outer normal vector of the boundary Γ, then dx/dΓ = cos (n,z) = lz, dz/dΓ = −cos (n,x) = −lx, so after dividing Eq. 4 by dΓ, we can get:
[image: image]
Eq. 5 indicates that the flow across the boundary is zero. That is, when applying the variational principle to solve the seepage field, if the boundary is not assigned, the unknown boundary will be given impervious boundary conditions.
SOLVING OVERFLOW BOUNDARY BASED ON THE MAXIMUM HORIZONTAL ENERGY LOSS RATE
The Physical Significance of Solving Seepage Field Based on the Variational Principle
The hydraulic gradient in the x and z directions at any point in the seepage field is [image: image] and [image: image]. According to the formula of permeability, [image: image] and [image: image] are the components of osmotic force in x and z directions, respectively (γw is the unit weight of water); according to Darcy’s law, [image: image] and [image: image] are the seepage velocity in x and z directions, respectively. Analyze the integrand function in Eq. 2:
[image: image]
The part in parentheses on the right side of the Eq. 6 is a manifestation of power, and its physical meaning is the work done by water to unit soil in unit time. By integrating Eq. 6, the work done by water to the soil per unit time in the whole seepage area can be obtained, so the function defined in Eq. 2 is proportional to the energy loss rate in the whole seepage area. According to the principle of minimum work, when the variation of function is zero by the water head function, the energy loss rate of the whole seepage area reaches the minimum, that is, the obtained head function does not depend on the instantaneous balance of a certain physical quantity but represents the distribution of the water head in a stable state where the energy loss rate reaches the minimum.
Water Head Distribution Under Different Overflow Boundaries
Suppose the real seepage field is shown in Figure 1A-1, BC and DE are the upstream and downstream boundaries; BF is the free surface boundary, which divides the seepage field into two parts: upper h < z and lower h > z; F is the overflow point and EF is the real overflow boundary; AB, AG, GF, and CD are all impermeable boundaries. Taking the seepage field under the real overflow boundary as the initial state, the horizontal hydraulic gradient that makes the water head decrease in the positive direction along the x-axis is defined as positive. When part of the real overflow boundary is suddenly defined as an impervious boundary (FFL in Figure 1A-2), the horizontal rightward hydraulic gradient that is originally existing at FFL is defined as zero, which reduces the total value of the hydraulic gradient in the horizontal direction of the whole seepage field. When the seepage field reaches stability according to the principle of minimum energy disappearance rate, the horizontal rightward hydraulic gradient of the seepage field will be smaller than that in the initial state. When part of the original impermeable boundary is suddenly defined as the overflow boundary (as FFH in Figure 1A-3), the part originally satisfying h < z is defined as h = z, so that there is a horizontal leftward hydraulic gradient in this area, and when the seepage field reaches stability according to the principle of minimum energy disappearance rate, the horizontal hydraulic gradient of seepage field will also be smaller than the initial state. Therefore, the horizontal hydraulic gradient of the seepage field will reach its maximum value under the real overflow boundary.
[image: Figure 1]FIGURE 1 | Model information. (A) Distribution of the water head on different overflow boundaries. (B) The relationship between horizontal hydraulic gradient and the height of overflow point. (C) A block diagram of calculation program.
Selection of Calculation Indexes and Calculation Steps
In previous studies, two methods, global and real domain total potential energy, were used to calculate the overflow point. However, the total potential energy selected by this method is a scalar index, and the water flow on the overflow boundary has the directionality pointing out of the domain. Therefore, it is not completely accurate to control the overflow boundary only with the total potential energy (when adjusting the overflow point, the vertical hydraulic gradient will also affect the total potential energy and the position of the extreme point). Therefore, the directional index should be selected to control the overflow point calculation. Since the physical significance of horizontal hydraulic slope is not clear, the horizontal energy loss rate proportional to the square of the horizontal hydraulic slope is selected as the calculation index. Dividing the global domain into finite elements, and the horizontal energy loss rate We in any element is as follows:
[image: image]
The horizontal energy loss rate in the whole seepage field is as follows:
[image: image]
It is worth noting that when the horizontal energy loss rate is selected as the consideration index, due to the existence of the square term, the hydraulic gradient that is originally negative (horizontally leftward) will also increase the horizontal energy loss rate and cause errors. Therefore, for elements with a negative total hydraulic gradient, the horizontal energy loss rate should be defined as negative. Combined with the above theoretical analysis, when the overflow point is the true value, the horizontal energy loss rate of the seepage field will reach a minimum value (as shown in Figure 1B).
Specific Fortran program calculation steps are as follows:
Step (1): Compile data files according to element division, including the total number of elements, element node number information, coordinate information of main nodes, number of soil types, element number occupied by each type of soil, the permeability coefficient of each type of soil, upstream and downstream water level values, number of upstream and downstream water level nodes, number of nodes that may overflow boundaries, and node numbers that may overflow boundaries.
Step (2): Read all the information in the data file.
Step (3): Make b = 0. Construct the element permeability matrix based on the element information and feed it into the overall permeability matrix according to the node number of the seepage field.
Step (4): Adjust the overall infiltration matrix and free terms according to the upstream and downstream boundary conditions, and the existing overflow point (the highest node downstream is used as the overflow point when b = 0). Calculate the linear equation system to obtain the nodal water head of the seepage field.
Step (5): Determine whether b is greater than 0. If yes, perform step 6; if no, perform step (7).
Step (6): Based on the element node-water head and element information, solve the horizontal energy loss rate of each element and record the horizontal energy loss rate Wb of the seepage area with water flowing through it. Compare Wb-1 and Wb, if Wb > Wb-1, execute step (7); if Wb < Wb-1, execute step (8).
Step (7): Raise the overflow point by one node, b = b + 1, and return to step (4).
Step (8): Select Wb, Wb-1, Wb-2, Wb-3, and their corresponding overflow point heights; apply the least square method to fit the cubic curve; and take the extreme value point where Wb is closer to the corresponding overflow point height value as the overflow point height (when b < 3, take the overflow node corresponding to Wb-1 as the overflow point height).
The block diagram of the calculation procedure is shown in Figure 1C.
NUMERICAL EXAMPLES
To verify the correctness of this method, two models with experimental solutions are calculated.
A Model With a Glycerol Experimental Solution
For the rectangular earth dam with a 6-m upstream water level, 1-m downstream water level, and impervious bottom, the glycerolysis at the overflow point is 3.25 m (Mao et al., 1999). It is divided by isosceles right-angle six-node triangular element with a right-angle side length of 1 m, and the finite element model with 48 elements and 117 nodes is obtained. Under different overflow points, the horizontal energy loss rate is shown in Table 1. After fitting the cubic curve with the least square method, the extreme value is 3.304. The difference with the experimental solution of glycerol is 0.054 m, and the relative error is only 1.64%. To verify the impact of element division on the accuracy of the method, it is divided by isosceles right-angle six-node triangular element with a right-angle side length of 0.2 m, and the finite element model with 1,200 elements and 2,501 nodes is obtained. Under different overflow points, the horizontal energy loss rate is shown in Table 1. After fitting the cubic curve with the least square method, the extreme value is 3.292 m. The difference with the experimental solution of glycerol is 0.042 m, and the relative error is only 1.28%. The calculation accuracy is improved.
TABLE 1 | Horizontal energy loss rate with different number of elements.
[image: Table 1]A Model With an Experimental Solution of Electrical Simulation
The size of the three-dimensional electric simulation model is 10 m [image: image] 10 m [image: image] 1 m; the permeability coefficient k is the same in x, y, and z directions; and the water level at the upstream and downstream of soil is 10 and 2 m, respectively. Its bottom is an impervious boundary, and the electrical simulation solution of the seepage overflow point is 4.74 m. Divided into hexahedron elements with a side length of 0.5 m, there are 800 elements and 1,323 nodes. The 3D calculation model and the calculation results are listed in Figure 2.
[image: Figure 2]FIGURE 2 | Three-dimensional (3D) model division and calculation results of energy loss rate.
The cubic curve fit to the node vertical coordinates and the corresponding energy loss rate is performed by the least square method, and the resulting cubic curve equation with a cubic term coefficient of −0.15763, a quadratic term coefficient of −2.49713, a primary term coefficient of 13.07164, and a constant term of 5.91232 is calculated as the extreme value point of 4.787 m. The difference with the actual overflow point location was 0.047 m and 0.98%. The comparison with other methods is shown in Table 2.
TABLE 2 | Accuracy comparison of overflow points with published results.
[image: Table 2]CONCLUSION
Based on the analysis of functional physics meaning in variational principle and the characteristics of the water head distribution under different overflow boundary conditions, this paper puts forward a method to solve overflow boundary based on the maximum value of horizontal energy loss rate, expounds the theoretical basis, calculates the three-dimensional electrical simulation experimental model, and obtains the following conclusions:
According to the physical meaning of function and the characteristics of the water head distribution under different overflow boundary conditions, this paper considers that the overflow boundary with the maximum energy loss rate is the real overflow boundary. When determining the overflow boundary, it is not necessary to iterate the overflow point and the free surface together, so the calculation is simple, and there is no problem of non-convergence. Selecting horizontal energy loss rate as a comparison index is more explicit than the physical meaning of total potential energy. By calculating the model with glycerol experimental solution under different mesh densities, the relative error of overflow point is only 1.64% and 1.28%. The finer the mesh is, the smaller the relative error is, which verifies the rationality of the method. Compared with the results of overflow points calculated by the three-dimensional electrical simulation solution model, the relative error of overflow points calculated by this method is only 0.98%. Compared with the overflow points calculated by node virtual flow method, initial flow method, improved initial flow method, improved cut-off negative pressure method, and improved discharging element method, this method has a small relative error and superiority accuracy. It can be used as a method to determine seepage overflow points.
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We aim to understand the relaxation of columnar joint rock masses during the excavation process of the diversion tunnel of the Baihetan hydropower station. This paper inverts the deformation parameters of the relaxed columnar joint rock based on the displacement monitoring data, and introduces a relaxation factor to describe the deterioration degree of anisotropic parameters of the relaxed columnar jointed rock. The equivalent strain is proposed as the criterion of unloading relaxation and the threshold is also given. Based on the software Flac3d, a program for calculating anisotropic elastoplastic model is developed. The distribution of the relaxation zone of the diversion tunnel after excavation is simulated, and compared with the results of the acoustic detection to verify the correctness and rationality of the program, which can provide a necessary reference for the design and construction of hydropower projects.
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INTRODUCTION
The unloading relaxation of rock masses is mainly caused by the redistribution of the surrounding stress. After excavation, the stress level in the area near the excavation face decreases sharply. In low-stress and tensile stress areas, the connectivity rate of the joints, fractures, and other geological structural surfaces in the rock mass increases, resulting in the deterioration of mechanical properties of the rock mass, which has a very negative impact on the stability and safety of rock engineering. Therefore, the study of excavation relaxation has become an important topic in the field of rock engineering (Nguyen et al., 2001; Martino et al., 2004; Ma et al., 2019), especially the determination of the unloading relaxation range caused by excavation as this can provide reference for the support treatment of the relaxed rock in engineering, which has important practical significance in engineering construction.
During the last several decades, researchers have studied the formation mechanism of unloading relaxation (Cai et al., 2004; Sayers, 1990), and found that the relaxation formation is microscopically manifested as the initiation, expansion, and penetration of joint fissures in rock. In terms of engineering practice, Lu et al. studied the spatial distribution of the unloading relaxation of the high rock slope of Xiluodu Hydropower station based on an acoustic emission test (Lu et al., 2013). Sheng et al. estimated the unloading relaxation zone in the slope of the Three Gorges ship lock and believed that the weakening degree of rock mass in the relaxation zone is between 23 and 45% (Sheng et al., 2002). Li et al. studied the evolution characteristics of rockburst in the diversion tunnels of the Jinping II hydropower station through in-situ experiments (Li et al., 2012). Qian et al. determined the scale and distribution of the unloading relaxation zone of surrounding rock in the diversion tunnel of the Jinping II hydropower station through numerical simulation (Qian et al., 2009).
In the above studies, the rock mass is considered as an isotropic material. However, during the excavation of the diversion tunnel of the Baihetan Hydropower Station, a large section of columnar jointed rock mass was encountered. This rock mass exhibits obvious anisotropic mechanical properties and had significant unloading relaxation characteristics after excavation. Therefore, the traditional isotropic constitutive models are no longer applicable to the rock mass. It is necessary to study the anisotropic constitutive model reflecting the relaxation characteristics of the columnar jointed rock mass, and then determine the scale of the relaxation area caused by excavation. Pietruszczak and Morz extended the classical isotropy criterion to anisotropy criterion through combining the spatial distribution of the strength parameters (Pietruszczak and Mroz, 2000; Pietruszczak et al., 2002), and established an anisotropic yield criterion based on the microstructure tensor, which is a satisfactory solution to the anisotropy problem. On this basis, the paper takes account of the excavation relaxation characteristics of the columnar jointed rock mass, introduces a relaxation factor to describe the deterioration degree of the anisotropy parameters of the relaxed rock mass, and establishes a relaxation criterion based on the equivalent strain. An anisotropic elastoplastic calculation model embedded in software Flac3d is also developed. The distribution of the unloading relaxation zone of the diversion tunnel of Baihetan Hydropower Station after excavation is simulated, and compared with the in-situ acoustic test results to verify the rationality of the model, which can provide necessary reference for the design and construction of hydropower engineering.
THE UNLOADING RELAXATION CHARACTERISTICS OF COLUMNAR JOINTED ROCK MASS
Engineering Geology
The Baihetan Hydropower Station is located in Qiaojia County, Yunnan Province, China. It is a hydropower station of over ten million kilowatts similar to the Three Gorges Hydropower station or Xiluodu Hydropower Station. The bedrock of the dam site is dominated by cryptocrystalline basalt, almond basalt, and breccia lava, with hard lithology; the columnar joints are developed in some lithologic sections. The rock masses of the abutment and foundation of the dam are poorly developed, and the joints, interlayer, and intralayer dislocation zones are widely distributed. The faults with steep inclination and structural planes cut each other to form multiple wedges, which makes the rock masses exhibit high anisotropy characteristics (as shown in Figure 1), and affects the stability of the arch dam and safety of the underground cavern group.
[image: Figure 1]FIGURE 1 | Anisotropy characteristics of columnar joints in dam site area.
As shown in Figure 2, the Baihetan hydropower station has five diversion tunnels; three diversion tunnels are set on the left bank and two diversion tunnels are set on the right bank, with elevations ranging from 574 to 605 m. The red part in Figure 2 represents the section of the diversion tunnel where the columnar jointed basalt is exposed, and its range is relatively large. Figure 3 shows the typical columnar jointed basalt in the diversion tunnel. The irregular columns have obvious contours, and their diameters range from 13 to 25 m. The inclination angle of columns are 70°–80°. The cross section of the columns are mainly irregular pentagonal and quadrilateral. Parallel cylindrical longitudinal micro-cracks are developed in the columns.
[image: Figure 2]FIGURE 2 | Distribution plan of diversion tunnel of Baihetan Hydropower Station.
[image: Figure 3]FIGURE 3 | Columnar jointed basalt in diversion tunnel.
Relaxation Characteristics
In the excavation process of the diversion tunnels, unloading phenomena such as structural plane opening, tensile fracture, and rock mass relaxation appear in the surrounding rock near the excavation face. After the adjustment of the stress field near the surrounding rock, the original structural planes open and new fractures form. The widths of unloading fractures gradually decrease from the entrance to the end of the tunnel. Figure 4 shows the comparison of relaxation characteristics of the columnar jointed basalt in different sections of the diversion tunnel. The unloading fractures in the entrance section are generally developed, and are filled with gravel, rock debris, and secondary mud (Figure 4A). The relaxed columnar jointed basalt shown in Figure 4B maintains a certain integrity. Although most of the original columnar joints are open and the columns are relaxed, the rock blocks are still interlocking.
[image: Figure 4]FIGURE 4 | Comparison of surrounding rock relaxation characteristics in different sections of diversion tunnels. (A) Relaxation characteristics of surrounding rock at the entrance. (B) Relaxation characteristics of surrounding rock in tunnel.
BACK ANALYSIS OF ANISOTROPIC DEFORMATION PARAMETERS OF COLUMNAR JOINTED ROCK MASS
Analysis of Diversion Tunnel Displacement
Taking the No.4 diversion tunnel as an example, this paper studies the unloading relaxation of columnar jointed basalt. The diversion tunnel is excavated in three steps from top to bottom. The upper layer is 9 m high, the middle layer is 9 m high, and the lower layer is 6.2 m high. After excavation, the three-point displacement gauges are used to monitor the deformation of multiple sections of the tunnel. The deformation displacement was recorded at the depth of the hole at 0, 2, and 9 m to obtain excavation response characteristics of the columnar jointed rock mass. The layout and deformation of the multi-point displacement gauges of the 1 + 075 section are shown in Figure 5. After excavation, the top arch has the largest deformation, the shallow deformation reaches 40.71 mm, and the deep deformation also reaches 29.89 mm, which is due to the stress concentration at the arch top. The deformations of the side walls are smaller than that of the arch top. The displacement gauge in Myd6-2 measuring hole is damaged and has no recording. The displacements recorded by gauges in the remaining three monitoring holes show that the deformations of the side walls gradually decrease from shallow to deep. And the deformation of the lower part of the side wall is slightly higher than that of the upper part of the side wall, and the maximum deformation appears in the lower part of the left side wall, which is 22.38 mm.
[image: Figure 5]FIGURE 5 | Schematic diagram of layering excavation of No.4 diversion tunnel.
Figure 6 shows the displacement sequence curves at the lower part of the left-side wall and the upper part of the right-side wall. At the initial stage after excavation, the deformation rate of the surrounding rock continues to increase. After a period of time, the deformation rate slows down and gradually becomes stable, and the deformation rate of the deep part is lower than that of the shallow part.
[image: Figure 6]FIGURE 6 | Displacement sequence curve. (A) Myd6-1 timing curve of measuring hole displacement. (B) Myd6-4 Time sequence curve of measuring hole displacement.
Back Analysis of Deformation Parameters
Considering the columnar jointed rock mass is a transverse isotropic material, the above rock mass has 10 mechanical parameters including deformation modulus [image: image], [image: image], Poisson’s ratio[image: image], [image: image], shear modulus[image: image], [image: image], cohesion[image: image], internal friction angle [image: image], and anisotropic azimuths [image: image], [image: image], where the anisotropic azimuths are constant values. Therefore, there are still eight unknown mechanical parameters. For the convenience of engineering application, the parameters in the model need to be selected before back analysis.
Through parameter sensitivity analysis, we know that deformation modulus[image: image], [image: image]and shear modulus[image: image]are more sensitive to displacement, so these three mechanical parameters are selected as the parameters of back analysis.
The displacements of monitoring points MYD6-1 (0 m), MYD6-1 (2 m), and MYD6-5 (2 m) were selected as the target values of the back analysis. The three parameter levels of 85, 60, and 35%, and the orthogonal sample scheme shown in Table 1 are considered. The anisotropic elastoplastic model is used for calculation, and the simulation results of the sample are shown in Table 2.
TABLE 1 | Orthogonal sample scheme.
[image: Table 1]TABLE 2 | The result of orthogonal sample scheme.
[image: Table 2]The mapping relationship between deformation modulus[image: image], [image: image], shear modulus[image: image] and displacement is established by support vector machines (Zhao et al., 2003). On this basis, a differential evolution algorithm is used as an optimization tool to search and monitor the deformation parameters of columnar jointed rock mass corresponding to displacement (Storn and Price, 1997). Table 3 is the target value of back analysis, and Table 4 is the result of back analysis.
TABLE 3 | Invert the target value.
[image: Table 3]TABLE 4 | The inversion results.
[image: Table 4]The results of back analysis are used as mechanical parameters to simulate the diversion tunnel deformation, and the calculated displacements of the monitor points are recorded and compared with the measured displacements (Figure 7). The comparison results show that the displacements calculated by the results of back analysis are very close to the measured displacements, therefore, the mechanical parameter obtained by back analysis can be used to determine the relaxation scale of the diversion tunnel.
[image: Figure 7]FIGURE 7 | Comparison diagram of calculated displacement and detected displacement.
ANISOTROPIC ELASTOPLASTIC MODEL RELAXATION CRITERIA
Anisotropic Elastoplastic Model
Pietruszczak and Morz extended the classical isotropy criterion to anisotropy by combining the spatial distribution of strength parameters and established anisotropy yield criterion based on the microstructure tensor (Pietruszczak 1999). In the model, each scalar of anisotropy parameter is composed of mixed variables of stress and microstructure tensor. This means the physical and geometric properties of materials and the loading direction can be used as a set of variables.
The microstructure tensor [image: image] is used to mark the material structure, and its deviatoric tensor is:
[image: image]
where [image: image] is the principal value of the microstructure tensor [image: image]. The loading direction can be calculated by the stress component:
[image: image]
The generalized loading vector [image: image] can be expressed as:
[image: image]
The anisotropy parameter [image: image] is introduced to represent the projection of the microstructure tensor on the loading direction.
Ning (2008) proposed an anisotropic yield criterion considering tensile strength:
[image: image]
where, [image: image]
Anisotropic Tensile Stress Yields Function:
[image: image]
The shear potential function of columnar jointed rock mass corresponds to the non-associated flow rule, which can be expressed as:
[image: image]
where [image: image] is the dilatancy angle, [image: image]
The tensile potential function [image: image] corresponds to the associated flow law, which can be expressed as follows:
[image: image]
The strain increment can be expressed as the superposition of elastic part and plastic part:
[image: image]
The incremental stress-strain relationship of the elastic part is:
[image: image]
where [image: image] is the elastic stiffness matrix.
The strain increment of the plastic part is determined by the plastic flow rule:
[image: image]
[image: image]
[image: image]
Therefore, the incremental stress-strain relationship can be expressed as:
[image: image]
Relaxation Factor
Relaxation factor is introduced to describe the deterioration of elastic modulus and shear modulus of rock after excavation. When the rock has no relaxation, the relaxation factor is 0; when the rock mass is completely relaxed, the relaxation factor is 1. For the rock in engineering, the relaxation factor is a value in the range of 0–1.
The expression of the degradation of elastic modulus used in this paper is [image: image] (Eberhardt et al., 1999); [image: image] is the relaxation factor, and [image: image] is the initial elastic modulus. The relaxation factor describing the relaxation degree of rock mass can be defined as: [image: image].
According to the aforementioned results of back analysis, the deformation modulus [image: image], [image: image] and shear modulus [image: image] are affected by relaxation. Therefore, three relaxation factors are needed to describe the different deterioration rates of these three mechanical parameters:
[image: image]
[image: image]
[image: image]
where [image: image] ([image: image]=1, 2, 3) are relaxation factors, [image: image] and [image: image] ([image: image]=1, 2) are the initial and relaxation values of the two deformation moduli of rock mass, and [image: image] and [image: image] are the initial and relaxation values of the shear moduli of rock mass, respectively.
Relaxation Evolution Equation
Considering the influence of the three principal stresses comprehensively, the relaxation threshold is defined from the respect of equivalent strain. When the equivalent strain of rock is greater than the relaxation threshold, the columnar jointed basalt enters the relaxation stage. The equivalent strain is [image: image] .Here, [image: image] ([image: image]=1, 2 and 3) are the values of the three principal strains of rock, and the relaxation criterion is:
[image: image]
where[image: image]is the relaxation threshold. Referring to the research results of Zhou et al. (Zhou et al., 2009), a relaxation evolution equation directly related to strain is obtained, [image: image] , where[image: image]is the parameters of columnar jointed basalt related to relaxation.
Three relaxation evolution equations can be obtained as:
[image: image]
[image: image]
[image: image]
There are four parameters ([image: image]、[image: image]、[image: image]、[image: image]) that need to be determined in the relaxation evolution equation.
Parameter Determination
The corresponding relaxation factor values can be calculated according to the results of back analysis in Table 4. Table 5 is the calculated relaxation factor, which can be used as the target value of back analysis of relaxation evolution equation.
TABLE 5 | Inversion target value of relaxation evolution equation.
[image: Table 5]Considering the limitation of the length of this paper, the specific method of back analysis is not given a more detailed description, although one can be found in the literature (Shen and Chun, 2014). The optimal results of back analysis are[image: image], [image: image], [image: image], [image: image] = [image: image]E[image: image].
The average value of three relaxation factors [image: image] is used to determine the scale of unloading relaxation zone, and the value is 0.49.
MODEL VALIDATION
Based on the development environment of Visual Studio 2008, the customized anisotropic elastic-plastic model with relaxation is compiled into dynamic link library DLL files for software Flac3d to call and execution.
Calculation Model and Parameters
Figure 8A shows the calculation model of the section of the diversion tunnel in software Flac3d; the model has a total of 14,012 elements. The model size is 60 m*60 m, and the ground stress was applied to the boundaries. The parameters of the model are shown in Table.6.
[image: Figure 8]FIGURE 8 | The calculation model and results. (A) The calculation model of the diversion tunnel section (60 m*60 m and 14,012 elements). (B) The relaxation zone (the red region) after the first step of excavation (relaxation factors is 0.49). (C) The relaxation zone (the red region) after the second step of excavation (relaxation factors is 0.49). (D) The relaxation zone (the red region) after the third step of excavation (relaxation factors is 0.49). (E) The sketch of the relaxation zone contour after each step of excavation (the maximum thickness of the corresponding region is marked).
TABLE 6 | Calculated parameters.
[image: Table 6]Result Analysis
Figures 8B–E shows the scale of the relaxation zone of the surrounding rock after each step of excavation. After the first step of excavation, the relaxation zone is mainly distributed on both sides of the top arch (Figure 8B). After the second step of excavation, a small amount of relaxation zone appears on the upper part of the top arch, and the relaxation zone on the side walls expands rapidly (Figure 8C). After the third step of excavation, the relaxation zone of the top arch expands into a through relaxation ring with a maximum thickness of 0.65 m. The relaxation zone on the side walls is thicker, and the thickest part of the relaxation zone appears in the middle of the side walls. The maximum thickness of the relaxation zone on the left-side wall is 6.17 m, and the maximum thickness of the relaxation zone on the right-side wall is 6.20 m (Figure 8D). Figure 8E shows the expansion process of the relaxation zone after each step of excavation. It can be seen that the next step of excavation will cause the expansion of the relaxation zone to induce by the previous step of excavation.
Table 7 shows the relaxation depth of the diversion tunnel obtained by acoustic detection. It can be found that the thickness and distribution of the relaxation zone calculated by the customized anisotropic elastic-plastic model are well consistent with the results of the in-situ acoustic detection, especially at the side walls. The simulation results are in good agreement with the measured values. At the top arch, the relaxation depth calculated by the model is slightly different from the measured values, but the error is still acceptable, and fully meets the engineering requirements.
TABLE 7 | Acoustic detection results of the relaxation depth of the diversion tunnel.
[image: Table 7]CONCLUSION

1) After the excavation of the diversion tunnel, the relaxation zone is mainly distributed on the side walls of the tunnel, especially in the middle of the side wall. The maximum thickness of the relaxation zone is about 6.20 m; the side walls of the tunnel need to be paid attention to in the subsequent support treatment.
2) The thickness and distribution of the relaxation zone calculated by the customized anisotropic elastic-plastic model are well consistent with the results of the in-situ acoustic detection. At the top arch, the relaxation depth calculated by the model is slightly different from the measured values, but the error is still acceptable, and fully meets the engineering requirements.
3) According to the results of parameter sensitivity analysis, this paper believes that the relaxation of rock is mainly due to the deterioration of deformation parameters, and the deterioration of the strength parameters is ignored. In further research, the deterioration of the strength parameters can be verified according to in-situ experiments.
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The application of sand powder three-dimensional (3D) printing technology in the field of rock mechanics and mining engineering has tremendous potential, but it is still in the preliminary exploration stage. This study investigated the effect of printing layer thickness on the physical and mechanical properties of rock-like specimens with sand powder 3D printing. Quartz sand powder was used as the printing material, and the specimens were prepared with three different layer thicknesses of 0.2, 0.3, and 0.4 mm. Uniaxial compression tests with a combination of digital image correlation (DIC), acoustic emission (AE) and 3D microscope observations were performed to analyze the mechanical properties and failure patterns of the specimens during loading. Experimental findings showed that increasing the layer thickness from 0.2 to 0.4 mm would result in a decrease in the weight, density, uniaxial compression strength, and elastic modulus of the specimens. The stress-strain curve, deformation and failure patterns, crack growth process, and AE characteristics of the specimens with a layer thickness of 0.2 mm are similar to the AE characteristics of rock-like material, whereas the specimens with layer thicknesses of 0.3 and 0.4 mm deform like a ductile material, which is not appropriate for simulation of coal or rock mass. In future studies, rock-like specimens should be prepared with a small layer thickness.
Keywords: sand powder 3D printing, rock-like material, uniaxial compression test, physical and mechanical properties, digital image correlation, acoustic emission
INTRODUCTION
In the field of rock mechanics and engineering, experimental research is a fundamental methodology that is capable of revealing the mechanical properties and behaviors and providing important guidance for parameter calibration in analytical and numerical studies. One of the most notable difficulties in rock mechanics and engineering is that rock differs from most other engineering materials in that it contains joints, which render its structure discontinuous. Obviously, the presence of joints or other kinds of discontinuities of different scales (faults, fractures, cracks, bedding planes, etc.) has a dominant effect on the mechanical behaviors and stability of rock masses and hereby has a fundamental influence on rock engineering design.
For underground coal mines, because of the sedimentary effect of coal seams and other strata, the rocks surrounding coal mines are relatively weak and fractured compared to other underground engineering projects (Zuo et al., 2019). Thus, the stability of coal mine openings (preparation entries, roadways, chambers, etc.) has always been a major concern of researchers and engineers.
Because of the weak nature of soft rocks (coal, mudstone, etc.), it is highly difficult to prepare natural rock or artificial specimens with fractures or joints. In addition, extreme limits exist with respect to the spatial properties (e.g., number, spacing, length, and geometry) of the joints, which is the bottleneck in current research.
The three-dimensional (3D) printing (3DP) technology, also known as additive manufacturing, is capable of producing a large number of specimens with identical structural and material properties, which makes it an inspiring method for rock mechanics by overcoming the aforementioned limitations of traditional artificial specimen preparation methods, such as casting. Multiple printing methods and materials can be applied according to the requirements, such as fused deposition modeling (FDM), stereolithography apparatuses (SLAs), selective laser sintering (SLS), and 3DP.
The application of 3DP in rock mechanics has attracted the attention of researchers since 2014 (Hasiuk, 2014). Jiang and Zhao (2015) conducted a preliminary study of 3DP on rock mechanics with FDM and polylactic acid (PLA). After experimental investigations on PLA specimens with different preset joints, the study concluded that 3DP is a strong tool to reveal the significant effect of joints; however, specimens printed by FDM and PLA are unsuitable for direct simulation of rock. Then, attempts were made to find suitable printing materials and technical parameters by various laboratory tests (Fereshtenejad and Song, 2016; Jiang et al., 2016; Gell et al., 2019). Zhou et al. (2017) and Zhu et al. (2018) conducted uniaxial compression tests on specimens produced by different printing methods and found that SLS specimens behave more brittlely than others, which makes them suitable for simulating hard rocks. Experimental studies on printed specimens with joints have also been conducted as a novel method for research on rock joint behavior (Jiang et al., 2016a; Jiang et al., 2016b; Tian et al., 2017; Feng et al., 2019; Liu et al., 2019).
According to previous studies, 3DP technology is a promising tool in the research of rock mechanics and has rapidly obtained worldwide attention. However, to date, its applications in rock mechanics and engineering have been seriously limited. Because of the large variety of natural rocks, the differences in the mechanical properties of rocks are significant. The uniaxial compression strength (UCS) of soft rocks in coal mines usually ranges from 5 to 25 MPa, whereas the UCS of hard rock in metal mining, such as granite, can reach over 200 MPa. Therefore, it would be quite difficult to create all sorts of rock-like specimens, which have significant differences in mechanical properties, with a single printing method and material.
Regarding 3DP techniques, attempts have been made to find the optimum printing method, material, and parameters for one specific type of rock by comparing their mechanical properties from laboratory tests. Lu et al. (2009) printed 3D network structures with alloy powder with different particle sizes and found that specimens with minimum particle sizes have high strength Vaezi et al. (2011) investigated the influence of printing layer thickness and binder saturation on the mechanical properties of specimens with plaster-based powder, and the results showed that the layer thickness and binder saturation were negatively and positively correlated with the specimen strength, respectively. The effect of other important printing parameters (printing orientation, drying time, etc.) has also been investigated by previous studies (Farzadi et al., 2015; Liu et al., 2019). However, no attempt has been made with sand powder–based printing techniques, which is a promising technique for rock-like specimens due to their similar silica-based composition in nature.
Therefore, this study aims to investigate the effect of printing layer thickness on the mechanical behavior of rock-like specimens with sand powder printing. Uniaxial compression tests were performed with monitoring measures of acoustic emission (AE) and digital image correlation (DIC) to study the mechanical properties and failure patterns during loading. The research that has been conducted can provide useful insights for the further application of 3DP in the field of rock mechanics and engineering.
SPECIMEN PREPARATION AND METHODS
Overview of Three-Dimensional Printing Technique
To date, many types of general 3DP technologies, such as SLAs, FDM, SLS, and 3DP, have been developed on the basis of different formation methods. The selection of material choices ranges from a variety of photopolymers, metals, sand powder, and composites. In this work, the 3DP technique was chosen for the research, which employs binder jetting technology (BJT) and represents a simple and convenient method to process a wide variety of powder materials. The printing materials are divided into forming materials and bonding materials. Alloy powder, ceramic powder, gypsum powder, sand powder, etc., can be used as forming materials. In contrast, BJT has higher requirements for bonding materials, which can be quickly cemented with powder and have a strong ability to ensure the strength of the specimens, such as furan resin binder and phenolic resin binder. During fabrication, a liquid binder is sprayed from an inkjet printer head onto the powder layer precisely to bind the powder particles together to form a hardened solid material.
Specimen Preparation Procedures
In this study, the specimens were printed using an Easy3DP-S500 printer by Wuhan Easymade Technology Co., Ltd. The dimensions of the build bed are 500 × 450 × 400 mm, and the resolution of the inkjet print heads is 360 DPI. The printing layer thickness ranged from 0.1 to 0.5 mm, and it had a surface finish of ±0.2 mm. High-quality quartz sand powder with a particle size between 0.075 and 0.12 mm was selected as the forming material, with the characteristics of high hardness, less ash, fewer impurities, and desiccation; the binder material was furan resin, which has the characteristics of rapid speed of solidification, good heat resistance, and high brittleness after solidifying. The main components of furan resin include furfuryl alcohol phenolic aldehyde. With the aforementioned printing parameters, there will be no notable interface or layers in the specimen because the sand powder is micronized. The printer is shown in Figure 1A, and the quartz sand powder is shown in Figure 1B.
[image: Figure 1]FIGURE 1 | (A) Easy3DP-S500 printer. (B) Quartz sand powder.
To investigate the effects of the printing layer thickness on the mechanical properties, specimens with three different layer thicknesses of 0.2, 0.3, and 0.4 mm were set in the printing process. To facilitate the DIC test, the dimensions of the specimen were set to cubes of 50 × 50 × 100 mm. The general printing process of specimen preparation includes the following basic steps.
1) 3D model construction. The 3D digital model of the specimen is established by SolidWorks, stored as a high-precision STL format file, and then imported into the computer control system of the printer to set parameters such as the printing layer thickness, surface accuracy, and filling ratio. The digital model is sliced according to the thickness of the printing layer to obtain the two-dimensional profile information of each layer of the specimen.
2) Specimen printing. First, before the printing process, the quartz sand powder and hardener were mixed in proportion and allowed to dry naturally. The hardener serves later as a catalyst for the polymerization reaction of the binder. Then, the mixed sand powder and binder were placed in the powder feeding reservoir and the binder supplying reservoir, respectively. The specimens are printed on the printing bed, which is covered by sand powder up to a sufficient thickness before printing. This primary layer provides a smooth bed for the part to be built on (Fereshtenejad and Song, 2016). Then, a thin layer of sand powder is spread and smoothed using a roller over the printing bed, and the print head moves along the x- and y-axes and spreads the binder. The piston in the printing bed then descends to a certain level and gets ready for the subsequent layer. This cycle could be repeated several times to complete the transformation of the 3D model to the specimen. The specimen printing process is shown in Figure 2.
[image: Figure 2]FIGURE 2 | Specimen printing process.
According to previous studies, different printing directions have a great influence on the mechanical properties of 3D printer specimens. Liu et al. (2019) found in the test that when the printing direction is perpendicular to the loading direction (the orientation of the layers is parallel to the loading direction), the fracture form of the specimen is a vertical split crack parallel to the bedding plane; when the printing direction is parallel to the loading direction (the orientation of the layers is perpendicular to the loading direction), the failure behavior of the specimen is similar to the failure behavior of rock materials in the uniaxial compression test. To ensure that the specimen can properly simulate the mechanical behavior of rock material, the z-axis direction is selected as the printing direction in this test. The printing direction is illustrated in Figure 3.
3) Postprocessing. After printing, the excess powder was removed from the specimen, and the specimens were placed in a shady and ventilated place for 3–4 days to allow the moisture to evaporate and to solidify naturally.
[image: Figure 3]FIGURE 3 | The printing direction.
Testing Procedure
In this study, the strength of the specimens with different layer thicknesses was investigated by the uniaxial compression test using an RLJW-2000 model rock rheometer with a maximum loading capacity of 2,000 kN and a maximum displacement capacity of 8 mm. The loading mode was displacement control with a loading rate of 0.3 mm/min.
DIC refers to the class of noncontact methods that acquire images of an object, store images in digital form, and perform image analysis to extract full-field shape, deformation, and motion measurements and has been widely employed in experimental solid mechanics for strain and fracture analysis. DIC has the advantages of a simple experimental setup, low requirements in the measurement environment, a wide range of measurement sensitivities and resolutions, full-field, real-time, online, flexibility, etc. (Munoz et al., 2016; Song et al., 2013; Sharafisafa et al., 2019). DIC analysis of specimens with different layer thicknesses provided quantitative evidence on the nature of field strains developed in the specimen surface throughout the uniaxial compression test. In this work, it is important to discuss the method of preparing speckles on 3D printed specimens. Because of the obvious microporosity of 3D printed specimens, white paint spray on the specimen surface will penetrate into the specimen and make it difficult to form spots. Therefore, a layer of Vaseline should be painted on the specimen surface before spray painting. After Vaseline is dried to form a film, a layer of black paint should be sprayed on the specimen surface, and then, white paint will be sprayed randomly to form speckles. Figure 4 shows the experimental setup of DIC.
[image: Figure 4]FIGURE 4 | Experimental setup of DIC.
The AE of rock materials is a phenomenon where rock elastic strain energy is released in the deformation or failure process, and it is a kind of acoustic wave with different frequencies and energies generated by microfractures inside the rock during loading. AE events carry crucial information on the internal destruction of rock materials. On the basis of the AE information, changes in the internal behavior and the mechanism of rock failure are gradually deduced (Meng et al., 2018). Because of the simplicity of operation and low requirements for specimens, the AE technique has been widely used to study the failure process and fracture characteristics of rock materials (Cheng 2019; Miao et al., 2020). Figure 5 shows the AE test system. Vaseline is used as the coupling agent for the contact part of the specimen and the AE probe during the test to reduce signal attenuation. To avoid the influence of environmental noise during the test, the threshold value of the AE analysis system is set to 45 dB. It is important to preload for a period of time before formal loading to ensure that the specimen is fully attached to the loading surface and avoid noise generated during contact that may affect the results of AE monitoring.
[image: Figure 5]FIGURE 5 | Acoustic emission test system.
RESULTS
Physical Properties of Specimens With Different Layer Thicknesses
The appearance and color of specimens with different layer thicknesses are relatively consistent, whereas the surface accuracy of the specimens gradually decreases as the layer thickness increases, as shown in Figure 6A. To further observe the surface structure of the specimens, a 3D microscope was used to obtain the texture of the specimens. As shown in Figure 6B, the specimens with a layer thickness of 0.2 mm (T-0.2) have high surface smoothness, and the black binder is evenly distributed without obvious layer texture. On the surface of specimens with layer thicknesses of 0.3 mm (T-0.3), the proportion of black binder decreased. The surface accuracy of specimens with a layer thickness of 0.4 mm (T-0.4) is poor, and there are relatively obvious stratification characteristics and particle flaking phenomenon.
[image: Figure 6]FIGURE 6 | Apparent characteristics of specimens with different layer thicknesses (A) The appearance and color of specimens (B) Microscope images.
In this test, the physical properties, such as dimension, weight, and density, were very similar between specimens of the same layer thickness. Table 1 shows that the average weight and density of the specimens show a decreasing trend with increasing layer thickness as a result of the difference in the binder-to-sand ratio. In the process of specimen printing, the amount of binder sprayed at each surface is the same, whereas T-0.2 sprayed 500 times, T-0.3 sprayed 334 times, and T-0.4 sprayed 250 times, so the total ink jet is reducing with layer thickness increasing, resulting in the differences in physical properties.
TABLE 1 | Physical properties of specimens with different layer thicknesses.
[image: Table 1]Mechanical Behavior of Specimens With Different Layer Thicknesses
Basic Mechanical Properties
Figure 7 shows that the stress-strain curves of the specimens with the same layer thickness are very similar, and the difference in peak stress is within 1 MPa. However, the peak stress of specimens with different layer thicknesses has a large difference. As the thickness increases, the uniaxial compressive strength of the specimens shows a decreasing trend. From T-0.2 to T-0.4, the average peak strength of the specimen is 4.45 and 0.78 MPa, respectively.
[image: Figure 7]FIGURE 7 | Stress-strain curves of specimens (A) T-0.2, (B) T-0.3, and (C) T-0.4.
As shown in Figure 8, the stress-strain curve closest to the average value of peak strength was selected for comparison.
[image: Figure 8]FIGURE 8 | Comparison of specimens with different layer thicknesses.
The stress-strain curve of T-0.2 includes the microfracture compaction stage, the elastic deformation stage, the plastic deformation stage, and the fracture stage. The peak stress of the specimen is 4.45 MPa, and the peak strain (σc) is 0.95 × 10−2. According to the suggestion of the International Society for Rock Mechanics, the linear elastic modulus at σ = 0.5σc can be used as the elastic modulus of nonlinear rock, which is 0.48. The postpeak behavior in the stress-strain curves shows a rapid drop, and the residual stress is 2.20 MPa with a strength attenuation of 50.56%. Macroscopic cracks propagated and coalesced rapidly during the fracture stage and finally formed a Y-shaped crack. The fracture mode of T-0.2 is tensile-shear destruction and takes on brittle failure characteristics, which are more similar to the failure patterns and mechanical properties of rock-like materials.
The peak stress of T-0.3 is 1.83 MPa, the peak strain is 0.94 × 10−2, the residual stress is 1.49 MPa, accounting for 81.42% of the peak strength, and the strength is attenuated by only 18.58%. The experimental results revealed that T-0.3 exhibited elastic to plastic behavior in the uniaxial compression tests, in which the fracture mode was shear destruction, and had plastic failure characteristics.
The stress-strain curve of T-0.4 shows elastic-plastic-creep deformation. The beginning of the curve is a small straight segment, and then, the slope gradually decreases until it is approximately parallel to the abscissa. The curve is “flat”, and there is no obvious peak stress or strength attenuation. The specimen reaches its peak stress under a very small axial load, and the fractures are horizontally distributed.
Through comparison, different layer thicknesses are found to have obvious effects on the strength and failure pattern of the specimen. As the layer thickness increases, the UCS of the specimen gradually decreases. Compared with T-0.2, the peak strength and elastic modulus of T-0.3 and T-0.4 are significantly weakened, the UCS decreases by 58.88% and 82.47%, respectively, and the elastic modulus decreases by 53.33% and 62.22%, respectively. Obvious postpeak ductile characteristics are presented, and the failure mode changes from brittle failure to plastic failure. As shown in Figure 9, the sand particles around the cracks of T-0.3 and T-0.4 continue to peel off during the loading process, and the fractured section is very loose. The specimen shows obvious characteristics of looseness, softness, and weakness, which are quite different from the characteristics of natural rocks.
[image: Figure 9]FIGURE 9 | Failure pattern of specimens with different layer thicknesses during the loading process.
Deformation Evolution and Failure Analysis by Digital Image Correlation
Figure 10 shows the crack propagation process of the specimen with a layer thickness of 0.2 mm under axial loading. As shown in Figure 10, ① is the apparent strain field at the specimen loaded up to 90 s. There is no obvious strain concentration in the initial stage of elastic deformation, and the damage spreads diffusely over the specimen due to the tiny unevenness of the specimen surface and the internal microporosity being compression. ②, ③, and ④ are the apparent strain fields at the specimen loaded up to 120, 160, and 195 s, respectively; it can be noted that some obvious strain concentration zones start to appear and gradually concentrating toward the middle of the specimen. An elliptical high strain concentration zone is formed in the middle and upper parts of the specimen at the peak stress. Then, the high strain concentration zone expands further along the loading direction and gradually forms a lightning-shaped vertical high strain concentration zone, and its value is significantly larger than the value of other regions. When loaded to 218 s (Figure 10⑤), a macrocrack was generated and rapidly expanded to the bottom of the specimen, finally showing tensile-shear destruction. The gray area with missing color in Figure 10⑤ is caused by the spalling of surface particles during crack extension.
[image: Figure 10]FIGURE 10 | The apparent strain field of T-0.2.
Figure 11 shows the crack propagation process of the specimen with a layer thickness of 0.3 mm under axial loading. As shown in the figure, ① and ② are the strain fields at 100 and 150 s, respectively, at which time there is no obvious strain concentration. As the loading continues until 200 s (Figure 11③), the randomly distributed strain zone gradually disappears before reaching a new stress equilibrium. With increasing stress, an obvious strain concentration zone appears at the bottom of the specimen and then gradually concentrates toward the lower right corner of the specimen, forming a high strain concentration zone to the lower right corner and forming a macroscopic crack, in which particles spall nearby (Figure 11⑤). The failure mode of the specimen is shear destruction.
[image: Figure 11]FIGURE 11 | The apparent strain field of T-0.3.
Figure 12 shows the crack propagation process of the specimen with a layer thickness of 0.4 mm under axial loading. When loaded to 140 s (Figure 12②), the specimen entered the plastic deformation stage, and the strain concentration zone first appeared in the middle of the specimen. With increasing stress, the strain concentration zone expands to the sides of the specimen, eventually forming a transversely distributed strain concentration zone and forming two high strain zones on the left and right sides of the specimen, and the strain zone in the middle of the specimen disappears. Eventually, a transverse macrocrack forms perpendicular to the loading direction. As shown in Figure 12⑤, the specimen surface particles spalled off because the long-term local stress was concentrated on the right surface of the specimen.
[image: Figure 12]FIGURE 12 | The apparent strain field of T-0.4.
Compared with the strain field, the horizontal displacement field can reflect the crack type and formation cause more clearly. Figure 13 shows the horizontal displacement field of the three specimens. Taking T-0.2 as an example, the local regions of the left and right sides of the specimens (L area and R area) are strongly contrasting in color. According to the illustration, the L area of the specimen is opposite to the R area in the horizontal displacement direction, so the main cause of crack formation is tensile destruction.
[image: Figure 13]FIGURE 13 | Horizontal displacement field of each specimen: (A) T-0.2, (B) T-0.3, and (C) T-0.4.
Acoustic Emission Characteristics
AE ringing counts are the number of signal oscillations whose amplitude exceeds the threshold value. The AE energy is a quantitative characterization parameter of the signal strength. The ringing counts and energy reflect the total number of AE events and the intensity of the AE activity (Kong et al., 2016; Liu et al., 2021). Therefore, this paper chooses these two parameters for analysis. Figure 14 shows the evolution of the AE parameters (AE ringing counts, AE cumulative ringing counts, and AE energy) with the stress-time curves for specimens with different layer thicknesses.
[image: Figure 14]FIGURE 14 | Evolution of the AE parameters with the stress-time curves for specimens with different layer thicknesses: (A) T-0.2, (B) T-0.3, and (C) T-0.4.
As shown in Figure 14A, the ringing count curve of T-0.2 is similar to the AE energy curve. During the microfracture compaction stage, the ringing counts and energy both increased slightly, and the highest values per unit time were 4.22 × 103 and 3.83 × 103, respectively. At this stage, the original microfractures and micropores of the specimen were closed, and displacement and friction of the fracture surface generated AE signals. Because the signals in the compaction stage are mostly the impact events of tiny units, the energy value is low. In the elastic stage, the ringing counts and AE energy begin to slowly decrease, and there is a “quiet period” before the peak stress. At the failure stage, the ringing counts and AE energy increased sharply. The highest ringing count per unit time was 3.04 × 104, and the highest AE energy was 1.92 × 104. At this stage, the high-level AE signal increased sharply, indicating that a large-scale fracture event occurred. The maximum AE signal strength has a certain hysteresis relative to the peak stress of the specimen, at 92% of the postpeak stress. Compared with the T-0.2 strain field diagram (Figure 10), the specimen does not immediately produce large-scale fracture when the peak stress is reached, and the final failure of the specimen lags behind the peak stress. There is still a small amount of AE activity in the postpeak stage, indicating that the cracks continue to develop until the load is stopped, and the final cumulative ringing counts of T-0.2 are 1.05 × 106.
As shown in Figure 14B, there are two peaks in the AE ringing count curve of T-0.3. The first peak is in the transition stage from the compaction stage to the elastic stage, with the highest ringing counts and AE energy of 1.88 × 103 and 2.37 × 103, respectively, per unit time. The second peak is in the failure stage, with the highest ringing counts and AE energy of 2.30 × 103 and 1.93 × 103, respectively, per unit time. By comparison, the first peak AE energy is higher than the second, indicating that more microfractures are generated in the specimen during the elastic deformation stage. The expansion of the crack in the failure stage is the extension of the existing crack in the weak medium, so the AE signal generated by the cracks is relatively weak.
As shown in Figure 14C, during the entire loading process, the ringing counts and AE energy of T-0.4 were maintained at a very low value range. The highest value of the ringing counts per unit time is 1.20 × 103, and the AE energy reaches the highest value of 1.57 × 103 per unit time at 3 s. There is a big difference between the AE energy and the ringing counts curve of T-0.4: The postpeak ringing counts are higher than prepeak, whereas the AE energy is opposite, showing that the AE signal during the loading process is very weak, and the specimen is damaged under a small axial load.
DISCUSSION
Among the parameters affecting the mechanical properties of specimens, the number of intergranular spaces, which are filled with the binder (degree of cementation), plays a significant role. When the layer thickness decreases, the sprayed binder penetrates better in the vertical and lateral directions over the surface, and as a result, there would be less unoccupied space between powder particles, so the specimen would have less porosity. With the increase of the printing layer thickness, the same amount of binder needs to bond 1.5 to 2 times of the sand particles, so the binder cannot be well penetrated to wrap the sand powder particles, resulting in a decrease in the viscosity between sand particles. As a consequence, the UCS and elastic modulus of the sample decrease, and a plastic flow tendency occurs.
Comparing the strain and displacement field of three specimens with different layer thicknesses, as the layer thickness increases, the deformation and failure pattern of the specimens are more different from the natural rock, and the final macroscopic crack angle formed in the specimens gradually decreases. For instance, the crack angle in Figure 13A is close to 90°, the crack angle in Figure 13B is close to 45°, and Figure 13C shows transverse cracks close to 0°. According to the preliminary analysis, the reason is that, as the thickness of the printed layer increases, the bond between each layer decreases, resulting in the formation of a weak structure with poor load bearing capacity between the layers, so that the ability to withstand shear stress is reduced, and damage occurs along the weak structure under a very small load, forming transverse cracks.
Through comparison, the AE characteristics of T-0.2 are very similar to the characteristics of brittle rock-like materials, which can simulate the mechanical behavior of natural rocks. With increasing layer thickness, the UCS of the specimen showed a decreasing tendency, and the ringing counts and AE energy also showed a decreasing tendency. Compared with T-0.2, the AE cumulative ringing counts of T-0.3 and T-0.4 were reduced by 41.11% and 71.15%, respectively, and the maximum AE energy per unit time was reduced by 87.65% and 91.82%, respectively. The active degree of the AE signal is positively correlated with the strength of the specimen, and the decrease in specimen strength significantly weakens the AE signal. The AE characteristics of T-0.3 and T-0.4 are quite different from the AE characteristics of rock-like materials and are not suitable for simulating natural rocks.
CONCLUSION
The printing layer thickness has an obvious effect on the physical and mechanical properties of the 3D printed specimen. T-0.2 has high surface smoothness, and the black binder is evenly distributed without obvious layer texture. With increasing layer thickness, the surface accuracy decreases and presents obvious stratification characteristics, and the weight, density, and UCS also decrease. Compared with T-0.2, the peak strength and elastic modulus of T-0.3 and T-0.4 were significantly weakened. With increasing layer thickness, the angle of macroscopic cracks formed in the specimens gradually decreased, the postpeak ductility was enhanced, and the failure mode changed from brittle failure to plastic failure. The AE characteristics of T-0.2 during the loading process are very similar to the AE characteristics of brittle rock-like materials, which can simulate the mechanical behavior of natural rock. By increasing the layer thickness, the ringing counts and AE energy showed a decreasing trend. The AE characteristics of T-0.3 and T-0.4 are quite different from the AE characteristics of rock materials.
The physical and mechanical properties of the specimens with a layer thickness of 0.2 mm are similar to the physical and mechanical properties of rock-like materials, whereas the specimens with layer thicknesses of 0.3 and 0.4 mm deform like ductile materials, which is not appropriate for the simulation of coal or rock masses. In future studies, rock-like specimens should be prepared with a small layer thickness. Furthermore, there are many parameters worth studying about BJT, such as sand powder type, sand particle size, binder saturation level, and hardener saturation level. We optimistically believe that research on BJT will promote the development of petrophysical experiments as well as rock mechanics and engineering.
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Insight into the difference between the mechanical properties of rocks at low and in situ deep reservoir temperatures is vital for achieving a better understanding of fracking technologies with supercritical CO2 and liquid nitrogen. To address this issue, the fracking-related mechanical properties of the Shaximiao Formation sandstone (SS) were investigated through direct tension, uniaxial compression, and three-point bending fracture tests at a typical low temperature (Tlow) of −10°C and a reservoir temperature (Tin situ) of 70°C. The results showed that the tensile strength σt, compressive strength σc, and fracture toughness KIC of the SS were all higher at Tlow than at Tin situ, although to different extents. The KIC of the SS increased slightly more than σt at the lower temperature, while both σt and KIC of the SS increased significantly more than σc at the lower temperature. In addition to the strength, the stiffness (particularly the tensile stiffness) and the brittleness indices of SS were similarly higher at Tlow than at Tin situ. In situ monitoring using the digital image correlation technique revealed that a highly strained band (HSB) always appeared at the crack front. However, because of the inhomogeneous microstructure of the SS, the HSB did not always develop along the line connecting the notch tip to the loading point. This was a possible cause of the highly dispersed KIC values of the SS. The HSB at the crack front was notably narrower at Tlow than at Tin situ, suggesting that low temperatures suppress the plastic deformation of rocks and are therefore beneficial to reservoir stimulation.
Keywords: deep rock mechanics, in situ reservoir temperature, hydraulic fracturing, brittleness index, fracture toughness
INTRODUCTION
Tight sandstone gas is widely distributed across China, with favorable exploration zones totaling 32 × 104 km2 in area (Jia et al., 2012). Tight gas sandstone reservoirs are known to have limited or essentially no natural productivity. Hydraulic fracturing is therefore widely applied to stimulate tight gas sandstone reservoirs to enhance their gas production. However, this common fracturing technique requires an extremely large amount of water and causes severe environmental pollution (Gallegos et al., 2015; Thomas et al., 2019). Low water-consuming, pollution-free, and high-efficiency fracturing techniques that can be used to stimulate unconventional hydrocarbon reservoirs are highly desirable. In response, some new water-free fracturing techniques have been developed. Of these, supercritical CO2 fracturing (Wang et al., 2012; Middleton et al., 2015) and liquid nitrogen (LN2) fracturing (Cai et al., 2014; Huang et al., 2020) are the most representative techniques. For these two methods, the contacts between low-temperature fluids and reservoir rocks form low-temperature zones within reservoirs, and during the fracturing process, some rocks are in fact fracked in a low-temperature frozen state and thus develop cracks (Zhang et al., 2018). Therefore, insight into the mechanical properties of rocks at low temperatures is of great significance for a better understanding and implementation of stimulation methods with low-temperature liquids.
The effects of temperature on the mechanical properties of rocks have been extensively investigated. For example, through a series of mechanical tests at temperatures ranging from 20 to 1,200 °C, Wu et al. (2013) found that a temperature increase significantly affected the mechanical performance of a sandstone by reducing both its compressive strength and static Young’s modulus. Rao et al. (2007) examined a sandstone through Brazilian disk, axial compression, and three-point bending (3 PB) tests at different temperatures. They found that the tensile strength, uniaxial compressive strength, and elastic modulus of the sandstone each increased linearly with increasing temperature below a certain threshold (200 or 250°C) and decreased with increasing temperature beyond the threshold. Guo et al. (2020) investigated the effects of heat treatment on the physical and mechanical properties of a shale and found an increase in the uniaxial compressive strength with an increase in the temperature at which the heat treatment was performed. Justo and Castro (2021) analyzed the mechanical properties of four isotropic rocks (a sandstone, a limestone, and two marbles) at various temperatures ranging from room temperature to 250°C and found that both the uniaxial compressive strength and elastic modulus of each rock generally decreased as the temperature increased. The brittleness of a rock was also found to vary with temperature (Sha et al., 2020). For example, through triaxial compression tests at high temperatures, Ding et al. (2016) determined that a temperature increase gradually decreased the brittleness of a sandstone but increased its ductile behavior. Liu and Xu (2015) studied the physical and mechanical properties of granite and sandstone specimens treated at high temperatures and observed a brittle–ductile transition in each specimen as the temperature increased. The evidence suggests that the thermal environment plays an important role in controlling rock brittleness.
Compared to the abovementioned research on the effects of high temperatures, the investigation of the effects of low temperatures on the mechanical properties of rocks is inadequate. Zhong et al. (2019) analyzed a saturated coarse-grained sandstone through uniaxial compression tests at temperatures ranging from 20 to −30°C and found that a temperature decrease led to a continual increase in the elastic modulus and uniaxial compressive strength of the sandstone and a continual decrease in Poisson’s ratio. Xu et al. (2006) investigated the uniaxial and triaxial compressive mechanical properties of a Jiangxi red sandstone and a Hubei shale and found that temperature affected the two rocks to different extents. Specifically, temperature decreases basically increased both the uniaxial compressive strength and elastic modulus of each rock but had more significant impacts on the red sandstone than on the shale. Wang et al. (2016) examined the effects of temperatures ranging from −10 to 20°C on the splitting strength of a rock. They found that under certain circumstances, a temperature decrease increased the tensile strength. However, below a critical temperature, a temperature decrease reduced the tensile strength. In addition, the critical temperature was not fixed but rather depended on factors such as the moisture content. Ashrafi et al. (2020) studied the variation in the uniaxial strength values of three rocks (i.e., a granite, a red travertine, and a walnut travertine) at temperatures ranging from −30 to 30°C. While a temperature decrease increased the uniaxial compressive strength of each rock, the highest rate of increase in the uniaxial compressive strength was observed in the granite. Other researchers (Tang et al., 2010; Pang et al., 2015; Zhang et al., 2016; Song et al., 2019) have examined the low-temperature mechanical properties of rocks and confirmed that physical and mechanical properties at low temperatures differ notably from those at normal and high temperatures.
Crack propagation in rocks is the crux of reservoir fracturing and stimulation. Therefore, in addition to investigating the effects of temperature on their strength and deformation behavior, focusing on the effects of temperature on crack propagation behavior in rocks is necessary. Zuo et al. (2008) analyzed the mesoscale fracture characteristics of a sandstone at temperatures ranging from 25 to 300°C and found that an increase in the temperature from 25 to 150°C led to a greater fracture toughness but that a further increase from 150 to 300°C resulted in a lower fracture toughness of the sandstone. Therefore, 150°C was the critical temperature for the variation in fracture toughness. Yin et al. (2015) reported that a temperature increase from 25 to 800°C resulted in a continual decrease in the fracture toughness of a granite, although its extent varied. Feng et al. (2017) found an increase in the fracture toughness of a sandstone as the temperature increased from 20 to 100°C, followed by a gradual decrease and a significant decrease as the temperature increased from 100 to 500°C and from 500 to 800°C, respectively. Other researchers (Funatsu et al., 2004; Rao et al., 2007; Mahanta et al., 2016; Chandler et al., 2017) have similarly reported that temperature has a significant impact on the fracture toughness of rocks. However, most studies tend to focus on the effects of high temperatures on the fracture properties of rocks, while few investigate the effects of low temperatures. It is difficult to design targeted reservoir stimulation processes based on supercritical CO2 and LN2 fracturing techniques without a clear understanding of the difference in the crack propagation behavior of reservoir rocks at in situ and low temperatures.
In this study, the difference between the mechanical properties of rocks at in situ deep reservoir temperatures and under low-temperature fracking conditions was comprehensively analyzed, providing some important results for future low-temperature liquid fracking practices in the study area. Specifically, a series of direct tension, uniaxial compression, and 3 PB fracture tests were conducted on the Shaximiao Formation sandstone (SS) at the reservoir temperature (Tin situ) (70°C) at a depth of 2000 m and at a typical low temperature (Tlow) (−10°C) encountered in low-temperature reservoir fracturing. The effects of Tin situ and Tlow on the mechanical (i.e., tensile and compressive) and fracture properties of the SS were investigated. In addition, the correlation between the tensile strength and fracture toughness of the SS was examined. For the 3 PB fracture tests, the digital image correlation (DIC) technique was adopted to monitor the crack propagation process of each specimen under subzero and reservoir temperatures. To accurately calculate the fracture toughness of the SS at each temperature, two crack modes—U-shaped notches and ideal cracks—in the specimens were assumed in this work. Moreover, through a comparative analysis, the fracture toughness of the SS at each temperature was determined. Based on the results of the direct tension and uniaxial compression tests, four methods considering the tensile and compressive strength of a given rock were used to calculate the brittleness of the SS at Tlow (−10°C) and Tin situ (70°C).
EXPERIMENTS
Material and Samples
The investigated sandstone was taken from an outcrop of the Lower Shaximiao (J2s1) Member. The outcrop is located in the Wangcang area (Figure 1), Sichuan Basin, China. The mineralogical composition of this rock was determined by X-ray diffraction analysis, which indicated that the main mineral components of this type of sandstone are quartz (22 wt%), albite (20 wt%), illite (36 wt%), montmorillonite (18 wt%), and clinochlore (4 wt%). Additionally, as revealed in Figure 1, the tested sandstone seemed continuous and homogeneous under visual inspection and was therefore treated as an isotropic rock for simplification.
[image: Figure 1]FIGURE 1 | Outcrop area and the sandstone studied in this paper (after (Jiang et al., 2009))
Single-edge notched beam (SENB) specimens, as shown in Figure 2A, were used in the 3 PB tests. Each SENB specimen was 39 mm in length (L), 20 mm in height (h), and 8 mm in thickness (b), with a prefabricated crack 8 mm in length (a). All the SENB specimens were polished to reach a roughness within ±0.05 mm on each surface. Unlike in metallic materials, in rock materials, producing perfect crack tips through the fatigue precracking process is very difficult. Therefore, we used a wire saw with a diameter ≤0.3 mm to prefabricate cracks. A group of three specimens was tested at each temperature; that is, a total of six SENB SS specimens were analyzed. Dog bone-shaped specimens, as shown in Figure 2B, were used in the direct tension tests. Each specimen had a total length (L) of 40.90 mm, with two shoulders that were 15, 2.4, and 3 mm in height (H), length (a), and thickness (b), respectively, and a middle tensile section 5 and 10 mm in height 8) and length (L), respectively. In addition, the radius (R) of the arc at the junction of each shoulder and the middle tensile section was 10.5 mm. Square specimens, each of which was 8, 8, and 3 mm in length (L), height (h), and thickness (b), respectively, as shown in Figure 2C, were used in the uniaxial compression tests. Similar to the 3 PB tests, the direct tension and uniaxial compression tests analyzed one group of three specimens at each temperature in each set of tests.
[image: Figure 2]FIGURE 2 | Specimen configurations employed in this study.
Procedures
All the tests were completed using the μTS meso scale universal load frame (as shown in Figure 3) at the Key Laboratory of Deep Earth Science and Engineering (Sichuan University), Ministry of Education of China. With a maximum loading force of 4.5 kN, a maximum loading rate of 40 mm/s, a load resolution of 140 mN, a displacement resolution of 5 nm, and a temperature range of −40–200°C in its temperature chamber, this load frame achieves heating and cooling through flow fields; specifically, the apparatus has a high-temperature circulating flow field and a circulating LN2 flow field. Its temperature accuracy and stability are less than 0.5°C. Integrated with a high-flow blower, the system can ensure even heating of each area on the surface of the specimen. In this study, during the test process, the specimen was first cooled to −10°C or heated to 70°C and then loaded in a displacement loading mode. The loading rate was set to 2 × 10−7 m/s for both the 3 PB and direct tension tests and to 4 × 10−7 m/s for the compression tests. During each test, the applied load and the load-line displacement were continuously recorded at a system sampling frequency of 100 Hz.
[image: Figure 3]FIGURE 3 | Loading device employed in this study.
RESULTS AND ANALYSIS
Tensile and Uniaxial Compressive Failure Behavior
As mentioned above, temperature has a significant impact on the tensile mechanical properties of rocks. For example, Lü et al. (2017) observed a continual decrease in the tensile strength σt of a sandstone as the temperature increased from 25 to 300°C and attributed this phenomenon to an increase in the sandstone porosity due to the escape of free and bound water. Inada and Yokota (1984) discovered that pore water in a rock specimen underwent a phase change at a negative ambient temperature, which in turn increased its tensile strength.
All the specimens used in this study were retrieved from natural sandstone outcrops. Table 1 summarizes the test results. The average σt values of the SS were 4.67 and 3.43 MPa at Tlow (−10°C) and Tin situ (70°C), respectively. These results suggest that a low-temperature fluid used to fracture and stimulate a reservoir significantly increases the σt of reservoir rocks. The σt of the SS was approximately 36.09% higher at Tlow (−10°C) than at Tin situ (70°C). An opposite phenomenon was observed by Aoki et al. (1990) in tests of rocks such as mudstone and granite. Specifically, they discovered that σt for each rock remained basically unchanged in the temperature range from −40°C to normal temperature but was much higher at an extremely low temperature (−160°C) than at −40°C. Low temperatures indeed seem to improve the σt of rocks, but this effect depends on rock properties (e.g., lithology and pore water). Figure 4 shows the direct tension load–displacement curves for two SS specimens tested at the two temperatures. At the initial loading stage, the stress–load curves for the two specimens basically coincide with each other. However, as the loading process proceeded, the slope of the load–displacement curve for the specimen tested at Tlow (−10°C) became significantly greater than that for the specimen tested at Tin situ (70°C). In other words, Tlow (−10°C) significantly increased the tensile stiffness of the SS.
TABLE 1 | Testing values of tensile strength.
[image: Table 1][image: Figure 4]FIGURE 4 | Load–displacement curves from direct tension tests.
Figure 5 shows two typical uniaxial compressive stress–strain curves for the SS, and Table 2 summarizes the compressive strengths under different temperature conditions. At the initial loading stage, notable compaction occurred in each SS specimen, and the temperature had a relatively strong impact on its stress–strain curve. As the loading process continued, the axial stress and strain exhibited a nearly linear relationship, and the slope of the stress–strain curve for the specimen tested at Tlow (−10°C) was slightly greater than that for the specimen tested at Tin situ (70°C). In fact, Figure 5 clearly illustrates that the compressive stiffness of the SS was higher at Tlow (−10°C) than at Tin situ (70°C). However, the effects of temperature on the compressive stiffness of the SS were not as significant as those on its tensile stiffness.
[image: Figure 5]FIGURE 5 | Axial stress–strain curves of sandstone under different temperature conditions.
TABLE 2 | Testing values of compressive strength.
[image: Table 2]Brittleness Indices
Assessing the brittleness of rocks is vitally important for developing unconventional hydrocarbon resources. Brittleness indices can be used to quantify the brittleness of rocks and, on this basis, characterize their fracability (He et al., 2016). However, due to the lack of a standard definition and measurement methods for rock brittleness, researchers have established various brittleness indices for specific practical applications. The various definitions to describe rock brittleness are based on the mineral composition (Mathia et al., 2016; Zhang et al., 2017), elastic modulus (Zhang et al., 2016), σc and σt (He et al., 2016), hardness (Lawn and Marshall, 1979), and crack initiation stress of the rock (Wang et al., 2017). In this study, because most of the collected data were related to the strength properties of the SS at the two selected temperatures, we calculated four σt- and σc-based brittleness indices (Hucka and Das, 1974; Altindag, 2010) for the SS, as shown below:
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Table 3 summarizes the values of the SS brittleness indices at Tin situ (70°C) and Tlow (−10°C), which were calculated using Eqs. 1–4. The values of all four brittleness indices were calculated based on the σc and σt of the SS but did not agree, as shown in Table 3. The values of B1 and B2 calculated for Tin situ (70°C) were higher than those calculated for Tlow (−10°C). An opposite pattern was found for B3 and B4. That is, the values of B1 and B2 calculated for the two temperatures suggest that Tlow (−10°C) does not increase the brittleness of the reservoir sandstone. In contrast, the calculated values of B3 and B4 indicate that the reservoir sandstone becomes more brittle at Tlow (−10°C). Evidently, the brittleness of the SS at the two temperatures calculated using Eqs. 3, 4 runs counter to the conventional understanding. The brittleness of the SS was indisputably higher at Tlow (−10°C) than at Tin situ (70°C). In fact, according to the forms of Eqs. 1, 2, B1 is the σc/σt ratio, and B2 can be fully expressed in terms of B1. A temperature decrease from Tin situ (70°C) to Tlow (−10°C) leads to a significant increase in σt, which in turn results in decreases in both B1 and B2. This means that these two indices cannot reasonably reflect the SS brittleness at Tin situ (70°C) and Tlow (−10°C). On the other hand, B3 and B4 are calculated based on the product of σc and σt of a rock. If both σc and σt of a rock increase at low temperatures, B3 and B4 will inevitably increase. Therefore, these two indices can satisfactorily reflect the effects of temperature on the brittleness of the SS. Rock brittleness has been considered an important geomechanical parameter among the petrophysical-geomechanical factors for stimulating unconventional reservoirs (Romanson et al., 2011). Under similar crustal stress conditions (and other environmental conditions: temperature, pore pressure, etc.), brittle rocks usually fracture more easily than ductile formations. That is, if there is no substantial difference in the tectonic stress between different strata, the degree of fracture development depends on the brittleness characteristics of the reservoir rock. The above results further show that the SS is much more brittle at low temperatures than at the in situ deep reservoir temperature, so low temperatures should be highly beneficial to reservoir fracturing.
TABLE 3 | Brittleness indices of sandstone at different temperatures.
[image: Table 3]The compression test results showed that the σc values were 78.38 and 82.66 MPa at Tin situ (70°C) and Tlow (−10°C), respectively. This means that when the temperature decreased from Tin situ (70°C) to Tlow (−10°C), σc of the SS increased by only 5.46%, which was much smaller than the increase in σt, suggesting different effects of temperature on σt and σc of the SS. While σc of a rock is significantly affected by temperature and, in most cases, varies in a pattern similar to that of σt, σt and σc vary to different extents at different temperatures (Gautam et al., 2018; Sha et al., 2020). This explains why the brittleness values for the SS at Tlow (−10°C) and Tin situ (70°C) calculated using Eq. 4 differed. This phenomenon does conform to the conventional understanding.
Fracture Properties Under Typical Temperature Conditions
Progressive Failure Behaviors
Figure 6 shows the load–displacement curves obtained from the 3 PB tests conducted at the two temperatures. Note that the load–displacement curve of each SS specimen can be roughly divided into four segments corresponding to the initial loading stage, elastic stage, damage accumulation stage, and postpeak stage. During the initial loading stage, the slope of the curve increased as the displacement increased. As a result, the curve displays a concave shape, reflecting a notably nonlinear behavior. This phenomenon can be attributed to two factors. 1) The internal structure of the SS was inhomogeneous. 2) During the test process, the SS at the notch was in a tensile state. As a result, microcrack closure under uniaxial compression can no longer be used to explain the changes in the SS. During the second stage (i.e., elastic stage), the slope of the curve basically remained constant. As the external load continued to increase, the SS near the notch tip began to sustain damage, which gradually accumulated over time and eventually led to inelastic deformation. Under these conditions, the load–displacement curve is no longer linear. In addition, before the external load peaks, there is a rapid decrease in the slope of the curve and a rapid increase in the extent of the damage sustained by the specimen. The curve displays a convex shape. The duration of this stage was relatively short because of the high brittleness of the SS. During the fourth stage (i.e., postpeak failure stage), as the loading process proceeded, the external load decreased rapidly until the specimen completely failed. Moreover, as shown in Figure 6, while the load–displacement curves obtained at the same temperature are to some extent dispersed, the maximum loads withstood by the specimens were higher at Tlow (−10°C) than at Tin situ (70°C). Specifically, the average maximum loads withstood by the specimens at Tlow (−10°C) and Tin situ (70°C) were 212.84 and 159.18 N, respectively, which is a 25.21% difference.
[image: Figure 6]FIGURE 6 | Load–displacement curves of three-point bending samples.
Through in situ DIC measurements, the maximum principal strain field around the notch tip was determined, as shown in Figure 7. Regardless of the temperature, as the loading process proceeded, a highly strained band (HSB) appeared at the notch tip and reached its maximum width before the load peaked. In other words, before the notch began to expand, the material first sustained damage at the notch tip, which gradually developed as the loading process proceeded. Consequently, the overall stiffness of the specimen gradually decreased, resulting in the aforementioned concave segment of the load–displacement curve. Afterward, a crack appeared at the notch tip and rapidly propagated along the HSB toward the loading point. A notable change was also observed in the strain field captured using the DIC technique. The HSB at the notch tip disappeared. A comparison of the HSB sizes at the peak loads revealed that the HSB (or damage zone) was significantly narrower at −10°C than at 70°C, suggesting that the temperature decrease shrank the damage zone and lowered the dissipation of energy before the crack propagated through the SS and therefore led to more notable brittle failure behavior. The DIC measurements revealed a marked progressive damage process. Further analysis is required to determine whether the methods of linear elastic fracture mechanics can be directly used to calculate the fracture toughness of the SS examined in this study.
[image: Figure 7]FIGURE 7 | Evolution of the maximum principal strain field ahead of a notch tip at different temperatures (A–D correspond to the starting point of the load–displacement curve, a certain point during the elastic stage, the peak load point, and the point at which the load began to decrease rapidly, respectively).
Fracture Toughness
A crack front prefabricated in a rock material is not a sharp crack tip in a mathematical sense. However, a sufficiently narrow notch can to some extent be viewed as an ideal crack. In fact, this is an implicit assumption often made in rock fracture mechanics research (Ren et al., 2016; Chandler et al., 2017; Luo et al., 2017; Shi et al., 2019; Li et al., 2021). The mode I fracture toughness KIC of a SENB specimen can be calculated using the equation recommended by (Liu, 1994):
[image: image]
where l is the distance between the two supporting pins and Pmax is the maximum load during the test.
In fact, preparing ideal cracks in rock materials by cutting is impossible. In other words, the crack prefabricated in this study was in fact a U-shaped notch, whose radius of curvature was, however, very small (only 0.15 mm). The fracture failure of a specimen with a U-shaped notch occurs along the bisector of the notch (Cicero et al., 2015). The global criterion is unsuitable for analyzing strength problems related to stress concentration and gradients caused by geometric discontinuities (e.g., voids and notches) in components. Instead, these problems can be more reasonably analyzed through nonlocal theory (Nui et al., 1994; Pluvinage, 1998). The average stress at a U-shaped notch is obtained by dividing the integral of the opening stress along the bisector of the notch (calculated using Eq. 6) by the length dc of the fracture process zone (FPZ) (calculated using Eq. 7) (Gómez et al., 2006). An average stress equivalent to the rock σt causes crack propagation. In this way, a fracture criterion that incorporates two material parameters, namely, σt and KIC, can be derived (Gómez et al., 2006) as in Eq. 8:
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where Kt = σmax/σnom, tip is the stress concentration coefficient, σmax is the maximum stress at the stress concentration site and ρ is the radius of curvature at the tip of the U-shaped notch of the specimen. Based on the specimen dimensions used in this study, Kt was calculated by the finite element method to be 2.53. If (1) h—a >> ρ and dc and (2) ρ and dc are of the same order of magnitude, Eq. 8 can be further simplified to
[image: image]
The use of Eqs. 5, 7, 9 to calculate the KIC of a rock specimen requires that P be replaced by the maximum load Pmax recorded during the fracture test and that parameters such as the geometric dimensions of the rock specimen, the distance between the supporting pins, and the σt of the rock specimen be substituted into the equations. The KIC values calculated using Eqs. 5, 7, 9 are denoted by K0IC, K1IC, and K2IC, respectively.
Table 4 summarizes the results and shows that the KIC values for the SS calculated using Eqs. 5, 8 were in relative agreement and were both lower than those calculated using Eq. 9. These results suggest that the prefabricated U-shaped notch in a rock specimen can to some extent be simplified to a crack if it is narrow enough and that the fracture toughness of the rock specimen can be calculated using the methods of linear elastic fracture mechanics. Luo et al. (2017) noted that Eq. 9 yields KIC values for poly (methyl methacrylate) materials and rock specimens with acceptable and relatively large errors, respectively. This contrast may occur because the relative length of the FPZ, dc/(h—a), is large in a brittle material (e.g., rock) but relatively small in a poly (methyl methacrylate) material (Gómez et al., 2005), so the result produced by Eq. 5 is unsatisfactory. This is also the reason why K2IC is much higher than K0IC and K1IC. Therefore, Eq. 4 yields a more accurate KIC value for a rock specimen than the other equations, especially when the prefabricated notch is not narrow enough.
TABLE 4 | Test values of fracture toughness.
[image: Table 4]The test results were somewhat dispersed. In fact, an analysis of the aforementioned relative locations of the damage zone and initial notch shows that because of the inhomogeneous microstructure of the SS, crack initiation on the surface of each specimen did not necessarily occur at the center of the notch tip, which might explain the dispersed results. As shown in Table 4, the KIC values of the SS were 1.57 and 0.90 MPa m1/2 at Tlow (−10°C) and Tin situ (70°C), respectively. That is, the crack propagation resistance of the SS at Tlow (−10°C) was 1.74 times that at Tin situ (70°C), suggesting that Tlow (−10°C) significantly increased the KIC of the SS. Similarly, Dwivedi et al. (2000) tested the fracture toughness of a sandstone at room temperature and −10°C using a cracked chevron-notched Brazilian disk specimen and found that the fracture toughness of the sandstone at −10°C was 1.5 times that at normal temperature. Clearly, the use of a low-temperature fluid to fracture a deep reservoir in fact increases the crack propagation resistance. From this perspective, low-temperature fracturing does not appear to be a good choice. However, the thermal shock caused by LN2 cooling alters the pore structure of a rock and therefore significantly weakens its mechanical performance (Huang et al., 2020). Some micropores aggregate, forming micro- or even macrocracks, which grow into a complex, interconnected crack network after multiple freeze–thaw cycles (Han et al., 2018). For fracturing and stimulating a deep reservoir, connecting natural cracks through artificial cracks to form a complex crack network is the most important step. Low temperatures can precisely promote the opening of internal microcracks in a reservoir and increase the permeability of its rocks, thereby improving the fracturing performance (Cai et al., 2014).
In the 3 PB fracture tests, the failure of each specimen was caused by the tensile stress at the prefabricated notch. Similarly, each specimen in the direct tension tests failed due to the tensile stress at the fracture surface. Since KIC and σt characterize the ability of a rock material to resist mode I crack propagation and tensile fracture, respectively, from a theoretical perspective, these two parameters may be intercorrelated. Actually, rupture of an intact rock specimen is essentially induced by internal cracking; under this scenario, a specific relation between the rock strength and fracture toughness seems reasonable (Zhang, 2002). Earlier studies also revealed a notable linear relationship between KIC and σt in rocks. By analyzing the relationship between KIC and σt in multiple types of rocks, Whittaker et al. (1992) found that these two parameters are basically related to each other through the following equation: σt = 9.35KIC—2.53. Through a statistical analysis, Zhang et al. (1998) found that the KIC of a rock is related to its σt through the following equation: σt = 6.88KIC. For the SS, it was easy to obtain a relation of σt = 3.81KIc at the reservoir temperature condition of 70°C and a relation of σt = 2.97KIC at −10°C. In other words, the relations obtained by Whittaker et al. and Zhang et al. are inapplicable to the current SS. In addition, we found that compared to σt, KIC of the SS increased slightly more when the temperature decreased from Tin situ (70°C) to Tlow (−10°C). The above results incontestably show that there is indeed a certain relationship between the KIC and σt of a rock, which is affected by the testing environment.
CONCLUSION
A series of experiments on Shaximiao sandstone (SS), including three-point bending, direct tension, and uniaxial compression tests, were systematically implemented under subzero and reservoir temperature conditions, and the related mechanical properties were accordingly investigated and discussed. The following conclusions can be drawn from these experiments:
1) The average tensile strength σt of the SS increased by approximately 36.09% from 3.43 to 4.67 MPa when the temperature decreased from Tin situ (70 °C) to Tlow (−10 °C). In other words, a low-temperature fluid used to fracture and stimulate a reservoir can significantly improve σt of the reservoir rocks.
2) The average uniaxial compressive strength σc of the SS increased by approximately 5.46% from 78.38 to 82.66 MPa when the temperature decreased from Tin situ (70°C) to Tlow (−10°C). That is, a low-temperature fluid can slightly increase the uniaxial σc of reservoir rocks.
3) Four brittleness indices (B1, B2, B3, and B4) of the SS were calculated based on σc and σt. Of these indices, only B3 and B4 could reflect the fact that reservoir rocks were more brittle at low temperatures than at in situ deep reservoir temperatures. The use of B1 or B2 to characterize the brittleness of the SS was therefore unsatisfactory. In addition, low temperatures induced by supercritical CO2 and liquid nitrogen were more beneficial to reservoir fracturing and stimulation.
4) A notable HSB (or damage zone) appeared at the notch tip in each specimen during the 3 PB fracture tests, resulting in a gradual decrease in the overall stiffness of the specimen, which in turn led to a convex segment on the load–displacement curve near the peak load. Clear progressive damage was observed before the complete failure of each specimen. The HSB was significantly narrower at −10°C than at 70°C, suggesting that the temperature decrease contracted the FPZ, resulting in more significant brittle failure behavior of the SS.
5) Due to its small width, the prefabricated notch in each 3 PB test specimen was treated as a U-shaped notch. On this basis, the fracture toughness KIC of the SS was calculated. The results showed that the KIC values of the SS were 49.70 and 28.46 MPa mm1/2 at Tlow (−10°C) and Tin situ (70°C), respectively. In other words, the crack propagation resistance of the SS at Tlow (−10°C) was 1.74 times that at Tin situ (70°C), indicating that Tlow (−10°C) significantly increased the KIC of the SS.
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In burst-prone deep underground engineering, seismic waves generated from a near-field ground motion event may play a critical role in causing localized rockburst damage. Accurate estimation of near-field ground motions around excavations is important for seismic hazard risk assessment and dynamic rock support design in underground engineering. During the excavation of an underground cavern, stress redistribution in the surrounding rock leads to the formation of damage zones, including the excavation damage zone (EDZ) and excavation fracture zone (EFZ). The poor properties of the rock in the damage zones cause the wave velocities of the rock mass to decrease and the dynamic wave interaction to change, thereby affecting the ground motions around the excavation. This paper studies the near-field ground motion behavior and reveals the control effect of the seismic wave velocity in the damage zones on the near-field ground motions by the aid of the finite fracturing source model (FFSSM). The research results provide a new knowledge of the influence of excavation disturbance on the ground motion distribution around the excavation, and provide new ideas for the seismic hazard risk assessment and prevention in underground engineering.
Keywords: underground engineering, seismic hazard, near-field ground motion, excavation damage zone, excavation fracture zone, finite fracturing seismic source model
INTRODUCTION
With the flourishing development of China’s economy, infrastructure construction under complex geological conditions has gradually increased, especially deep hydropower engineering and energy mining projects in the western region. The outstanding features of these engineering construction projects are the large burial depth, complex geological conditions, and high in situ stresses. As a result, rock mass seismic hazards induced by highly stressed environments, such as rockbursts, pressure bumping, and mine earthquakes, have become increasingly severe and greatly challenged project construction. Therefore, the accurate estimation of ground motions around excavations is important for seismic hazard risk assessment and dynamic rock support design in underground engineering.
During the excavation of deep underground engineering, due to the newly created stress state exceeding the rock mass strength, a low-damage excavation damage zone (EDZ) and a high-damage excavation fracture zone (EFZ) form in the surrounding rock (Li et al., 2016; Xue et al., 2017). The physical, mechanical and hydraulic properties of the rock mass in the EDZ and EFZ deteriorate, and many ruptures and microcracks form in the rock mass, which cause the wave velocities to decrease and the dynamic wave interactions to change, thereby affecting the ground motions around excavations (Backblom and Martin, 1999; Tsang et al., 2005; Ge, 2008; Chen et al., 2018; Jia et al., 2021). When studying ground motion behavior around excavation under dynamic loading conditions, the damage zone must be taken into consideration.
According to a series of field tests, in-situ tests, laboratory tests, analysis and research carried out in the Underground Research Laboratory in Canada, after the excavation of deep tunnels, when the stress redistribution meets certain conditions, damage zones form in the surrounding rock within a certain range of the tunnel (Read, 1994, 2004; Martin et al., 1997; Daraei and Zare 2018; Wang and Zhao, 2021). Siren et al. (2015) divided the damage zones in more detail according to the excavation method used, including the highly damage zone (HDZ), construction-induced excavation damage zone (EDZCI), stress-induced excavation damage zone (EDZSI) and excavation disturbed zone (EdZ). Li et al. (2016) divided the surrounding rock of an excavated cavern into the EFZ, construction damage zone (CDZ), stress-induced damage zone (SIDZ) and excavation influence zone (EIZ) on the basis of the work of Harrison and Hudson (2000), Eberhardt and Diederichs (2012), and Siren et al. (2015). Among them, the EFZ corresponds to the HDZ and the EIZ corresponds to the EdZ defined by Siren et al. (2015). According to the research results of the above-mentioned scholars, the author divides the damage zones into the EFZ, EDZ and EIZ, as shown in Figure 1.
[image: Figure 1]FIGURE 1 | Schematic diagram of damage zone division.
Figure 1 shows the surrounding rock around an excavated cavern can be divided into an EFZ, EDZ and EIZ from the surface of the tunnel to the surrounding rock. As the distance from the excavation boundaries increases, the influence of the surrounding rock excavation disturbance and stress redistribution gradually decreases. The EFZ rock mass is characterized by macrofractures caused by excavation or spalling due to high in situ stress, which is only distributed within a small range from the surface of the tunnel, and the physical, mechanical and hydraulic properties of the rock mass decrease significantly. The EDZ rock not only contains some macrofractures but also includes mesoscale damage not visible to the naked eye, such as microcracks. In addition, the EDZ is distributed more widely around the tunnel, and the properties of the rock mass are slightly reduced. The excavation disturbance is small in the EIZ, so no new cracks are generated in the corresponding rock mass; it is basically in the initial stress state, and the rock mass properties are almost unchanged (Li et al., 2016).
In rock, the wave velocity decreases with the development of cracks and increases with the increase in rock integrity and stress. The surrounding rock of a cave wall is affected by excavation unloading, causing the wave velocity to decrease to different degrees. In general, as the depth from the cave wall increases, the influence of external disturbance on the surrounding rock gradually weakens until it disappears (there is a certain degree of local jump). The quality of the EFZ rock mass is the worst, and the wave velocity of this rock mass has dropped significantly, which is the lowest among the three zones. The rock mass in the EIZ is relatively intact, so the decrease in mechanical properties is small, and the wave velocity in the EIZ rock mass is not much different from that in the original rock mass. Therefore, the highest wave velocity among the three zones is observed in the EIZ. The EDZ is a transition zone between the EFZ and EIZ, and the wave velocity in the EDZ is between those of the EFZ and EIZ. The existence of the damage zones changes not only the physical, mechanical and hydraulic properties of the rock but also the dynamic wave interaction between the excavation-damage structure (including the excavation and the damage zones) and the seismic waves, such as the reflection, refraction and diffraction of the seismic waves. These two factors have led to changes in site effects and affected ground motions around excavations.
When the damage degree of underground excavation is different, it has different characteristics of the damage zones. The properties of the rock mass in the damage zones gradually deteriorate with the increasing damage degree, and the most obvious change is the decrease in the wave velocity of the rock mass mentioned above. Factors affecting ground motion around underground excavation mainly include excavation shape, excavation span, seismic magnitude, wavelength, rock mass characteristics, and supporting conditions (Cai et al., 2012; Zhu et al., 2012; Cai, 2013; Deng et al., 2014; Lei and Omer, 2015; Wang and Cai, 2015). Among them, the wavelength and span have the most significant impact on the ground motion amplification effect (Wang and Cai, 2015). The wave velocity in the damage zones will affect the incident wave wavelength ( [image: image], where [image: image], [image: image] and [image: image] represent the wavelength, wave velocity and frequency, respectively). Therefore, study of the influence of seismic wave velocity in the damage zones on ground motion is of great significance to the seismic risk assessment around the tunnel.
Ma et al. (2015) found that a seismic event concentration area is usually no more than three times or even the same as the size of the seismic source from the excavation. Research on the distribution of mine earthquakes in the Upper-Silesian coal mine in Poland found that most of the mine earthquake events that induced rockburst damage were within 100 m of the location of the rockburst damage. In view of the above research results, this paper focuses on near-field ground motion events. With the help of the finite fracturing source model (FFSSM) proposed by the authors and the Specfem2D based on spectral element method (SEM), the influence of damage zones on the dynamic wave interaction and the impact of seismic wave velocity in the damage zones on the near-field ground motion is studied.
THE FINITE FRACTURING SEISMIC SOURCE MODEL
FFSSM Description
In the simulation of far-field ground motion events, the size of the seismic source is much smaller than the distance between the seismic source and the excavation, so the size of the seismic source can be ignored. The size and the dynamic fracturing process of the seismic source have very little influence on the distribution of ground motion around the tunnel. Therefore, the source is generally expressed by a point seismic source model (PSSM, as shown in Figure 2A). However, the near-field seismic source is relatively close to the excavation, and the seismic source size and dynamic fracturing process have an important control effect on the dynamic wave interaction and characteristics of ground motion. Therefore, the near-field seismic source cannot be simplified as a point source model. The authors propose the FFSSM (Figure 2B) under the premise of considering the size of the near-field seismic source and the dynamic fracturing process (Wang et al., 2021).
[image: Figure 2]FIGURE 2 | The PSSM and FFSSM: (A) The PSSM; (B) The FFSSM. [image: image] and [image: image] refer to the seismic sub-source length and main seismic source length, respectively. [image: image]( [image: image] = 1, 2, 3, 4, 5) is time shift, i.e., the activation time of the i-th seismic sub-source. The red arrow and yellow arrow in the FFSSM in Figure 2B show the propagation direction of the seismic sub-source fracture.
The basic idea of the FFSSM is to divide the main seismic source into a finite number of sub-sources with the same size ([image: image], which represents the size of the seismic sub-sources). The number of seismic sub-sources [image: image] is determined based on the scale of the near-field ground motion event. The sub-sources have two characteristics: delayed fracture and bilateral fracture. The delayed fracture mode means that the sub-sources fracture in sequence. The first one that fractures [image: image] is the initially activated sub-source [image: image], and then the follow-up seismic sub-sources [image: image] are activated in turn ( [image: image] are activated at [image: image], and [image: image] ) when the fracture spreads to follow-up seismic sub-sources. When all the seismic sub-sources are excited and fractured, the dynamic fracturing process of the near-field seismic event is completed. Bilateral fracturing refers to the mode that fracture propagates from the starting point of the fracture proceeds to both sides simultaneously, i.e., the sequence of fracture is that [image: image] fractures first, then [image: image] and [image: image] are excited at [image: image], and finally fracture propagate to [image: image] and [image: image] at [image: image]. Moreover, the seismic sub-source adopts the dynamic corner frequency, and the seismic sub-source frequency decreases with the progress of the seismic sub-source dynamic fracturing process, that is, the frequency of the seismic sub-source that fractures first is higher, and the frequency of the seismic sub-source that ruptures later is higher.
The FFSSM includes two sets of calculation processes, forward simulation and back analysis, which have been implanted in the SEM software. This paper focuses on parameter analysis, that is, adjusting parameters to simulate different cases, so as to study the distribution of ground motion around excavation under different conditions and reveal the control effect of seismic wave velocity in the damage zones on the near-field motion. Therefore, this paper follows the forward simulation calculation process of FFSSM (Figure 3). There are five parameters involved in forward simulation calculation process, including the size of the seismic sub-source [image: image], the time shift [image: image], the number of seismic sub-sources [image: image], the sub-seismic moment [image: image], and the dynamic corner frequency [image: image]. For more information about FFSSM, please refer to the author’s FFSSM-related paper (Wang et al., 2021).
[image: Figure 3]FIGURE 3 | Calculation flowchart of the model parameters for the FFSSM [modified from Wang et al. (2021)].
The Validity of the FFSSM
To validate the reliability of the FFSSM, taking the Kiirunavaara mine as an example, the simulation results of FFSMM were compared with the results simulated by Chen et al. (2017) with the three dimension distinct element code (3DEC) and the results obtained through the empirical scaling law proposed by Potvin and Wesseloo (2013). Potvin and Wesseloo (2013) combined the original far-field relationship and near-field saturation, and proposed a scaling law that is applicable to both the far-field and the near-field without considering site effects, as shown in Eq. (1).
[image: image]
where, [image: image] is the local magnitude of a seismic event; [image: image] is the hypocentral distance in meters; [image: image] is the source radius estimated as [image: image]; [image: image] and [image: image] are empirical constants that need to be determined according to site situation, and [image: image] and [image: image] are recommended for prefeasibility type studies. In this paper, [image: image] takes 0.2 and 0.3, respectively.
To eliminate the influence of the site effect, the numerical simulation did not carry out the excavation (Figure 4A), and the comparison of the peak particle velocity (PPV) curves obtained by different methods is shown in Figure 4B. The simulation result curve of the FFSSM (curve c2) is roughly consistent with the result curve simulated by Chen et al. (2017) with 3DEC (curve c1), and it is between the scaling law curves where [image: image] takes 0.2 and 0.3 (curves c3 and c4), indicating that FFSSM has high reliability and applicability, and can be used to simulate seismic wave propagation and ground motion distribution.
[image: Figure 4]FIGURE 4 | Numerical model and PPV comparison: (A) Numerical model with the Kiirunavaara mine as the engineering background; (B) Comparison of PPV obtained by the FFSSM, 3DEC and scaling law.
In addition, Figure 4B also shows the limitations of Eq. 1. This empirical scaling law does not consider the dynamic fracturing process and heterogeneous radiation of near-field ground motion events, which leads to deviations in the evaluation of near-field ground motions. Figure 4B shows that the curves obtained by FFSSM (curve c2) and 3DEC (curve c1) are in the high coincidence degree, while the other two curves (curves c3 and c4) obtained by Eq. 1 are significantly different from the curves c1 and c2 in terms of changing trend and gradient. As the distance between the seismic source and the receiver decreases, curves c1 and c2 gradually approach curve c3. It can be predicted that when the distance is smaller (40 m or less), curves c1 and c2 will exceed the range defined by curves c3 and c4, resulting in higher values obtained by the PPV empirical scaling law. This is because the smaller the distance between the tunnel and the seismic source, the more obvious the size effect of the seismic source on the tunnel, and the more it cannot be ignored. Moreover, because the vibration risk assessment is often carried out before tunnel construction, the insufficiency of engineering data and geological information makes the estimation of empirical constants [image: image] and [image: image] often empirical and subjective, and errors are prone to occur. Therefore, compared to Eq. 1, the FFSSM is more suitable for near-field ground motion simulation.
NUMERICAL MODEL DESCRIPTION AND SIMULATION SCHEMES
Numerical Model Description
In the SPECFEM2D models, heterogeneous media with different seismic wave velocities in the EDZ and EFZ are considered to examine the influence of the EDZ and EFZ on near-field ground motions. The models are shown in Figure 5.
[image: Figure 5]FIGURE 5 | The establishment of the numerical model (A) and the setting of the receivers around the tunnel (B).
The calculation model is based on the Jinping II Hydropower Station (Figure 5A). The rock mass in the numerical model of the P-SV system is set as Jinping marble with a density of 2,780 kg/m3, a Young’s modulus of 56 GPa, a Poisson’s ratio of 0.27 (Fan et al., 2021; Wang et al., 2021) and a size of 104 × 104 m2. The four sides of the numerical model (with a thickness of 2 m) are set as perfect matching layers (PML) to eliminate unrealistic seismic wave reflections, and excavate the center (X = 50, Z = -50) of the numerical model.
Three different sets (Set A, Set A and Set C) of receivers are arranged in the numerical model to monitor the ground motion around the excavation, as shown in Figure 5B. Set A are placed in a range of 25 × 25 m2 around the tunnel with an interval of 0.5 m. Set B are placed on the excavation surface, considering the strong ground motion on the excavation surface, the interval is set to 0.25 m. Set C are placed in a range of 100 × 100 m2 with an interval of 1m, and are arranged around Set A.
Simulation Scheme
The excavation section of the tunnel adopts the horseshoe shape of diversion tunnel #2, as shown in Figure 6A. The section includes the upper bench and lower bench. The height of the upper bench is 8.5 m, and the height of the lower step is 4.5 m. In actual engineering, rockbursts mostly occur during the excavation stage of the upper bench, so the excavated cross-section of only the upper bench of the tunnel was considered (Figure 6B).
[image: Figure 6]FIGURE 6 | 2D models with different seismic wave velocities in the EDZ and EFZ: (A) The horseshoe shape of diversion tunnel #2; (B) Excavation section established in the numerical models; (C) Simulation scheme for different seismic wave velocities in the EDZ and EFZ.
The influence of the damage zones (including the EDZ and EFZ) on the amplification effect is controlled by the damage degree of the damage zones, and there are two main controlling factors: the range of damage zones and the wave velocity in the damage zones. When the degree of damage increases, the depth of the EDZ and EFZ gradually increases, and the wave velocity in the EDZ and EFZ also gradually decreases. This paper focuses on studying the influence of the seismic wave velocity in the damage zones on the amplification effect. On this basis, the following scheme is set up, as shown in Figure 6C below.
The seismic source is represented as the FFSSM and is located in the lower left corner of the numerical model. There are two reasons for setting the seismic source in the lower left corner: 1) The diagonal distance of the rectangular model is greater than the side length, and the seismic source is set in the lower left corner to maximize the use of the numerical model, in other words, reduce the computational domain range and reduce the computing time; 2) The dip of the seismic source is 45°. When it is located at the lower left corner, the largest wavefront will cover the tunnel area, and the vibration effect is the most obvious. According to previous research results (Wang et al., 2021), when the main seismic source moment magnitude [image: image] is less than 2, [image: image] can be set to three. Therefore, the FFSSM in the numerical simulation consists of three seismic sub-sources, namely seismic sub-sources 1, 2 and 3, and seismic sub-sources 2 and 3 are located on both sides of seismic sub-source 1 (Figure 6C). As mentioned in FFSSM Description, the FFSSM has the bidirectional fracture mode and the delayed fracture mode, i.e., seismic sub-source 1 is activated first and begins to fracture, and after the delay time [image: image], seismic sub-source 2 and seismic sub-source 3 were excited simultaneously. The seismic source is represented as the FFSSM with a strike [image: image] of −90°, a rake [image: image] of −90° and a dip [image: image] of 45°. The widely accepted Ricker time wavelet was adopted as a time function, and 5 MPa is set as stress drop based on comprehensive consideration of engineering background and related research (Hanks, 1976; Abercrombie, 1995; Ide and Beroza, 2001; Atkinson and Pierre, 2004; Allmann and Shearer, 2009; Hardebeck and Aron, 2009; Wang et al., 2013; Deng et al., 2014).
To study the influence of the seismic wave velocity in the EDZ and EFZ on near-field ground motions around excavation due to a fault slip-induced seismic event, three sets (Set 1 to Set 3) of cases with different seismic sub-source length (Le is 2, 4 and 6 m, respectively) are considered, and each set has four cases (Case 1 to Case 4), as shown in Figure 6C. In the same set, the seismic source parameters of the four simulation cases remain unchanged (Table 1) but the seismic wave velocity in the EDZ and EFZ changes (Table 2). In addition to the seismic wave velocity in the EDZ and EFZ, other material properties of the EIZ, EDZ, EFZ and tunnel (such as the density, Young’s modulus, and Poisson’s ratio of the rock mass) in all cases remain unchanged. Moreover, all the 12 cases have the same EDZ and EFZ range as shown in Figure 6C, which is based on the actual range of the EDZ and EFZ at 11 + 205 in diversion tunnel #2 of the Jinping II Hydropower Station (extremely strong rock burst event, with extremely high damage degree to the surrounding rock around the tunnel).
TABLE 1 | List of seismic sub-source parameters in the simulation schemea.
[image: Table 1]TABLE 2 | List of rock mass wave velocities in the EDZ and EFZ used in the simulation scheme.
[image: Table 2]A non-uniform velocity distribution will lead to high modeling difficulty and complex parameter input, which is difficult to achieve, so we simplified the numerical model. Different seismic wave velocities are assigned to EDZ, EFZ and EIZ, while the seismic wave velocities in the same zone remain unchanged. The rock mass wave velocities in the damage zones are selected based on the long-term monitoring data of Jinping II Hydropower Station. As the damage degree increases, the wave velocity in the surrounding rock decreases. The wave velocities in the EDZ of Case 1 to Case 4 are 0.95, 0.9, 0.8, and 0.7 times of the wave velocity in the EIZ, and the wave velocity in the EFZ is 0.9, 0.8, 0.6, and 0.4 times the wave velocity in the EIZ, respectively.
RESULTS OF THE NUMERICAL SIMULATIONS
In the numerical modeling, propagation of seismic waves excited by the FFSSMs in models with different seismic wave velocity in the EDZ and EFZ, including background models (without an excavation) and excavation models, is conducted first. Then, the PPV distribution around the excavation is obtained based on the monitoring data recorded by the receivers. The receiver can set different seismotypes such as velocity, displacement, acceleration, pressure and fluid potential, and the PPV distribution can be obtained by processing the velocity-time curve of each receiver. Finally, an amplification factor ( [image: image], obtained by the ratio between the PPVs monitored by the receivers in the excavation model and the PPVs in background model) at each receiver is calculated to explore the influence of the seismic wave velocity in the EDZ and EFZ on the near-field ground motions.
Figure 7 presents snapshots of the vertical velocity component at 0.0096, 0.016, and 0.0224 s for the four cases with different seismic wave velocity in the EDZ and EFZ (Set 2 of simulation scheme). In the simulation of this paper, because the selected seismic sub-source represents a normal fault with a dip of 45°, the strong ground motion of the S-waves can be observed at 45°/135° to the X axis in the background model (to facilitate the analysis, the results are drawn in the excavation model, as the white dashed line shows in Figure 7A), and the ground motion at other locations is relatively weak (Stein and Wysession, 2009). The following conclusions can be drawn from Figure 7.
[image: Figure 7]FIGURE 7 | Snapshots of the vertical velocity component at 0.0096, 0.016, and 0.0224 s for the four cases with different seismic wave velocity in the EDZ and EFZ, corresponding to Set 2 [image: image] of simulation scheme, in which the gray represents the surrounding rock, and the red and blue seismic waves represent the positive (red) and negative (blue) of the vertical velocity component.
When S-waves propagate to the excavation structure, reflected S-waves will be generated at the upper-left side and the lower-right side of the excavation. Reflected S-waves will form a seismic wave superposition area with both S-waves and diffracted S-waves, where the ground motion is enhanced, and the wave superimposed area will gradually move farther away over time, as shown by the red dotted box in Figures 7B,C.
Diffracted S-waves will also be generated when the S-wave propagates to the excavation structure. Because of the change in the propagation direction and the generation of diffraction loss, the ground motion at the upper-right side of the excavation, which is the largest wavefront coverage area in the background model, is weakened, forming a wave weakened area that gradually moved farther away, as shown by the green dotted box in Figures 7B,C.
As the seismic wave velocity in the damage zones decreases, the properties of surrounding rock in different zones differ more obviously. The multiple refraction and reflection effects of the EDZ, EFZ and tunnel cause the seismic wave components to be diversified and complicated (such as the incident waves, reflected waves and refracted waves caused by different interfaces), so the degree of wave field disturbance around the tunnel gradually increases, and the site effect of the excavation-damage structure on near-field ground motion gradually increases. Moreover, changes in the seismic wave velocity in the damage zones also cause changes in the shielding effect of the excavation-damage structure. As the seismic wave velocity in the damage zones decreases, the ground motion on the upper-right side of the excavation weakens, which means that the shielding effect will gradually increase.
Figure 8 presents the PPV and amplification factor distributions of four cases with different rock mass wave velocities in the EDZ and EFZ, corresponding to Set 3. As shown in Figure 8A, the reflected and the diffracted S-waves are generated and started to propagate under the dynamic wave interaction, resulting in the appearance of the Zones A and B with high-PPV. The seismic sub-source 1 contacts with the excavation-damage structure first and generates reflected S-waves, and then interacted with the S-waves of the seismic sub-sources 2 and 3 arrived later in the left floor and left sidewall areas of the excavation to form a high-PPV area Zone A. The S-waves superimpose with reflected and diffracted S-waves in the lower-right and upper-left sides of the excavation to form a high-PPV area Zone B. In addition, there is a low-PPV area Zone C (Figure 8A), which is formed by the shielding effect of the excavation-damage structure and the diffraction loss, and is located in the upper-right side area of the tunnel.
[image: Figure 8]FIGURE 8 | Distribution of near-field ground motion around excavation for the four cases with different seismic wave velocities in the EDZ and EFZ, corresponding to Set 3: (A) PPV distributions around the excavation; (B) amplification factor contours around the excavation; (C) amplification factor contours for the entire computational domain.
Table 2 and Figure 8A show that with the decrease in the seismic wave velocity in the EDZ and EFZ, the overall trend of the ground motion around excavation gradually increases. From Case 1 to Case 4, the seismic wave velocity gradually decreases, the values of [image: image] are 7, 6.4, 7.4, and 10 cm/s, and the [image: image] area is initially located in the left floor area, and gradually moved to the left side wall area. In addition, with the decrease in seismic wave velocity in the EDZ and EFZ, several small areas of high-PPV gradually form in the right sidewall and right haunch areas of the excavation, and the value gradually increases, reaching 6.4 cm/s in Case 4.
The effect of the seismic wave velocity on the PPV contours is shown in Figures 8B,C. Due to the site effect of the excavation-damage structure, two types of representative areas are formed: one is the PPV amplification area (A1 and A2) with α ＞ 1, and the other is the PPV weakening area with α ＜ 1, which shows that the site effect of the excavation-damage structure on the ground motion includes both amplification and shielding. With the decrease in the seismic wave velocity in the EDZ and EFZ, the amplification effect of the tunnel excavation-damage structure increases, and the ground motion around the tunnel gradually increases. From Case 1 to Case 4, the seismic wave velocity gradually decreases, the maximum amplification factor [image: image] in PPV amplification area A1 gradually increases from 2.1 to 3.1, and the amplification factor in the right haunch area and right sidewall area of the tunnel gradually increases to 2.3. In contrast, PPV amplification area A2 gradually decreases in both range and intensity, and the maximum amplification factor [image: image] in A2 gradually decreases from 4.3 to 2.4.
Combining Figure 7 and Figure 8, the following conclusions can be drawn: the seismic wave velocity in the EDZ and EFZ greatly influences the site effect of the tunnel. As the seismic wave velocity decreases, on the one hand, the amplification effect in the near-excavation area increases, which is presented as an increase in [image: image] and [image: image]; on the other hand, the amplification effect of the far excavation area decreases, and the range shrinks.
Figure 9 presents the maximum PPV in the excavation models and the maximum amplification factor in the near-excavation area (A1) with different seismic wave velocity in the EDZ and EFZ, corresponding Table 2. There are two reasons for selecting the near-excavation area A1 for analysis: on the one hand, the near-excavation area has a high PPV value, which can be seen from Figure 8, and on the other hand, the rockburst mainly occurs in the shallow rock mass of the tunnel. The following conclusions can be drawn from Figure 9. When the quality of the surrounding rock decreases, as the seismic wave velocity decreases, both [image: image] and [image: image] show a gradual increasing trend overall, which shows that the changes in the quality of the surrounding rock masses in different damage zones have an amplification effect on the ground motion in the near-excavation area, and the greater a change in the surrounding rock quality is, the more significant the corresponding amplification effect.
[image: Figure 9]FIGURE 9 | The relationship between the near-field vibration and the seismic wave velocity in the excavation models: (A) The maximum PPV in the near-excavation area with different rock mass wave velocities in the EDZ and EFZ; (B) The maximum amplification factor in the near-excavation area with different rock mass wave velocities in the damage zones.
Of course, the above conclusion is an overall trend based on comprehensive consideration of all data, with some exceptions, e.g., the [image: image] and [image: image] of Case 2 in Set 2 and Set 3 are slightly lower than those of Case 1. There are two reasons for these exceptions: 1) The wave velocity in Case 2 is very close to that in Case 1. The wave velocities in the EDZ and EFZ of Case 2 are 0.95 and 0.9 times those of Case 1, respectively, which results in a small impact on ground motion. 2) The FFSSM is used in the numerical simulation. The seismic source is composed of three sub-sources at different locations, so the seismic response around the tunnel is determined by the composite wave of the three sub-sources at this location and the excavation damage structure. When the seismic wave velocity changes, the wavelength and frequency of the composite waves at different locations will also change, and this change is different from the change of the a single seismic sub-source and more complicated. It can be found from Figure 9 that there are no exceptions to the trend line of Set 1 ( [image: image] = 2 m), and the trend lines of Set 2 ( [image: image] = 4 m) and Set 3 ( [image: image] = 6 m) have exceptions, which shows that as the size of the sub-sources increases, its influence on the ground motion also increases. When the size of the sub-sources is large and the difference between the wave velocity in the damage zones and the EIZ is small, e.g., Case 2 in Set 2 and Set 3, the influence of the sub-source size exceeds the influence of the wave speed change, and some exceptions appear. These special exceptions do not affect the overall trend. When the difference between the wave velocity in the damage zones and the wave velocity in the EIZ is large, the influence of the sub-source size does not play a leading role, as shown in Figure 9.
SUMMARY AND CONCLUSIONS
The excavation unloading of the tunnel forms a high-stress zone, leading to the formation of the damage zones. The quality of the rock mass and the seismic wave velocity in these zones decrease, so the ground motion behavior also changes. This paper studies the near-field ground motion behavior in the damage zones and reveales the influence of the seismic wave velocity in the damage zones on the near-field ground motion by the aid of the finite fracturing source model (FFSSM). The ground motion behavior around the excavation is affected by the seismic wave velocity in the EDZ and EFZ. When the seismic wave velocity in the damage zones changes, the intensity of ground motions around the tunnel also changes. As the seismic wave velocity in the damage zones decreases, [image: image] and [image: image] gradually increase.
The numerical results provide additional insights into the ground motion behavior of underground excavations under dynamic load conditions, such as hydropower station construction (powerhouses and tunnels), mining (shafts, roadways, and stopes), and enrich the theoretical research of seismic hazard risk assessment and dynamic rock support design. In addition, the next step of this research is to extend the numerical model to three dimensions, couple software to take the in-situ stress and disturbance stress into consideration, and further analyze the impact of underground excavation damage zones on the risk of rock mass seismic hazards around deep tunnels.
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It is almost inevitable that when a tunnel is excavated in an urban area, it will pass under an existing bridge. During tunnel excavation, a temporary lining is installed and subsequently removed. However, dismantling temporary lining may affect the stability of a nearby bridge. A numerical model was created and tests were conducted on a large-scale physical model to investigate the effects of dismantling temporary lining on a nearby bridge structure. A novel method of modeling the restraining force at the top of a pier was introduced to make the model more accurate in representing the physical situation. Analysis of the results led to the following conclusions and suggestions. 1. The process of removing temporary lining can have a significant impact on surface settlement and structural deformation of the bridge. 2. The effect of removing the second half temporary lining is greater than that of removing the first half. The key range of the tunnel where this phenomenon is principally observed contains one section of tunnel ahead (i.e., in the direction of tunnel advance) of the bridge span and the two sections to the rear. 3. A 6 m–3 m–6 m mixed dismantling method is recommended for use in the key range, and a rigid cap-connection method is proposed to counteract the considerable effects of dismantling temporary lining.
Keywords: rectangular tunnel, dismantling temporary lining, bridge substructure, tunnel excavation, settlement
INTRODUCTION
Urban tunnels are often constructed to reduce the pressure of urban traffic flow. It is sometimes unavoidable for a tunnel to pass under an existing bridge. In this situation, tunnel construction disturbs the balanced ground stress and leads to movement of the surrounding soil, which causes additional forces and consequent deformation of the bridge structure. If this potential deformation is not properly addressed, the bridge structure may suffer destructive failure, which could cause severe damage to life and property. A comprehensive understanding of tunnel–bridge interaction is necessary to ensure safety and maintain bridge stability when tunneling below a bridge. Most recent studies of interaction between tunnels and surface structures have been concerned with the effects of tunnel excavation on existing overlying structures (Chen et al., 1999; Lee and Jacobsz, 2006; Cheng et al., 2007; Lee and Chiang, 2007; Yoo, 2013; Soomro et al., 2018), although there has been some research into dismantling temporary lining.
Shallow tunnels are frequently constructed in cities. The sequential excavation method (SEM), in which the work face is divided into several temporary drifts that are individually excavated, is used because it maintains stability at the tunnel face and reduces ground surface settlement (Sharifzadeh et al., 2013). In this method, temporary lining is installed on drift surfaces at the time of each excavation and removed when excavation has been completed in all drifts. The temporary lining can be installed using any of a number of methods: the center diaphragm method (Seki et al., 1989), the cross-diaphragm method (Narasaki et al., 1989), the single or double side drift method (Bowers, 1997; Sharifzadeh et al., 2013), and other multi-drift methods (Hoek, 2001; Li et al., 2007; Klein et al., 2008). Installation of temporary lining is an important activity in all these excavation methods but its removal may alter the bearing capacity when it is dismantled, which can be extremely dangerous for installation of the primary lining (Zhou et al., 2005). It is therefore necessary to analyze the mechanical properties and deformation of the temporary lining support (Jiang et al., 2011; Hu and Jin, 2015).
Lei and Zhou (2006) investigated dismantling section length for a tunnel in Nanjing. Zhang et al. (2009) combined a model with observed data and concluded that a dismantling length of 10 m is acceptable. Liu et al. (2014) found that a dismantling section length of 6 m was feasible for an upper-soft–lower-hard stratum and that dismantling had little effect on the temporary lining. Wang, (2018) identified and analyzed factors related to dismantling length and developed a model to counter their effects. Luo et al. (2017) investigated deformation of the temporary support sidewall using observed data. The preceding studies indicate the importance of the effects of dismantling temporary lining on pressure. The improvements in the technology of dismantling temporary lining and increased our understanding of the mechanical properties and deformation characteristics of a tunnel. However, the effects of dismantling temporary lining on nearby bridge structures have not been well studied, particularly for a tunnel with rectangular cross section.
This paper first describes the development and testing of a numerical model used to investigate ground surface settlement and deformation of a bridge substructure during the dismantling of temporary lining. In the numerical model, we proposed a simple but effective method to incorporate the behavior of pier tops in the model. Then we modeled the entire construction process, based on the actual construction of the tunnel, and determined the characteristics and deformations of caps and piers in the bridge structure using the numerical model. We then created an experimental physical scale model of the tunnel that in certain (scaled-down) respects was identical to the original tunnel. In experimental testing, certain indicator parameters of the numerical model were monitored, and then the data, combined with numerical model predictions, were analyzed and compared. We conclude by analyzing possible reasons to explain that removing temporary lining can have so remarkable an impact on the adjacent structure and proposing several countermeasures to provide a basis for ensuring structural safety in similar engineering projects.
PROJECT BACKGROUND
We investigated the Long-Gang road undercrossing engineering project in Shenzhen, South China. The tunnel was 6 m high and 9.33 m wide. The various physical dimensions and the relative positions of the tunnel and bridge substructure are shown in Figure 1. The overburden was nearly 4 m. The minimum distance between the tunnel boundary and the piles of piers 26 and 27 were respectively 9 and 5.9 m. The piles were bearing piles with length 23 m and diameter 1.2 m.
[image: Figure 1]FIGURE 1 | Dimensions and relative positions of tunnel and bridge substructure: (A) Site photo; (B) Cross section.
The tunnel was located in a mainly silt layer. Small pipe and large pipe shed grouting was used to reinforce strata before excavation. There were four different soil layers in this project, plain fill, silty, stone clay and breeze marble. Table 1 shows the physical and mechanical properties of in situ soil. Tunneling was conducted using the sequential excavation method. The tunnel face was divided into six small drifts, as shown in Figure 2A; Arabic numbers in the figure give the excavation sequence. The face of the upper drift was 5 m ahead of the face of the lower drift, and the exclusion zone was within 0.5 m of the face. The preliminary lining and temporary support lining were installed immediately after each drift excavation. This process was repeated cyclically until the excavation was completed. After excavation, when the preliminary lining was completed and the surrounding soil was stable, the temporary lining was dismantled. A lining-up table machine was used to dismantle the temporary lining and install the secondary lining, as shown in Figure 2B. The temporary horizontal and vertical linings were removed in 6 m sections (moving in the advance direction). The secondary lining was applied immediately after one tunnel section was completely dismantled. The dismantling and lining operation was resumed in the next section when the secondary lining had reached 70% ultimate strength.
TABLE 1 | Physical and mechanical properties of in situ soil.
[image: Table 1][image: Figure 2]FIGURE 2 | Excavation and temporary lining dismantling method: (A) Excavation method; (B) Temporary lining dismantling method.
NUMERICAL MODELING
Model Description
The dimensions of the finite element model, shown in Figure 3, were 60 m × 50 m × 30 m. The tunnel was excavated along the Y-direction. Tunnel cross-section dimensions were 10 m × 6 m. Overburden depth was 4 m. The dimensions of the bridge substructure and the spatial location with respect to the tunnel were the same as those of the actual project, shown in Figure 1.
[image: Figure 3]FIGURE 3 | Finite element model.
The following assumptions were made in model creation. 1) Because the water level had been lowered in advance of the project, groundwater seepage was neglected. 2) The influence of pavement load on the ground was not considered. 3) Bridge dynamic loads were applied as equal static loads. 4) Small and large pipe shed grouting pre-reinforcement was accommodated by increasing soil parameters around the tunnel. For boundary conditions, the left and right sides of the model were constrained in the X-direction, the front and back sides were constrained in the Y-direction, the bottom was constrained in all directions, and the top surface was free.
The soil was divided into four layers from top to bottom based on the geological survey: plain fill, silty clay, stone clay and breeze marble. The uppermost three layers were HSS constitutive models (Benz, 2006). The lowest layer (breeze marble) was a Mohr-Coulomb material with cohesion 51 kPa, friction angle 56°, and mass density 2,500 kg/m³. All concrete structures (piers, piles and supporting structures) were elastic materials. The soil mass, bridge pier, bearing cap and secondary lining structure were all solid elements. Primary support was shell elements, and the bridge piles were beam elements. The physical and mechanical characteristics of the soil, reinforcement area, tunnel lining and bridge substructure are listed in Table 2.
TABLE 2 | Physical and mechanical characteristics of the soil, reinforcement area, tunnel lining and bridge substructure.
[image: Table 2]Model Procedure
A simple and effective method was used to estimate the binding force at the top of the bridge pier. Tunnel construction disturbs the surrounding soil, thus affecting the bridge substructure and leading to deformation. If the bridge piers reach slipping point, the bridge bearing will provide friction to limit displacement. In practice, the binding force provided by the piers will increase during tunnel construction. When the binding force reaches the maximum static friction force, slipping will occur at the top of the piers, and the static friction force is converted to dynamic friction. To simulate this process, the vertical loads at the tops of the piers and the friction coefficient of the bearing were set: the load of pier 26 was 500 kN, the load of pier 27 was 270 kN, and the coefficient of friction was 0.12 for both piers. (It is easy to calculate the maximum static friction forces, which were 60 kN for pier 26 and 32.4 kN for pier 27). Before calculation of the numerical model, a fixed constraint was added to the element nodes of pier tops, allowing for step by step calculation of the constraining force of the piers. When the model had been calculated, the construction step corresponding to the maximum static friction force could be found. Then in the next calculation, the constraints added to the pier tops were replaced with the friction forces. Calculation then continued and produced a realistic result.
Tunnel excavation and temporary lining demolition were consistent with the practical operations shown in Figure 2, and the primary and secondary linings were applied immediately after one cycle of excavation or demolition.
Numerical Model Results
Surface Settlement
Reference points A, B and C were set at the boundaries of three sections (Y = 12 m, Y = 24 m, Y = 36 m), and the tunnel invert was used to monitor settlement at these points. Figure 4 shows the settlement curves of the three reference points during the dismantling of the temporary support. Our analysis produced three major inferences drawn from our results.
[image: Figure 4]FIGURE 4 | Surface settlement during the dismantling process of temporary lining.
Figure 4 shows that cumulative settlement for the three reference points caused by dismantling was respectively 11.4, 10.47 and 9.23 mm, which accounted for 76.4, 76.9 and 74.8% of the total settlement at each point. Settlement caused by dismantling was about 3 times that caused by excavation. This indicates that dismantling the temporary support significantly affected surface settlement, so more attention should be given to this process in similar projects.
Surface settlement decreased suddenly when dismantling reached the section immediately before (to the rear of) that in which a reference point was located and continued to decrease for the two subsequent sections (i.e., the range −6 m to +12 m). Through this range, cumulative settlement of points A, B and C was respectively 9.38, 8.78 and 8.8 mm, which accounted for 82.28, 83.86 and 95.34% of the total settlement at each point due to demolition. This range is the key range of this process.
It can also be seen that the surface settlement within the key range caused by removing the temporary support was greater for the second half of the range than for the first half. For example, it can be seen for the curve of monitor point B that when removing the temporary support in the range 0–24 m, the accumulated settlement was 3.25 mm but was 7.22 mm in the range 24–48 m. These two settlement values were 31 and 69% of the total settlement due to dismantling, which indicates that the bearing capacity of temporary lining is greater than that of secondary lining for the same loading conditions. It is therefore necessary to take protective measures during removal of temporary support; steel supports should be placed in the middle of the tunnel section as an important safety measure when the temporary support is removed to prevent a sudden collapse due to accumulated deformation.
Displacement of Pile Caps
Figure 5A shows the horizontal displacement in the Y-direction (the direction of tunneling) of cap 26 and cap 27 during dismantling. Figure 5A shows that cap 26 was horizontally displaced by 0.597 mm due to removal of the temporary support and cap 27 by 0.78 mm. These values represent 89.37 and 100% of the total displacement due to dismantling and show the significant impact of removing the temporary support on horizontal displacement of the bearing caps. The bridge caps were within Y = 22.3–27.7 m in the direction of tunnel excavation. It can be seen from Figure 5A that the rate of displacement of the cap was greatest when dismantling temporary support in the range 18–36 m, especially for cap 27. In this range, removing one section can result in about 0.13 mm settlement, which is about 1.48 times the average settlement caused by one section (0.088 mm/section). The cumulative horizontal displacement of cap 27 was 0.393 mm, which was 50.8% of the total displacement of the cap.
[image: Figure 5]FIGURE 5 | Displacement of caps 26 and 27 during the dismantling process of temporary lining:(A) Horizontal displacement in the Y-direction; (B) Relative horizontal displacement.
Figure 5B shows the relative change in horizontal displacement in the X-direction of the two caps during dismantling. The total relative horizontal displacement of the caps was 1.289 mm (allowed 2 mm), and the rate of increase in relative horizontal displacement was greatest when Y was in the range 18–36 m. It can therefore be taken that the range of key influence on the bearing cap for dismantling temporary support was Y = 18–36 m. The scope is one section ahead and two sections to the rear of the central section of the bridge cap area, which is consistent with the conclusion formed in Surface Settlement.
Horizontal Displacement of Piers and Pier Tops
Figure 6A show the displacement of the pier tops during the dismantling process of temporary lining. The movement of each pier can be divided into two stages. In the first stage, the pier top was stationary during tunnel excavation. This was because the force caused by tunnel construction was less than the maximum static friction force provided by the bridge bearing. The two piers remained stationary during the excavation due to the constraining effect of the pier tops; thus the extra force caused in this stage was not enough to move the pier tops.
[image: Figure 6]FIGURE 6 | Horizontal displacement and restraining reaction forces of the top of pier 26 and 27 during the dismantling process of temporary lining: (A) Horizontal displacement; (B) Restraining reaction forces induced by sectional dismantling.
The second stage is the slipping of the piers. Figure 6A show that the top of pier 26 began to slip during temporary lining removal in section 30 m–36 m, and the top of pier 27 began to slip in temporary lining removal in section 42 m–48 m. The final horizontal displacements were respectively 0.335 mm and −0.059 mm. Pier 27 began to slip after pier 26 because the binding force at the top of pier 27 was greater than that of pier 26.
Figure 6B shows the restraining reaction forces at the tops of the two piers due to the dismantling of temporary lining in each section. The restraining reaction force caused by removal of the temporary supports on the top of pier 26 was 42.22 kN and on the top of pier 27 was 62.74 kN. These values indicate that the pier structure that is closer to the tunnel excavation area is more likely disturbed by tunnel construction than the more distant pier. When removing the temporary lining in sections in the range 18–36 m, the restraining reaction forces on the two piers were the most significant forces. The restraining reaction force at the top of pier 26 was 21.16 kN and at the top of pier 27 was 32.47 kN; these values represent 50.12 and 51.75% of the total force for each pier. These values indicate that the length of tunnel from one section ahead of the piers to two sections after the midpoint of the cap is the key range for similar projects. This matches our conclusion in Surface Settlement. If we take the midpoint Y = 24 m as the point of reference, we see that the restraining reaction force of pier 26 caused by removal of temporary supports in the range 0–24 m was 16.77 kN and in the range 24–48 m was 25.45 kN; these values represent 39.72 and 60.28% of the total force. Corresponding values for pier 27 were 21.16 and 32.47 kN, representing 41.63 and 58.36% of the total force. These results indicate that removal of temporary support to the rear of the midpoint always has a greater effect than removal of temporary support ahead of the midpoint.
Deformation Characteristics of Bridge Piles
The numerical model was used to investigate the effects of removing tunnel support on piles supporting the cap that are subjected to frictional force and bridge bearing load. Two typical piles are shown as pile 1 and pile 2, supporting piers 26 and 27, in Figure 7. We examined deformation during the removal of temporary support. Displacements of piles 1 and 2 in the X-direction during dismantling are shown in Figure 7.
[image: Figure 7]FIGURE 7 | Displacement of pile 1 and 2 in the X-direction during dismantling.
Pile deformation varied considerably during the removal of temporary support. The deformation trend of pile 1 was similar to that of pile 2. In the depth range 0 m to −5 m, the piles are displaced towards the tunnel but in the range −5 m to −20 m, deformation was initially towards the tunnel and then gradually away from the tunnel as the temporary support was removed. The point of inflexion was at −5 m depth; at this point there was almost no change in displacement.
Deformation decreased as the pile–tunnel distance increased. Maximum displacement occurred at the tops of the piles: 0.53 mm for pile 1 and 0.605 mm for pile 2 in the direction of the tunnel position. Maximum displacement away from the tunnel occurred around the depth of 10 m: 0.116 mm for pile 1 and 0.262 mm for pile 2.
EXPERIMENTAL COMPARISON
Model Description and Testing, Measurement
The physical model must be measurably similar to the numerical model in certain aspects, such as geometry, physical mechanical properties, boundary conditions and stress conditions (Zhang et al., 2008; Shi, 2014). Geometric similarity was in the ratio 10:1; bulk density was similar in the ratio 1:1; and the internal dimensions of the model tunnel were 6 m (length) × 2 m (width) × 2 m (height). Figure 8A shows the experimental model.
[image: Figure 8]FIGURE 8 | Test model tunnel and deployment of monitoring equipment and test data collection points: (A) Test model tunnel; (B) Front elevation; (C) Top view.
The model box was considerably smaller than the tunnel it represented, and the in-situ soil layers were similar, so we modeled only the in situ silty clay soil layer. Barite powder and river sand were used as material being similar to the surrounding rocks, and paraffin was used as cement. The optimal ratio of river sand to barite powder to paraffin was finally determined to be 1:0.6:0.05 by multiple material tests. Table 3 shows the mechanical parameters of soil mass in the prototype engineering measured in the laboratory and similar materials in the model test, which was calculated according to similarity.
TABLE 3 | Surrounding in situ soil and model soil parameters.
[image: Table 3]Gypsum was selected as a similar material to model the primary lining, secondary lining and the bridge structure. Static compression tests were conducted according to the standard elastic modulus test for concrete specimens to determine the proportions of concrete components. The optimal similarity ratio between prototype and model material was determined to be 1:9.7. The elastic modulus of the prototype was 31 GPa and of the model material was 3.19 GPa.
The constraints of test conditions make it difficult to ensure model testing accurately represents the behavior of the real objects. We made a number of adjustments to the experimental configuration.
1. We modeled only the silty clay soil layer rather than the four in situ soil layers; the in-situ soil layers have similar properties and modeling each layer of soil would introduce an unnecessary complexity in modeling.
2. The constraint of laboratory space made it difficult to scale down the length of the bridge pile to the same degree as the other model components; after comprehensive consideration, the length of the bridge pile was set to 1.2 m.
3. During the design of the experiment, no suitable method was found to model the actual force at the pier tops. Thus, in the experiment, there was no constraint on the pier tops, and the pier tops were free in the testing.
4. The depth of the model box was only 2 m, which was not completely consistent with the numerical model. In order to investigate the effects of removing temporary support on surrounding rock and the bridge structure, the support removal section length was set to 30 cm for the physical model.
A displacement sensor was used to monitor surface subsidence over the entire test, and a multifunctional static strain recording instrument was used for data collection.
Change in the angles of inclination in the X–Z plane of the bridge piers and caps caused by tunneling was measured using a MEMS acceleration attitude angle sensor.
A fiber Bragg grating sensor was used to monitor the deformation of bridge piles. The sensor was embedded in the pile and connected to the fiber Bragg grating demodulator to collect bridge pile deformation data during tunnel construction. Sensor arrangement is shown in Figures 8B,C.
Experimental Process
Test excavation was in accordance with the construction method actually used for the tunnel (Figure 2). The spacing between adjacent guide holes was 20 cm. After one excavation section was completed, the primary support was installed. Figure 9 shows the experimental process.
[image: Figure 9]FIGURE 9 | Experimental excavation and primary lining installation: (A) Excavation of drift 1; (B) Excavation of drift 2; (C) Excavation of drift 3; (D) Excavation of drift 4; (E) Excavation of drift 5; (F) Excavation of drift 6; (G) Dismantle temporary lining; (H) Apply secondary lining; (I) Tunneling completed.
Excavation and Primary Support
When the sensors were fully operational, the work face was divided into six guide holes (drifts) for partial excavation in order 1–6. The excavation advance was 10 cm, and the excavation faces of adjacent drifts were 30 cm apart. The primary support was installed immediately after excavation. When the primary support had cured, the next excavation cycle continued and so on until all drifts were excavated.
Removal of Temporary Support and Installation of Secondary Lining
When the tunnel had been completely excavated and the soil and surrounding soil displacement ceased, the temporary support was dismantled using a method similar to that used in the actual project. The temporary supports were individually removed along the advance direction in 30 cm stages. The secondary lining was installed immediately after removing the primary support. When the secondary lining had cured to a predetermined level, the next stage was dismantled, and so on until all the work was completed.
Analysis of Test Results
Ground Surface Settlement
Three monitoring points A (Y = 50 cm), B (Y = 100 cm), and C (Y = 150 cm), which were located at the ground surface along the central axis in the Y-direction, were selected for detailed monitoring. Figure 10 shows surface settlement during the dismantling process of temporary lining.
[image: Figure 10]FIGURE 10 | Surface settlement during the dismantling process of temporary lining.
Figure 10 shows that all three monitoring points present an overall downward trend; cumulative settlement at point A was 3 mm, at point B was 4.5 mm, and at point C was 5.5 mm. These values represent respectively 78.95, 70.98 and 76.66% of total ground settlement at each point. The test results are consistent with the numerical model results and confirm the significant effects on surface settlement of removing temporary support. The settlement curve of point B (Y = 100 cm) shows that cumulative settlement caused by removing temporary support in the range 0–100 cm was 2 mm but in the range 100–180 cm it was 3.5 mm; these results represent 36.36 and 63.64% of the total settlement. This result indicates that the effects of dismantling are less at the head of the tunnel than at the rear of the tunnel, which is also consistent with the results given by the numerical model (Surface Settlement). The length of the model tunnel constrains the accuracy of identifying the extent of the influence of dismantling on surface settlement. However, it can be inferred from the three settlement curves that dismantling in one section ahead of the monitoring point and two sections to the rear of the monitoring point is the key area of maximum settlement.
Deformations of Piers and Piles
It was assumed that the trends of change in inclination for piers and caps were the same during the removal of temporary support. Figure 11A shows the angles of inclination for the piers during dismantling. The experimental results show that overall change in inclination angle for pier 26 was 0.05° and for pier 27 was 0.06°; these values represent 57.4 and 45.1% of the total inclination of each pier and were less than the values predicted by the numerical model. This may be due to the primary support for the side wall not being close enough to the surrounding soil for the sideways soil pressure to be effectively transferred to the temporary transverse support.
[image: Figure 11]FIGURE 11 | Deformations of piers and piles during the dismantling process of temporary lining:(A) Change in inclination of piers; (B) Horizontal displacement of piles.
The maximum inclination angles of the two piers were 0.071° (pier 26) and 0.138° (pier 27). This result indicates that disturbance and deformation decrease as the pier is further from the tunnel. This is not consistent with the fluctuating rate of change in inclination angle given by the numerical model. Figure 11A shows that the inclination angle curve for pier 27 fluctuates more than the curve for pier 26. This is because pier 27 is closer to the tunnel excavation area than pier 26 and therefore more susceptible to the effects of the impact load generated during the dismantling process of temporary support. The regularity of the variation in the inclination angles of the bridge piers was not totally consistent with the numerical model predictions, but it can be seen that when the temporary support was removed in the range 60–120 cm, variation in the inclination angles was 0.02° (pier 26) and 0.043° (pier 27); these values represent 48.81 and 68.85% of the total variation. The bridge substructure only just remained in this range, which indicates that dismantling the temporary support when close to the piles contributes significantly to pier and cap deformation.
The piles were not completely represented in the experiment due to laboratory constraints. Thus only sections of the piles and bridge structure were represented in the physical model. One pile was selected from each pier as a representative for monitoring, pile 1 from pier 26 and pile 2 from pier 27, as shown in Figure 7. Deformations of the piles as measured in the experiment are shown in Figure 11B. The greatest changes in displacement are at the top of the pile, and the maximum horizontal deformations were 0.193 mm (pile 1) and 0.187 mm (pile 2); these values represent 62.7 and 67.3% of the total deformation. These results, like the numerical model predictions, also indicates that the removal of temporary support has a significant effect on pile deformation.
Deformation modes of the piles considered in the models were bending and inclination; deformation of the entire bridge pile is similar to that of the upper part of the pile predicted in the numerical model. Deformation of the two piles is inclined in relation to the tunnel centreline, and the greatest horizontal displacement is at the top of the pile. It can be inferred that most at-risk parts of the bridge structure are the points at which piles and caps connect because the stress concentration will occur at these points. The bridge piles were located near the Y = 100 cm section of the tunnel. When the temporary support in sections in the 60–150 cm range was removed, the horizontal displacements of the piles were 0.12 mm (pile 1) and 0.1 mm (pile 2); these values represent 40 and 37% of the total horizontal displacement. These results indicate that the removal of temporary support in sections of the tunnel that are close to the piles has a very significant effect on horizontal deformation of the bridge; the results are consistent with the numerical model predictions.
DISCUSSION
Soil is complex, heterogeneous and an experiment is constrained by the circumstances and condition under which it is conducted; neither a numerical model nor a physical model can entirely represent the real project. However, both the numerical model and the experimental results show that the removal of temporary support significantly affected the tunnel and the nearby bridge substructure: the additional effect of the dismantling operation can be over 50% of existing surface settlement and structural deformation. There are several reasons for the extent of these effects.
1) The temporary supports are important factors in the mechanical system, especially in a shallow-buried rectangular tunnel. Under the same load, deformation of a rectangular section due to construction should be paid more attention than that of circular and horseshoe sections.
2) The depth of soil covering is inadequate to form an arch. Thus, the force of the overburden acts on the top of the primary tunnel lining. In addition, the uppermost soil layer is weak, and the soil can be easily disturbed. Soil pressure can act rapidly on the primary lining to deform it.
3) Initial stiffness may be insufficient to adequately support the load. When the intermediate temporary support is removed, the load it bears is quickly transferred to adjacent support, and secondary deformation may then occur due to insufficient stiffness.
COUNTERMEASURES
We have increased our understanding of the effects of removing temporary support as they were observed in deformation of the tunnel and bridge substructure by using a numerical model and experimenting with a physical scale model. We make two suggestions for reducing these effects and improving tunnel construction security:
1. A common practice to minimize the negative effects is to reduce the demolition length per cycle along the tunnel. The results of the numerical analysis and physical model testing showed that the removal of temporary support within the key range (i.e., the range −6 m to 12 m) of the central section of the pier in the Y-direction can lead to significant deformation of the bridge structure, which might then be in the danger zone for this kind of undercrossing engineering. We propose a 6 m–3 m–6 m mixed demolition method, that we defined as scheme 2, to address this problem. Changing the step size of the dismantling process to 3 m within the key area but maintaining the 6 m step outside the key area is the 6 m–3 m–6 m mixed dismantling method. In order to verify the superiority of this scheme, we undertook numerical analysis and compared the results with various reference indexes of the original scheme 1. The results are shown in Table 4. It can be seen from the table that all the indicators shown (surface settlement, relative horizontal displacement of two caps, displacement of the pier tops and maximum horizontal pile displacement) were significantly decreased. This scheme can be used as a reference point for similar projects.
2. The relative displacement of adjacent caps must be strictly attended to in tunnel construction to ensure the safety of the bridge. A reusable rigid structure that connects the two adjacent caps to form an integral unit before the tunnel construction should be devised and constructed to prevent relative horizontal displacement of the two caps. This was modeled as scheme 3, shown in Table 4, and is referred to as the rigid cap-connection method. It can be seen that all indexes were considerably reduced except surface settlement. This method can be used to increase the structural capacity to withstand an emergency.
TABLE 4 | Various reference indexes of different schemes.
[image: Table 4]CONCLUSION
In this investigation of the effects of dismantling temporary lining using a numerical model and an experimental physical scale model, we drew the following conclusions:
1) Modeling the restraining forces at the tops of the piers is a simple and effective way to make model predictions close to results obtained in practice, which means our work provides a sound basis for reference in similar projects.
2) In shallow-buried rectangular tunnel construction, removal of temporary support can increase surface settlement and bridge substructure deformation by over 50%. The range from one section ahead of the bridge structures to two sections of its rear is the key range of the project. In the key range, settlement and deformation develop rapidly. Thus, activity in this range requires careful attention.
3) The 6 m–3 m–6 m mixed demolition method and rigid cap-connection method are proposed to counter the effects of dismantling temporary support and so improve the safety of tunnel construction.
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The dilatancy equation, which describes the plastic strain increment ratio and its dependence on the stress state, is an important component of the elastoplastic constitutive model of geotechnical materials. In order to reveal their differences of the dilatancy value determined by the total volume strain increment ratio and the real value of lean cemented sand and gravel (LCSG) materials, in this study, a series of triaxial compression tests, equiaxial loading and unloading tests, and triaxial loading and unloading tests are conducted under different cement contents and confining pressures. The results reveal that hysteretic loops appear in the stress–strain curves of equiaxial loading and unloading tests, and triaxial loading and unloading tests and that the elastic strain is an important component of the total strain. The hysteretic loop size increases with an increase in the stress level or consolidation stress, whereas the shape remains unchanged. Furthermore, with an increase in the cement content, the dilatancy value determined by the total volume strain increment ratio becomes smaller than that determined by the plastic strain increment ratio, and the influence of the elastic deformation cannot be ignored. Thus, in practical engineering scenarios, especially in the calculation of LCSG dam structures, the dilatancy equation of LCSG materials should be expressed by the plastic strain increment ratio, rather than the total volume strain increment rati.
Keywords: LCSG materials, large-scale triaxial tests, dilatancy characteristics, triaxial compression tests, isodirectional loading and unloading tests
INTRODUCTION
Lean cemented sand and gravel (LCSG) material is a new type of artificial synthetic material formed by adding a small amount of cemented agent and water to natural sand, gravel, waste materials or broken stone, and other materials obtained from riverbeds or mountainous areas near a construction project. Because LCSG materials can realize the complete utilization of environmental waste materials, they provide comprehensive advantages in terms of economics, environmental protection, energy conservation, construction efficiency, and safety. LCSG materials with a cement content exceeding 60 kg/m3 are often used for building LCSG dams, cofferdams, or embankments (Londe and Lino, 1992; Jia et al., 2016). Thus far, more than 40 LCSG dams and cofferdams have been built worldwide (Londe and Lino, 1992; Jia et al., 2016). The construction height of these, as well as other LCSG structures, has gradually increased over time, with the maximum height of some dams even reaching 100 m. Such LCSG materials exhibit advantages in terms of dam safety, cost reduction, and environmental protection; moreover, they can simplify the construction process and shorten the construction period, thus reducing the associated costs. In contrast, LCSG materials with a cement content below 60 kg/m3 are often used in certain slope and foundation reinforcement projects. However, at present, the application of LCSG material is still in the preliminary stage of exploration, and its applicability in engineering remains to be further investigated. For the widespread application of LCSG material in dam construction and foundation, as well as slope reinforcement engineering, its mechanical properties must be thoroughly elucidated and controlled.
The mechanical properties of LCSG material and its related materials are typically studied by conducting mechanical material tests. Sun et al. (Sun, 2016) and Jia et al. (Feng, 2013) conducted experiments on the characteristics of LCSG materials to investigate their compressive and flexural strengths, and obtained reference values for the cement content, sand content, water-to-binder ratio, aggregate gradation, and other material components of LCSG material. Jia et al. (Wang et al., 2018) performed compression and splitting tests on LCSG material reinforced with a small amount of fiber, and revealed that the fiber effectively improved the ductility, compression, and tensile strength of LCSG material.
The studies cited above systematically analyzed the strength characteristics and deformation moduli of LCSG material under the condition of no lateral pressure. However, there is a need to study in-depth the mechanical properties of LCSG material and its similar materials and to analyze for practical engineering applications (such as dam engineering and reinforcement engineering) its structural performance under different stress states. Consequently, several scholars have employed triaxial compression tests to determine the effect of different confining pressures, material compositions, and curing ages on the mechanical properties of the materials. For example, to analyze the variation in the mechanical properties of LCSG materials subjected to various curing ages and confining pressures (0–800 kPa), such as peak strength and initial modulus, Wu et al. (Wu et al., 2011) conducted triaxial shear tests. Younes et al. (Amini and Hamidi, 2014; Fu et al., 2015; Yang et al., 2018a; Yang et al., 2019) successively conducted triaxial shear tests on cemented gravel with different cement contents under varying confining pressures (0–1,500 kPa). They analyzed how the stress–strain curves varied as a function of the confining pressure and cement content.
Meanwhile, the mechanical properties and constitutive model under different confining pressures and cemented contents have also been investigated. Based on the results of large-scale static triaxial compression tests conducted on modified and unmodified coarse-grained soils, Chen et al. (Liu et al., 2019) found that the modified soil exhibited effectively improved compressive strength, cohesion, and elastic modulus as compared to the unmodified soil. Additionally, the modified soil exhibited a reduction in the maximum volume compression strain as well as in the corresponding axial strain and axial strain at failure, while demonstrating significantly altered dilatancy characteristics. Yang et al. (Yang et al., 2018b) conducted triaxial unloading–reloading tests on high polymer rockfill material to investigate its mechanical properties related to unloading and reloading, as well as the changes in the rebound modulus with respect to the confining pressure and stress level. To effectively strengthen retaining walls, embankments, slopes, and clay liners, Kong et al. (Kong et al., 2018) investigated the influence of different fiber contents on the strength, deformation, and dilation characteristics of these systems by conducting conventional triaxial compression tests of fine sand reinforced with polypropylene fiber under different confining pressures. Zeng et al. (Jin et al., 2017) conducted large-scale triaxial tests on cemented soil–rock mixtures under different lump contents and geometries to investigate the changes in their strength characteristics, deformation modulus, and other mechanical indices. Xu et al. (Xu et al., 2020) conducted triaxial compression tests to examine the influences of cement content, curing age, and confining pressure on the strength and deformation characteristics of cemented tailing backfill. Yun et al. (Yu et al., 2021) investigated the evolution characteristics of the shear band in soil-rock mixture by Granular discrete element simulation. Based on the results of the aforementioned uniaxial and triaxial tests, various engineering structures have been constructed.
A reasonable dilatancy equation is key to the constitutive model of geomaterials. Since the introduction of the dilatancy equation by Rowe (Rowe, 1962), the dilatancy problem has been extensively researched worldwide. Some experts have directly adopted or modified the Rowe dilatancy equation to reflect the dilatancy characteristics of their geotechnical materials (Liu et al., 2008; Jiang et al., 2014; Wang et al., 2015; Wei et al., 2016; Yao et al., 2018). For example, Yao et al. (Yao et al., 2018) modified the dilatancy equation of the Cambridge model to reflect the dilatancy characteristics of sand and other materials. Some experts have also established dilatancy equations according to the volumetric strain–axial strain fitting relation. Although these dilatancy equations exhibit different forms, all of them can describe the dilatancy characteristics of geotechnical materials to some extent. Thus far, the studies conducted on the dilatancy of LCSG materials have been based on the dilatancy of coarse-grained soil; that is, the ratio between the variations in the volume strain and shear strain is directly expressed. In the aforementioned constitutive LCSG models (Cai et al., 2016; Wei et al., 2019), although various forms of dilatancy equations have been introduced, most only consider the relation between the total volumetric strain and the axial strain. The previous studies were based on the following concept: When constructing a constitutive model using loose particles, such as those in coarse-grained soil, the ratio of the total volumetric strain to the axial strain can be directly used as the dilatancy ratio. However, it remains unclear whether the plastic strain increment ratio of LCSG material, which is a cementitious granular material formed by adding a cementitious agent to rockfill, is close to or the same as the total strain increment ratio. A thorough understanding of the dilatancy properties of LCSG materials in the unloading and reloading path is necessary, in order to improve the reliability of the stress and deformation results for the unloading and reloading processes of LCSG dams and other project.
Therefore, in this study, a series of triaxial compression tests, equiaxial loading and unloading tests, and triaxial loading and unloading tests of LCSG material are conducted under various confining pressures. The relation between the plastic volumetric strain and axial strain is determined and analyzed, and the variation rule of the dilatancy ratio of LCSG material subjected to different stress states is explored using different cement contents. Whether the dilatancy model of LCSG material must be expressed in terms of the plastic volumetric strain to axial strain ratio is also confirmed.
DILATANCY EQUATION
According to geotechnical plasticity theory, volumetric strain is not only related to normal stress, it is also generated by shear stress. This property of a material is called dilatancy. The dilatancy equation is defined as a function of the dilatancy ratio dg which can be expressed by the following formula.
[image: image]
Most studies conducted on geotechnical materials ignore the influence of elastic deformation and consider the dilatancy ratio to involve only the total strain. That is
[image: image]
Where [image: image] is the increment of plastic volumetric strain, [image: image] is the increment of plastic shear strain, [image: image] is the increment of volumetric strain, [image: image] is the increment of shear strain, [image: image] is the increment of elastic volumetric strain, [image: image] is the increment of elastic shear strain.
It is not clear whether the dilatancy characteristics of LCSG materials can be directly applied to the above formula. To determine whether the dilatancy value of the material can only be expressed by the ratio of the plastic volume strain to the shear strain, it is necessary to compare and analyze the results obtained from Eqs 1, 2.
The elastic volumetric strain of LCSG materials can be defined as
[image: image]
Where K is the bulk modulus.
MATERIALS AND METHODS
We studied the dilatancy behavior of LCSG materials under three different cement contents: 20 kg/m3, which is used for foundation and slope reinforcement engineering; 60 and 100 kg/m3, which are commonly used for building LCSG dams.
Materials and Test Specimens
In accordance with the “SL678-2014 Technical Guidelines for Damming with Cemented Granule Material,” (SL678-2014 Technical Guide Line for Cemented Granular Material Dams Particles, 2014) the cemented agent used for the LCSG materials was Hailuo PC 32.5 ordinary Portland cement, the water–binder ratio was set to 1.0, the fine aggregate was the medium and coarse sand purchased from the Nanjing market, and the coarse aggregate was broken stone collected from the suburbs of Nanjing. In the LCSG material used for the triaxial test, the sand and broken stone contents were 20 and 80%, respectively, of the total fine and coarse aggregate materials. The sand and broken stone were graded as shown in Figure 1, and the dry density of the aggregate was 2,130 kg/m3. The mixing ratios of each group of LCSG specimens are listed in Table 1.
[image: Figure 1]FIGURE 1 | Aggregate grading curve.
TABLE 1 | Details of the test specimens.
[image: Table 1]Test Procedure
The triaxial test specimens of LCSG material were fabricated using a mold of diameter 300 mm and height 700 mm. The preparation process can be described as follows. 1) The aggregate was screened according to the aggregate grading requirements; 2) the contents of the material components of the LCSG specimen, including the cementitious agent, coarse and fine aggregates, water, and other materials, were mixed evenly; 3) the LCSG material was divided into five layers and loaded into a cylindrical mold, and each layer was crushed and vibrated to form a specimen (Figure 2B); and 4) the formed specimens were cured for 28 days. The process has been described by Yang et al. (Yang et al., 2018a; Yang et al., 2019)
[image: Figure 2]FIGURE 2 | Stress–strain curves of LCSG material with cemented content of 20 kg/m3 under different confining pressures. (A) 300 kPa (B) 600 kPa (C) 900 kPa (D) 1,200 kPa.
A TYD-1500 triaxial tester located in the geotechnical laboratory of the Nanjing Hydraulic Research Institute was used. Using this instrument and in accordance with the “geotechnical test regulations (SL237-1999),” (SL237-1999 Specification of Soil Test, 1999) large-scale triaxial drainage shear test, triaxial equiaxial loading and unloading test, and axial loading and unloading test were conducted on the LCSG materials.
The specimens for the triaxial compression tests were divided into three groups according to the three cement contents. The specimens were saturated and consolidated under confining pressures of 300, 600, 900, and 1,200 kPa. Then, triaxial drainage shear tests were conducted, which were terminated when either the axial strain reached 15% or the samples were completely destroyed.
During the triaxial unloading–reloading tests, the specimens were attached to the testing instrument using a rubber film, and the confining pressure was applied after water was injected into the sample to completely saturate it. First, conventional triaxial consolidation and drainage shear tests were conducted. After the stress reached the specified level, it was stabilized for 2 min; then, an unloading test was conducted. Next, the axial stress was reduced to zero and stabilized for 2 min; then, a reloading test was conducted. The unloading stress levels in this test were set to 0.25, 0.65, and 0.8. The stress unloading–reloading rate in the entire testing process, which was unloaded three times, was set to 1 mm/min, as shown in Table 2.
TABLE 2 | Multistage unloading–reloading sequences in the triaxial tests of LCSG materials with cement contents of 20, 60, and 100 kg/m3.
[image: Table 2]The equidirectional loading and unloading tests of the LCSG materials with 20, 60, and 100 kg/m3 cement contents were performed after the various curing periods. The specimens were lifted onto the triaxial tester and saturated using the hydrostatic head method. After saturation, 100 kPa pressure was applied to the specimens in all directions for consolidation. The load was continuously increased until a predetermined stress value was reached, followed by unloading to 100 kPa. Then, loading was performed again. In this test, the unloading stress was set as 300, 600, 900, and 1,200 kPa.
RESULTS AND DISCUSSION
Triaxial Compression Tests
Figures 2–4 shows the stress–strain curves of the LCSG samples subjected to triaxial compression tests under different cement contents of 20, 60, and 100 kg/m3, as well as those of the LCSG samples subjected to triaxial loading and unloading tests. The figure shows that the loading curve of the loaded LCSG sample subjected to the unloading–reloading triaxial test under the three different cement contents is consistent with the stress–strain curve of the sample subjected to the full-loading triaxial test, which is a typical triaxial test (Yang et al., 2018a; Yang et al., 2019), indicating the reliability of the test results. However, the unloading curves of the LCSG specimens are inconsistent with the reloading curves, and hysteretic loops are formed in the process of unloading and reloading. All the hysteretic loops formed are crescent-shaped; in contrast, the hysteretic loops of coarse-grained soil without a gelling agent are elliptical (Zhu et al., 2011; Chu et al., 2012). This is primarily because coarse-grained soil exhibits plastic deformation only during unloading and reloading. In the LCSG material, in addition to plastic deformation, the binder imparts certain viscosity to the aggregated particles. With an increase in the stress level, the shape of the hysteresis loops remains unchanged; however, their size gradually increases. The LCSG materials with cement contents of 100 and 60 kg/m3 exhibit highly crescent-shaped hysteresis curves with a smaller width than that of the LCSG material with a cement content of 20 kg/m3. In addition, the shear strength of the LCSG specimen in the unloading and reloading path is higher than that of the specimen in the conventional triaxial loading path under different cement contents, which is similar to the shear strength of coarsely grained soil.
[image: Figure 3]FIGURE 3 | Stress–strain curves of LCSG material with cemented content of 60 kg/m3 under different confining pressures. (A) 300 kPa (B) 600 kPa (C) 900 kPa (D) 1,200 kPa.
[image: Figure 4]FIGURE 4 | Stress–strain curves of LCSG material with cemented content of 100 kg/m3 under different confining pressures. (A) 300 kPa (B) 600 kPa (C) 900 kPa (D) 1,200 kPa.
Figures 5–7 shows the volumetric strain curves of the LCSG samples subjected to triaxial compression and loading and unloading tests under the different cement contents. Here, the value of the slope at each point on the volumetric strain curves under different cement contents and confining pressure changes from positive to negative, which shows that the dilatancy of the LCSG specimens first shrinks and then dilates. A comparison of the compression test results with the loading and unloading test results indicates that the relation between the volume strain and axial strain of LCSG material subjected to compression is similar to that of the sample subjected to unloading and reloading. Moreover, the dilatancy of LCSG material reflected by the loading and unloading tests occurs at the same position as that in the triaxial loading test. For the same cement content, the lower the confining pressure is, the more easily is the shear dilatancy of the LCSG material that can occur under the triaxial compression, unloading, and reloading conditions. The dilatancy reflected by these tests is larger under the condition of low cement content or low confining pressure.
[image: Figure 5]FIGURE 5 | Volumetric strain–axial strain curves of LCSG material with cemented content of 20kg/m3 under different confining pressures. (A) 300 kPa (B) 600 kPa (C) 900 kPa (D) 1,200 kPa.
[image: Figure 6]FIGURE 6 | Volumetric strain–axial strain curves of LCSG material with cemented content of 60 kg/m3 under different confining pressures. (A) 300 kPa (B) 600 kPa (C) 900 kPa (D) 1,200 kPa.
[image: Figure 7]FIGURE 7 | Volumetric strain–axial strain curves of LCSG material with cemented content of 100 kg/m3 under different confining pressures. (A) 300 kPa (B) 600 kPa (C) 900 kPa (D) 1,200 kPa.
At a high cement content, the LCSG material can easily form a stronger whole. At low pressure, the damaged particles at the cemented site are easy to roll over, showing a slight shearing contraction first, and then shearing expansion. Under high confining pressure, the binding force of the damaged particles in the cementation area increases, and the roll over is blocked. Meanwhile, the particles slide and squeeze to fill the pores, and the macroscopic behavior is shearing contraction first and then slight dilatancy. In contrast, at a low cement content, the LCSG material can easily become compact in the shear process, which is mainly manifested as shear shrinkage in the entire test process. When the dosage of the cemented agent is 20 or 60 kg/m3, the volume shrinkage of the LCSG material occurs when unloading under different confining pressures. In the unloading process, the sample with a gelling agent dosage of 100 kg/m3 expands under a confining pressure of 300 kPa and shrinks as the pressure is increased.
The dilatancy characteristics of LCSG material have been reflected by the ratio of the increment of the volumetric strain and axial strain in test curves of the LCSG material above and from other scholars. However, they have not been reflected by the ratio of the increment of the plastic volumetric strain and plastic axial strain, and its accuracy remains to be determined. Therefore, it is necessary to try to determine its plastic strain curve.
To express the dilatancy behavior of LCSG material in terms of the plastic strain ratio, the elastic axial strain and the volumetric strain must be known.
According to some scholars, the elastic modulus can be directly expressed as the unloading modulus, and the elastic tangential modulus can determine the elastic axial strain. The unloading and reloading curves of the LCSG samples with the different cement contents can be divided into three stages: initial curve, intermediate linear curve, and end curve. In terms of stress, the initial curve and end curve stages account for less than 10% of the total curve; in terms of strain, they account for less than 20% of the total curve. Here, the elastic modulus can be directly expressed by the average slope of the middle linear curve, between the unloading and loading of the LCSG specimens, at different stress levels. The elastic modulus of LCSG material with different cemented contents increases nonlinearly with the confining pressure; this relation is consistent with the initial modulus expression provided by Yang et al. (Yang et al., 2019). That is
[image: image]
where Kur is the elastic modulus when the confining pressure is zero, and n is the increasing exponent.
Isodirectional Loading and Unloading Tests
To reflect more accurately the dilatancy properties of LCSG material, in addition to determining the plastic shear strain, the plastic volumetric strain should be determined separately, and the elasticity volumetric strain determined by the bulk modulus is a crucial step. In this study, the bulk modulus was analyzed by combining the triaxial unloading with the loading test.
Figure 8 shows the triaxial equiaxial loading and unloading test curves of the LCSG material specimens. Here, similar to the triaxial loading and unloading test results, an elastic aftereffect exists in the isotropic loading and unloading tests. Additionally, hysteretic loops are formed after unloading and reloading. Because coarse-grained soil exhibits plastic deformation under equiaxial loading and unloading tests, and the binder imparts certain viscosity to the aggregated particles, as the stress applied at the unloading point is increased, the size of the resulting hysteretic loop gradually increases without any change in the shape, and the strain value at the center of the hysteretic loop increases. This indicates that, in the isodirectional loading and unloading tests, the slope of the secant line of the unloading curve of LCSG material bears little relation to the stress state.
[image: Figure 8]FIGURE 8 | The triaxial equiaxial loading and unloading test curves of LCSG material. (A) 20 g/m3 (B) 60 g/m3 (C) 100 g/m3.
The elastic shear strain can be determined by examining the elastic shear modulus using Eq. 4, and the elastomer strain can be obtained by conducting isotropic loading and unloading tests. The elastomer strain can be obtained as
[image: image]
Figure 9 shows the relation between the volumetric strain εv and ln (1 + p/Pa) for LCSG material with cement contents of 20, 60, and 100 kg/m3. The elastic volumetric strain is the volumetric strain of the spring back component of this system, and its relation with ln (1 + p/Pa) can be expressed as follows:
[image: image]
where kt is the slope of the secant line of the hysteresis loop curve.
[image: Figure 9]FIGURE 9 | The relation between εv and ln (1 + p/Pa). (A) 20 g/m3 (B) 60 g/m3 (C) 100 g/m3.
Dilatancy Properties
Figure 10 shows the plastic volumetric strain and shear strain of LCSG material, according to Eqs 1, 2.
[image: Figure 10]FIGURE 10 | The plastic volumetric strain and shear strain of LCSG material. (A) 20 g/m3 (B) 60 g/m3 (C) 100 g/m3.
As shown in the figure, the curves of the LCSG samples with cement contents of 20, 60, and 100 kg/m3 under various confining pressures are different from those of the curves. With an increase in the plastic axial strain, the LCSG samples tend to transition from shearing shrinkage to shearing dilatancy. The curves of the LCSG samples with the three cement contents under different confining pressures and strain changes are similar. However, the slope of the plastic volumetric strain–plastic axial strain curve under the same stress state is somewhat smaller than that of the volumetric strain–axial strain curve; the relationship between the stages of curve slope is greater than the relationship curve slope. It is preliminarily revealed that the elastic deformation of LCSG material cannot be neglected when studying its dilatancy characteristics.
To further express the dilatancy characteristics of LCSG material, this study compares the total strain increment ratio–stress curve called the dilatancy ratio 1# and the plastic strain ratio–stress curve called the dilatancy ratio 2#, as shown in Figures 11–13.
[image: Figure 11]FIGURE 11 | The dilatancy ratio of LCSG material with cemented content of 20kg/m3 under different confining pressures. (A) 300 kPa (B) 600 kPa (C) 900 kPa (D) 1,200 kPa.
[image: Figure 12]FIGURE 12 | The dilatancy ratio of LCSG material with cemented content of 60kg/m3 under different confining pressures. (A) 300 kPa (B) 600 kPa (C) 900 kPa (D) 1,200 kPa.
[image: Figure 13]FIGURE 13 | The dilatancy ratio of LCSG material with cemented content of 100kg/m3 under different confining pressures. (A) 300 kPa (B) 600 kPa (C) 900 kPa (D) 1,200 kPa.
As shown in the figure, for LCSG material with a cement content of 20 kg/m3, when the stress ratio η is under range 1.0–2.0, the dilatancy ratio formed by elastic strain is slightly smaller than that formed by plastic strain, and the difference in the dilatancy ratio from other stress ratios is small, indicating that the dilatancy characteristics of LCSG material with a low cement content are less affected by elastic strain. In engineering simulation, the ratio of total volume strain to axial strain increment can be directly adopted according to the common rockfill method. When the stress ratio is 1.0–2.0, the elastic dilatancy ratio is significantly smaller than the plastic dilatancy ratio, and the difference between the two ratios gradually increases with the confining pressure. The difference is very small under other stress ratios. When the cement content reaches 100 kg/m3, the dilatancy ratio of the total volume strain to axial strain before LCSG material failure is smaller than the incremental ratio of plastic volume strain and increases with the confining pressure. The above differences indicate that the difference between the two dilatancy ratios gradually increases with the cement content. When developing the dilatancy formula, the dilatancy properties evaluated according to the total dilatancy ratio may be smaller than the actual value, thus overestimating the hardness of the cemented materials. The above phenomenon is attributed to the fact that, when the gel content is low, the mechanical properties of gelling gravel stone are similar to those of rockfill and the effects of elastic deformation are negligible. With an increase in the cement content and the increase of the material by its cementation performance, its performance is closer to the concrete characteristics of its dilatancy properties directly, and using the plastic strain increment is more accurate.
CONCLUSION
In this study, by conducting laboratory triaxial compression, triaxial equiaxial loading and unloading, and triaxial loading and unloading tests on LCSG samples under different cement contents and confining pressures, their mechanical properties, including dilatancy characteristics, were examined. The following main conclusions are drawn:
1) Under the same confining pressure during triaxial unloading and reloading, hysteretic loops appear in the stress–strain curve of LCSG material. With an increase in stress level, the size of the loops increases, but the shape remains constant. Hysteretic loops also appear in LCSG material subjected to triaxial equidirectional loading and unloading. With an increase in consolidation stress, the size of the loops increases, but the shape remains unchanged.
2) To illustrate the influence of elastic deformation on the dilatancy equation, the elastic shear modulus and volume modulus are determined according to the triaxial axial unloading and reloading curves and the isotropic loading and unloading curves, respectively.
3) The dilatancy model of LCSG material with low cement content can be determined directly according to the volumetric strain–axial strain equation, without considering the influence of elastic deformation. With an increase in cement content, the dilatancy value determined by the total volume strain increment ratio becomes smaller than that determined by the plastic strain increment ratio, and the influence of elastic deformation cannot be ignored.
The above research results can provide an important theoretical basis for the structural numerical simulation of LCSG dams and other engineering structures.
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Owing to the complex formation mechanism of hydrodynamic landslides and the involvement of multiple influencing factors, the accuracy of the current prediction model of hydrodynamic landslide evolution process is unsatisfactory. This limitation prevents adequate monitoring and early warning on possible landslides in an area. To improve the accuracy of prediction model of hydrodynamic landslide evolution process supported by monitoring big data, the variational mode decomposition (VMD) and support vector regression (SVR) based on deep learning were integrated in the present study. Typical hydrodynamic landslide in the Three Gorges Reservoir Area (TGRA) in China is used as a case study for landslide displacement prediction. First, the VMD was utilized to decompose the cumulative displacement into the trend, periodic, and random terms. Then, external factors were decomposed into subsequences, and those characterized by periodicity and randomness were selected as input datasets. The associated displacement terms were then predicted using the Random Search–Support Vector Regression model. Finally, the total displacement was obtained by superimposing the three predicted components, and this was used to evaluate the performance of the model. The results show that the model improves the performance and accuracy of predicting the displacement associated with a hydrodynamic landslide, and the relative error is ≤2%.
Keywords: hydrodynamic landslide, prediction model, variational mode decomposition, random search-support vector regression, deep learning
INTRODUCTION
A landslide is a geological hazard associated with severe environmental consequences, and it often occurs in China. The prediction of landslide deformation is an established approach for preventing landslide hazards (Tien et al., 2018). Hydrodynamic landslides commonly occur in reservoir areas, and their displacement curves exhibit stages associated with the rainfall and reservoir level changes. These changes and other influencing factors (Huang, 2007; Xu et al., 2008) in the reservoir area manifest after years. Therefore, accurate prediction of landslide displacement is challenging, and thus, this remains an area of significant interest in the field of natural disaster prevention and control.
Following the impoundment of the Three Gorges Reservoir in China in 2009, disasters involving hydrodynamic landslides have occurred frequently in the Three Gorges Reservoir Area (TGRA). These landslides, which have caused tremendous losses, are attributed to changes in the reservoir water level, rainfall, and other factors. Therefore, several studies on the prediction of landslides and the associated damage are available. Studies on landslide displacement prediction can roughly be partitioned based on the duration and prediction method into three groups (Xu et al., 2011). The empirical approach involving the landslide displacement rate was used to generate initial prediction models, which were then improved by comparing the modeled to field monitoring data (Sidle et al., 1985). The statistical approach models, such as the Verhulst (Long et al., 2008), Verhulst inverse function (Belle et al., 2014), golden section, Markov chain prediction (Zhao et al., 2013), and time-series (Mazzanti et al., 2011) then improved landslide deformation prediction. Further, the intelligent analysis and prediction approach, which emerged in the 1990s, involves artificial intelligence-based nonlinear theories, which produce data-driven models for systematic prediction of landslide deformation (Korup and Stolle, 2014).
However, models produced using existing landslide displacement prediction methods are based mainly on geological monitoring data (e.g., reservoir water level, rainfall, and landslide displacement) to predict future displacement (Zhang et al., 2015). Models including the Gray (GM) (Huang et al., 2017), extreme learning machine (ELM) (Bernardie et al., 2014), and support vector machine (SVM) (Lian et al., 2014) involve different neural networks (Bergstra and Bengio, 2012; Hochreiter and Schmidhuber, 1997) (e.g., back propagation (BPNN), recurrent (RNN), etc.) and have generated varying prediction results. In fact, different models are associated with advantages and drawbacks. The GM, for example, involves a simple structure but the prediction accuracy is unsatisfactory, while the ELM is fast and requires little training data, and the BPNN commonly produces an unsatisfactory fitting performance for complex nonlinear curves.
The support vector regression (SVR) model is based on the machine learning theory, and it involves few training samples and a simple structure. Its prediction performance is better than that of a conventional neural network model, and thus, it is suitable for landslide displacement prediction involving a short monitoring period. SVR parameter search methods include the following: particle swarm optimization (PSO), genetic algorithm (GA), grid search (GS), and random search (RS). The GA and PSO are heuristic algorithms involving complex operations, while the GS algorithm encompasses all possible solutions for a given parameter range, and thus, it exhibits a higher classification accuracy. Compared to other methods, the RS algorithm is associated with a comparable prediction performance and it is computationally inexpensive (Wen et al., 2017).
The evolution of landslide displacement is influenced by many factors involving complex relationships that are difficult to characterize accurately. Therefore, in data-driven multivariate prediction models, time series decomposition methods are commonly introduced to simplify the problem (Xu et al., 2011). The displacement time series is decomposed into parts associated with varying data characteristics such as, the trend, periodic, and random terms, and varied models serve in forecasting the decomposition terms. The prediction accuracy of a model increases as the factors considered are increased. The moving average method (Huang et al., 1998; Xu et al., 2011) and the empirical mode decomposition (EMD) (Liu et al., 2020) are methods commonly employed for decomposition in hydrodynamic landslide displacement prediction studies that produce satisfactory results. However, controlling the decomposition terms obtained by these methods is challenging, and therefore, correlations between different factors and the displacement decomposition terms are poor. In addition, the physical meaning of each decomposition term is inadequately explained using these methods (Dragomiretskiy and Zosso, 2014). The variational mode decomposition (VMD) method (Wang and Min, 2014) employed in the present study resolves these shortcomings. Similar to the EMD, the VMD is a signal processing method suitable for handling non-smooth and non-linear signals. It was recently applied at the displacement decomposition stage of landslide deformation prediction (Dragomiretskiy and Zosso, 2014) and produced good results.
In the present study, the Bazimen landslide, which occurred in the TGRA, was used as a case study to establish a hydrodynamic landslide displacement prediction model by integrating the VMD and RS–SVR methods. In the time series model, the VMD method was used to decompose the cumulative monitored displacement into the trend, periodic, and random terms, thereby assigning a clear physical meaning to each decomposition term. After determining factors strongly correlated to each term, the RS–SVR method was utilized to predict the landslide displacement. The prediction results were then compared with those for the KRR, ELM, LSTM, and GS–SVR models.
METHODOLOGY
Time Series Analysis
In general, according to the additive time series, the cumulative displacement of a landslide can be expressed as follows:
[image: image]
where [image: image] denotes the time series displacement value, [image: image] represents the trend term displacement function, [image: image] is the periodic term displacement function, and [image: image] designates the random term displacement function involving uncertainty. Landslide deformation is mainly controlled by intrinsic (topography, geological structure, etc.) and external (temperature, rainfall, reservoir level, etc.) factors (Li and Xu, 2003). The trend term displacement associated with intrinsic factors is an approximate function that increases monotonically with time. It reflects the overall landslide cumulative displacement. Conversely, the periodic term displacement is an approximate function controlled by factors such as, rainfall, reservoir level change, etc. Unpredictable episodic factors including human activities and seismic effects also influence the evolution of landslide displacement, and this is expressed as the random term displacement (Vapnik, 1995; Zheng et al., 2005).
Variational Mode Decomposition
VMD is an adaptive non-recursive approach for mode variation and signal processing. The technique is advantageous because the mode decompositions can be determined. Its adaptiveness is demonstrated by evaluating mode decompositions associated with a given sequence according to the actual situation. The subsequent search and solution steps can be adaptively matched to the optimal central frequency and the finite bandwidth of each mode. Consequently, effective separation of the intrinsic mode component (IMF), frequency domain partitioning of the signal, and the N-efficient decomposition components of a given signal can be achieved. This approach is suitable for finding the optimal solution of a variational problem because it overcomes the endpoint effect and mode component mixing issues associated with the EMD method. In addition, it involves a better mathematical foundation suitable for reducing the complexity and nonlinearity of time series non-stationarity, decomposition into relatively smooth sub-series involving different frequency scales, and handling of non-stationary sequences. In fact, the basis of the VMD is to formulate and solve variational problems.
First, the variational problem is formulated by assuming that the original signal f can be decomposed into k components, and the decomposed sequence is guaranteed to represent a finite bandwidth mode component characterized by a central frequency. The sum of the estimated bandwidths of each mode is minimized, with the sum of all modes equaling the monitored signal as the constraint. The constrained variational problem is then expressed as follows:
[image: image]
where K represents the modes requiring decomposition (positive integer), [image: image] denote the central frequency of the kth mode component after decomposition, [image: image] is the Dirac function, and [image: image] designates the convolution operator.
Equation 2 is then solved, and the Lagrange multiplier λ is used to convert the constrained variational problem into an unconstrained variational problem. The generalized Lagrange expression obtained is given as follows:
[image: image]
where α is a quadratic penalty factor which reduces the Gaussian noise interference. The alternating directional multiplier (ADM) iterative algorithm combined with the Parseval-Plancheral theorem and Fourier isometric transforms were employed for optimization to obtain each mode component and the central frequency. The saddle point of the extended Lagrange function was then sought by iterations involving [image: image], [image: image], and [image: image]. The detailed process involved the following equations:
[image: image]
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where γ is the noise tolerance, which satisfies the fidelity requirement of signal decomposition, and [image: image], [image: image], [image: image], and [image: image] are the Fourier transforms of [image: image], [image: image], and [image: image], respectively.
The iterative solution process of VMD is summarized as follows:
S1: initialize [image: image] and maximize the iterations N, [image: image].
S2: update [image: image] and [image: image] using Eqs. 4, 5.
S3: update [image: image] using Eq. 6
S4: If the accuracy convergence criterion is [image: image] and [image: image] is not satisfied, then return to the second step, otherwise complete the iteration and obtain the final [image: image] and [image: image].
Support Vector Regression
The SVR model proposed by Vapnik (1995) has been widely used for solving nonlinear problems. In this model, the sample data is divided into training and test samples. Then, the pre-selected input vector (training samples) is mapped to a high-dimensional feature space. The best fit is then obtained in the space of optimal decision function models and the testing samples are utilized to validate the results. This approach is primarily intended for predictive analysis (Üstün et al., 2005; Wang et al., 2004; Yilmaz, 2010). Coordinates {[image: image], [image: image]} are the feature vectors of the sample data, where [image: image] is the factor controlling [image: image] and p is the number of values in [image: image]. The regression estimation function of the support vector machine (SVM) is expressed as follows:
[image: image]
where [image: image] is the nonlinear mapping function of the sample data, which is mapped to the feature space, [image: image] represents the autocovariance coefficient of the estimation function, and b is the bias of the estimation function. The parameters [image: image] and b can be obtained by minimizing the following equation:
[image: image]
where [image: image] is a generalized optimal classification plane function, which considers the minimum number of incorrect sample points and the maximum classification interval, [image: image] represents the complexity of the model, C designates the penalty parameter, and [image: image] denotes the error control function of [image: image]. Thus, the optimization problem can be expressed as follows:
[image: image]
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where [image: image], [image: image] are relaxation factors.
If partial derivatives of W, b, and [image: image] are 0, then, based on the Lagrange equation and duality theory, the double optimization problem can be expressed as follows:
[image: image]
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Here, [image: image] is the kernel function, which in the present study is a Gaussian kernel function (RBF). Thus, the SVR model can be expressed as follows:
[image: image]
Linear problems in engineering can be solved using the inseparable SVM. Based on a mapping function, the linearly inseparable problem is mapped to a linearly separable problem in a high-dimensional space. This model, which is based on the statistical learning theory requires few samples for learning. Thus, it performs better than conventional feedback (BP) neural networks because of its simple structure. Therefore, this model is suitable for predicting landslide displacement involving a short monitoring period.
CASE STUDY:BAZIMEN LANDSLIDE
Data Source and Description
The Bazimen landslide is located on the right bank of the Xiangxi River in TGRA, as shown in Figure 1, with the following geographical coordinates: longitude 110°45′30″, latitude 30°58′16″. The slope is oriented north-south, the landslide is spread in a winnowing fan shape at the foot of the slope, in the range of 139～280m in elevation, high in the west and low in the east, sloping to the east, and the ground slope of the landslide is 10–30°, which is ladder-like and undulating. The part of the landslide above the water surface is 380 m long, 100–500 m wide, 10–35 m thick, and has a volume of about two million cubic meters.
[image: Figure 1]FIGURE 1 | Illustration of the monitoring layout in the Bazimen landslide area.
Ten deformation monitoring points are present across the landslide area, and the oldest points (ZG110 and ZG111) are in the area associated with the largest landslide deformation. These representative points adequately reflect the evolution trend of the displacement linked to the Bazimen landslide. In the present study, the monitoring data from the ZG110 point was utilized. According to the data, the landslide deformation rate increased annually from May to September, and the cumulative displacement curve is steeper in this interval, as shown in Figure 2. As of December 31, 2018, the cumulative horizontal displacement and cumulative displacement direction of the ZG110 monitoring point were 1,525.73 mm and 117°, respectively.
[image: Figure 2]FIGURE 2 | Relationship between the cumulative displacement, reservoir water level, and rainfall in the Bazimen landslide area.
The TGRA is characterized by an intense rainy season, and the average annual rainfall exceeds 1,000 mm. Rainfall, which significantly impacts the evolution of the landslide deformation in the TGRA, exhibits an obvious periodicity, which reflects the rainy and dry seasons (Figure 2). In the TGRA, rainfall is mainly concentrated between May–September, and the maximum monthly rainfall commonly exceeds 220 mm, with an average of 321.3 mm during the monitoring period. Considering that the Three Gorges Hydropower Station has been operational since 2009, in the present study, the reservoir water level dispatch data from 2009 to 2018 were utilized. Owing to flood control and water storage requirements, the reservoir water level change data, which involve a maximum variation of 30 m, exhibit obvious cyclical characteristics. Considering a cycle from October 2016 to October 2017 as an example, the reservoir water level rose from November to May, and stayed high during operation in June, and then decreased from July to September (Figure 2).
Prediction of Landslide Evolution Process Supported by Monitoring Big Data
In the present study, monitoring data for the ZG110 point from January 2009 to December 2018 were used to assess the suitability of our model. Monitoring data for the first 100 months served as the training samples, while data for the next 20 months were used as the testing samples. To minimize the impact of missing data or information in the displacement decomposition and model training, and to enhance learning of the monitoring data during the entire process by the prediction model, the sequence “displacement decomposition → partitioning of the dataset into training and testing samples” was not pursued. In contrast, the approach used involved “dividing the dataset into training and testing samples → displacement decomposition”. Finally, indicators, such as the absolute error (AR), relative error (RE), and root mean square error (RMSE), were used to evaluate the prediction performance of the model, and the entire process is illustrated in Figure 3.
[image: Figure 3]FIGURE 3 | Flowchart of the components utilized for landslide displacement prediction. Decomposition of the cumulative displacement and the controlling factors.
The VMD model was used to decompose the cumulative displacement associated with the Bazimen landslide into the trend, periodic, and random terms (Figure 4). The IMF parameter K in the VMD model, α, the tolerance of the convergence criterion τ, and the time step were set to 3, 1, 10−6, and 0.01, respectively. In the model decomposition results, the low-frequency component corresponds to the displacement of the periodic term, while the high-frequency component represents the displacement of the random term, and the residual component is the displacement of the trend term.
[image: Figure 4]FIGURE 4 | Plot showing the decomposition of the cumulative displacement.
Infiltration of rainfall alters the physical and mechanical properties of the landslide mass, and this increases the water content and bulk weight of the slope mass. Besides, infiltration also changes the shear strength, sliding force, and slip resistance of the slope mass because of effects of the static and dynamic water pressures. These impacts are prominent during long-term or intense rainfall, which significantly affects the stability of the landslide mass.
Scouring of the landslide mass associated with rainfall also affects the slope stability. Intense rainfall produces slope runoff, which promotes scouring of the surface of the landslide mass and erosion of its base, and this ultimately, changes the structure of the landslide mass. The resulting increase in the area and mass of the landslide prolapse severely affect the stability of the landslide mass. Concurrently, rainfall can easily penetrate the slip zone through fractures produced by the landslide area deformation. This significantly reduces the strength of the slip zone and further weakens the stability of the landslide area. To assess the impact of long-term rainfall, the rainfall of a month (R1) and that of the chosen and previous month (R2) were selected as the main factors controlling the landslide deformation.
The physical and mechanical properties of the slope mass within the influence of the reservoir water level are also affected because the landslide area soil mass comprises mainly siltstones and sandstones. Therefore, the shear strength of the soil mass beneath the water level is significantly decreased. Simultaneously, the scouring caused by the rise and decline of the reservoir water alters the morphology of the slope angle and landslide mass, which is detrimental to the stability of the landslide mass.
The mechanical impact of the reservoir water level change on the landslide mass is mainly associated with hydrostatic and dynamic water pressures. The hydrostatic pressure acts vertically on the landslide mass, which enhances the stability of the landslide area. However, the submerged soil particles also experience buoyancy simultaneously, which reduces the stability of the slope mass. The dynamic action mainly involves the force generated by groundwater in pores between soil particles in the slope mass. The central gentle section of the Bazimen landslide area is mostly beneath the 145 m level because of the rapid reservoir water level decline and the low permeability of the landslide mass. Therefore, the groundwater level in the slope mass lags the reservoir water level decline, and this produces a positive drop in the reservoir water level. Thus, groundwater seeps from the landslide mass, and the infiltration pressure is directed towards the exterior of the slope mass, thereby significantly deforming the slope mass during the sudden reservoir water level decline. Considering that the impact of the reservoir water level fluctuation is a slow process, changes in a month (W1) and 2 months (W2) were considered controlling factors. The increase of the landslide displacement in a month (D1) and the cumulative increment for 2 months (D2) were also selected as influencing factors.
If the IMF parameter K is set to two in the VMD model, each influencing factor is decomposed into a high-frequency and a low-frequency term, while other parameters in the model are unchanged. Decomposition results associated with the rainfall (R1), the reservoir level change (W1), and the incremental displacement (D1) in a month as well as the cumulative landslide displacement are displayed in Figure 5. The dotted lines in blue represent the low-frequency terms of each indicator, and these are characterized by steady cyclical variations. The eight peaks and troughs associated with the indicator curve for each influencing factor correspond to the eight monitoring periods of the selected training dataset. Similarly, the dotted lines in red depict the high-frequency term of various indicators, and the curves exhibit irregular variation during the monitoring period. Therefore, the high-frequency term is suitable for predicting the random displacement, while the low-frequency term is useful for forecasting the periodic displacement.
[image: Figure 5]FIGURE 5 | Plots exhibiting the decomposition of different influencing factors.
Based on GRA method, the grey correlation degree [image: image] between the periodic displacement, the random displacement, and the controlling factor decomposition terms were calculated and the results are presented in Table 1. A [image: image] value >0.6 between the displacement decomposition term and the decomposition term of a controlling factor indicates that they are closely related (Schölkopf, 2008) and validates the rationale for utilizing the chosen factors as the prediction model input.
TABLE 1 | GRA results between the displacement periodic and random terms and the influencing factors.
[image: Table 1]In this study, the amount of discrete data used for fitting is small, the curve shape is smooth, and complex fitting methods are not required. The ideal effect can be achieved by using cubic polynomial fitting. First, fitting of the trend term was achieved using the following least squares-based polynomial:
[image: image]
The calculated data for various parameters are presented in Table 2, and the best-fit curve based on the cubic polynomial least squares method was obtained. The main purpose of the least squares curve-fitting is to generate the minimum sum of squares for each error, and the prediction results are shown in Figure 6.
TABLE 2 | Data for displacement trend parameters associated with the polynomial fitting.
[image: Table 2][image: Figure 6]FIGURE 6 | Plot showing the prediction of the trend displacement.
Periodic Displacement Prediction
The periodic displacement reflects the influence of external factors, such as rainfall and the reservoir water level on the landslide displacement. In the present study, the RS–SVR model was employed for prediction of the periodic displacement. RS algorithm is a simple direct method used to find the best parameter set of an SVR model. The parameters C and γ in the model are independent, and thus, the optimal-parameter-searching process can be performed simultaneously after selecting sets of values for both parameters. Each pair of γ and C values is then evaluated through cross-validation, and that with the highest accuracy is considered the optimal solution. In RS algorithm, the parameter-search process is random, where each parameter setting value is sampled from a distribution to obtain the possible value. The following are the advantages of the RS relative to the GS: the freedom to choose a budget independent of the number of parameters and possible values and the negligible effect on the efficiency because of the addition of parameters with no effect on the performance. Bergstra and Bengio empirically and theoretically demonstrated the superiority of the RS relative to the GS. The performance of the RS and GS for identical searches are shown in Figure 7.
[image: Figure 7]FIGURE 7 | Illustration of the (A) grid and (B) random search layouts.
According to existing studies, when using SVM algorithms for training and classification of datasets, the choice of parameters, such as the kernel and penalty factors significantly impact the accuracy and performance of the prediction model (Schölkopf, 2008). Therefore, reasonable model parameters can enhance the prediction accuracy and significantly elevate the efficiency of the model. The PSO (Eberhart and Kennady, 2002), GA (Chen et al., 2004), RS, and GS (Kennedy and Eberhart, 2002) are the most commonly used SVM parameter search methods. However, the parameter optimizations associated with the GA and PSO are characterized by randomness and chance, and thus, the optimal parameters determined may be local. Therefore, these algorithms classified as heuristic involve shortcomings. Conversely, the RS algorithm explores all possible solutions within a particular range, thereby yielding a more accurate final parameter selection.
In the training phase of the model, the low-frequency components of the selected influencing factors associated with a timestep t served as the input. The optimal model parameters generated by the RS algorithm are presented in Table 3, while the training and validation data for the periodic term displacement are displayed in Figure 8. Obviously, the smooth curves of the prediction data exhibit periodic variation, which demonstrates the excellent performance of the RS-SVR prediction model.
TABLE 3 | Data for parameters of the GS-SVR model used for periodic displacement prediction.
[image: Table 3][image: Figure 8]FIGURE 8 | Plot displaying the prediction of periodic displacement.
Random Displacement Prediction
The random term displacement highlights the influence of uncertainty factors (e.g., human activities, earthquakes, etc.) on the change in landslide displacement. The displacement curve is characterized by obvious fluctuations. However, the RS-SVR model also displays excellent fitting and prediction performance for such data. In the training phase of the model, high-frequency components of controlling factors with a timestep t served as the input. Optimal parameters obtained using the RS algorithm are presented in Table 4, while the training and validation data of the random term displacement are shown in Figure 9. The smooth curves of the prediction data evidently display periodic variation, which also demonstrates the excellent performance of the RS-SVR prediction model.
TABLE 4 | Data for parameters of RS-SVR model used for the random displacement prediction.
[image: Table 4][image: Figure 9]FIGURE 9 | Plot highlighting the prediction of random displacement.
Cumulative Displacement Prediction
From Eq. 1, the cumulative displacement of the landslide was obtained through the linear summation of the trend, periodic, and random terms, and the prediction results are shown in Figure 10. The AE of the accumulated displacement associated with the Bazimen landslide displacement monitoring point ZG110 is less than 20 mm, while the RE is less than 2.0% for each month of the prediction duration. The prediction results demonstrate that the RS-SVR prediction model is consistent with the monitoring data. The predicted cumulative displacement also exhibits the step-like variation associated with the displacement monitoring curve. Therefore, the RS-SVR model adequately predicts the landslide displacement.
[image: Figure 10]FIGURE 10 | Plots highlighting the prediction of the cumulative displacement.
Evaluation and Comparison of Prediction Results
To demonstrate the superiority of the RS-SVR compared to other algorithms, the prediction results were compared with those of the KRR, ELM, LSTM and GS-SVR models. Monitoring data for the Bazimen landslide periodic displacement were utilized as the validation dataset, and the results are shown in Figure 11. Relative to the other four models, the RS-SVR (dotted lines in red) produced a better fit of the monitored periodic displacement and a superior performance. The RMSE values for the RS-SVR, GS-SVR, ELM, LSTM, and KRR models presented in Table 5 are 4.3950, 10.3673, 81.5314, 121.8, and 12.8, respectively. The values of 81.5314, 121.8974 and 88.4979 fully accommodate the prediction performance of each model.
[image: Figure 11]FIGURE 11 | Plots showing a comparison of prediction accuracy of the periodic displacement for multiple models
TABLE 5 | RMSE data obtained for different prediction models.
[image: Table 5]However, this model also has applicable conditions and the biggest difficulty in the application of the new prediction model of landslide are: when the data size is insufficient, there is a chance of overfitting, resulting in a decrease in prediction accuracy; in addition, due to the small training data set, the model may not be able to learn all the features of the original data set. When using the new data set as the model input, the prediction accuracy of existing models will also decrease.
CONCLUSION
In the present study, the variational mode decomposition and random search-support vector regression algorithms were integrated to predict landslide displacement, and the results were validated using monitoring data for the Bazimen landslide. The findings of the study are summarized as follows:
1) VMD method has the advantage that the number of mode decompositions can be determined, and its adaptiveness is demonstrated by determining the number of mode decompositions of the given sequence according to the actual situation. And the VMD model can reasonably explain the physical meaning of each decomposition item: the monotonically increasing term is the periodic displacement, the high-frequency term is the random displacement, and the low-frequency term is the periodic displacement.
2) The model is based on statistical learning theory and has many advantages. Particularly, it requires only a very small sample for learning, has a simple statistical structure, and performs better than traditional backpropagation neural networks. Thus, the model is appropriate for predicting the displacement of landslides with only short-period observational data.
3) The results confirmed the decomposition of landslide displacement based on the VMD theory into the trend, periodic, and random terms, with each term associated to a distinct physical meaning. The cumulative displacement predicted represented the sum of predicted results for various decomposition terms. This approach produced a high decomposition efficiency and clear results, which validated its applicability in engineering.
4) Based on the cumulative displacement of the landslide and the influencing factors obtained using the VMD method, three decomposition terms associated with the displacement were predicted. The displacement prediction results obtained from the periodic and random terms demonstrated an outstanding prediction performance using the RS-SVR model, and the displacement prediction error was <2%.
5) The prediction accuracy of the RS-SVR model exceeded those of the GS-SVR, ELM, LSTM, and KRR models. Therefore, in the displacement prediction of hydrodynamic landslides, the RS-SVR model exhibits broad application prospects.
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Dumping is the main disposal method of the excavated soil from underground engineering in China; however, due to a lack of construction experiences and technical standards, landslide disasters often occurred during rapid dumping of excavated soil in soft soil regions. In this paper, geotechnical tests were conducted on the excavated soil from a foundation engineering site in Hangzhou, where the excavated soil would be used to construct a piled mountain. On this basis, a numerical study was carried out to investigate the effects of the design parameters (heap height, slope gradient) and construction parameters (layer thickness, heap speed) on the dump stability and failure mode. The results show that the safety factor of the excavated soil dump decreases with increasing heap height, slope gradient, layer thickness, and heap speed. The potential slide surfaces are toe circle, and compared to layer thickness and heap speed, the heap height and slope gradient have more remarkable influence on the depth and area of potential slide mass. The heap height limit increases with a decrease in slope gradient, and the heap speed limit decreases with an increase in layer thickness. Under the premise of ensuring the slope stability, the optimal design and construction parameters were obtained, i.e., heap height 28 m, slope gradient 1:2.75, layer thickness 1.0 m, and heap speed 0.50 m/day. Compared to the original design scheme, the storage capacity increases by 20.01%, and the construction duration decreases by 30.25% in the optimal design.
Keywords: excavated soil, dump stability, design parameters, construction parameters, soft soil, optimal design
1 INTRODUCTION
With the rapid development of China’s urbanization, a great amount of construction and demolition waste, including excavated soil, engineering mud, construction residue, demolition waste, and decoration garbage, are produced (Shang et al., 2013; Kataguiri et al., 2019; Sun, 2020). The excavated soil, which accounts for the highest proportion in the five types of wastes, is mainly generated during the excavation of building foundations, metro tunnels, etc. In China, approximately 2 billion tons of excavated soil was generated in 2017 (Zhan et al., 2019). Currently, the main disposal method for excavated soil in China is dumping, which includes the traditional manner of landfilling and the newly developing way of mountain piling. However, due to a lack of construction experiences and technical standards, landslide disasters often occurred during rapid dumping of excavated soil in soft soil regions of China. In 2015, a worldwide concerned disaster occurred in the excavated soil landfill of Guangming New District in Shenzhen, China. During this event, approximately 2.51 × 106 m3 of excavated soil slid out of the landfill site affecting approximately 0.38 km2, destroyed 33 buildings, and killed 77 people (Yin et al., 2016; Zhan et al., 2019). In 2009, an artificial mountain piled with excavated soil in Wuxi, China, collapsed when heaping to the height of 44.7 m and resulted in a horizontal displacement of 3.6 m for the mountain toe (Gu et al., 2011). Therefore, appropriate guidelines that satisfied the slope stability are sorely needed for the design and construction of excavated soil dump site.
The design parameters (e.g., heap height, slope gradient) and construction parameters (e.g., layer thickness, heap speed) significantly affect the slope stability of a soft soil dump (Zhang, 2019; Li, 2020). Many researchers found that higher heap height and/or steeper slope gradient resulted in lower safety factor of soft soil slopes (Kjærnsli and Simons, 1962; Lim et al., 2015; Zhang, 2019; Guo et al., 2020). By using the response surface method and the finite element-based software (Plaxis 2D), respectively, Kostić et al. (2016) and Shiferaw (2021) found the stability of clay slopes improved with decreasing heap height and/or slope gradient. Similarly, the stability of peat and clayey deposits on river dykes is significantly affected by the heap height and slope gradient (Rupke et al., 2007). Rapid heap speed can also result in slope failure during construction, such as an open pit mine in Indonesia and the catastrophic landslide in Shenzhen in China in 2015 (Ladd, 1991; Wang and Griffiths, 2019; Zhan et al., 2021). Additionally, layer thickness during dumping stages is an important factor influencing the stability of soft soil dumps, which was associated with the dissipation of pore water pressure (Ladd, 1991; Liu and Zhao, 2009). To the authors’ knowledge, the studies are limited on comprehensively investigating the effects of design and construction parameters on the slope stability of soft soil dumps and then putting forward the stability satisfied design and construction implications.
In this paper, excavated soil was sampled from a foundation engineering site in Hangzhou, China, and was tested for geotechnical properties. On this basis, a numerical model was built to simulate the planned piled mountain by using Plaxis 2D; the effects of design parameters (heap height, slope gradient) and construction parameters (layer thickness, heap speed) on the stability and failure mode of soil slopes were analyzed, and the heap height limit under different slope gradients and the heap speed limit under different layer thicknesses were investigated. Finally, the optimal design parameters to maximize storage capacity and the optimal construction parameters to minimize construction duration were discussed, under the premise of ensuring the slope stability.
2 MATERIALS AND METHODS
2.1 Geotechnical Properties of Excavated Soil
The excavated soil samples were taken from a foundation engineering site in Hangzhou, a city located in a soft soil region of China. The soil excavated from this foundation engineering would be used to construct a piled mountain in a park in Hangzhou. The geotechnical properties of the soil samples were tested, including water content, natural density, specific density, liquid-plastic limit, particle size distribution, permeability coefficient, consolidation characteristic, and shear strength. All the above tests were conducted according to Chinese standard for geotechnical testing method (MHURD-PRC, 2019).
The geotechnical properties of the soil sample are given in Table 1, and the grain size distribution curve is presented in Figure 1. The constrained diameter (d60), median diameter (d50), and effective diameter (d10) of the excavated soil are 0.064, 0.031, and 0.014, respectively, and hence the non-uniformity coefficient and curvature coefficient can be obtained as 4.57 and 1.07. Therefore, this soil belongs to fine-grained soil with poor gradation according to the Chinese specification of soil test (MWR-PRC, 1999). Besides, the liquid limit and plastic limit are 41.80% and 22.72%, respectively, and the corresponding liquidity index and plasticity index are 0.65 and 19.08. Thus, the excavated soil is low liquid limit clay in plastic state according to the Chinese specification of soil test (MWR-PRC, 1999).
TABLE 1 | Geotechnical properties of the excavated soil sample.
[image: Table 1][image: Figure 1]FIGURE 1 | Grain size distribution.
2.2 Numerical Method of the Piled Mountain by Using the Excavated Soil
As mentioned above, a pile mountain was planned to be constructed in a park in Hangzhou, China. The maximum permissible length and width at the bottom of the dumpsite were both approximately 300 m, and the originally designed heap height and slope gradient were 20.0 m and 1:3.00, respectively. The original construction parameters were designed as follows: the layer thickness was 1.0 m, and the heap speed was 0.20 m/day. To optimize the original design scheme and therefore to dump more excavated soil and shorten construction duration, the numerical simulation work is carried out.
The finite element program, Plaxis 2D, is used in the numerical simulation in the present study. Plaxis 2D has advanced constitutive models for the simulation of the nonlinear, time-dependent, and anisotropic behavior of soils. Such higher-order elements as quadratic 6-node and 4th-order 15-node triangular element are suitable to model the deformations and stresses in the soils (Wu et al., 2014). Plaxis 2D uses Biot consolidation theory, and the formulae are described in Eqs 1, 2 (Wang and Zheng, 2010; Sun et al., 2015). When undertaking the “consolidation calculation,” the Biot consolidation theory accurately reflects the relationship between pore pressure dissipate and soil skeleton and realizes the coupling in real significance (Wang and Zheng, 2010). Plaxis 2D uses the shear strength reduction technique and the formulae are described in Eqs 3, 4 (Matsui and San, 1992). When undertaking the “safety calculation,” the shear strength reduction technique reduces cohesion and friction angle gradually. The slope instability criterion is generalized plastic strain, or equivalent plastic strain propagates throughout from the toe to the top of the slope (Matsui and San, 1992; Sauffisseau and Ahangar-Asr, 2018).
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where G is the shear modulus; v is the Poisson's ratio; γ is the soil bulk density; uw is the pore water pressure; wx, wy, and wz are the displacement components in x, y, and z axes, respectively; kx, ky, and kz are the permeability coefficients in x, y, and z axes, respectively; γw is the water bulk density.
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where c is the cohesion; cr is the reduced cohesion; Fr is the shear strength reduction ratio; φ is the friction angle; φr is the reduced friction angle. The shear strength reduction ratio is equal to the safety factor of the slope reaching instability state.
The numerical model of the piled mountain profile is shown in Figure 2. The geotechnical parameters of the foundation soil were referenced from Yu et al. (2021). The excavated soil was modeled using an elastic-plastic constitutive model with Mohr–Coulomb yield criterion and the non-associated flow rule. The failure surface of the Mohr–Coulomb yield criterion can be described in Eqs 5, 6 (Lee and Bobet, 2014; Li et al., 2005). All of the analyses were performed using meshes made up of 4th order 15-node triangles within each rectangle. The base length and width of slope were both fixed as 150 m in the simulation, being half of the designed values of the dumpsite on account of the model symmetry. The deformation of bottom boundary was fixed, while the deformation of the top boundary was allowed to move freely in both horizontal and vertical directions. In addition, the deformation of the two side boundaries was fixed in the horizontal direction but was allowed to move freely in the vertical direction (Gao et al., 2020). The flow of the left side boundary was closed; however, the flows of the bottom boundary and the top and right side boundaries were open.
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where I1 = σii is the first stress invariant of the stress tensor σij; J2 = sijsji/2 is the second invariant of the deviatoric stress tensor sij=(σij−δijσkk/3); J3 = sijsjkski/3 is the third invariant of the deviatoric stress tensor sij=(σij−δijσkk/3); θ is the stress Lode angle.
[image: Figure 2]FIGURE 2 | Numerical model of the piled mountain profile.
It is stipulated in the Chinese standard for waste dump design of nonferrous metal mines (MHURD-PRC, 2018) that the allowable value of bench height is 10–15 m, and the bench width should not be smaller than 4 m. Therefore, the bench height and the bench width in the numerical model were chosen as 10 m and 4 m, respectively. The designed cases in the present numerical analysis are shown in Table 2. Case 1 was conducted by varying the heap height and slope gradient to investigate the effect of heap height and slope gradient on the soil dump stability and failure mode. In Case 2, the influences of layer thickness and heap speed on the soil dump stability and failure mode were analyzed.
TABLE 2 | Designed cases in the finite-element simulations.
[image: Table 2]3 RESULTS AND ANALYSIS
3.1 Effects of Heap Height and Slope Gradient on Soil Dump Stability
The variation of safety factor (Fs) with heap height (H) under different slope gradients (G) is shown in Figure 3. It is noted that the Fs are lower than 1.00 under the conditions that H ≥ 34 m and G = 1:2.00, which are not included in the analysis of this paper. It can be found that the Fs decreases with an increase in heap height under a given slope gradient. For example, the Fs decreases from 1.439 to 1.043 with heap height increasing from 8 to 30 m when the slope gradient is fixed at 1:2.00. This result is probably associated with the build-up of excess pore-water pressure in the lower soil layer occurring with the increase of heap height, and the excess pore-water pressure is difficult to dissipate, especially for the cohesive soil with high water content. Under this condition, along with the increase of heap height, the shear stress of the lower soil layer increases continuously, while its effective stress and shear strength hardly or slightly increase, resulting in a weakening of slope stability (Zhan et al., 2019). It can be also found that the Fs increases with the slope gradient decreasing under a given heap height. For example, the Fs increases from 1.043 to 1.416 with the slope gradient decreasing from 1:2.00 to 1:3.00 when the heap height is fixed at 30 m. This is because the larger the slope gradient, the greater the sliding force caused by self-weight stress and the smaller the anti-sliding force, which results in a smaller safety factor (Wang and Xu, 2021).
[image: Figure 3]FIGURE 3 | Variation of safety factor with heap height under different slope gradients.
The potential slide surfaces of the soil dump with different heap heights at a fixed slope gradient of 1:2.50 are shown in Figure 4A. The potential slide surface is determined by connecting the mutation points of the displacement in the slope (Fan et al., 2015), and the results are presented with dotted lines. It is seen that all the simulation cases indicate a typical circular arc failure mode of the soil dump. This potential slide surface is known as toe circle, which often occurs in the clayey and sandy clay soil slopes (Shiferaw, 2021). Taylor (1937) proposed a term, nd, which is the ratio between the depth from the slope top to the stiff stratum and the depth from the slope top to the slope bottom, to identify the failure mode of the soil dump. When nd is smaller than 4 and the slope angle is lower than 58°, it is possible to have the failure mode of toe circle (Petterson, 1955; Steward et al., 2011; Salmasi et al., 2019). In addition, the results indicate that the heap height has significant influence on the potential slide surface of soil dump. The circle center of potential slide surface moves up vertically with an increase in heap height, as presented in Figure 4A. The parameters, maximum depth (D) and area (S) of the slide mass, are often used to assess the scale of a potential landslide (Jiang and Yamagami, 2006; Jiang and Yamagami, 2008; Lin and Cao, 2011; Zhang et al., 2015). The parameter, D, is defined as the maximum vertical depth of potential slide mass below slope surface, as shown in Figure 4A. The variations of maximum depth (D) and area (S) of the potential slide mass with heap height (H) at a fixed slope gradient of 1:2.50 are shown in Figure 5. It is found that both D and S increase almost linearly with an increase in heap height, and the fitted lines are D = 0.2955H + 2.4028(H ≥ 8) and S = 34.3060H-280.58(H ≥ 8), respectively. Similar results are also reported in Jiang and Yamagami (2006). It can be also found that the area is positively related to the maximum depth. Therefore, here comes a conclusion: for an excavated soil dump, the higher the heap height, the larger area of the potential slide mass, which means a greater destructive catastrophe.
[image: Figure 4]FIGURE 4 | Effect of design parameters on the location of potential slide surface. (A) Heap height, (B) slope gradient.
[image: Figure 5]FIGURE 5 | Variations of maximum depth and area of potential slide mass with heap height at G = 1:2.50.
The potential slide surfaces of the soil dump with different slope gradients at a fixed heap height of 20 m are shown in Figure 4B. Similar to Figure 4A, the potential slide surface is also toe circle, and the circle center moves up vertically with a decrease in slope gradient, as presented in Figure 4B. To describe the scale of the potential slide mass, a dimensionless parameter, relative maximum depth D/H0, is adopted, where H0 is the vertical distance between two end points of the potential sliding surface. The variations of relative maximum depth (D/H0) and area (S) of the potential slide mass with slope gradient (G) at a fixed heap height of 20 m are shown in Figure 6. It is found that both D/H0 and S increase almost linearly with decreasing slope gradient, and the fitted lines are D/H0 = −0.3818G + 0.55 (G ≤ 1:2.00) and S = −733.61G + 647.36 (G ≤ 1:2.00), respectively. Similar results are also reported in Gao W et al. (2016). It can be also found that S is positively related to D/H0. Therefore, for an excavated soil dump, the steeper the slope gradient, the smaller area of the potential slide mass, which means a smaller destructive catastrophe.
[image: Figure 6]FIGURE 6 | Variations of relative maximum depth and area of potential slide mass with slope gradient at H = 20 m.
3.2 Effects of Layer Thickness and Heap Speed on Slope Stability
The variation of safety factor (Fs) with heap speed (E) under different layer thicknesses (T) is shown in Figure 7. It is seen that Fs decreases with an increase in heap speed under a given layer thickness. For example, the Fs decreases from 1.352 to 1.330 with heap speed increasing from 0.03 to 2.00 m/day when the layer thickness is 2.0 m. This result might be explained by the increase of consolidation duration due to a decrease in heap speed, and therefore the shear strength slightly increases (Suzuki and Yasuhara, 2007; Park et al., 2014). In addition, it is observed that Fs increases with a decrease in layer thickness under a given heap speed. For example, Fs increases from 1.341 to 1.350 with the layer thickness decreasing from 2.0 to 0.5 m when the heap speed is 1.00 m/day. This result might be related to the drainage path of excavated soil. The drainage distance increases due to an increase in layer thickness, and therefore the consolidation process becomes slower (Zhou et al., 2021). Compared with heap height and slope gradient, the impact of layer thickness and heap speed on safety factor is smaller.
[image: Figure 7]FIGURE 7 | Variation of safety factor with heap speed under different layer thicknesses.
The potential slide surfaces of the soil dump with different heap speeds at a fixed layer thickness of 2.0 m are shown in Figure 8A. The numerical results indicate that the influence of heap speed on the potential slide surface of soil dump is smaller than that of heap height and slope gradient. Again, the potential slide surface is toe circle, and the circle center slightly moves up with decreasing heap speed. The variations of relative maximum depth (D/H0) and area (S) of the potential slide mass with heap speed (E) at a fixed layer thickness of 2.0 m are shown in Figure 9. It can be found that D/H0 decreases logarithmically and S decreases almost linearly with increasing heap speed, and the fitted lines are D/H0 = −0.03ln(E) + 0.443 (E ≥ 0.033) and S = −38.861E + 747.59 (E ≥ 0.033), respectively. As stated above, the c increases due to a decrease in heap speed, and the D/H0 increases (Gao Y et al., 2016). It can be also found that S is positively related to D/H0. Therefore, for an excavated soil dump, the quicker the heap speed, the smaller area of the potential slide mass, which means a smaller destructive catastrophe.
[image: Figure 8]FIGURE 8 | Effect of construction parameters on the location of potential slide surface. (A) Heap speed, (B) layer thickness.
[image: Figure 9]FIGURE 9 | Variations of relative maximum depth and area of potential slide mass with heap speed at T = 2.0 m.
The potential slide surfaces of the soil dump with different layer thicknesses at a fixed heap speed of 2.0 m/day are shown in Figure 8B. The numerical results indicate that the influence of layer thickness on the potential slide surface of soil dump is smaller than that of heap height and slope gradient and is similar to that of heap speed. As shown in Figure 8B, the circle center of potential slide surface moves up tardily with decreasing layer thickness. The variations of relative maximum depth (D/H0) and area (S) of the potential slide mass with layer thickness (T) at a fixed heap speed of 2.0 m/day are shown in Figure 10. It can be found that both D/H0 and S decrease almost linearly with increasing layer thickness, and the fitted lines are D/H0 = −0.0409T + 0.5068 (T ≥ 0.5) and S = −20.15T + 713.63 (T ≥ 0.5). The drainage distance decreases due to a decrease in layer thickness, and the c increases as well as the D/H0 (Gao W et al., 2016; Zhou et al., 2021). Similar to Figure 9, it can be found that S is positively related to D/H0. Therefore, for an excavated soil dump, the thicker the layer thickness, the smaller area of the potential slide mass, which means a smaller destructive catastrophe.
[image: Figure 10]FIGURE 10 | Variations of relative maximum depth and area of potential slide mass with layer thickness at E = 2.0 m/day.
4 STABILITY SATISFIED DESIGN AND CONSTRUCTION OF THE EXCAVATED SOIL DUMP
For the sake of simplification to illustrate the spatiality of the piled mountain process, the mountain with a square flat bottom surface is generally utilized for dumping, as shown in Figure 11. The storage capacity of the piled mountain can be calculated by Eq. 7. As mentioned in section 2.2, the originally designed heap height and slope gradient are 20.0 m and 1:3.00, respectively. Therefore, the storage capacity of excavated soil can be calculated as 1,143.04 × 103 m3. The originally designed layer thickness and heap speed are 1.0 and 0.20 m/day, respectively. Therefore, the total construction duration of piled mountain is 119 days, under the assumption that the construction time of each drainage line is 1.0 day.
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where n is the number of the bench; Hj is the height with regard to the nth bench; Sj and Sj+1 are the lower and upper areas of the nth bench, respectively.
[image: Figure 11]FIGURE 11 | Calculation model of storage capacity of piled mountain.
According to the Chinese technical code for building slope engineering (MHURD-PRC, 2013), the Fs of slope stability in this planned piled mountain project should not be smaller than 1.35. On this account, the heap height limit (Hs) of the soil dump can be determined from Figure 3 when Fs reaches 1.35. Figure 12 shows the Hs of the soil dump under different slope gradients (G), together with the slope stability satisfied capacity storage calculated by Eq. 8. It can be seen that the Hs are 10.69, 15.18, 19.35, 28.00, and 39.11 m when slope gradients are 1:2.00, 1:2.25, 1:2.50, 1:2.75, and 1:3.00, respectively. The results show that the Hs increases with a decrease in slope gradient. Similar results were also reported in Zhan et al. (2021) in the completely decomposed granite dump with an initial water content of 23%, and the Hs is 13.73 m when the slope gradient is 1:2.00. It is noted that the Hs of that completely decomposed granite dump is larger than that of the present excavated soil dump at a given slope gradient, which might be attributed to the greater cohesion and friction angle of the completely decomposed granite. For the storage capacity, it increases at first and then slightly decreases with the decreasing slope gradient. And the maximum value of storage capacity is achieved as 1,371.78 × 103 m3 when Hs = 28.00 m and G = 1:2.75. It is common knowledge that the storage capacity increases with the increase of heap height or/and slope gradient. However, under the premise of ensuring the slope stability, increasing the slope gradient will cause a decrease in the heap height limit, resulting in an increase or decrease of storage capacity. Hence, there exists a maximum value of storage capacity, which corresponds to the optimal design of heap height and slope gradient. Compared to the original design scheme, the storage capacity of optimal design scheme increases by 20.01%.
[image: Figure 12]FIGURE 12 | Variations of heap height limit and storage capacity with slope gradient.
Under the optimal design of heap height and slope gradient, the heap speed limit (Es) under different layer thicknesses (T) is determined from Figure 7 when Fs of the soil dump reaches 1.35, and the corresponding construction duration can be obtained, as shown in Figure 13. It is observed that the Es are 1.00, 0.50, 0.20, and 0.11 m/day when the layer thicknesses are 0.5, 1.0, 1.5, and 2.0 m, respectively. The results show that Es decreases with an increase in layer thickness. It is also observed that the construction duration decreases slightly at first and then increases with the increasing layer thickness. And the minimum value of construction duration is 83 days under the conditions of T = 1.00 m and Es = 0.50 m/day. It is known that the construction duration decreases with the increase of layer thickness or/and heap speed. However, under the premise of ensuring the slope stability, increasing the layer thickness will cause a decrease in the heap speed limit, resulting in an increase or decrease of construction duration. Hence, there exists a minimum value of construction duration, which corresponds to the optimal construction of layer thickness and heap speed. Compared to the original construction scheme, the construction duration of the optimal construction scheme decreases by 30.25%.
[image: Figure 13]FIGURE 13 | Variations of heap speed limit and construction duration with layer thickness.
5 CONCLUSION
This paper conducted numerical analyses on the effects of the design parameters (e.g., heap height, slope gradient) and construction parameters (e.g., layer thickness, heap speed) on the stability and failure mode of excavated soil dumps. The heap height limit under different slope gradients and the heap speed limit under different layer thicknesses in the excavated soil dump were investigated. The optimal design parameters to maximize storage capacity and the optimal construction parameters to minimize construction duration were discussed, under the premise of ensuring the slope stability. The following conclusions and suggestions are drawn:
(1) The safety factor of the excavated soil dump decreases with increasing heap height and slope gradient, and it also decreases with increases in the layer thickness and heap speed.
(2) The potential slide surface of the excavated soil dump is typical toe circle, and its shape is significantly influenced by the heap height and slope gradient. The area of the potential slide mass increases approximately linearly with increasing heap height and with decreasing slope gradient, heap speed, and layer thickness.
(3) The heap height limit increases from 10.69 to 39.11 m when the slope gradient decreases from 1:2.00 to 1:3.00. The heap speed limit decreases from 1.00 to 0.11 m/day when the layer thickness increases from 0.5 to 2.0 m.
(4) Under the premise of ensuring the slope stability, the optimal design and construction parameters of the soil dump is obtained as heap height 28.00 m, slope gradient 1:2.75, layer thickness 1.00 m, and heap speed 0.50 m/day. In the optimal design, the storage capacity increases by 20.01%, and the construction duration decreases by 30.25%, when compared to the original design scheme.
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The vibration induced by underground metro operation could have significant impacts on the safety of building structures. In this study, the dynamic response of the Nanjing Drum Tower affected by the metro line four operation was investigated by a three-dimensional FEM coupling train-track-tunnel-foundation-soil-basement–Drum Tower model performed on a 64 CPU parallel computing cluster platform. The results show that the vertical vibration caused by the subway operation has a more serious impact on the historical structure of the Drum Tower than the horizontal vibration. The vertical vibration attenuates rapidly from the basement bottom to the top of the tower. The horizontal vibration amplifies along the height of the historical building. The truss roof significantly weakens the vibration. As the speed of the train increases, the amplitude of horizontal and vertical vibration increases gradually from the bottom to the roof of the Drum Tower despite a relatively smaller increase for the horizontal vibration. As for the double-track operation case, the vertical vibration amplitude is much greater than that for the single-track operation, and no significant difference is observed in the horizontal direction. The amplitudes of horizontal vibration velocity for the basement and Drum Tower are 0.131 and 0.060 mm/s, respectively.
Keywords: dynamic response, vibration analysis, wood structure, historical building, Nanjing Drum Tower
INTRODUCTION
Historical buildings, which may have a history of thousands of years, have undergone countless natural disasters and man-made damages. Hence, different degrees of damages are induced. Subway, one of the most important railway transportation tools in modern cities, may inevitably be designed to go through the adjacency of historical buildings due to traffic demands and space constraints. More severe vibration damages on these historical buildings have thus been caused by the metro train operation. For example, some historical masonry churches near rail transit lines in the Republic of Czech cracked due to the vibration caused by the running vehicles. Bata (1971) first studied the influence of traffic vibration on historical buildings, and some European scholars have done studies on the protection of historical buildings against traffic vibration in their own countries (Ellis, 1987; Clemente and Rinaldis, 1998). In China, many historical buildings were affected by the vibration of the subway, and the walls were cracked and damaged. Beijing Railway Line six was once planned to pass underneath the Forbidden City moat, but the tunnel was only 20 m away from the northwest turret of the Forbidden City. To avoid damage to the Forbidden City, the route had to be changed. Lines 8 and 16 have also been adjusted to avoid the Drum Tower and Changchun Tower. The running trains of Beijing–Shanghai caused unignorable vibrations to the Huqiu Pagoda in Suzhou. The Xi’an subway line 4 re-planned its route to avoid the Wild Goose Pagoda. Besides, the wood structure is the main form of the Chinese historical bell towers, drum towers, and other buildings, most of which take on frame structures. However, the structural and mechanical characteristics are very different from reinforced concrete buildings. Nevertheless, few studies on the influence of railway traffic load on historical wooden structures have been conducted. Taking Xi’an bell tower as the research background, some scholars established the 3-D finite element model of the bell tower, soil layer, and tunnel structure, and obtained the dynamic response of historical buildings under the vibration load of rail transit (Lei, 2010; Ma et al., 2010; Qian et al., 2010; Wang and An, 2010; Qian et al., 2012). However, oversimplification was made in the model, which led to a significant difference from the actual project.
The Nanjing Drum Tower is composed of the upper and lower parts (Figure 1A). The upper part is the wooden structure city building rebuilt in the early Qing Dynasty, the lower is the masonry arch basement preserved in the early Ming Dynasty. It is regarded as a typical historical high wooden-frame building and is protected by the government. Having experienced numerous natural disasters and man-made disturbances, the Drum Tower is damaged: cracks are found around the surfaces of the basement, a part of the cracks is chiseled, chiseled cracks have entered the masonry, and the bricks are cracking. A large area of cracking is found in the parapet painting layer around the top of the castle, and horizontal cracks are shown under the slab coping. The paints on the eave columns, columns, and wood beams of the tower have fallen off, the woods are cracked, and the surfaces are rotten. Leaks and dry shrinkage cracks are observed in the roof frame. Figures 1B,C show the damages of the Drum Tower. Figure 1D shows the relative position between the interval structure of the metro station and the Drum Tower. The Drum Tower is surrounded by ground and underground traffic. The operation of the subway is bound to bring significant vibration impact on the historical structure of the Drum Tower. Hence, it is very necessary to conduct an evaluation before the subway is opened to traffic.
[image: Figure 1]FIGURE 1 | Overview of Nanjing Drum Tower. (A) Nanjing Drum Tower, (B) existing damages of the Drum Tower, (C) structural reinforcement of the Drum Tower, (D) spatial locations of the metro station and the Drum Tower.
NUMERICAL COUPLING MODELING
Numerical Model Parameters of Building and Foundation
The commercial finite element software Abaqus is used for 3D dynamic coupling simulation (Chen et al., 2011; Kan et al., 2011; Mao and Chen, 2011; Zhao et al., 2019). The model is composed of five parts: wooden-frame tower, basement, soil, tunnel, and vehicle–track system. The whole model is formed by defining the contact forms of each other. The Drum Tower and basement models are shown in Figure 2A. The mesh size should be large enough so that the external boundary can represent an infinitely extended medium, that is, at the two lateral boundaries, the horizontal and vertical displacements vanish. To eliminate the influence of soil far-field boundary on the calculation results, the left boundary was 35 m away from the castle, the right boundary was 55 m away from the right tunnel (about 8 times the tunnel diameter), and the lower boundary was 30 m away from the tunnel bottom plate (about 5 times the tunnel diameter). To obtain more accurate simulation results, a refined model was adopted, which was composed of 875,523 elements, among which there were 532,987 soil elements, 9,599 elements for the station structures and tunnel lining, 294,388 elements for the basement, and 33915 elements for the Drum Tower. The total degrees of freedom (DOF) were 2,817,333. Solid elements were used for the soil and basement, the beam and shell elements were used for the wooden-frame tower, and the shell elements were used for the tunnel lining. The Goodman interface element is used to model the interaction behavior between the soil and the tunnel segmental linings in the numerical model. In this study, we adopt [image: image] = 10−5 s by the trial-and-error analysis to achieve the balance of computational efficiency and accuracy. Note that this dynamic explicit analysis takes around 3 days using the 64 CPU parallel computing cluster platform.
[image: Figure 2]FIGURE 2 | Finite element model of the Nanjing Drum Tower. (A) The whole model of building and foundation. (B) The model of the Drum Tower. (C) The internal structure of the basement.
The Drum Tower is a wooden structure like other historical buildings in China. The upper part of the tower can be divided into four layers: truss roof, paving layer, beam–column frame, and column base. This structure is similar to the frame structure. The load transmitted from the roof is mainly borne by the beam–column system and eventually transmitted to the column base, while the wall does not participate in the load-bearing system. The truss roof and beam–column system are simplified as space frame structures in the model. The beams, the columns, and the roof are interconnected to form a frame structural system, as shown in Figure 2B. The lower part of the tower is made of bricks. The interior is hollow and has a rich spatial structure. There are three coupons in the red wall, extending through the whole width of the tower, and the city structure and internal structure are shown in Figure 2C. In the upper part model, the deformation behavior was simulated by refining mesh, with an element size of 0.3 × 0.3 × 0.3 m. For the key parts such as the entrance of doors and windows in the basement, a more refined mesh was used to truly reflect the deformation characteristics of the vulnerable area of the structure.
According to the on-site detection and evaluation, lots of vertical cracks were found in the wall, and some had extended through the masonry and might lead to a more complicated mechanical behavior. For the sake of convenience, the initial mechanical parameters of Nanjing Drum Tower were selected by referring to the investigation result of the Xi’an historical Bell Tower structure that was built at the close time. Then, an inversion analysis based on the natural vibration characteristics test of the Drum Tower structure in the early stage was carried out. The model parameters of the historical structure (i.e., the wooden-frame tower and the basement) are calibrated by back analysis of the field testing on the natural frequency of the historical structure incorporating the damage-induced material deterioration as shown in Figure 1, as well as by the testing results of historical buildings conducted by Professor Yu Maohong’s research group in Xi’an Jiaotong University for many years, as shown in Table 1. The normal DOF was fixed by the model side, and the underside displacement freedom of the model was constrained in three directions. The grids near the tunnel and the city threshold were densely divided, while the grids in the far area were gradually sparser. This strategy can not only ensure sufficient calculation accuracy but also reduce the number of DOF as much as possible. The Davidenkov viscoelastic constitutive model was used to describe the dynamic nonlinear characteristics of the soil. We implemented the Davidenkov model in Abaqus as a user-defined-model routine by using Fortran (Zhao et al., 2021). The constants A, B, and r0 of the Davidenkov model can be calibrated by the modulus reduction and damping curves obtained by conventional cyclic laboratory tests. Its specific parameters are shown in Table 2.
TABLE 1 | Computational parameters of the model.
[image: Table 1]TABLE 2 | Soil profile and parameters of the Davidenkov model.
[image: Table 2]Vehicle–Track Coupling System
The running vehicle–track system can be regarded as a multi rigid body system imposed with a certain speed, which is determined according to the real metro operation (Zhai, 2020). The vertical model was simulated by a secondary suspension (Figure 3A). Its specific parameters are shown in Table 3. The wheelsets, bogies, and carriages were simplified as rigid bodies with a symmetric center of mass, which are all connected by spring damping. The finite element model of the train is shown in Figure 3B. Its specific parameters of slab ballastless track are shown in Table 4. The track was simulated by beam elements, and the spring and damping were simulated by the fastening and gel pad (Figure 3C), respectively. The rest are simulated by solid elements. The coupling mode between the wheel and rail was simulated by the rolling contact. The penalty contact algorithm and the finite slip displacement formulation were applied to describe the contact behaviors between the wheel and rail. The normal action between the wheel and rail adopted forced contact, and the tangential action adopted friction of penalty.
[image: Figure 3]FIGURE 3 | Finite element coupling model of the train. (A) Vertical model. (B) Coupling model of bogie and carriage. (C) Connection of track and slab.
TABLE 3 | Parameters of the vehicle model.
[image: Table 3]TABLE 4 | Parameters of the slab track.
[image: Table 4]RESULTS AND DISCUSSION
Natural Frequency Analysis
Table 5 shows the calculated natural frequency of each order of the Drum Tower model of a high watchtower on either side of a basement wooden structure, and Figure 4 shows the variation curve of natural frequency. It can be seen that the natural frequencies of the watchtower on either side of a basement model and the overall model are relatively dense, the adjacent frequencies have little difference, and the performance is relatively stable. The second, third, fifth, and sixth frequency of the monument building model differ greatly, and the difference between the other frequencies is small, indicating that the natural frequency of the wooden-frame structure model changes greatly and is easy to disperse, and thus the performance is not very stable. Figure 5 shows the first two vibration modes of the three finite element models.
TABLE 5 | Natural frequency of the Drum Tower model.
[image: Table 5][image: Figure 4]FIGURE 4 | Variation trend of the natural frequency of the Drum Tower model.
[image: Figure 5]FIGURE 5 | Vibration modes of the Drum Tower model. (A) The first order. (B) The second order.
Time–History Analysis
Vibration velocity is a common physical quantity to measure the impact of environment vibration on the historical buildings. The vibration speed and frequency are directly related to the damage of frame structure, and can directly reflect the damage intensity and the energy of structure response to vibration. Therefore, these two indices play an important role in the evaluation of the impact of environment vibration on the historical buildings. Figure 6 shows the time–history curves of horizontal and vertical vibration velocities at the Drum Tower and the basement caused by subway operation, respectively. It can be seen that the vertical vibration velocity is greater than the horizontal vibration velocity at the Drum Tower and the basement under subway operation loading.
[image: Figure 6]FIGURE 6 | The time–history curve of vibration velocity (A) at the horizontal direction, (B) at the vertical direction.
The amplitude of vibration velocity at different positions of the Drum Tower in Figure 7 illustrates that:
1) When the subway runs through the Drum Tower at a speed of 20 km/h, the maximum horizontal and vertical vibration speeds at the basement are 0.033 and 0.178 mm/s, respectively. The maximum horizontal and vertical vibration speeds at the Drum Tower are 0.095 and 0.173 mm/s, respectively. When the subway runs through the Drum Tower at a speed of 40 km/h, the horizontal and vertical vibration amplitudes are 0.038 and 0.203 mm/s at the basement, and 0.101 and 0.198 mm/s at the Drum Tower, respectively. When the subway runs at a speed of 60 km/h through the Drum Tower, the horizontal and vertical vibration velocities are 0.044 and 0.204 mm/s at the basement, and 0.106 and 0.236 mm/s at the Drum Tower, respectively. When the subway runs through the Drum Tower at a speed of 80 km/h, the horizontal and vertical vibration speeds reach 0.105 and 0.22 mm/s at the basement, and 0.11 and 0.236 mm/s the Drum Tower, respectively.
2) From the bottom of the basement to the roof of the Drum Tower, the horizontal vibration increases gradually, but decreases at the roof; the vertical vibration attenuates gradually along the height of the historical structure. The reasons are as follows: the horizontal vibration of the frame structure is generally amplified along the structure height. However, the lateral stiffness and weight of the truss roof of the Drum Tower is greater, which can prevent the horizontal vibration propagation. The transmission of vertical vibration is a simple energy attenuation process. The masonry structure of the basement is able to absorb energy, which therefore leads to a faster attenuation.
3) With the increase of vehicle speed, the horizontal and vertical vibration amplitudes gradually increase from the bottom of the basement to the roof of the Drum Tower, and the vibration intensifies with the increase of vehicle speed. The attenuation trend increases with the increase of vehicle speed. The vertical vibration increases significantly, while the amplification of horizontal vibration is relatively small.
4) When the vehicle speed is low (20 km/s and 40 km/s), the horizontal vibration increases from the bottom of the basement to the roof of the Drum Tower. But when the vehicle speed is high (60 km/s and 80 km/s), the horizontal vibration maintains an increasing trend in the basement but decreases in the Drum Tower, and the attenuation degree increases with the increase of vehicle speed.
[image: Figure 7]FIGURE 7 | The amplitude of vibration velocity at different parts of the Drum Tower.
Figure 8 shows the comparison of vibration caused by double-track operation and single-track operation when the vehicle speed is 40 km/h. It can be seen that when the train runs on double-track, the vertical vibration amplitude is significantly higher than that on single-track, but the horizontal direction slightly changes. According to Technical Specifications for protection of historic buildings against man-made vibration (GB/T50452-2008) issued by the Ministry of Housing and Urban–Rural Development, PRC, the allowable vibration speeds of Drum Tower (wooden structure) and the basement (masonary structure) in provincial cultural relics protection units are 0.27 mm/s (horizontal direction) and 0.25 mm/s (horizontal direction), respectively. The numerical results show that the maximum horizontal vibration velocity amplitudes of the Drum Tower and the basement are 0.105 mm/s and 0.045 mm/s, respectively, which meet the limit requirements of the specification.
[image: Figure 8]FIGURE 8 | Comparison of vibration caused by single and double line operation.
CONCLUSION
A three-dimensional finite element model of vehicle-railway-viaduct-foundation coupling model was established for evaluating the dynamic response of the Nanjing Drum Tower affected by the metro line four operation. The characteristics of ground vibration caused by the train operation under different working conditions were investigated, and the attenuation curve of ground vibration level with the increase of distance from bridge pier was analyzed by parameterization. Some main conclusions were obtained as follows:
1) When the subway runs at a speed of 80 km/h through the drum tower, the maximum horizontal and vertical vibration speeds at the basement are 0.045 and 0.47 mm/s, respectively. The maximum horizontal and vertical vibration speeds of the Drum Tower are 0.011 and 0.236 mm/s, respectively.
2) From the bottom of the basement to the roof of the Drum Tower, the horizontal vibration increases gradually but decreases at the truss roof. The vertical vibration decreases, and the decrease from the bottom to the top of the basement is relatively greater.
3) With the increase of vehicle speed, the amplitude of horizontal and vertical vibration increases gradually from the bottom of the basement to the roof of the Drum Tower, but the amplitude of horizontal vibration is relatively small. When the train is running on double track, the vertical vibration amplitude is significantly higher than that on single track, but the horizontal vibration amplitude changes little.
4) According to the numerical calculation results, the vertical vibration of the historical structure caused by train operation is much greater than the horizontal vibration. However, the current code demands the limiting requirements at the horizonal vibration, neglecting the vertical vibration.
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The technology of pile wall combination in a deep foundation pit is a kind of technology to resist soil and water pressure by using the great stiffness of the retaining pile and basement wall. As a part of basement wall, the retaining pile can reduce the thickness of the basement wall. However, the influence of excavation deformation and the interaction mechanism between the retaining pile and basement wall are ignored in the current design theory of the pile wall combination in a deep foundation pit. Therefore, we proposed a composite structure model of an elastic subgrade beam associated with a continuous beam, and introduced an elastic spring to simulate the interaction between the pile and basement wall. The finite difference equation and calculation method were established to figure out the internal force and displacement of the pile wall combination structure, which was able to accurately calculate the internal force and deformation of the retaining pile during the excavation stage. Based on the above results, further investigation was carried on the interaction between the pile and basement wall during the construction and normal service stage of the basement structure. It was concluded that the basement wall could reduce the lateral displacement on the top of the retaining pile caused by removal of the strut and affect the bending moment of the upper part of the retaining pile among the depth of the basement wall. The bending moment of the basement wall was closely related to the deformation of the retaining pile and changes with the working condition. In addition, the results of factor sensitivity analysis showed that the pile-wall relative stiffness ratio, stiffness of the horizontal beam, and slab of the basement had a significant influence on the interaction between the pile and basement wall.
Keywords: deep foundation pit, pile wall combination, finite difference, lateral displacement, interaction
INTRODUCTION
With the pace of urbanization accelerating and the scale of underground space development getting larger and larger, lots of deep foundation pit projects have been initiated, and the design and construction requirements of retaining the structure for deep excavation are getting higher and higher. Most of the retaining structures of foundation pits are regarded as temporary components, which will be abandoned in the soil after the completion of underground structure construction, resulting in a large amount of resources waste. In the soft soil area with high phreatic level and high protection demand of the surrounding environment, large-diameter bored piles with greater horizontal stiffness are often used as the main temporary retaining structure in deep foundation pit engineering with more than two floors. If the basement wall of the underground structure can be combined with the retaining pile to form the permanent component of the basement, then, the thickness of the basement wall will be greatly reduced because the bending strength of the retaining pile is fully utilized, and a lot of building materials and energy will be saved. The pile wall combination structure was first adopted in the foundation pit of the Headquarters Building in Chiyoda District, Tokyo, Japan, and subsequently applied in projects such as Bellconnon in London, Seoul in South Korea, Singapore Maritime Museum, and the Taipei 101 building (Mirza, 1996). The technology pile wall combination structure worked effectively in those above projects. Xia et al. (2004) put forward the technical concept of “one pile three uses” firstly in civil construction engineering in China. In recent years, with the accumulation and improvement of the practice level of deep foundation pit design and construction, the new design concept of “pile wall combination” has been recommended in the new Shanghai version of “Technical Standards for Foundation Pit Engineering” (Technical Code for Excavation Engineering (DG/TJ08-61-2018), 2018). Its aim is to provide some fundamental basis for the practice of deep foundation pit engineering.
However, there are only a few cases of deep foundation pits using the technology of pile wall combination in China, and this technology is often passively adopted when there is insufficient construction space for the structure within the red line of land. The technology of pile wall combination has not been widely adopted in practice engineering, mainly due to the following reasons: 1) The internal force distribution law between the pile wall combination structure needs to be further discussed. The current design standard suggests that the pile and basement wall bear together the static earth pressure according to the relative bending stiffness of the pile wall combination structure when they both bear the water pressure separately. However, the influence of different factors is not considered from the mechanism of the interaction between the pile wall combination structure; 2) for the same retaining structure of the foundation pit, different construction schemes, geological conditions, and other factors will lead to different deformation behaviors of retaining piles induced by deep excavation (Li et al., 2007; Xu et al., 2009; Liao et al., 2015). The bearing capacity of deformed bored piles will be weakened. But the current design ignores the influence of deformation behavior on the mechanical property of the pile wall combination structure; and 3) after the implementation of the pile wall combination structure technical plan, a large amount of post field monitoring data are needed as further support. The monitoring data derived from only a few cases of pile wall combination structure projects are relatively limited (Hu et al., 2015), and the monitoring lasting time is very short, which is not enough to reflect the performance status of the pile wall combination structure in the permanent service stage.
This article mainly focuses on the pile wall combination structure of deep foundation pits in soft soil areas. Considering the influence of deformation of the retaining piles during the entire excavation process of the foundation pit, the finite difference calculation method is adopted to establish the theoretical calculation model equations for the pile wall combination structure. The model is used to analysis the mechanism of the interaction between the retaining piles and basement wall and explore the deformation development and internal force distribution between the basement wall and retaining piles. The new method not only improves the design theory of the pile wall combination structure under the condition of a high phreatic level in soft soil areas, but also provides support for solving the key technical problems of the pile wall combination structure in deep foundation pit projects, so as to further improve the design and construction ability of China’s deep foundation pit engineering.
DESIGN METHOD OF PILE WALL COMBINATION STRUCTURE
Design Method of Supporting Structure
For retaining pile structures, the current calculation design methods include the equivalent beam method, continuous beam method, and elastic resistance method, etc (Gao, 1995), among which the elastic subgrade beam method is the most popular, and the specific calculation method can be divided into two types: the total amount method and the incremental method (Yang, 2004), as shown in Figure 1. When the total amount method is adopted, the water pressure and earth pressure outside the pit under each working condition are applied to the retaining structure at the same time, and the internal struts are also working at the same time. The actual internal force and deformation of the structure under the corresponding working condition can be calculated. However, the incremental method can consider the initial deformation of the retaining structure before the installation of internal struts. The actual situation is that the retaining structure has accumulated a certain displacement before the struts work. It has been proved by practice that the internal force and deformation of the retaining structure is closely related to the initial displacement during the installation of struts. Therefore, the incremental calculation method can better reflect the true working behavior of the supporting structure.
[image: Figure 1]FIGURE 1 | Calculation diagram of the retaining structure section. (A) The incremental method diagram. (B) The total amount method diagram.
Feng et al. (2009) employed the iterative incremental method to study the stress behavior of the underground diaphragm wall by the finite element method of elastic subgrade beams; Liu and Chen (2018a), Liu and Zhang (2018b) improved the load increments of retaining structure under different construction conditions on the basis of traditional incremental method. Later, they proposed an incremental calculation model based on the p-y curve that can consider the initial displacement of the retaining wall, and obtained results that are very consistent with the field monitoring results. The above achievements are all studies on the internal force and deformation of the braced retaining structure during deep excavation. However, the stage of the combination of the retaining pile and basement exterior wall after completion of the basement exterior wall construction is not involved, and the problem of interaction between the pile and wall is still unsolved. Wang and Shen (2012) proposed that the pile wall combination structure can be designed through multiple working conditions such as the foundation pit excavation stage, normal service stage, and anti-seismic stage. They pointed out that the analysis method of retaining piles in the excavation stage is the same as the conventional method used in deep excavation. In the service stage, the retaining pile can be taken as a multi-span continuous beam. The water pressure imposes on the retaining pile along with the static earth pressure outside the pit, and the load applied on the basement wall includes the water pressure and the static earth pressure which is distributed according to the bending strength ratio of the pile wall combination structure. Although this method is very suitable for engineers to master, it does not consider the unfavorable factor of deformation. The interaction between the pile and basement wall under various working conditions lacks further analysis, and the law of internal force and deformation of the pile wall combination structure is still unclear.
In view of the above shortcomings, under the premise of the incremental method based on the elastic subgrade beam model, the finite difference equations and methods for calculating the lateral displacement, internal force, and deformation of the retaining pile and basement wall are established. The influence of factors such as the pile wall stiffness ratio, the load level, and the horizontal stiffness of the basement floor on the interaction between the pile and basement wall are considered. In this method, the pattern of incremental load and incremental displacement is used to calculate the deformation of the retaining structure induced by the excavation stage, considering the interaction of the pile wall combination structure during the construction of the basement.
Simplified Model of Foundation Pit Construction
A simplified calculation model for the whole process of foundation pit construction considering the pile wall combination structure is shown in Figure 2. Different from conventional braced pile retaining construction, the pile wall combination structure means that the basement retaining piles and basement wall form into a composite structure which can bear the water and earth pressure outside the pit through the horizontal beam and slab of basement together during the construction and service stage. Therefore, the contribution of the retaining piles and basement wall should be considered at the same time when in the strut removal stage and service stage, along with the pile deformation induced by deep excavation.
[image: Figure 2]FIGURE 2 | Calculation diagram of the whole construction process of the foundation pit ① Working stage 1 ② Working stage 2 ③ Working stage 3. (A) Excavation stage of the foundation pit ④ Working stage 4 ⑤ Working stage 5 ⑥ Working stage 6. (B) Construction and service stage of the basement exterior wall.
When the incremental method is applied for calculation, the load increases from the previous working stage to the current working stage. It includes the increment of water and earth pressure outside the pit (①, ②1, ③1, ⑥1), the horizontal earth resistance by excavation inside the pit (②2, ③2), the resistance released by the reduction of the horizontal earth resistance coefficient of the soil below the excavation surface (②3, ③3), and the axial force for strut by removal (④1, ⑤1).
The increase in magnitude of water and earth pressure outside the pit is that of the difference behind the retaining pile outside the pit between the previous working stage and the current working stage. It needs to be noted that during the service stage of the basement, ⑥1 means the difference between the static earth pressure and the active earth pressure outside the pit.
In working stage 3, the load increment released by the excavation of soil is the product of the horizontal resistance coefficient of the excavated soil and the cumulative horizontal displacement of the retaining pile in working condition 2. According to the design code, the horizontal resistance coefficient [image: image] of soil inside the foundation pit can be calculated by the following formula.
[image: image]
Where m is the proportional coefficient of the horizontal earth resistance coefficient increasing with depth (kN/m4); z is the depth of the calculation point from the ground (m); and hi is the excavation depth of the foundation pit under the calculation stage (m).
For the increment ∆Fs released by the decrease of the horizontal earth resistance coefficient below the excavation surface, it can be calculated as follows:
[image: image]
Where ks,i-1 and ks,i are the horizontal earth resistance coefficient of the soil below the excavation surface under the previous working stage and the calculated working stage (kN/m3); and w is the cumulative horizontal displacement of soil under the previous working condition (m).
In addition, during the strut removal and basement construction stage, the axial load Nzc,i released due to strut removal can be calculated as follows:
[image: image]
Where kzc,i is the stiffness of support (kN/m/m).
Theory of the Internal Force and Deformation of Pile Wall Combination Structure
The elastic spring is introduced to simulate the interaction between the piles and the basement wall during the construction and permanent service of the basement (as shown in Figure 3). Therefore, the deflection equations of the retaining piles based on the vertically placed elastic subgrade beam model are shown in Eqs. 4, 5, respectively.
[image: Figure 3]FIGURE 3 | Discrete analysis of the pile wall combination structure.
Foundation pit excavation stage:
[image: image]
Basement construction and service stage:
[image: image]
Where E is the elastic modulus of retaining piles (kPa); I is the moment of inertia of the retaining pile section (m4); kB,i is the stiffness of the foundation slab or floor (kN/m/m); kw is the interaction stiffness of the elastic spring between the piles and basement wall, which is defined by the thickness of the plain concrete in the gap between the retaining pile and basement exterior wall with the equation [image: image]; b0 is the calculative width of earth pressure untaken by a single pile (m); and P is the earth pressure behind the pile (kPa).
In order to simplify the calculation, the above fourth-order differential equations are solved by the finite difference method. The retaining piles are discretely divided into n+5 elements (two virtual node elements at the top and bottom of the pile), and the basement wall is discretely divided into i+1 node elements, each of which has a length of h. Only the stiffness of the retaining pile is considered during the excavation stage when the combined stiffness of the pile and wall is considered comprehensively during the construction stage of the basement. According to the finite difference principle, the differential terms in Eqs. 4, 5 can be transformed into the following equations:
[image: image]
It is assumed that the bending moment M and the shear force Q at the end of the retaining pile are both zero:
[image: image]
Using the finite difference method, the second and third differential terms of the above formula can be expressed as:
[image: image]
Combining Eqs. 7, 8, the horizontal displacement of virtual element nodes is obtained as follows:
[image: image]
Thus, Eqs. 4, 5 can be written in matrix form:
[image: image]
[image: image]
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Where [K] is the displacement stiffness matrix of the retaining pile; [KZC] is the displacement stiffness matrix of the strut; [KB] is the displacement stiffness matrix of the beam and slab of basement floor which replaced the strut; [Ks] is the displacement stiffness matrix of foundation soil; [Kw] is the displacement stiffness matrix between the pile and wall; [P] is the column vector of the load increment; and [w] is the displacement column vector of the pile wall combination structure. After substituting the node displacement of the virtual element, each stiffness matrix is expressed as follows:
[image: image]
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Where [KZC], [KB], [Ks], and [Kw] should be determined according to the actual construction stage of the foundation pit. Eqs. 10, 11 can be further simplified as follows:
[image: image]
[image: image]
Where [K]−1 is the inverse matrix of [K]. After obtaining the displacement vector [w] of the retaining structure, the bending moment [M] of the retaining pile can be obtained according to Eqs. 21–23.
[image: image]
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Where KM is the matrix coefficient of the bending moment, as shown in the following formula:
[image: image]
According to formula Eqs. 25, 26, in the construction and service stage of the basement, the squeezing load [N] on the basement exterior wall can be calculated, and finally the internal force of the basement wall can be calculated according to the multi-span continuous beam method.
[image: image]
[image: image]
After the establishment of related matrix equations, a computational program edited by MATLAB Language is apply to solve the equations, and it is proved that it is very efficient. Based on the principle of finite difference, the design theory of the pile wall combination structure for deep excavation proposed in this section is not only suitable for a conventional temporary retaining structure, but also for deep foundation pit projects using the technology of pile wall combination for more than two floors underground.
CASE VERIFICATION
Case Overview
The Shanghai Changxing Science and Technology Plant Project is located in Caohejing Development Zone, Xuhui District, Shanghai. The excavation area of the foundation pit is about 10,000 m2, and the circumference of the retaining structure is 400 m around. There are two floors underground and the excavation depth is about 10.5 m. The physical and mechanical properties of soil are shown in Table 1. The foundation pit adopts a Φ950@1,100 bored pile and two layers of reinforced concrete horizontal struts with a Φ850@600 three-axis cement mixing pile used for the waterproof curtain. Two layer struts are located respectively at an elevation of −1.50 m and −6.50 m. The typical profile of the retaining structure is shown in Figure 4.
TABLE 1 | Physical and mechanical parameters of soils.
[image: Table 1][image: Figure 4]FIGURE 4 | Typical profile of the retaining structure.
The basement wall’s thickness is 500 mm. Although the pile wall combination structure design is not adopted in this project, the deformation of field monitoring data of the foundation pit can verify the rationality of calculation results from the finite difference method proposed. At the same time, it is supplemented by the analysis results of the finite element software for further comparison.
Analysis of Lateral Displacement of Retaining Structure
Excavation Stage
Figure 5 shows the comparison results of the lateral displacement of retaining piles using the finite element method, finite difference method, and field monitoring during the excavation stage. It can be seen from Figure 5 that Eq. 1 in working stage 2, the maximum lateral displacement of retaining piles calculated by the finite element method and finite difference method are all about 14 mm which is very consistent with that from the field monitoring result. The deformation curves are all in parabolic shape, but the depth positions of the maximum lateral displacement are a little different. The depth of the maximum lateral displacement from field monitoring is about 9.5 m, which is 2 m deeper than that from calculation. The difference between the finite element and finite difference calculation results is within 1 mm; 2) in working stage 3, the maximum lateral displacement difference of each field monitoring point is between 29 and 34 mm while the maximum lateral displacements calculated by the finite element method and finite difference method are about 27 mm, and the monitored maximum lateral displacement depth is relatively 3 m lower. However, the results of the finite element method and finite difference method are still highly consistent. It can be seen that the finite difference method can reflect the deformation behavior of the retaining pile very well during the excavation of the foundation pit.
[image: Figure 5]FIGURE 5 | Lateral displacement of retaining piles during the foundation pit excavation. (A) Working stage 2 (Excavating the second layer of soil and installing the first layer of the strut). (B) Working stage 3 (Excavating the second layer of soil and installing the second layer of the strut).
Basement Construction Stage
Figure 6A shows the comparison of the field monitoring and theoretical calculation results of lateral displacement of the retaining pile under working stage 4. Whether it is the field monitoring or calculation result, the removal of the second layer strut after the construction of the foundation slab has a very small impact on the deformation of the retaining piles. The main reason is that the environmental protection requirements around the foundation pit are relatively high, and the selected retaining piles have strong stiffness, so the secondary deformation caused by removing a strut is very small which does not exceed 10% of the deformation generated during the excavation stage (Wu et al., 2018). In addition, the deformation characteristics of the retaining pile are basically the same as the situation under working stage 3. At the same time, the calculation results of the finite element method and finite difference method are also highly consistent. This fully proves again that the proposed finite difference method is suitable for the deformation analysis of retaining piles caused by the excavation of the foundation pit. Therefore, although the above engineering project did not adopt the pile wall combination structure technology, this article continued to adopt the finite difference method to further analyze the interaction between the bored pile and basement wall based on the comparison of the above-mentioned foundation pit excavation stage data.
[image: Figure 6]FIGURE 6 | Lateral displacement of retaining piles during construction of the basement. (A) Working stage 4 (Constructing the bottom floor and removing the second layer of the strut). (B) Working stage 5 (Constructing the B1 floor and removing the first layer of the strut).
Figure 6B shows the comparison of the finite difference calculation results of the lateral displacement of retaining piles when the pile-wall integration technology is adopted or not under working stage 5. After the construction of the B2 basement exterior wall and B1 beam and slab is completed, the wall and retaining pile combines and becomes a composite structure which has stronger stiffness to resist the horizontal load outside the pit. And when the first layer strut is removed, the induced lateral displacement of the cantilever section of the retaining pile is smaller due to the pile wall combination structure technology. The lateral displacement on the top of the retaining pile decreases to 19 mm, while it is 23 mm without the pile wall combination structure technology. Therefore, the pile wall combination structure technology can take advantage of the lateral stiffness of the basement exterior wall to reduce the lateral displacement on the top of the retaining pile caused by the removal of a strut, and then control the impact on the buildings outside the pit.
Internal Force Analysis of Pile Wall Combination Structure
Excavation Stage
Figure 7 shows the comparative results of the internal force of retaining piles using different calculation methods during the excavation stage of the foundation pit. In the excavation stage, before the resistance effect of the basement exterior wall has worked yet, the distribution law of the retaining pile internal force obtained by the two calculation methods is almost the same, and the maximum magnitude of calculated positive and negative bending moments is very close. This further shows that the results calculated by the finite difference method and commercial finite element software are also very consistent before the construction stage without considering the effect of the pile wall combination structure. Therefore, the finite difference calculation method proposed in this article can accurately and reasonably analyze the effect of the pile wall combination structure in the subsequent construction and service stages.
[image: Figure 7]FIGURE 7 | Bending moment of the retaining pile during different excavation stages.
Basement Construction Stage and Service Stage
Figure 8A shows the bending moment distribution of the pile wall combination structure under the construction stage of the basement, where Mp is the bending moment of retaining pile, and Mw is the bending moment of basement wall. In order to better study the internal force characteristics of the pile wall combination structure, the bending moment Mp’ of the conventional foundation pit without the pile wall combination structure technology under this working stage is compared with the finite element method. It can be seen from the figure that when the construction of the B1 beam and slab is completed and the first layer strut is removed, the basement exterior wall is squeezed by the retaining piles and a bending moment will be produced. Therefore, compared with the Mp’ of the temporary retaining pile, the Mp of the retaining pile with the pile wall combination structure becomes slightly smaller when the depth is above 7.5 m, and the Mp is basically the same when the depth is below 7.5 m. The bottom of the basement wall is restricted by the foundation slab and a negative bending moment will appear. The other parts of the basement wall will have positive bending moments. In addition, the calculation results show that after the strut is removed, the upper part of the basement wall and the retaining pile are squeezed against each other, while the lower part of the basement wall and the retaining pile are separated from each other. So the basement wall has almost no effect on the internal force of the lower part of the retaining pile. However, according to the entire construction process, the internal force control section of the retaining pile is located below the excavation surface, and the basement wall almost has no effect on the maximum internal force of the retaining pile section.
[image: Figure 8]FIGURE 8 | Bending moment of the pile wall combination structure during construction and service stage of the basement. (A) Working stage 5 (Constructing the B1 floor and removing the first layer of the strut). (B) Working stage 6 (Service stage).
Figure 8B shows the bending moment distribution of the pile wall combination structure during the normal service stage. Since the active earth pressure outside the pit is converted into static earth pressure, the negative bending moment of retaining piles at depths above the B1 floor decreases and the positive bending moment appears. The bending moment distribution of retaining piles at depths below the B1 floor does not change much. Due to the support of the B1 floor, the basement wall is taken as a continuous beam.
In order to further study the interaction between piles and walls, the bending moment of the retaining pile and basement exterior wall under working stages 5 and 6 are selected for comparative analysis, as shown in Figure 9. It can be seen from Figure 9A that for the internal force of retaining piles, with the increase of earth pressure outside the pit, the retaining piles at the mid-span part from the B1 floor to the B0 floor change from the negative bending moment to the positive bending moment, and the maximum magnitude is 20 kN m. The negative bending moment at the support of the B1 floor has been increased from -203 kN m to -218 kN m. Ranging from the depth of the B1 floor to −7.0 m, the negative bending moment of the retaining pile increases, while the positive bending moment decreases a little. The deeper the depth, the less the amplitude of the bending moment changes. The bending moment of the retaining pile below the depth of −7.0 m does not change much. It can be seen from Figure 9B that for the internal force of the basement exterior wall, the negative bending moment of the wall in the depth range from B2 floor to B1 floor decreases. The positive bending moment first decreases and then increases with the depth, and the negative bending moment decreases with the depth. The maximum positive bending moments between two working stages are 150 kN m and 145 kN m, respectively and the maximum negative bending moments are -100 kN m and −91 kN m, respectively. For the bending moment of the wall in the depth range from the B0 floor to B1 floor, the maximum positive bending moment is 35 kN m, and the maximum negative bending moment is −44 kN m.
[image: Figure 9]FIGURE 9 | Bending moment of the pile wall combination structure under different stages. (A) Bending moment of the retaining pile. (B) Bending moment of the wall.
In summary, in the construction and service stage, the wall of the pile wall combination structure has an impact on the internal force of the retaining pile within the range of the existing wall, but has little impact on the internal force of the retaining pile below the bottom of the wall. The maximum internal force section of the retaining pile is often below the bottom of the pit, so the internal force of the retaining pile of the pile wall combination structure can be designed according to the conventional excavation stage. The internal force of the basement exterior wall changes with the different working stages. Thus, the design of the wall should consider the different working stage and the deformation of the retaining pile induced by excavation.
SENSITIVITY FACTORS ANALYSIS ON THE INTERACTION OF PILE WALL COMBINATION STRUCTURE
In order to further analyze the pile wall combination structure interaction mechanism, the stiffness ratio of the pile wall combination structure and the stiffness of the horizontal beam and slab of the basement under the service stage of the basement are selected for sensitivity analysis, and the finite difference calculation method of the pile wall combination structure is adopted.
Influence of the Stiffness Ratio of Pile Wall Combination Structure
According to the conventional design, the thickness of a two-story basement wall in Shanghai usually ranges from 400 to 600 mm, so the wall thickness is selected as 400 mm, 500 mm, and 600 mm, respectively to study the interaction of the pile wall combination structure under the different conditions of stiffness ratio. Figure 10 shows the bending moment distribution of the pile wall combination structure under different stiffness ratios.
[image: Figure 10]FIGURE 10 | Bending moment of the pile wall combination structure with different pile wall stiffness ratios. (A) Bending moment of the retaining pile. (B) Bending moment of the wall.
As displayed in Figure 10A, for the bending moment of the retaining pile, the change in the thickness of the wall has a very small effect on the bending moment of the retaining pile between the B1 floor and B2 floor. The thicker the wall, the greater the negative bending moment of part of the piles. It has almost no effect on the bending moment of the retaining pile below the excavation surface. From Figure 10B, it shows that for the bending moment of the wall, the thickness of the wall has a great influence on the bending moment of the pile. As the thickness of the wall increases, the positive bending moment of the wall in the middle span between basement floors increases, and the negative bending moment at the floor bearing also increases. The main reason is that from the construction stage to the service stage, due to the increase of earth pressure, the lateral displacement of the pile wall combination structure is very small, thus the impact on the bending moment of the retaining pile is correspondingly small, and the basement wall has a large change in stiffness due to the increase of wall thickness, so the bending moment of the wall has a significant change.
Influence of Horizontal Beam and Slab Stiffness
According to the conventional design, the thickness of the foundation slab in a two-story basement in Shanghai is usually between 600 and 800 mm, and the thickness of the floor slab is between 120 and 250 mm. Regardless of beams, pillars, and piles in the basement, the stiffness ratio between the floor and the foundation slab is between 0.15 and 0.4. Therefore, it is assumed that the stiffness of the foundation slab is a fixed value, and the stiffness ratio is selected as 0.15, 0.25, and 0.35 to study the internal force distribution law between the retaining pile and wall under the condition of different floor slab stiffness. Figure 11 shows the bending moment distribution of the pile wall combination structure under different floor slab stiffness conditions.
[image: Figure 11]FIGURE 11 | Bending moment of the pile wall combination structure with different stiffnesses of the horizontal beam and slab. (A) Bending moment of the retaining pile. (B) Bending moment of the wall.
It can be seen from Figure 11A that for the bending moment of the retaining pile, the stiffness change of the horizontal floor slab has a significant effect on the bending moment of the retaining pile between the B1 floor and the B2 floor. The variation of the bending moment of the pile in this part becomes larger with the stronger stiffness of the floor slab. The bending moment of the pile in this part is all negative at the beginning, and then it develops into a positive bending moment in the middle of the span, but the maximum magnitude of the negative bending moment at the floor bearing is almost unchanged. In addition, it has little effect on the bending moment of the pile below the excavation surface. It can be seen from Figure 11B that the change in the stiffness of the floor slab has a greater impact on the bending moment of the wall. This is mainly because the lateral displacement of the retaining pile decreases after the increasing of floor slab stiffness, and the squeezing effect on the basement wall is also reduced, so the internal force of the wall is correspondingly reduced.
CONCLUSION
Based on the elastic subgrade beam model, a finite difference calculation method for a deep foundation pit using the pile wall combination structure considering the excavation deformation was proposed. The main conclusions are as follows:
1) In the excavation stage of the deep foundation pit, the simplified analytical algorithm proposed for the internal force and deformation of the retaining pile is in good agreement with the field monitoring and commercial finite element analysis results, indicating that the finite difference calculation method suggested can accurately calculate the internal force and deformation of the retaining pile during the excavation stage.
2) During the construction and service stage of the basement, a composite structure model of the elastic subgrade beam and continuous beam was proposed. For simulating the interaction between the retaining pile and wall, the elastic spring element was introduced. The calculation results show that the basement exterior wall can reduce the lateral displacement of the top of the retaining pile caused by the dismantling of the strut. And the wall has an impact on the internal force of the upper pile of the retaining pile within the range of the existing wall, but has little impact on the internal force of the retaining pile below the wall.
3) Whether in the excavation stage or the service stage, the maximum internal force section of the retaining pile is often below the bottom of the pit, so the internal force of the retaining pile with the pile wall combination structure can be determined according to the conventional excavation stage. The internal force of the basement exterior wall changes with the working stages, so the design of the wall should be closely considered with the working stages along with the deformation of the retaining pile.
4) Sensitivity factors analysis on the interaction of the pile wall combination structure shows that the increase in the thickness of the basement wall has little effect on the bending moment of the retaining piles, but the bending moment of the basement wall changes significantly. When the stiffness of the basement floor slab increases, the bending moment of the retaining pile above the excavation surface changes significantly, and the internal force of the wall decreases accordingly.
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The blind and random use of the combined construction method may have a great impact on tunnel stability. To determine the influence of construction method conversion on tunnel deformation and the reasonable conversion condition, a numerical model is established to simulate the construction method transforms from central diaphragm method to the benching tunneling method based on Jiaoweiqin Tunnel. The conversion condition is determined based on the results of tunnel geological prediction and in-site monitoring, and the temporary two-bench tunneling method is adopted to ensure the success of construction method conversion. Besides, the parameter analysis is done to analyze the influence of mechanical properties of surrounding rock mass and bench length on tunnel stability. Research results indicate that the construction safety should be evaluated before construction method conversion is carried out by analyzing the design blueprint, tunnel geological prediction results, geological survey reports, rock mass conditions in front of tunnel face, in-site monitoring data, and numerical simulation results. Meanwhile, the construction method conversion can be carried out in the order of central diaphragm method, two-bench tunneling method, and bench tunneling method. Parameter analysis results reveal that the deformation of primary support decreases in a negative exponential form with the increase in elasticity modulus and increases approximately linearly with the increase in bench length. For shallow buried and large cross-section tunnels, the tunnel deformation is in a small state when the elastic modulus of rock mass reaches a certain value. The construction method conversion can be carried out when the rock mass has a certain stability, and the length of construction method conversion should be small to ensure construction safety.
Keywords: highway tunnel, stability, construction method conversion, parameter analysis, conversion condition
INTRODUCTION
Stability is one of most important things in the construction of tunnels and other underground projects (Bian et al., 2017; Wang et al., 2021; Zhao et al., 2021). Affected by the complex geological conditions, the stability of surrounding rock mass may be different at different areas. To ensure tunnel stability and reduce cost, suitable excavation methods should be introduced according to the geological conditions. For example, construction methods such as the full-face excavation method and bench tunneling method can be used when the surrounding rock mass has a certain self-stability (Liang et al., 2013; Cao C. et al., 2018; Zhang et al., 2021). For the tunnel adopting the bench tunneling method, the upper section is excavated first. Once it is excavated at a certain length, the excavation of the lower section begins. This method increases the working benches, and the interference between them is small. The construction progress is fast, and it can be adopted for large-scale mechanized operation. The central diaphragm (CD) method, cross diaphragm (CRD) method, and other methods can be adopted in the case of weak surrounding rock mass (Wang et al., 2019; Chen et al., 2020). When introducing the CD or CRD method, one side of a tunnel is excavated first, then a diaphragm is constructed, and finally, the other side is excavated. The construction progress is slow because there are many construction procedures, and it is not conducive to mechanized operation.
During tunnel excavation, different construction methods will cause significant differences in the relaxation area of the surrounding rock mass and further induce the difference in the force state and deformation of the primary support. In the transition section of different construction methods, the surrounding rock mass is disturbed frequently, and the stress state in the primary support force is complicated. Improper construction schemes are likely to cause tunnel instability, which has an adverse effect on the construction. For shallow buried and large cross-section tunnels, the risk of tunnel instability during the construction method transformation cannot be ignored.
A reasonable construction scheme can effectively reduce the disturbance caused by the construction method conversion. The scheme can also reduce the construction difficulty, accelerate construction progress, and save construction costs (Cao L. et al., 2018). With the development of technology, qualitative methods are adopted to reflect the relationship between the tunnel excavation method and the geological conditions. However, there is still a lack of specific and checkable scheme for construction method conversion. Due to the complex geological conditions, some engineering accidents are likely to occur and cause huge economic losses, indicating that the choice of construction method cannot purely rely on experience.
To make up for the shortcomings of the existing research, a numerical model is established to analyze the impact of construction method conversion on the tunnel deformation based on Jiaoweiqin Tunnel. A relevant construction scheme is also proposed. The results show that the proposed scheme can ensure the success of construction method conversion. Finally, the multi-parameter analysis is done to provide reference for the construction of similar projects in the future.
PROJECT OVERVIEW
Jiaoweiqin Tunnel is located in Liyang City, Jiangsu province, China. This tunnel is a large-section and medium-length tunnel, which is about 630 m in length, 12.98 m in width, and 10.33 m in height. The maximum burial depth is about 62 m. The tunnel crosses the West Holy Mountain in the form of double separated lines. The start and end mileage of the left line is ZK0+550−ZK1+180, and that of the other line is YK0+555−YK1+180. There are mainly two construction methods, which are the CD method and the bench tunneling method. The plane layout of the tunnel and the support system are shown in Figure 1 and Figure 2, respectively.
[image: Figure 1]FIGURE 1 | Plane layout of Jiaoweiqin Tunnel, Liyang, Jiangsu province, China.
[image: Figure 2]FIGURE 2 | Support system (unit: m).
Engineering Geology and Hydrogeology
The superficial part of West Holy Mountain is mainly artificial fill, clay, and silty clay mixed with gravel, and the underlying rock mass mainly includes andesite, siliceous shale, and limestone. There are several fault zones near the tunnel site, including the active faults in the Late Quaternary Period. Affected by the obvious geotectonic movement, the surrounding rock mass have many joints and structural planes, and the rock mass is in the range of fully weathered to medium weathered state. The core sample of the rock mass is in the shape of short columns and fragments, showing that the rock mass is full of joints and fissures. The basic quality grade is Grade V according to the Standard for Engineering Classification of Rock Mass (GB/T50218-2014, 2014).
The rainfall around the tunnel site is abundant because it is in the subtropical monsoon climate zone. The surface water is dominated by rainy season torrents, and the water volume varies greatly due to seasonal effects. The groundwater includes phreatic water, bedrock fissure water, and karst water. It mainly receives the infiltration replenishment of atmospheric precipitation and the lateral replenishment of surface water and is discharged in the form of vertical evaporation and runoff. According to the survey results, the burial depth of water is in the range of 0.25–7.60 m. Owing to the broken rock mass, there are many cracks and karst. Besides, the bedrock has good water permeability and poor water content.
Difficulty of Construction Method Conversion
Jiaoweiqin Tunnel adopts the CD method in the entrance section and needs to transform into the bench tunneling method after a certain length of excavation. However, the conversion condition is unclear. Affected by factors such as low strength of surrounding rock mass, shallow burial depth, and large cross-section, it is likely to cause tunnel instability if the construction method conversion is premature or the construction scheme is improper. On the contrary, if the construction method conversion is carried out at a later stage, it will have a greater impact on the project progress and cost.
TUNNEL DEFORMATION DURING CONSTRUCTION METHOD CONVERSION
Numerical Model
To provide reasonable guidance for the tunnel construction, FLAC3D is used to establish a numerical simulation model to analyze the deformation of primary support during the construction method conversion. This software is a three-dimensional finite difference program and has been widely used in the field of geotechnical engineering. The FLAC3D can simulate the mechanical characteristics of soil, rock, and support system (Do et al., 2014; Kabwe et al., 2020a; Kabwe et al., 2020b).
As shown in Figure 3, the stratum size is 100 m × 70 m × 73 m to eliminate the influence of boundary conditions on the calculation results, and the tunnel depth is set as 12.5 m considering that the tunnel is in the shallow buried state when the construction method conversion is carried out. For the same reason, the stress field only considers the self-weight of soil, and the tectonic stress field is ignored. In the model, the upper surface of the stratum is free; other surfaces are restrained by normal displacement. According to the construction scheme, the CD method is used first to simulate the tunnel excavation, and the bench tunneling method is adopted in the following excavation. To ensure construction safety, the conversion is composed of two stages: (1) the two-bench tunneling method and (2) the bench tunneling method. As shown in Figure 4, the numbers represent the order of excavation, and the length of each bench is 6 m.
[image: Figure 3]FIGURE 3 | Numerical model.
[image: Figure 4]FIGURE 4 | Schematic diagram of construction method conversion [(A) excavation by CD method, (B) excavation by bench tunnelling method].
In the numerical model, the stratum and primary support are connected by node coupling. To simulate tunnel excavation, the elements at the excavation area are given the null attribute. Then, the elements at the primary support area are assigned the attribute of primary support to simulate the its installation. During tunnel excavation, the surrounding rock mass will loosen and fail due to unloading and construction disturbance. The plastic state of surrounding rock mass is considered in the numerical model and simulated by the Mohr–Coulomb yield criterion. The support system is described by elastic materials. According to the geological survey data and code for design of concrete structures (GB50010-2010, 2010), the calculation parameters of the model are determined, as shown in Table 1.
TABLE 1 | Calculation parameters.
[image: Table 1]Deformation of Primary Support
Figure 5 shows the deformation of primary support when the construction method conversion completed. During construction method conversion, both the vault settlement and horizontal convergence are about 10.8 mm. The small deformation of primary support indicates that the tunnel is stable, and the construction method conversion can be carried out safely. In addition, there is hysteresis in the deformation of the primary support, i.e., the maximum deformation of primary support lags the tunnel face. This is also reported by other literature (Zhao et al., 2020). It can be found that the deformation of primary support reaches the maximum at the position about 6 m behind the tunnel face.
[image: Figure 5]FIGURE 5 | Deformation of primary support [(A) nephogram of primary support displacement, (B) displacement evolution with the distance away from the starting position of construction method conversion].
CONSTRUCTION SCHEME AND EFFECTS
Construction Concept
Based on the above analysis, the construction method conversion of Jiaoweiqin Tunnel can be safely carried out when the surrounding rock is stable and the bench length is 6 m, while how to determine the stability of the surrounding rock mass is an important problem during construction. It can be analyzed according to the design blueprint, tunnel geological prediction, geological survey reports, and rock mass conditions in front of the tunnel face. In addition, construction safety can be evaluated through monitoring data and numerical simulation results. Another thing that needs to be analyzed is the deformation evolution characteristics of the tunnel before and during the construction method conversion. Then, the excavation parameters can be determined. Finally, the construction method conversion can be carried out in the order of the CD method, namely, two-bench tunneling method and bench tunneling method. Figure 6 shows the flow chart for construction method conversion.
[image: Figure 6]FIGURE 6 | Flow chart for construction method conversion.
Construction Method Conversion Condition
When the first part in Figure 4A is excavated to ZK0+697.4, the burial depth of the tunnel is about 11 m. The surrounding rock mass at the tunnel face is andesite. It is in moderate weathering degree and has good integrity, as shown in Figure 7. At the same time, the second, third, and fourth parts in Figure 4A are excavated at ZK0+693, ZK0+682, and ZK0+678 respectively.
[image: Figure 7]FIGURE 7 | Rock mass at the tunnel face.
To further determine the condition of the surrounding rock mass in front of tunnel face, the thickness of overlying rock mass was judged by drilling holes, and the results showed that it is not <5 m. In addition, the geological prediction results reveal that the joints and fissures in this area are not developed, as the rock mass in some area may be in broken state. According to the geological survey report, the rock mass within 100 m from the tunnel face is broken and weathered andesite. Besides, the vault settlement and convergence are stable during the demolition of vertical primary support. The overall analysis results indicate that the tunnel is in a stable state, the rock mass in front of tunnel face is in good condition, and the construction method conversion can be carried out.
Construction Method Conversion
To ensure construction safety, the distance between the invert and tunnel face should not be >40 m when the surrounding rock mass is in grade V. For this reason, during the excavation by two-bench tunneling method, the length of each bench is in the range of 3–5 m, and the excavation at the left side of the middle bench is staggered by 3–5 m. During the transition from the two-bench tunneling method to the bench tunneling method, the middle bench is excavated to be aligned with the upper bench. In this way, both the middle and the upper benches are transformed into the upper bench of the bench tunneling method. The length of the transition section here is about 5–10 m. The overall length of the transition section is 11–20 m.
As shown in Figure 4, the first part excavation stops when it excavates to the mileage of construction method conversion. The second part excavation stops if it is about 5 m away from the tunnel face of the first part. When the tunnel faces in the first part and third part are aligned, the two parts transforms into the upper and the middle benches of the two-bench excavation method in Figure 4B. The second and the fourth parts in Figure 4A are staggered by 3–5 m and excavated forward, respectively. In the case of two-bench excavation, the heights of the upper and the middle benches are 3.0 m and 3.5 m, respectively. When the tunnel is excavated by bench tunneling method, the height of the upper bench is 6.5 m.
Deformation of Primary Support
Figure 8 shows the evolution of vault settlement and horizontal convergence during the construction method conversion. It can be seen that the vault settlement and the horizontal convergence are within 12 and 10 mm, respectively, indicating that the tunnel is stable and the construction method conversion scheme is feasible. At the same time, the deviation between the field monitoring data and the numerical simulation results is within the acceptable range, indicating that the established numerical model is reliable.
[image: Figure 8]FIGURE 8 | Deformation of primary support during construction method conversion [(A) vault settlement, (B) horizontal convergence].
DISCUSSION
The geological conditions can affect the pressure acting on the primary support. When other factors are maintained, a smaller bench length is conducive to tunnel stability. To guide subsequent tunnel construction, it is necessary to analyze the influence of factors such as the mechanical properties of surrounding rock mass and the bench length.
Mechanical Properties of Surrounding Rock Mass
According to the Standard for Engineering Classification of Rock Mass (GB/T50218-2014 2014), the deformation modulus, internal friction angle, and cohesion of rock mass in grade V are <1.3 GPa, 27°, and 200 kPa, respectively. The deformation modulus varies greatly even though the surrounding rock mass is in the same grade. For this reason, the tunnel deformation under different deformation modulus is analyzed. Deformation modulus is a compressibility index of rock mass obtained through field load tests, i.e., the ratio of stress increment to the corresponding strain increment under partial confinement conditions. The elastic modulus is used in the numerical model. In this paper, the deformation modulus is taken as the elastic modulus, and the tunnel deformation is calculated when the elastic modulus is 300, 500, and 800 MPa, respectively, as shown in Figure 9. Figure 10 illustrates the deformation evolution of primary support with the elastic modulus. The following information can be obtained from these figures.
1) There is a certain hysteresis in the primary support deformation. In the two-bench excavation section, the maximum deformation of primary support is not located at the tunnel face but lags the tunnel face by a certain distance. As the elastic modulus of the surrounding rock mass decreases, both the distance and the deformation extent of primary support gradually increase. For example, when the elastic modulus is 300 MPa, the deformation of primary support reaches the maximum value at about 14 m behind the tunnel face. When the elastic modulus increases to 500 MPa, the distance decreases to 6 m.
2) The tunnel deformation decreases with the increase in elastic modulus, which is approximately in a negative exponential form. For shallow buried and large cross-section tunnel, when the elastic modulus is greater than a certain value, such as 400 MPa, the deformation of primary support is already in a small state. The construction method conversion will not have a major impact on tunnel stability. However, if the elastic modulus is less than this value, the deformation of primary support increases sharply, indicating that the tunnel stability is poor and there is great construction risk.
[image: Figure 9]FIGURE 9 | Deformation of primary support [(A) 300 MPa, (B) 500 MPa, (C) 800 MPa).
[image: Figure 10]FIGURE 10 | Deformation of primary support changes with the elastic modulus.
Bench Length
In this section, the bench length is set to 3, 9, and 12 m, respectively, to analyze its influence on the deformation of primary support. The deformation of primary support is shown in Figure 11. Figure 12 shows the deformation evolution of primary support with the change in bench length. The following remarks can be drawn from these figures.
1) The deformation of primary support increases approximately linearly with the increase in the bench length. As the bench length gradually increased from 3 to 12 m, the maximum deformation of primary support in the construction method conversion section gradually increased from 5.1 to 32.7 mm.
2) During the construction method conversion, a smaller bench length should be adopted to ensure construction safety. For the surrounding rock mass of grade V, there are many joints and fissures inside, and its self-bearing capacity is poor. Numerical simulation results show that the deformation of primary support increases with the increase in bench length, and the risk of surrounding rock mass instability and failure during construction also increase significantly.
[image: Figure 11]FIGURE 11 | Deformation of primary support under different bench length [(A) 3 m, (B) 9 m, (C) 12 m].
[image: Figure 12]FIGURE 12 | Deformation of primary support changes with the bench length.
CONCLUSION

1) To ensure the success of tunnel construction method conversion, a numerical model was used to analyze the deformation of primary support during construction. From the monitoring feedback, the feasibility of the numerical model and the proposed construction scheme are validated.
2) Before the construction method conversion, the rock mass stability in front of the tunnel face should be analyzed based on the design blueprint, geological prediction, geological survey reports, and rock mass conditions in front of the tunnel face. In addition, the deformation of primary support before and during the construction method conversion should be analyzed through monitoring data and numerical model results. Finally, the construction method conversion can be carried out in the order of CD method, two-bench tunneling method, and bench tunneling method.
3) Tunnel deformation decreases in a negative exponential form with the increase in elastic modulus and increases approximately linearly with the increase in bench length. For shallow buried and large cross-section tunnel, the tunnel deformation is in a small state when the elastic modulus of the ground is greater than a certain value, and the bench length should be small to ensure construction safety.
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In this study, a foundation bearing capacity limit analysis upper-bound solution (FLU) was proposed under the theoretical framework of limit analysis. To be more specific, an optimized mathematical model based on a rigid block discrete system was first established, with the minimum bearing capacity as the objective function, block velocity as the main variable, and the satisfaction of velocity compatibility, associated flow rule, and functional equilibrium equations of adjacent blocks as main constraints. Then, using an optimization approach, the upper-bound value of the foundation’s bearing capacity was obtained. On this basis, the principle of establishing the value interval of the most dangerous slip depth of the two-layer clay foundation was developed by investigating the effects of varying depths on the bearing capacity of the two-layer clay foundation. Meanwhile, an approach for calculating the bearing capacity of the two-layer clay foundation was proposed to achieve the goal of reaching the foundation’s minimum bearing capacity. Furthermore, using a mathematical example, the proposed approach was proven to be rational.
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1 INTRODUCTION
In the field of geotechnical engineering, calculating the ultimate bearing capacity of foundations has always been a great concern (Terzaghi and Peck 1967; Davis and Booker 1974; Chen 1975; Griffiths 1982; Michalowski and Lei 1996), with significant implications for underground space and engineering safety. Upper-bound limit analysis based on plastic mechanics is a powerful approach for calculating the ultimate bearing capacity of foundations (Lyamin and Sloan 2002; Huang and Qin 2009; Osman 2019; Shamloo and Imani 2020). It is primarily composed of the limit analysis finite element and the limit analysis approach based on discretization of a rigid block in terms of various discretization approaches used in the calculation model. This method does not need to introduce too many assumptions, has a strict theoretical basis, and has advantages in the calculation of foundation bearing capacity.
Recently, many researchers have proposed the limit analysis finite element upper-bound solution approach of foundation bearing capacity by combining the plastic mechanics of limit analysis theory and finite element (Alkhafaji et al., 2020; Pham et al., 2020; Shamloo and Imani 2020). The approach based on the upper-bound theorem of plastic mechanics can compensate for the traditional limit equilibrium approach’s imprecise theoretical foundation. However, it can lead to heavy workload and low calculation efficiency since the finite element discretization must be conducted on the research object, and the velocity of each element node is considered an unknown quantity. Furthermore, a large number of unknown quantities and a high degree of freedom make the calculation process difficult. Overall, its widespread adoption and application in complex practical engineering will be challenging (Wang et al., 2019; Wang et al., 2020).
In the foundation bearing capacity limit analysis approach based on the discretization of rigid blocks, on the premise that the velocity of adjacent block meets the velocity compatibility and the interface velocity satisfies the relation equation of the associated flow principle, the velocity field of the sliding body is first obtained by recursing the velocity field of the slip mass in recurrence, and then the ultimate load is solved in accordance with the functional equilibrium equation that the internal energy dissipation is equal to the external work. The approach also implies the assumption of tangential relative velocity direction, and it can deal with the problem of introducing a significant number of assumptions in the traditional limit equilibrium approach.
In this study, an optimized mathematical model for the foundation bearing capacity was directly established in accordance with the upper-bound theorem instead of adopting the thought of introducing a significant number of assumptions in the traditional limit equilibrium approach. In this way, the foundation bearing capacity problem can be transformed into an optimization solution problem. Based on this, a foundation bearing capacity limit analysis upper-bound solution (FLU) was proposed to solve the foundation bearing capacity using a nonlinear mathematical programming solver. Meanwhile, the principle of determining the value interval of the most dangerous slip depth of the two-layer clay foundation was proposed by studying the effects of various depths on the bearing capacity of the two-layer clay foundation. Similarly, the calculation approach of iterative optimization using the dichotomy was proposed for the bearing capacity of the two-layer clay foundation in order to achieve the goal of reaching the minimum foundation bearing capacity. Furthermore, the proposed method was proven to be rational using a mathematical example.
2 FOUNDATION BEARING CAPACITY LIMIT ANALYSIS UPPER-BOUND SOLUTION (FLU)
2.1 Discretization of Rigid Block
As shown in Figure 1, this study proposes an improved rigid block discrete approach that can automatically generate a block division model based on geological conditions and failure mode of the actual foundation. Through the interface segment or block set that constitutes the block division system, the block division system model can be defined as the following:
[image: image]
where [image: image] is the index number of the interface segments in the block division system; [image: image] is the total number of interface segments in the block division system; [image: image] is the total number of all interface segments, excluding the ground surface; [image: image] is the index number of the blocks in the block division system; [image: image] is the total number of blocks contained in the slip mass; [image: image] are the failure mechanisms; and [image: image] indicates the soil without plastic failure.
[image: Figure 1]FIGURE 1 | Improved rigid block division model.
The normal vector in the interface segment is defined as facilitating the establishment of an optimized mathematical model of the limit analysis upper-bound solution in the block division system. In addition, the inner normal vector’s calculation approach is briefly introduced below.
Any block [image: image] in the block division system can be formed by a series of nodes or interface segments arranged in sequence, as demonstrated below in Eq. 2
[image: image]
where [image: image] are the vertices that compose the polygon [image: image] and arranged clockwise, and the last point of the polygon [image: image] coincides with the first point, or [image: image], ensuring the polygon’s closure; [image: image] is the index number of the vertex; [image: image] is the total number of vertices; and [image: image] is the interface segment.
The internal normal vector of the [image: image] interface line segment is obtained using Eq. 3i.
[image: image]
where [image: image] is the [image: image] internal normal vector of the interface segment in the block [image: image]. The normal vector calculated using the above equation in the boundary segment always points to the inner part of the polygon, irrespective of the vertex’s rotation direction, and is unique in geometric space. Furthermore, as shown in Figure 2, the internal normal vectors of the interface shared by two adjacent blocks are equal in magnitude and opposite in direction.
[image: Figure 2]FIGURE 2 | Definition of the normal vector in the interface segment.
2.2 Variable System
Variables involved in the optimization model of the foundation bearing capacity upper-bound solution consist of the ultimate bearing capacity (P), the velocity [image: image] of each block in the block division system, and the intermediate variable of the relative velocity [image: image] of the interface segment introduced for simplifying the optimization solution. To describe the directional characteristics of the interface force, a local coordinate system is established on all interfaces, with the direction of the segment as the positive axis and the direction vector as [image: image]. As shown in Figure 3, the N axis is perpendicular to the boundary segment, with the direction vector of [image: image], where [image: image]. Then, the relative velocity of the interface can be expressed using Eq. 3ii:
[image: image]
[image: Figure 3]FIGURE 3 | Approaches for representing the force on the interface used by two adjacent blocks in common.
In the block, the direction of the local coordinate system in [image: image] should be determined using the internal normal vector of the interface segment [image: image], as shown in Eq. 4:
[image: image]
When [image: image] and [image: image] are in the same direction, then [image: image]. When [image: image] and [image: image] are in the opposite direction, then [image: image]. According to this definition, the local coordinate direction vectors established on the common interface [image: image] are opposite to each other for two adjacent blocks (such as [image: image] and [image: image] in Figure 3). In that case, only a set of variables [image: image] on the common interface [image: image] are required for describing the characteristics of acting force between blocks equal in magnitude and opposite in direction.
Obviously, the variables required by the variable system established by this method are less than the finite element of limit analysis. The main reasons are as follows: 1) the number of blocks after block discretization is less than the number of finite element elements; 2) the method in this paper is based on the block interface, the limit analysis finite element is based on nodes and needs to consider the situation of overlapping nodes, and the number of block interfaces is less than the number of nodes.
2.3 Constraint equations
According to the upper-bound theorem of limit analysis, the constraint equations comprise associated flow rule, velocity compatibility, and functional equilibrium equations.
2.3.1 Associated Flow Rule
The interface’s relative velocity must also conform to the associated flow rule, or the angle between the relative kinematic velocity and the interface should be equal to the internal angle [image: image] of friction:
[image: image]
To better describe the characteristics of [image: image] and reduce the difficulty of finding the optimization solution, two intermediate variables, [image: image] and [image: image], are introduced and defined as the following:
[image: image]
Equation 5 can be rewritten as the following:
[image: image]
The upper-bound solution proposed by Chen et al. (2003), for example, assumed that the direction of [image: image] on the bottom slip surface is determined. However, the rationality of the assumption of the [image: image] direction on the interface between blocks cannot be guaranteed in some complicated engineering problems. Furthermore, unreasonable direction assumptions can lead to inaccurate results. The direction of [image: image] in the proposed approach is determined directly through optimization rather than making assumptions, which is theoretically more rigorous.
2.3.2 Velocity Compatibility Condition
Adjacent blocks should conform with the velocity compatibility condition, that is, a velocity triangle is made up by the relative velocity of the interface velocity and the velocity of two adjacent blocks and can be expressed mathematically as the following:
[image: image]
where [image: image] and [image: image] are the blocks bounded by the common interface segment [image: image]. In [image: image], the internal normal vector of the internal interface segment [image: image] is [image: image]. In [image: image], the internal normal vector of the internal interface segment [image: image] is [image: image]. Regarding the boundary segment, [image: image] on the slip surface, [image: image], as shown in Figure 4.
[image: Figure 4]FIGURE 4 | Velocity compatibility diagram.
2.3.3 Functional Equilibrium Equation
According to the associated flow law, the internal energy dissipation on the interface polygon [image: image] can be expressed as:
[image: image]
where [image: image] and [image: image] are the cohesive force and length of the interface segment [image: image], respectively.
The gravity acting of the block is
[image: image]
where [image: image] is the gravity direction vector, taking (0, −9.81, 0) in general, and [image: image] is the density of the block, [image: image].
The external work is
[image: image]
where [image: image] is the external load that includes the unknown variables such as foundation bearing capability ([image: image]) and overlying load [image: image]; [image: image] is the index number of external load; [image: image] is the total number of external loads; and [image: image] is the velocity of the block where [image: image] is located.
On this basis, a functional equilibrium equation for the whole slip mass can be obtained:
[image: image]
2.3.4 Other Constraints
To ensure that the blocks are not embedding, the relative normal velocity must also satisfy the constraint equation of Eq. 13:
[image: image]
2.4 Optimization Model
According to the upper-bound theorem, the foundation bearing capacity calculated by any failure mode satisfying the constraints is greater than the real foundation bearing capacity. The smaller the calculated foundation bearing capacity is, the closer it is to the real solution. Therefore, the objective function of the optimization model is to minimize the bearing capacity Eq. 14. The objective function Eqs 5, 6, 9, 14 as standard optimization models of constraint conditions are shown in Figure 5.
[image: image]
[image: Figure 5]FIGURE 5 | Optimization model.
2.5 Verification of Equation for Foundation Bearing Capacity
For foundations with agravic medium, Prandtl–Reissner assumes that the foundation bed is completely smooth with the failure mode (as shown in Figure 6A) and the calculation equation for ultimate bearing capacity given, using the characteristic approach:
[image: image]
where [image: image] is the Earth pressure coefficient for the overlying load [image: image]; [image: image] is the Earth pressure coefficient; and [image: image] is the soil cohesion.
[image: Figure 6]FIGURE 6 | Prandtl–Reissner failure mode and rigid block discrete. (A) Prandtl–Reissner failure mode. (B) Rigid block discrete models of [image: image] and [image: image]
As shown in Figure 6B, the rigid block discrete model is generated automatically according to the geometric relationship in the failure mode (when the friction angles in the soil mass are 0° and 30°). Then, an optimized mathematical model is established to obtain the ultimate bearing capacity of the foundation with an agravic medium under various parameters (Table 1). For the simple foundation with agravic medium, the calculation results obtained by the FLU proposed in this study are consistent with the theoretical solution, proving the rationality of the proposed approach.
TABLE 1 | Comparisons of ultimate bearing capacity and characteristic parameters under different internal friction angles.
[image: Table 1]3 RESEARCH ON THE VALUE RANGE OF SLIP DEPTH OF TWO-LAYER CLAY FOUNDATION
The bearing capacity of the two-layer clay foundation is difficult to calculate. Many researchers have conducted analytical studies on it. To better present the advantages of the rigid block discrete in this study, slip modes similar to those used by Prandtl–Reissner and Terzaghi are for the discretion of rigid body, as shown in Figure 7. The slip depth coefficient [image: image] in Figure 7 is the layer depth; [image: image] is the slip depth. An accurate block discrete model can be obtained according to the characteristics of the slip mode by determining [image: image] and automatically generated using the proposed approach; [image: image] is the ratio of cohesive forces of the upper and lower soil; and [image: image] is the number of blocks.
[image: Figure 7]FIGURE 7 | Calculation model of bearing capacity of the two-layer clay foundation.
To determine the value range of slip depth for two-layer clay foundations, the effect of slip depth [image: image] on foundation bearing capacity is investigated under different combinations of [image: image], [image: image], [image: image], and [image: image], as shown in Figure 8. According to the calculation results:
1) When [image: image], the problem of calculating the bearing capacity of two-layer clay foundations is reduced to the problem of calculating the bearing capacity of uniform and non-cohesive foundations. The coefficient [image: image] of the foundation bearing capacity first decreases and then increases with [image: image], reaching a minimum value of 5.14 at [image: image], which is the Prandtl theoretical solution.
2) When [image: image] and [image: image], local failure occurs in the upper soil due to its low strength.
3) When [image: image] and [image: image], the variation law before reaching the layered interface [image: image] is the same as that of the uniform foundation, and [image: image] reaches 5.14, the minimum value, at [image: image]. No low value of [image: image] can be obtained within the range of the lower soil because the strength of the lower soil is greater than that of the upper soil as [image: image] increases. In that case, it can be considered a uniform foundation.
4) When [image: image] and [image: image], the bearing capacity coefficient of the foundation first decreases and then increases with [image: image]. Furthermore, the minimum value will be lagging due to the lower strength of lower soil, [image: image].
5) When [image: image] and [image: image], a downward and upward trend can be seen on both sides of [image: image], with two distinct troughs. In the actual search, [image: image] values corresponding to two troughs should be compared, with the smaller one being used as the ultimate load.
[image: Figure 8]FIGURE 8 | [image: image]. Curve. (A) [image: image], (B) [image: image], (C) [image: image].
According to the value range of [image: image] provided by the above results (Table 2), reducing the search range while calculating the ultimate load can enhance the calculation efficiency.
TABLE 2 | Range of slip depth.
[image: Table 2]4 OPTIMIZED CALCULATION METHOD FOR THE BEARING CAPACITY OF TWO-LAYER CLAY FOUNDATION
Based on Table 2 and FLU, an optimized calculation approach for the bearing capacity of the two-layer clay foundation is proposed. The proposed approach first calculates the range of slip depth according to Table 2 and then obtains the final slip depth and foundation bearing capacity using the dichotomy in iteration. Figure 9 shows the specific process.
[image: Figure 9]FIGURE 9 | Optimized calculation approach for the bearing capacity of the two-layer clay foundation. (A) Flowchart, (B) [image: image]
As shown in Figure 9, L (min, max) is an optimization model of an iterative solution using the dichotomy, where min is the minimum of the initial iteration interval, and max is the maximum of the initial iteration interval. FLU [image: image] is the ultimate bearing capacity corresponding to the slip depth [image: image] (as obtained by the upper-bound solution of the limit analysis), [image: image], and [image: image] is the calculation analysis increment.
Different calculation approaches of optimizing the bearing capacity of the two-layer clay foundation are used to calculate ultimate load under various combinations of [image: image] and [image: image] according to the foundation bearing capacity of the two-layer clay foundation. Table 3 shows the ultimate load results and literature comparison. Figure 10 shows the typical failure modes obtained by the search. As can be observed from the calculation results, when [image: image] and [image: image], local failure occurs in the upper soft soil, and the calculation result is between the Terzaghi solution (5.71) and Prandtl solution (5.14) of uniform and agravic clay, which is supported by the literature results. When [image: image] and [image: image], the upper- and lower-bound solutions calculated using the proposed calculation approach are 5.14, which is within the range of the upper- and lower-bound solutions in the literature. The proposed approach’s rationality has been proven to a certain extent. When [image: image] and [image: image], the slip depth increases and the ultimate bearing capacity decreases rapidly; the corresponding ultimate bearing capacity coefficient [image: image] corresponding to [image: image] and [image: image] is 1.80. When [image: image] and [image: image], there are two possible instability modes. One is that the buried depth of the soil is deep in the lower soft soil (such as [image: image]) and not much different from the upper soil (such as [image: image]). The lower soil does not influence the ultimate bearing capacity. In that case, the uniform foundation is considered with the ultimate load factor [image: image] and slip depth [image: image]. The other is that the weak lower soil affects the ultimate bearing capacity with deep slip generated. When [image: image] and [image: image], the slip depth [image: image] reaches 2.93.
TABLE 3 | Statistics of ultimate bearing capacity coefficient.
[image: Table 3][image: Figure 10]FIGURE 10 | Typical failure modes.
5 CONCLUSION

1) An optimized mathematical model is first established based on a rigid block discrete system with the minimum bearing capacity as the objective function, block velocity as the main variable, and the satisfaction of velocity compatibility, associated flow rule, and functional equilibrium equations of an adjacent block as main constraints in the rigid block discrete system. Then, FLU is proposed after the upper-bound value of the bearing capacity of the foundation is obtained through an optimization solution.
2) The influence of slip depth [image: image] on the foundation bearing capacity is investigated for the complex two-layer clay foundation before proposing a value range of slip depth under different parameter combinations [image: image] and varied layer depths [image: image].
3) Based on the above results, an optimized calculation approach for the bearing capacity of the two-layer clay foundation is proposed by introducing an iterative solution using a dichotomy. Furthermore, the approach’s rationality is verified using a calculation example.
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Creep behavior of landslide sliding zones is closely related to the long-term stability and safety of landslides. In this paper, shear creep tests are carried out on undisturbed samples of the gravel sliding zone in the Zhoujia landslide. Creep properties, such as creep rate and long-term strength, of the sliding zone are studied. The result shows that the sliding zone has typical time-dependent behavior. The relationship between the steady strain rate and shear stress can be described by an exponential equation. The long-term strengths of the sliding zone under different normal stresses are determined by using the isochronous curve cluster method. A nonlinear viscoelastic-plastic creep model is developed based on the Nishihara model. The model is shown to be suitable for describing the accelerated creep deformation of the sliding zone. The results obtained are of practical significance for understanding the deformations of the Zhoujia landslide.
Keywords: Zhoujia landslide, sliding zone, long-term stability, shear creep test, creep properties, NVPC model
1 INTRODUCTION
Landslide is an important geological phenomenon, in which a soil or rock mass on a slope slips along the shear failure surface (Xu et al., 2021). As one of the most frequently occurring geological disasters, it often causes heavy casualties, economic losses, and even catastrophic consequences (Froude and Petley, 2018; Lin and Wang, 2018; Yan et al., 2019; Wang H. et al., 2020). On June 18, 1972, 67 people were killed and 20 injured in the landslide caused by heavy rain on Baoshan Road, Mid-levels, Hong Kong, China. On 22 March 2014 (Au, 1998), the Oso landslide in the United States occurred on a large scale with a volume of 8.3 million m3, resulting in 43 deaths (Stark et al., 2017). China is one of the most serious areas in the world with landslide hazard. Especially since the 1980s, occurrences of large landslides in southwest China have been increasing year by year (Huang, 2009; Xu et al., 2014).
For most landslides, the entire process from formation to instability is characterized by distinct creep deformation (Oberender and Puzrin, 2016; Sun et al., 2016), which is a critical factor to consider in the stability evaluation and prediction of landslides. The evolution of deformation and stability of creeping landslides are affected by combined effects of internal and external factors (Sun et al., 2017). On the one hand, the deformation and mechanical properties of landslide materials, especially soil in the landslide zones, have a time effect affecting the behavior of landslides. On the other hand, the seepage fields and stress fields of slopes are continuously changing affected by a number of factors, such as rainfall, rise and fall of reservoir water level, and ground load, which may induce landslide sliding. Therefore, studies on the deformation and failure of creeping landslides should be based on the creep properties of the landslide materials. In recent years, there have been increasing efforts aimed at studying creep properties and creep models of sliding zones. Xu (2012) summarized landslide deformation, failure behavior, and deformation-time curves of a large number of landslides, and found that macroscopic deformation and failure behavior of creeping landslides were mainly caused by the flow and rupture of mesoscale particles of rock and soil mass from the perspective of mesomechanics. Ren et al. (2021) analyzed the mechanism of shear failure of sliding zones from the meso-structures of shear planes, based on direct shear tests and high-precision 3D laser scanning technology. From the results of direct shear tests of soil-rock mixture (SRM), Yu et al. (2021) found that the higher the rock content, the stronger the bond between soil and rock, and the greater the shear strength. Tang et al. (2020) conducted triaxial creep tests on loess under different water contents and pressure conditions; it was found that creep behavior of loess is significant at high moisture levels and that less time-dependent deformation occurs at high confining pressures. Wang L. et al. (2020) investigated the effect of shear rate on shear residual strength of slip zone soils. Although theoretical and experimental studies on homogeneous materials, such as clay and silty clay, have garnered a lot of attentions in recent years, there has been a lack of research on gravel soil. Significant influence of large-size gravel on characteristics of deformation and strength of soil was demonstrated in a study by Cheng et al. (Zhanlin et al., 2007). Therefore, large-scale creep tests on gravel sliding zones are necessary for better understanding of the deformation evolution and stability of creeping landslides.
Based on the results of large-scale creep shear tests of gravel sliding zones, the creep properties of the sliding zone of the Zhoujia landslide, which is of great importance for further understanding the deformation and failure mechanism of the landslide, are investigated in this paper. A nonlinear viscoelastic-plastic creep (NVPC) model is proposed. Compared with the existing traditional models, this model is more suitable for describing accelerated creep deformation under shear load. The model can be applied in stability analysis of the Zhoujia landslide, providing an important reference for the risk control of the area and the safety of the reservoir.
2 BACKGROUND OF THE ZHOUJIA LANDSLIDE
The Zhoujia landslide is located on the right bank of Yalong River in Sichuan Province of southwest China, which is about 9.2–11.0 km away from the dam site of Kala Hydropower Station. The landslide is M-shaped and is divided into three zones: Zone A, Zone B1, and Zone B2, as shown in Figure 1. The length of the landslide, in the direction parallel to the river, is about 1840 m. The elevations of the leading edge and the trailing edge of the landslide are 1931 and 2,730 m, respectively, with a difference in elevations of about 800 m. The span of the landslide, in the direction perpendicular to the river, is about 1,210 m. The average thickness of the landslide is 47.9 m, and the total volume is about 7,299 × 104 m3. The geological profile I-I′ of the Zhoujia landslide, shown in Figure 2, indicates that it is mainly composed of surface colluvial slope deposit (Q4col+dl), block stone layer (Q3del-k), pebbly silt (Q3del-f), and sliding zone (Q3del-h). The inclinometer profile of borehole INzj1-1 shows that significant horizontal displacement has occurred at depths of 17 and 52 m. This implies a double shear-surface structure of the landslide.
[image: Figure 1]FIGURE 1 | The Zhoujia landslide.
[image: Figure 2]FIGURE 2 | Profile I-I′ of the Zhoujia landslide.
3 METHODOLOGY
3.1 Test Materials
The sampling location is in exploration adit TD37 (elevation 2,191.8 m) in Zone B1 of the Zhoujia landslide, 63.5–65.0 m away from the entrance of the exploration adit. The exposed sliding zone (Figure 3A) is composed of mainly gray-yellow and gray-brown gravel soil, and its thickness is about 0.3–1.0 m. The content of gravel is 50–60%, and the structure of sliding zone is dense. Experiments on basic physical properties were conducted on the sliding zone and the results indicate that the average density is 2.3 g/cm3 and the water content is 10.3%; hence, the average dry density of sliding zone is 2.1 g/cm3. The distribution of particle size is shown in Figure 4.
[image: Figure 3]FIGURE 3 | Sliding zone and rock sample (A) Exposed sliding zone, (B) An undisturbed sample.
[image: Figure 4]FIGURE 4 | Distribution of particle size of sliding zone.
The undisturbed sample of the sliding zone were prepared in the field in Figure 3B. Considering the size limitation of the direct shear box (150 × 150 × 150 mm), the sampling location was carefully selected so that the maximum gravel size did not exceed 75 mm. If the size of gravel was larger than 75 mm, they were replaced with fine-grained soil in the process of sample preparation. The samples were sealed with a thin plastic film to preserve the in situ moisture content.
3.2 Test Equipment and Procedure
Creep experiments were carried out on a CSS-3940YJ shear rheological testing machine developed by Changchun Testing Machine Research Institute, China. All tests are conducted in the laboratory condition with constant temperature (24 ± 0.5°C) and humidity. The samples are consolidated for at least 24 h until the vertical settlement is less than 0.05 mm/h. Direct shear tests are first carried out on the sliding zone. The normal stresses, which are the converted overburden earth pressures at each sampling location, are set at 851, 1,100, and 1,380 kPa. The normal stress is kept constant until completion of the test, and the shear rate is 0.02 mm/min. Two or three groups of tests are repeated under each normal stress.
According to the results of direct shear tests, the shear creep test procedure is formulated. The samples are consolidated for at least 24 h until the vertical settlement tended to be constant. Shear creep tests are then carried out. Because the number of prepared samples is limited, the multi-loading method is adopted. Each shear loading increment is 1/11 to 1/5 of the peak strength of direct shear under the corresponding normal stress. At least five levels of shear load are applied, and the loading rate is 0.1 kN/min. When the shear deformation is less than 5 × 10−4 mm/day, the next level of the shear load is applied.
4 EXPERIMENTAL RESULTS
4.1 Direct Shear Test
A series of direct shear tests under different normal stresses are carried out first to study the shear mechanical properties of the sliding zone and to provide data support for estimating shear stress levels of shear creep tests. The stress-strain curves of the sliding zone under various normal stresses are presented in Figure 5B. It is obvious that the stress-strain curves have no distinct peaks and generally exhibit ideal elastic-plastic characteristics. With the increase of normal stress, the shear strength of the sliding zone increases gradually. Deformations of the samples can be divided into three stages. During the initial loading stage, the slope of the stress-strain curve is relatively small, which means that shear stress increases slowly. This can be attributed to the closure of pores and cracks between gravel and soil. With the increase of shear stress, the slope of the stress-strain curve increases rapidly. When the stress is close to the peak value, the soil in the sample reaches yield, and the slope of the stress-strain curve decreases gradually. Lateral expansion occurs in the sample, with soil or gravel extruding. When the shear stress exceeds the peak shear strength, the soil-rock structure in the sample breaks down and recombines, and the stress-strain curve shows strain-hardening characteristics. In Figure 5A, the Mohr-Coulomb criterion is used to fit the relationship between peak shear strength and residual shear strength under different normal stresses. It can be seen that there are good linear relationships between the normal stress and the peak shear strength and between the normal stress and residual shear strength. The internal angles of friction are 33.42° and 33.02° and the corresponding cohesions are 91.49 and 80.64 kPa, respectively.
[image: Figure 5]FIGURE 5 | Results of direct shear tests. (A) Fitting curves of peak stress and residual stress, (B) Stress-strain curves under different normal stresses.
4.2 Shear Creep Test
Similar to most creeping landslides in reservoir areas, the Zhoujia landslide is moving slowly with obvious creep properties. Because creep properties of the sliding zone are critically important for the long-term safety and stability of Kala Hydropower Station during both construction and operation, multi-loading shear creep tests were carried out under different normal stresses. The stress conditions are listed in Table 1.
TABLE 1 | Applied shear stresses under different normal stresses.
[image: Table 1]4.2.1 Shear Creep Properties
The classical shear creep properties of all samples during the loading processes are shown in Figure 6. The deformation curves are divided into three creep stages: transient creep, steady-state creep, and accelerated creep (Jia et al., 2018; Han et al., 2021). It is obvious that the samples exhibit characteristics of transient deformation at the beginning of each loading process, with large shear displacement occurring in a short period of time. Transient deformation is a large part of the total deformation. As time goes by, the shear strain rate gradually decays to a constant, and the sample enters a steady creep stage. Finally, the sample breaks down, and the accelerated creep stage takes place.
[image: Figure 6]FIGURE 6 | Results of shear creep tests of undisturbed samples of the sliding zone under normal stresses of (A) 851 kPa, (B) 1,100 kPa, (C) 1,380 kPa.
It is found that shear strain increases step-by-step with step-wise increase of shear stress under the same normal stress. However, there are special cases, such as stage Ⅰ in Figure 6B and stage Ⅱ in Figure 6C. This is due to the friction of one gravel with another gravel on the failure surface in the loading process, resulting in occlusal effect, which prevents the deformation of samples. In Figure 7, white friction scratches appear on the failure surface. With the same shear stress increment, the creep deformation of the sample under normal stress of 1,380 kPa is greater than that under normal stress of 1,100 kPa, which is greater than that under normal stress of 851 kPa.
[image: Figure 7]FIGURE 7 | The failure surface of the sample.
4.2.2 Shear Creep Rate
The variations of shear creep deformation and shear strain rate with time under shear stresses of 194.4 and 666.0 kPa are presented in Figure 8A,B, respectively, for sample HD-3. When the shear stress is less than the value of the last stage (Figure 8A), the shear strain rate versus time curve exhibits an L-shaped characteristic: the shear creep rate is very large initially, then it decreases rapidly and approaches a small constant value, usually less than 0.06 × 10−2 mm/h. At the final shear stress level (Figure 8B), the shear strain rate versus time curve exhibits a U-shaped characteristic: the shear creep rate decreases rapidly to a small constant value, and then the creep rate increases abruptly until the test is stopped.
[image: Figure 8]FIGURE 8 | Creep behavior of sample HD-3 (A) Shear creep curve under shear stress 400kPa, (B) Shear strain and strain rate vs time at the final stress level.
It is found that the steady-state creep rate increases with the shear stress level. The exponential function can be used to fit the experimental data (Figure 9) as follows (Jia et al., 2018)
[image: image]
where α and β are constant parameters, τc is the shear stress, and vc is the corresponding steady-state creep rate. The values of parameter α are 1.845 × 10−4, 9.207 × 10−4, and 2.501 × 10−4, the values of β are 0.0058, 0.0025, and 0.0042, and the corresponding R2 values are 0.951, 0.966, and 0.998, respectively, under normal stresses of 851, 1,100, 1,380 kPa. The high values of R2 indicate that the curves fit the experimental results well.
[image: Figure 9]FIGURE 9 | Relationship between steady strain rate and shear stress.
4.2.3 Long-Term Shear Strength
It is of great significance to obtain the long-term shear strengths of sliding zones for the long-term safety and stability of landslides (Liu et al., 2004; Shen et al., 2012). In this study, the isochronous curve cluster method (Li et al., 2010) is applied to determine the long-term strength of the sliding zone of the Zhoujia landslide. Shear strains corresponding to different shear stresses at a certain time interval are selected, and the shear stress-strain isochronous curves are plotted, as shown in Figure 10 for sample HD-3. It is obvious that these isochronous clusters of curves have great similarities. The shear stress corresponding to the turning point of clusters of curves from linear to nonlinear is defined as the long-term strength. Values of the long-term strength of the sliding zone are listed in Table 2. It can be seen that the long-term strengths of the three samples are lower than their instantaneous strength, and the reduction range is 13–18%.
[image: Figure 10]FIGURE 10 | Isochronous curve cluster graph of sample HD-3.
TABLE 2 | Long-term strength of samples under different normal stresses.
[image: Table 2]5 SHEAR CREEP MODEL AND VERIFICATION
5.1 Describing Creep Behavior Using Fractional Calculus
The fractional calculus is a branch of calculus that studies differential and integral operators of any order. It is a mathematical tool for solving problems of physical and mechanical modeling effectively. Based on Riemann-Liouvelle’s theory (Koeller, 1984; Adolfsson et al., 2005), Scott-Blair described the constitutive equation of rock or soil as (Blair, 1944)
[image: image]
where [image: image] is the shear stress on rock or soil, γ (t) is the corresponding shear strain, η is the coefficient of viscosity, t is time, and n is between 0 and 1. When n is 0, the material is an ideal solid; whereas when n is 1, the material is an ideal fluid.
Based on Eq. 2, a new sticky pot element, named Able (Zhou et al., 2012), was defined to describe the creep deformations of materials between ideal solids and ideal fluids. When the shear stress [image: image] tends to a constant value, integrating both sides of Eq. 2 using fractional calculus yields
[image: image]
where [image: image] is the gamma function.
5.2 Nonlinear Viscoplastic Element
Rock or soil generally exhibits accelerated creep properties under high shear stress, and nonlinear creep elements are used to describe this stage. In this study, a nonlinear viscoplastic model is used to describe the creep behavior as follows (Xu et al., 2006)
[image: image]
where m is creep index, which reflects the rate of shear creep in the accelerated creep stage. [image: image] is the long-term shear strength of rock or soil, which is generally obtained by tests.
5.3 NVPC Model
The Nishihara model is a good and simple model to describe the creep properties fairly comprehensively. However, it can only be used to describe the creep curve prior to the accelerated creep stage. As shown in Figure 11A, it is composed of a Hookean solid (H), a viscoelastic body (N/H), and a viscoplastic body (N/St.V) connected in series. G1 represents the instantaneous shear modulus, G2 represents the viscoelastic shear modulus, [image: image] and [image: image] represent the viscoelastic coefficients, τs is the long-term shear strength of the sliding zone, and [image: image] and [image: image] are the shear displacements corresponding to their respective creep bodies.
[image: Figure 11]FIGURE 11 | Schematic diagrams of the creep models (A) Nishihara model, (B) NVPC model.
Under the assumption that τ is the total shear stress and γ is the total shear displacement, the constitutive equation of the Nishihara model can be expressed as follows (Jiang et al., 2013; Wang et al., 2019)
[image: image]
However, the Nishihara model cannot describe the nonlinear accelerated creep properties of sliding zones. In order to describe the creep properties of sliding zones more accurately, based on the theory of fractional calculus as expressed by Eq. 3, the Newtonian element in the Nishihara model is replaced by Able element, and the viscoplastic body model (N/St.V) is replaced by the nonlinear viscoplastic element model described by Eq. 4. Finally, the long-term strength of the sliding zone obtained by shear creep tests is measured as the threshold of nonlinear accelerated creep. Considering the strains of three parts of the model, NVPC model is established in Figure 11B, which can reflect the characteristics of three-stage creep of a sliding zone as
[image: image]
where n is the value of fractional order, k is a non-negative integer, [image: image] is the nonlinear viscoplastic coefficients, τs is the long-term shear strength threshold of the sliding zone that depends on the long-term cohesion and the internal angle of friction, and m is creep index.
5.4 Identification of the Parameters
In order to verify the NVPC model proposed in this study, the creep parameters are identified based on the shear creep test data of sliding zone sample HD-3, as shown in Table 3.
TABLE 3 | The fitting parameter values of the NVPC model.
[image: Table 3]These parameters are substituted into the model to obtain theoretical results and compared with the experimental test values, as shown in Figure 12A. The result obtained using the Nishihara model is also plotted for comparison in Figure 12B. It is obvious that Nishihara model has errors in the accelerated creep stage. Whereas the NVPC model can describe the three shear creep stages, particularly the accelerated creep stage, indicating that the creep model proposed in this study is appropriate.
[image: Figure 12]FIGURE 12 | Comparison between the theoretical results and the experimental data (A) and (B).
6 CONCLUSIONS AND FUTURE WORK
The following conclusions can be drawn from this study:
(1) Shear creep tests of three undisturbed samples taken from the Zhoujia landslide are performed under normal stresses of 851, 1,100, and 1,380 kPa, respectively. The shear creep curves of the sliding zone exhibit three creep stages: transient, steady-state, and accelerated creep stages. The tested samples from the sliding zone exhibit nonlinear viscoplastic deformations under the shear stresses. The applied normal stress has a significant influence on these stages.
(2) In the transient creep stage, the creep rate attenuates quickly from a large value to a small constant value with the increase of time and enters the steady creep stage, displaying an L-shaped curve of shear strain rate versus time. When entering the accelerated creep stage, the creep rate increases rapidly until the test is stopped, displaying a U-shaped curve of shear strain rate versus time. The relationship between the steady strain rate and shear stress can be described satisfactorily by an exponential equation. The empirical relation is useful for monitoring and forecasting creep deformations of the Zhoujia landslide.
(3) NVPC model is proposed to describe all three creep stages of the sliding zone of the Zhoujia landslide. Based on the long-term strength parameters obtained from the tests, the parameters are identified. The results from the theoretical model are in good agreement with the experimental values.
In this paper, the analytical nonlinear viscoelastic-plastic creep model is established, and numerical verification of the model is not performed, which will be done in future work.
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The number of special-shaped foundation pits is increasing fast because of the continuous utilization of underground spaces in urban areas. Based on the deep foundation pit of Maluan North Station of Xiamen Metro Line 2 in Xiamen, China, the deformation characteristics of the supporting structure of special-shaped foundation pits are researched by field observation and numerical simulation. Meanwhile, the depth of the concrete supports and steel supports is considered, respectively. The results show that the lateral deformation of the diaphragm wall at the corner of the pit shows obvious corner effect, and the maximum lateral displacement of the long-side diaphragm wall is slightly larger than the short-side diaphragm wall. Changing the position of the second layer of steel support has almost no effect on the lateral deformation of the corner diaphragm wall. Changing the position of the second layer of concrete support has a greater impact on the lateral displacement of the diaphragm wall, but the path of the maximum lateral displacement of the diaphragm wall and the depth of the point of maximum lateral displacement remain unchanged.
Keywords: special-shaped foundation pit, on-site monitoring, numerical simulation, corner effect, lateral displacement
INTRODUCTION
With the development of economy and the acceleration of urbanization, urban traffic congestion has become an increasingly serious problem. More and more engineering constructions are turning to underground space such as subways, highway tunnels, underground parking lots, and underground shopping malls. The foundation pits of most subway stations are generally deep and long with different shapes. In order to reduce the impact on the surrounding environment, diaphragm walls and internal support systems are used for the enclosure structure. Furthermore, it is rather necessary to carry out long-term tracking monitoring to ensure the safety and stability of the foundation pit, but the number of monitoring points is limited, and numerical simulation methods are usually used to supplement the on-site monitoring.
As early as the 1990s, the existence of the pit corner effect was verified by scholars; then, the corner effect of foundation pit excavation was studied through site monitoring and finite element methods (FEM) (Ou et al., 1996; Lee et al., 1998). Ou et al. (2000) studied the three-dimensional movement of soil and walls through field monitoring and finite element analysis and found that the settlement of the soil at the corner of the pit was less than the settlement of the soil at the center. Taking a certain foundation pit in London as an example, Zdravkovic et al. (2005) compared three-dimensional finite element calculation with two-dimensional plane strain analysis (rectangular foundation pit), and pointed out that the use of plane strain analysis for rectangular foundation pits cannot account for the spatial distribution of its deformation, and the calculation results have large errors. According to the study of Finno et al. (2007), the influence range of the pit corner effect is approximately 3 times the depth of the excavation of the foundation pit. When the side length of the foundation pit is greater than 6 times the excavation depth, the soil displacement in the middle of the foundation pit between the results of the plane strain simulation and the results of the three-dimensional simulation is the same, indicating that the influence of the pit corner effect can be ignored at this time. Zheng and Li (2012) studied the influence of the pit corner effect on the surrounding buildings of the foundation pit and found that the buildings near the corner of the foundation pit were twisted and deformed due to the uneven settlement of the soil outside the pit, which seriously endangered the building. Jia et al. (2016) found through indoor model test and FLAC3D numerical simulation that the influence range of the earth pressure corner effect in the horizontal direction is within 0.2 times the excavation depth from the corner. Hsiung et al. (2016); Hsiung et al. (2018), carrying out parameter inversion and model verification based on the foundation pit monitoring data and field and indoor geotechnical test data, discussed the influence of different sizes of foundation pits on the pit angle effect and drew a PSR experience chart. Fan (2016) studied the influence of the support structure on the deformation of the deep foundation pit and obtained the functional relationship between the deformation of the inner and outer corner walls and the distance of the foundation pit corner. Zheng and Zheng (2017) deduced the calculation formula of earth pressure under the corner effect. Chheng and Likitlersuang (2017) found that the two-dimensional model cannot consider the effect of the corner, which will cause the lateral displacement of the diaphragm wall calculated by the corner to be too large. Liang (2018) used PLAXIS 3D finite element software calculations and site monitoring data to analyze the changes and distribution of earth pressure on the diaphragm wall during the excavation process. Wang (2019) extended the concept of PSR, using the lateral displacement of the diaphragm wall (PSRh) and the ground surface settlement (PSRv) to quantify the corner effect, and established a multivariate adaptive regression spline (MARS) model for estimating PSR. Liu et al. (2017) analyzed the spatial effect of the deformation of the special-shaped foundation pit–supporting structure, and the results showed that the deformation of the supporting structure at different plane positions also showed obvious spatial effects. The position of the inner corner has a strong ability to constrain the deformation, and the main influence range of the pit angle effect is within a distance of about 1 time the excavation depth from the pit corner. When the distance from the pit angle exceeds 3 times the excavation depth, it enters the long-side effect influence range. Tan et al. (2020) analyzed the law of lateral deformation of the diaphragm wall of the special-shaped foundation pit based on the project of Maluan North Station (MNS). Bai (2020) studied the influence of special-shaped foundation pit construction on adjacent buildings, in which the deformation of adjacent buildings with right-angle pit corners is smaller than that of adjacent buildings with pit angles greater than 90°.
So far, the research on the pit corner effect is mainly based on the rectangular foundation pit, and the research on the corner effect of special-shaped foundation pits is less. Therefore, in this study, the deformation characteristics of the diaphragm wall of the special-shaped foundation pit are investigated based on the MNS project of Xiamen Metro Line 2 in Xiamen, China. On that basis, the effect of two main facts, including the depth of concrete supports and steel supports near the corner, on the deformation characteristics of special-shaped foundation pits is studied by the ABAQUS finite element. The conclusions of the corner effect in the process of pit excavation can be provided as a reference for actual engineering support schemes.
ENGINEERING OVERVIEW
MNS foundation pit is in Haicang district in Xiamen, China. The plane shape of MNS foundation pit is irregular. The maximum excavation length and width are about 348 and 20.7 m, respectively. The excavation depth of the standard section is 10.7 m, and the depth of the special-shaped section is about 14 m. The 600-mm-thick diaphragm walls and internal supports are used as the main supporting structures of the foundation pit, and the concrete strength of the diaphragm wall is C35. The first supports of the standard section are 800 mm × 1000 mm concrete supports, which are supported on the crown beams, and the second supports are steel supports with a diameter of 800 mm and a thickness of 16 mm; two concrete gussets are set at the corners of the foundation pit.
There are no important structures within the scope of the foundation pit project of MNS. Mainly fish ponds for local villagers and Guoyun Creek are located near the project site. The area is located at the junction of urban and rural areas in Haicang district, Xiamen. Mainly for living and green space, it is now the planning area of Maluan New Town in Xiamen, with good construction conditions. There are also no pipelines in the surrounding area.
Table 1 shows the soil parameters. The stratum structure along the foundation pit project is complex, the rock and soil layers are unevenly distributed, and the engineering geological conditions are poor. Plain fill soil has poor engineering characteristics, which is not conducive to slope stability of foundation pits. The soft soil is marine silt, which is in the form of flowing plastic to soft plastic, with unfavorable engineering characteristics. Sand-mixed silt is dominated by sub-circular quartz medium and coarse sand, with a mud content of about 30%, and uneven particle size. Tuff lava residual cohesive soil and full or strong weathered rock have poor uniformity and different strengths. They are easy to soften when brought in contact with water and have sharply reduced strength. The engineering performance of rock and soil is generally poor.
TABLE 1 | Soil parameters.
[image: Table 1]NUMERICAL MODELING OF SPECIAL-SHAPED FOUNDATION PIT
The ABAQUS finite element software was used to establish a three-dimensional finite element model of MNS foundation pit and simulate the whole process of foundation pit excavation. The soil adopts the Mohr–Coulomb model. The diaphragm walls, concrete supports, and steel supports are all assumed to be elastic materials, and their density (ρ), elastic modulus (E), and Poisson ratio (υ) are shown in Table 2.
TABLE 2 | Material parameters of foundation pit supporting structure.
[image: Table 2]In order to avoid the influence of the model boundary, the model size is 3 times the size of the pit. The size of the calculated model is 120 m × 56 m×60 m. The models all use C3D8R solid elements, and a total of 59474 grids are generated. The calculation boundary conditions are as follows: the displacement of the side in the Y direction is free, the bottom surface is completely fixed, and the top surface is free.
In the ABAQUS numerical simulation, the construction of diaphragm walls, erection of supports, and excavation of soil are controlled by the dead–live unit method. Numerical simulation steps of foundation pit excavation are given as follows:
Step 1: Calculate the model soil for initial ground stress balance.
Step 2: A uniform load of 10 kPa is added within 10 m around the foundation pit.
Step 3: Excavate the first layer of soil to 1 m below the surface, and construct the first concrete support.
Step 4: Excavate the second layer of soil to 4 m below the surface.
Step 5: Excavate the third layer of soil to 6 m below the surface, and construct the second steel support.
Step 6: Excavate the fourth layer of soil to 8 m below the surface.
Step 7: Excavate the fifth layer of soil to 11 m below the surface.
Step 8: Excavate the sixth layer of soil to 14 m below the surface.
ANALYSIS OF CORNER EFFECT
Comparison of Monitoring and Numerical Results
As can be seen from Figure 1, AB, BC, and DE are defined as diaphragm wall 1, diaphragm wall 2, and diaphragm wall 3, respectively.
[image: Figure 1]FIGURE 1 | Paths and measuring points of diaphragm walls.
Figure 2A shows the lateral wall displacements at ZQT33, ZQT34, ZQT35, and ZQT37 when the excavation of the foundation pit is completed. The displacement to the outside of the pit is specified as negative; otherwise, it is positive. The deformation curves of diaphragm walls show a small up and down, and a large change in the middle, which are consistent with Han (2020)’s research. There is no horizontal support at the bottom of the diaphragm walls, but its lateral displacement is small. The reason is that the bottom soil is tough with high strength, and the diaphragm walls are embedded in the rock and soil to obtain a large embedding force. However, the soil in the middle section of the foundation pit is mainly silty soil, and it is easy to generate a large earth pressure during the excavation of the slope of the foundation pit, resulting in a large deformation of the diaphragm wall. The measuring points ZQT33 and ZQT34 are distributed on diaphragm wall 3. Their deformation laws are the most similar, and the maximum lateral displacement values are not much different. The lateral displacement values of the measuring points ZQT35 and ZQT37 are quite different. ZQT37 is located at the end of diaphragm wall 1, which has the smallest lateral displacement.
[image: Figure 2]FIGURE 2 | Comparison of measured values and numerical results of lateral displacement. (A) Measured values; (B) numerical results of diaphragm wall 1; (C) numerical results of diaphragm wall 2.
The support arrangement of program 1 is as follows: taking the ground surface of the foundation pit as an elevation of 0.0 m, the elevations of the bottom of the two concrete supports at the corner of the pit are −1.0 m and −8.0m, respectively, and the central elevations of the concrete supports and the steel supports of the standard section are −1.0 m and −8.5 m, respectively. The numerical results of the lateral displacement of diaphragm wall 1 and diaphragm wall 2 are shown in Figure 2B; Figure 2C, respectively. As can be seen, path f has the smallest lateral displacement, which is closest to corner B. Path c of diaphragm wall 1 is far away from corners A and B, and the maximum lateral displacement reaches 26 mm. Paths h and i of diaphragm wall 2 are far away from corners B and C, and the curves basically coincide with a maximum value of 19 mm. Paths g and j are close to corners B and C, respectively, but the lateral displacement values of the two are quite different. Although corners B and C are both right angles, the former is formed by two long diaphragm walls and the latter is formed by a long wall and a short wall. The different support structures at the corners have different effects on the lateral wall displacements.
The Influence of the Support Position on the Lateral Displacement of the Diaphragm Wall of the Pit Corner
The support arrangement of program 2 is as follows: taking the ground surface of the foundation pit as an elevation of 0.0 m, the elevations of the bottom of the two concrete supports at the corner of the pit are −1.0 m and −8.0 m, respectively, and the central elevations of the concrete supports and the steel supports of the standard section are −1.0 m and −7.5 m, respectively. Figure 3A and Figure 3B show the lateral displacements of each path of diaphragm wall 1 and diaphragm wall 2, respectively. According to the lateral displacement diagrams of diaphragm walls 1 and 2 in program 1, the lateral displacements of paths c and d are rather larger. Therefore, changing the support position, the lateral displacements of paths c and d of program 2 and the lateral displacement of path c of program 1 are selected for comparative analysis. Both figures reflect that changing the position of the second layer of steel supports has almost no effect on the lateral wall deformation at the corner of the pit. The lateral displacements of path c of diaphragm wall 1 and path i of diaphragm wall 2 are still the largest, and the maximum lateral displacement value has only a small change. This may be due to the fact that the second steel support is set at the standard section of the foundation pit, that is, on diaphragm wall 3, and has little effect on the diaphragm wall near corner B.
[image: Figure 3]FIGURE 3 | Numerical results of lateral displacement of diaphragm walls 1 and 2 in program 2. (A) Diaphragm wall 1; (B) diaphragm wall 2
The support arrangement of program 3 is as follows: taking the ground surface of the foundation pit as an elevation of 0.0 m, the elevations of the bottom of the two concrete supports at the corner of the pit are −1.0 m and −9.0 m, respectively, and the central elevations of the concrete supports and the steel supports of the standard section are −1.0 m and −8.5 m, respectively. Figure 4A and Figure 4B show the numerical results of the lateral displacement of each path of diaphragm walls 1 and 2 after the foundation pit is excavated, respectively. As can be seen, changing the position of the second layer of concrete supports has a greater impact on the lateral deformation of diaphragm walls 1 and 2. As far as path c of diaphragm wall 1 is concerned, the maximum lateral displacement in program 2 is only 23.92 mm, which is 2.15 mm smaller than that in program 1. Similarly, in terms of path i, the lateral displacement of program 1 is 1.56 mm smaller than that of program 2. Although the maximum lateral displacement of the diaphragm wall is much smaller than that in program 1, the lateral displacement at a depth of 5 m is more than that in program 1. Since the second layer of concrete supports was set 9 m below the surface, the maximum lateral displacement point of the upper half of the diaphragm wall also moved downward, with a depth of about 6 m. On the whole, the path of the maximum lateral displacement of the diaphragm wall and the depth of the point of maximum lateral displacement have not changed, but the value of the maximum lateral displacement has been reduced. There are many factors affecting the deformation of the diaphragm wall, including the thickness of diaphragm walls, soil parameters, and the position of the horizontal support. This study only discusses the influence of the position of the horizontal support. The research shows that the second horizontal support acting at the corner of the pit has a significant impact on the deformation of the diaphragm wall. By seeking its optimal position, the lateral displacement of the diaphragm wall can be effectively decreased, the safety of the foundation pit structure can be ensured, and the engineering cost can be minimized.
[image: Figure 4]FIGURE 4 | Numerical results of lateral displacement of diaphragm walls 1 and 2 in program 3. (A) Diaphragm wall 1; (B) diaphragm wall 2
CONCLUSION

(1) During the excavation of the foundation pit, the existence of the pit corner has a constraining effect on the deformation of the diaphragm wall. As far as the lateral displacement of the diaphragm wall is concerned, the value near the pit corner is smaller than the value far away from the pit corner.
(2) In a special-shaped foundation pit, the lengths of the diaphragm walls are different, and the support structure at the corners of the pit is also different. The corner effect caused by the corner, which was formed by two long diaphragm walls, is more obvious than that caused by the other corner, which was formed by two short diaphragm walls, that is, when two paths distance and different corners are same, the displacement of the former is smaller.
(3) The horizontal support structure at the pit corner has an influence on the lateral displacement of the diaphragm wall near the corner, and the horizontal support located in the middle has a significant effect on the maximum lateral displacement of the diaphragm wall.
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The computer vision inspection of surface cracks in concrete structures has the characteristics of convenient and efficient 24-h on-site inspection. In this paper, the instance segmentation method and semantic segmentation method are used to realize the surface crack recognition of concrete structures, and a concrete crack detection method based on two different deep learning methods is designed. Experiments show that in scenarios where detection accuracy is required, compared with the Mask Region with Convolutional Neural Network method, the U-Net model improves the model segmentation accuracy through up-sampling and skip connection, and its Recall, Kappa, and Dice are increased by 6.88, 1.94, and 7.72%, respectively. In the scene of positioning requirements, Mask Region with Convolutional Neural Network has a better detection effect than U-Net for very thin and inconspicuous cracks, effectively avoiding the situation of missing cracks.
Keywords: concrete crack detection, mask RCNN, u-net, deep learning, tunnel
INTRODUCTION
The development of economic strength is inseparable from large-scale infrastructure construction. While expanding infrastructure construction, it is also necessary to detect and maintain the existing infrastructure. The security of the infrastructure is closely related to the safety of human life and property.
Concrete has become the most common material used in infrastructure construction because of its strong, durable, water-resistant, and heat-resistant properties (Dong, 2013). However, with the influence of the external environment and artificial factors, concrete engineering structures, such as tunnels, bridges, buildings, and highways, are gradually aging and easy to produce structural damage (Sun et al., 2012). Moreover, the structural damage may result in uneven force, weak carrying capacity, and even lead to collapse, fracture, and other serious safety accidents (Xu, 2007). To extend the service life of concrete engineering structures, it is essential to carry out regular inspections and take pertinent measures to prevent the occurrence of safety accidents (Wang, 2004; Yi, 2006; Weng, 2019). Crack is one of the main diseases of concrete engineering structures. An excessive crack will reduce the bearing capacity, waterproof performance, and durability of concrete engineering structures. If the cracks of concrete structures are not treated in time, it may cause severe safety accidents. Therefore, crack detection is an important work of engineering quality assessment (Jiang et al., 2010).
In traditional crack detection, artificial vision is often adopted to detect cracks. This method is not only inefficient but also has low detection accuracy (Xu et al., 2020). Digital image processing methods mainly include threshold segmentation (Han and Wang, 2002), edge detection (Davis, 1975), spectral analysis (Adhikari et al., 2014), etc. These methods can effectively detect cracks for images with single background, less noise, and obvious crack characteristics. The pixels in the crack area are low, and the overall appearance color characteristics are gray. It is easy to be affected by noise such as dead leaves, shadows, and scratches of pixels in the actual environment, resulting in false detection. Therefore, the crack detection method based on digital image processing has large error and low generalization ability. With the rapid development of deep learning, more and more researchers apply deep learning models to the detection and recognition of cracks in concrete. Kim and Cho (2018) used the AlexNet network to train the collected crack images and obtained better classification accuracy. Zhang et al. (2016) introduced a crack detection method based on sliding windows, but the speed is slow. Ren et al. (2015) proposed the Faster Region with Convolutional Neural Network (Faster RCNN) algorithm, which improved the accuracy of the object detection task. Liu et al. (2016) proposed Single Shot MultiBox Detector to further improve the detection speed. Wang et al. (2018) pointed out that the Faster RCNN algorithm is more effective in detecting cracks. Li and Xiong (2021) applied the Single Shot MultiBox Detector algorithm to crack detection. Meng et al. (2021) demonstrated a concrete crack recognition model based on a convolutional neural network. Based on a convolutional neural network algorithm, Gao et al. (2020) described a concrete bridge crack identification and location technology. The methods mentioned earlier do not consider the characteristics of long and continuous cracks, but only the border will be roughly framed out of the crack area.
In this paper, concrete crack detection based on the two methods of Region with Convolutional Neural Network (Mask RCNN) (He et al., 2017) and U-Net (Ronneberger et al., 2015) is proposed. Compared with the target detection method, both methods can divide the crack area, output the crack mask, and maintain the morphology information of the crack, and the detection results are more precise than the detection frame. Based on these two methods, the advantages and disadvantages of each method are compared and analyzed from multiple perspectives.
CRACK DETECTION ALGORITHM
In the research task of deep learning concrete crack detection, this paper mainly uses Mask RCNN and U-Net models to analyze and compare the experimental results and uses Accuracy, Recall, Kappa, and Dice for comprehensive evaluation. The flowchart is shown in Figure 1.
[image: Figure 1]FIGURE 1 | Flow chart of research study.
Mask Region With Convolutional Neural Network Algorithm Framework
Based on Faster RCNN (Zhang and Guo, 2021), He further proposed the instance segmentation network Mask RCNN. Mask RCNN can efficiently complete the target detection and predict the mask of the input object (Li et al., 2020). Mask RCNN is based on Faster RCNN and joins the fully connected partition network after the basic feature network. Mask RCNN changes from two tasks (classification + regression) to three tasks (classification + regression + segmentation) (Ying, 2020). The same two stages as Faster RCNN are adopted by Mask RCNN.
The same first level [Regional Proposal Network (RPN)] is applied in Phase I: Scanning images and generating area proposals (an area that may contain a target) (Song et al., 2021). Phase II, in addition to prediction types and bbox regression, a branch of the full convolution network is added. This branch predicts the corresponding binary mask for each ROI to indicate whether a given pixel is part of the target. The advantage of this method is that the whole task can be simplified into a multistage pipeline, decoupling the relationship between multiple subtasks.
The network structure framework diagram based on Mask RCNN crack detection is shown in Figure 2.
[image: Figure 2]FIGURE 2 | Mask RCNN.
Mask RCNN is a two-stage target detection method. The first stage generates a series of recommendation boxes through the RPN. The second stage obtains the feature matrix of the target on the feature map by aligning the proposed box generated by the first stage with the area of interest and finally predicts the three branches of the classification, boundary box regression, and mask (Wang et al., 2021). The three branches are performed simultaneously. Mask RCNN's loss consists of three parts, as shown in Eq. 1.
[image: image]
In the formula, [image: image] represents the total loss, [image: image] represents the classification sub-loss, [image: image] represents the boundary box regression loss, and [image: image] represents the mask branch loss.
The cross-entropy loss function is adopted for classification loss, as shown in Eq. 2.
[image: image]
In the formula, [image: image] represents the total number of categories, and [image: image] represents the binary parameter of whether it is a positive sample. If it is a positive sample, the binary parameter is 1. If it is not a positive sample, the binary parameter is 0. [image: image] represents the probability that the target belongs to category [image: image]. Only the positive sample needs to calculate the loss.
The SmoothL1 loss function is adopted for the bounding box regression loss, as shown in Eq. 3.
[image: image]
In the formula, [image: image] represents the four regression parameters of the real box [image: image] represents the four regression parameters of the prediction frame. The four regression parameters of the real frame and the prediction frame are calculated, respectively, for Smooth L1 loss and summed to obtain the bounding frame regression loss [image: image].
The mask loss function is calculated using the mask generated by the mask branch prediction, for [image: image] each category, the mask size predicted for each category is [image: image], the sigmoid function is adopted for each pixel on the mask, and the binary cross-entropy loss function is sent to calculate the mean value of all pixel loss, as shown in Eq. 4.
[image: image]
In the formula, [image: image], which presents that the pixel point [image: image] belongs to category [image: image], is 1, otherwise 0, and [image: image] represents the probability that the same pixel position is predicted to be category [image: image].
U-Net Algorithm Framework
U-Net's network structure is entirely composed of the convolutional layer. U-Net's network structure got its name because the network structure resembles the English letter “U.” The concrete crack detection network structure based on the U-Net network is shown in Figure 3.
[image: Figure 3]FIGURE 3 | U-Net network.
U-Net is a variant of a full convolution neural network that is mainly encoder–decoder structure. An encoder is mainly used to extract image features, and a decoder is mainly used to decode the feature information extracted by an encoder. U-Net network was originally designed to solve the segmentation task at the cell level. Because of the good effect, it can be applied to other semantic segmentation tasks, such as satellite image segmentation and industrial defect detection. Pixel-level image segmentation can be realized by the U-Net network method. The fusion of shallow features and deep features is efficiently used to retain many details of the original image to the greatest extent (Jin et al., 2021).
The encoder consists of four down-sampling modules, which are composed of two 3*3 convolution layers and a pooling layer. The convolution layer is mainly used to extract feature information and change the number of channels in the feature graph. The pooling layer adopts maximum pooling to reduce the dimension of the feature graph. Different feature maps focus on different information, whereas shallow convolution focuses on texture features, whereas feature maps of deep network layers have large receptive fields, and convolution focuses on the essential features of images (Zhu et al., 2019; Zhu et al., 2021).
The decoder is composed of four up-sampling modules, which are composed of a deconvolution layer and two 3*3 convolution layers. The deconvolution layer is mainly used to restore the original resolution of the image and then fuse different feature images by channel splicing. Some edge features are lost in down-sampling feature extraction, and the lost features cannot be retrieved from up-sampling. Therefore, image edge features are recovered by feature graph Mosaic.
In the training process, the cross-entropy loss function fused with the sigmoid function was adopted, and finally, the mean value of all pixel loss was calculated, which was consistent with the Mask RCNN mask loss function, as shown in Eq. 5
[image: image]
In the formula, [image: image] indicates that the pixel [image: image] belongs to category [image: image]; the value is 1. If the pixel [image: image] does not belong to category [image: image], the value is 0. The probability that the same pixel position is predicted as category [image: image] is represented by [image: image]. The size of the image is represented by [image: image].
U-Net is one of the earliest algorithms for semantic segmentation using multi-scale features, and its U-shaped structure also inspired many later algorithms. U-Net also has several disadvantages:
1) Effective convolution increases the difficulty and universality of model design. Many algorithms directly use the same convolution. The same convolution can also avoid the edge cutting operation before feature map merging.
2) The edge cutting form and feature map are not symmetrical.
Evaluation Indicator
Crack detection is an image semantic segmentation task, and each pixel is classified into two categories. Therefore, this paper uses Accuracy, Recall, Kappa coefficient, and Dice as the result evaluation. The evaluation index formula is as follows:
[image: image]: Predict the positive class as the number of positive classes;
[image: image]: Predict the number of positive classes as negative classes;
[image: image]: Predict the number of negative classes as positive classes;
[image: image]: Predict the negative class as the number of negative classes;
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In the formula, A is GT, that is, the manually marked area, and B is the area obtained by model segmentation. The Dice range is between [0,1]. The larger the value, the higher the overlap, that is, the closer to the artificially fine-labeled GT.
EXPERIMENTAL RESULTS AND ANALYSIS
The hardware environment of this experiment is GPU NVIDIA GeForce RTX 2080, Windows 10 operating system, 32-GB memory, and 8-GB video memory. The software environments are Python 3.7.3, TensorFlow 1.14.0, and Pytorch 1.6.0. The crack detection model based on Mask RCNN is tested in the TensorFlow framework. The crack detection model based on U-Net is tested in the Pytorch framework.
Experimental Data
In this paper, experiments are carried out on the open fracture dataset CFD (Shi et al., 2016). The image size is 480 × 320. Some samples are shown in Figure 4 One hundred fracture images were selected from the CFD dataset, 80 images were selected as the training set, and 20 images were selected as the validation set. Open source is adopted to mark tool Labelme to mark the crack edge to form a closed loop, as shown in Figure 5. The red line in the figure represents the connecting line of the mark point on the edge of the crack. Then, the JSON file containing GT (Ground Truth) information was exported. The training data of Mask RCNN need to be inputted into the network in the form of a JSON file corresponding to each image. U-Net requires that each image corresponds to a mask image (GT, which can be generated by JSON conversion, as shown in Figure 6) input into the network for training.
[image: Figure 4]FIGURE 4 | CFD sample.
[image: Figure 5]FIGURE 5 | Mark image.
[image: Figure 6]FIGURE 6 | Ground Truth.
Experimental Results
Qualitative Analysis
To ensure that the comparison between Mask RCNN and U-Net model is relatively fair, the following experimental results are obtained under the same parameter settings: batch size is set to 2, the maximum number of training rounds is set to 20 epoch, and the learning rate is set to 0.0001. Some test results are shown in Figures 7A–D.
[image: Figure 7]FIGURE 7 | Result constrast. (A) Original image. (B) GT. (C) Mask RCNN. (D) U-Net.
From the qualitative results in Figure 6, we can see that cracks are split more finely by U-Net. Mask RCNN can get a relatively rough result. From top to bottom, in the first to fourth rows, comparing the third and fourth columns, both Mask RCNN and U-Net can cover the true crack position. U-Net can get the segmentation result close to GT. From this point of view, precise crack detection is an advantage of U-Net. From the top–down, the fifth to the eighth rows, compared with the third and fourth columns, the split result of Mask RCNN can still cover most of the crack areas in the original map. Some crack areas in U-Net have not been detected successfully, resulting in leakage or partial leakage, especially in the sixth row. The Mask RCNN result can roughly cover the cracks, whereas only two small points are detected in the U-Net result, and the cracks cannot be detected. In view of the analysis discussed earlier, the crack area is accurately segmented by U-Net under the premise that the crack characteristics of the original image are obvious. When the crack characteristics of Mask RCNN are not obvious enough, the segmentation results obtained are not precise enough, but the cracks are still mostly covered. The reason for the results mentioned earlier may be that U-Net lost some information of pixels in the process of down-sampling and resampling the original image.
Quantitative Analysis
For the Mask RCNN and U-Net models, 80 training samples and 20 validation samples were evaluated and analyzed for Accuracy, Recall, Kappa, and Dice, as shown in Table 1.
TABLE 1 | Comparison of evaluation indicators.
[image: Table 1]The U-Net method has an average accuracy of 97.86% for crack segmentation pixels in the verification set, a recall rate of 79.15%, a kappa coefficient of 0.4729, and a Dice value of 0.6772. The Mask RCNN method has an average accuracy rate of 98.56% on the verification set, a recall rate of 72.27%, a kappa coefficient of 0.4535, and a Dice value of 0.6000. However, the Accuracy of the U-Net model is lower than that of the Mask RCNN model because the indicator is a comprehensive calculation of positive and negative samples. In the image, the area of the image where the crack area (positive sample) is located is small, while in the background area (negative sample). The proportion of the area occupied in the image is larger, which more reflects the information of the negative sample. According to the evaluation index Recall, the analysis of the proportion of the real area occupied by the fracture area predicted by the model, the Recall of the U-Net model is better than the Mask RCNN. Because the crack area in the image occupies a small proportion relative to the background area, resulting in the imbalance of positive and negative samples, Accuracy and Recall cannot fully effectively evaluate the comparative effect of the model. This paper uses the comprehensive evaluation index coefficients Kappa and Dice for analysis. The Kappa and Dice index values of the U-net model are higher than those of the Mask RCNN model, indicating that the U-Net model has a better effect in the task of crack segmentation.
For the two models, the average time required to predict an image and how many images (frame per second) can be detected in 1 s are calculated, as shown in Table 2.
TABLE 2 | Comparison of detection time.
[image: Table 2]It can be seen from Table 2 that the average time for U-Net to detect an image is only 0.0227 s, which is much shorter than Mask RCNN's 0.7162 s. U-Net can detect 44 images per second on average, whereas Mask RCNN can only detect 1.4 images per second. Because Mask RCNN is a two-stage anchor-based model, the model first performs RPN screening on the anchor and recommends the proposals, and then scales the ROI to predict the offset and the predicted probability. Relatively speaking, the U-Net structure is more simplified, through up-sampling and skip connection carrying out feature map splicing to predict each pixel, with fewer training parameters; only the input image passes through the encoder and the decoder to directly obtain the segmentation mask, and the detection speed is faster.
This paper mainly compares the effects of the two models on the task of crack segmentation, and the corresponding model can be selected according to the actual task situation. For model detection accuracy, comprehensive evaluation indicators and detection speed, the U-Net model has a better fitting effect. For crack warning, combined with the mask map in Figure 6, the U-Net model undergoes up-sampling and pooling operations, resulting in the loss of the spatial relationship between the target pixel and surrounding pixels. The crack mask predicted by the U-Net model is relatively discrete. U-Net mask image may have certain missing errors. The Mask RCNN model predicts more redundantly, but all cover the crack area, and the visual effect is clearer. Therefore, according to different tasks, the U-Net model and the Mask RCNN model have different functions.
CONCLUSION
The research of crack detection based on deep learning proposed in this paper uses the Mask RCNN model and U-Net model for experiments. According to different purposes, this paper recommends different models. Under the requirements of real-time segmentation and high precision, the U-Net model has the best comprehensive evaluation index compared with the Mask RCNN model. Therefore, this paper recommends using the U-Net model for crack detection. The U-Net model mainly extracts image feature information through down-sampling, maps the feature information to high-dimensional, uses skip-connection to splice and fuse the up-sampled information, and maps to low-dimensional through deconvolution, which significantly improves crack segmentation accuracy.
In scenes with low segmentation accuracy and time requirements, the detection results only need to roughly locate the cracks to meet the actual needs of quality assessment in concrete engineering. Compared with U-Net, Mask RCNN predicts the visual effect of the crack mask. Well, the crack mask area is relatively low and easy to locate, so this paper recommends using the Mask RCNN model. Mask RCNN adopts a two-stage idea, selects the suggestion proposals through RPN, and further performs crack detection and segmentation. It is better than U-Net for the detection of very fine cracks with inconspicuous characteristics, effectively avoiding the missed detection of large areas of cracks.
The disadvantage is that the two models still have certain flaws in crack detection. Therefore, future work will post-process the results of the two models. Both Mask RCNN and U-Net crack masks are processed by morphological methods to improve the mask prediction effect.
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Improving the seismic resilience of urban underground structures is among the hot topics concerning disaster prevention and the mitigation engineering of underground structures; however, there is still a lack of research on the quantitative methods for the seismic resilience of underground structures. Based on the existing research results of seismic resilience in other fields and combined with the actual situation of subway stations, in this paper, a quantitative framework for the seismic resilience of subway stations was proposed. In this quantitative framework, the seismic resilience of subway stations was described from the functional and economic levels, respectively, with two indices. Also, a recovery model and an indirect economic loss calculation method for subway stations were proposed. Based on the proposed framework, the strategy and mechanism of improving seismic resilience were analyzed. Moreover, a finite element model was established to calculate and analyze the effects of the two strategies on enhancing the seismic resilience of subway stations by adding seismic mitigation measures before earthquakes and accelerating restoration after earthquakes. The results showed that the proposed framework is feasible, as both strategies showed to improve the seismic resilience of a subway station; however, the mechanisms are different. After the installation of seismic mitigation measures before an earthquake, the functional recovery capacity of the station increased by 22–30%, and the economic loss decreased by 43–75%. After the earthquake, by increasing the number of repair workers, the functional recovery capacity increased by 5–25%, and the economic losses decreased by 10–48%.
Keywords: underground station, seismic resilience, friction pendulum bearing, resilience improvement, recovery model
1 INTRODUCTION
With the continuous progress of urbanization, the problem of traffic jams has become increasingly serious, and developing underground transportation methods is one of the effective methods for solving this problem. Nowadays, subways have become the primary transportation system in large cities because of their advantages, such as being clean and fast. However, with the continuous development of subways, the probability of earthquake damage is increasing. Historical data has shown that underground structures are also at the risk of earthquake damage (Iida et al., 1996; Wang et al., 2001; Li 2008; Wang et al., 2009). In particular, in the 1995 Kobe earthquake, all the central columns of the Daikai station were destroyed, and the whole station collapsed. It took a year to rebuild the station, and the repair cost reached 10 billion yen. It can be seen that serious damages to underground structures can cause serious blows to local national life and economic development. Thus, ensuring that underground structures have enough resistance to earthquakes and that they can be quickly repaired after earthquake damages has become a new research problem, which needs to be solved so as to avoid any excessive indirect economic losses. In general, the concept of seismic resilience provides an answer to this problem.
The concept of seismic resilience originated from mechanics and has been introduced into various research fields. In 2003, Bruneau et al. (2003) proposed a conceptual framework for assessing community resilience after earthquakes, and they introduced the concept of resilience to the engineering seismic field for the first time. After many years of development, seismic resilience has become among the research hotspots in the engineering seismic field, and its concept has gradually formed a unified concept, namely the ability of structures to resist earthquake shocks and quickly recover from them.
According to existing studies, there are three quantitative methods for seismic resilience. The first one is a quantitative method based on “resilience curve”, where the area integral between a performance curve and coordinate axes is used to represent the seismic resilience of a research object. It was first proposed by Bruneau et al. (2003) and then optimized by (Cimellaro et al., 2006; Cimellaro et al., 2010). This method has been widely applied to seismic resilience research on various structures and systems, such as hospitals (Cimellaro and Piqué, 2016a; Li et al., 2020; Shang et al., 2020), bridges (Deco et al., 2013; Capacci et al., 2020; Huang and Huang, 2021), buildings (Anwar and Dong, 2020; Yu et al., 2021; Salado Castillo et al., 2022), road networks (Ishibashi et al., 2021; Liu et al., 2021), power distribution systems (Yuan et al., 2018), water distribution systems (Cimellaro et al., 2016b), and community structures (Fu et al., 2021). Although this method can describe the performance changes of a structure during repair periods through the performance curve, it is difficult to fit the performance curve. Also, this method cannot analyze the seismic resilience of complex systems from multiple perspectives.
The second method is a quantitative method based on “resilience index”, where the seismic resilience of a research object is represented by indices, such as the repair time or economic loss. Chang and Shinozuka (2004) provided an initial idea for this approach by taking the probability that the structural residual function and repair time both meet structural performance goals, such as the resilience index of a community. Other research works have also used this thought (Liu et al., 2017; Xue et al., 2021). Moreover, the current industry standards for seismic resilience evaluation, such as FEMA-P58 (FEMA, 2012), REDi (Almufti and Wilford, 2013), and Standard for the seismic resilience assessment of buildings (GB/T 38591-2020, 2020), all adopt this quantitative method. Although this method is easy to understand and operate, it cannot describe the performance changes of a research object during a repair process, which is very important for some structures.
The third method is a quantitative method based on the “index evaluation system,” and it evaluates the seismic resilience of a research object by listing relevant index elements on the basic components of the research object. Common index evaluation systems of resilience include DROP (Cutter et al., 2008), BRIC (Cutter et al., 2010), ARUP (Resilience Alliance, 2010), and CDRI (Mayunga, 2009). These methods can analyze the impact of each system’s components on system resilience from multiple angles and levels; however, they cannot reflect the performance changes of underground structures during a repair process.
Although there has been a lot of research on seismic resilience, there is not enough research on the resilience of underground structures (Yang et al., 2019). The existing studies on the seismic resilience of underground structures have mainly focused on improving the resistance of underground structures by improving their residual functions after earthquakes (Lu et al., 2021). For example, by using traditional seismic mitigation measures, such as bearings (Ma et al., 2018; Xu et al., 2020; Zheng Yue, 2020; Jia and Chen, 2021), the force transmission mechanism of a central column is changed, and the damage of the central column can be reduced. Also, new structural forms can be developed for central columns (Du et al., 2018; Chen and Zhou, 2019; Lu et al., 2020; Xu et al., 2021) to improve their ductile deformation capacity.
However, it is not enough to only focus on structural seismic mitigation. On the one hand, the effects of seismic mitigation measures on structural seismic resilience improvement still need to be analyzed and guided by scientific seismic resilience quantitative methods. On the other hand, underground structures still need an exact index to describe their recovery capacity and social impact after being hit by earthquakes (Lu et al., 2021).
Given the above, the research on the seismic resilience of underground stations is still not perfect. The existing research direction is single, and there is a lack of a resilience index and a corresponding quantitative framework for evaluating this index. We cannot assess the seismic resilience of subway stations or know the specific methods and effects of resilience improvement measures. Therefore, combined with the existing quantitative methods of seismic resilience, in this work, we studied the quantitative framework and worked on a strategy for the seismic resilience of underground structures.
2 A QUANTITATIVE FRAMEWORK FOR THE SEISMIC RESILIENCE ASSESSMENT OF SUBWAY STATIONS
Subway plays an important role in urban transportation networks. Whether its performance is perfect or not has an important impact on the daily trips of city dwellers. Obviously, when a subway station is damaged, its performance can be time-varying during the repair process. Therefore, a resilience quantification method based on “resilience index” or “index evaluation system” cannot be suitable for quantifying the seismic resilience of subway stations, as it cannot simulate the time-varying performance of a structure during a post-earthquake repair process. However, a quantification method based on “resilience curve” can describe the performance changes of a structure during a repair period through a performance curve, and it can be applied to the resilience quantification of the underground stations that care about using functions.
Figure 1A and Eq. 1 demonstrate a typical quantitative framework (based on a performance curve) for seismic resilience assessments. As seen in Figure 1A, Bruneau et al. (2003) focuses on the functional loss amount during the repair period (RB), while Cimellaro et al. (2010) focuses on the functional recovery capacity after an earthquake (RC). Due to the different sizes of structures, it is reasonable to describe the seismic resilience of structures based on the amount of functional recovery per unit time.
[image: image]
[image: image]
where Q(t) is the performance function of a structure, TRE is the time required to repair the structure to its initial state, t0 is the time of the earthquake occurred, frec is the recovery function, and Qresidual is the structural residual performance after the earthquake.
[image: Figure 1]FIGURE 1 | (A) A typical seismic resilience model; (B) definition of the repair target for each stage; (C) recovery profile for different performance requirements and (D) shortcomings of existing quantification method of the functional recovery index.
2.1 Seismic Resilience Indices
In this paper, seismic resilience is defined as the ability of a structure to withstand earthquake impacts and quickly recover to its original performance after an earthquake. By referring to Cimellaro’s typical framework for seismic resilience assessments (Cimellaro et al., 2010), the calculation of functional recovery index (R) can be divided into two parts: the calculation of the post-earthquake residual function and the construction of a recovery model. However, the functional recovery index (R) is an index that describes the structural-functional recovery capacity of a research object, and it cannot directly reflect economic losses. Therefore, an economic index (Etot) was used to describe the structural seismic resilience together with the functional recovery index. The seismic resilience of the structure is improved with the increase in the functional recovery index and the decrease in the economic index. The calculation of the economic index is shown in Eqs 3, 4.
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where Edirect−loss and Eindirect−loss denote the direct and indirect economic losses, respectively, and Erepair−M and Erepair−H denote the material and labor costs, respectively. In this study, the economic losses resulting from human casualties were not calculated.
2.2 Functional Recovery Index of Subway Station Components
2.2.1 Residual Function Calculation
In this study, the bearing capacity of a subway station was taken as a performance index of the structure. The bearing capacity of the station comes from two vertical structural components: the central column and sidewall. Therefore, we evaluated the seismic damage degree of the station from the component level. In addition, the inter-layer displacement angle was selected as the damage indicator of the station, because the side walls and the central columns are displacement-sensitive components.
The code for Seismic Design of Urban Rail Transit Structures (GB50909-2014, 2014) divides the seismic performance requirements of underground structures into three grades and provides corresponding component performance grades under each performance requirement. However, this standard is not clear in describing the allowed damage state that occurs at various performance levels of the components. However, the description of the damage states of the structural components in Standard for seismic resilience assessment of buildings (GB/T 38591-2020, 2020) is basically consistent with the description of the component performance grade requirements in standard (GB50909-2014, 2014), and it can be used as a basis for the damage classification of subway station components. Therefore, based on the two codes, we provided the performance requirements of subway stations and the corresponding component damage classification (see also Table 1). And according to the inter-layer displacement angle limits of the underground rectangular structure under the condition of “no damage, repairable and not collapse” given by Dong et al. (2014) and factors such as repair difficulty, the suggested index limits of the subway station adopted in this paper are shown in Table 1.
TABLE 1 | Performance requirements, damage state and limits of the interlayer displacement angles of the station’s components.
[image: Table 1]The residual function of the station components after an earthquake is defined as the ratio of the maximum inter–layer displacement angle during the earthquake to the ultimate inter–layer displacement angle, which is calculated by Eq. 5 as follows.
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where Qresidual is residual function of the type i components; θi is the maximum inter–layer displacement angle of the type i component during the earthquake, and θDj is the lower limit of the inter-layer displacement angle under the damage level j (In fact, the values of θD4 and θD5 are the same, as shown in Figure 1B). When θi is greater than or equal to θD5, the structure collapses, and its residual function is 0. Similarly, when θi is equal or lesser than θD1, the structure is not damaged, and its residual function is 1.
2.2.2 Recovery Model Construction
The recovery curve describes the real-time recovery process of a structure’s functions depending on its own recovery ability or with the help of external forces. It is also the basis of quantifying the functional recovery capacity of a component. To construct a function recovery model, it is necessary to have the recovery profile and shape parameters of the component under different damage levels.
2.2.2.1 Recovery Profile
The recovery profile is a profile curve that describes the performance change during a repair process, and it is related to the types of the components to be repaired, regional economic conditions, repair strategy, and seismic damage degree. Existing recovery profiles include linear type, trigonometric type (Chang and Shinozuka, 2004), exponential type (Kafali and Grigoriu, 2005), and stepwise type (Padgett and DesRoches, 2007). Compared with the first three, stepwise type conforms to the reality of a staged repair process and reflects the recovery strategy and means in the repair process. Consequently, stepwise type was selected in this paper.
In this paper, the same recovery profile was adopted for the central columns and sidewalls, which were only differentiated by shape parameters. In addition, the economic factors (referring to the regional economic conditions) can also be reflected by shape parameters.
The damage level of the component to be repaired directly controls its repair difficulty (Deco et al., 2013; Li et al., 2017). Therefore, according to the performance requirements of the station described in Table. 1, we extracted the recovery profile of the component at different damage levels, as shown in Figure 1C, where Qresidual was used to select the recovery curve, and the parameters TRQ(StageN) and Q(N−1) define the shape of the recovery profile. When the component damage level is D1 [Qresidual = Qmin(D1) = 1], there is no damage to the structural component that can affect the performance. Thus, the function of the component remains 1. When the damage level of the component is D5 [Qresidual ≤ Qmin(D4) = 0], the component is completely destroyed and the function of the component is 0. When the damage level of the component is D2–D4 [Qmin(D4) < Qresidual < Qmin(D1)], the component can be restored to its original performance by repair and replacement, respectively, and its function is not interrupted during the repair period. However, the repair process is different due to the difference in its damage level.
The performance of a damaged component is controlled by its damage level and is gradually improved through continuous repair. Consequently, a step-by-step repair strategy from high-level damage to no damage was adopted in this study. When a repair stage is completed, the manager should remove the functional limitations of the structure in a timely manner. For example, if the seismic damage level of the component is D4, the damage level should be reduced to D3 after the first repair stage is completed, and the structural function should be improved to the corresponding function level of D3.
QEXP(Dj) denotes the expected values of the residual functions of components under the damage level j. Also, it denotes the corresponding recovery target of each damage level. Also, Qmin(Dj) is the lower limit of the damage level j. TRQ(StageN) and Q(N−1) denote the repair time and recovery target required in recovery stage N, respectively, and their calculation method is shown in the next section.
2.2.2.2 Stage Recovery Target
When the component is repaired and the damage is reduced from Dj to Dj-1, its function should be increased from QEXP(Dj) to QEXP(Dj−1). However, it is difficult to determine the value of QEXP(Dj−1), as each damage level corresponds to a certain performance range, which should be discussed by experts based on the safety and social impact of the structure. In this paper, we suggest that the performance value corresponding to the median of the damage level j be selected as the expected residual function QEXP(Dj) of the component under this damage level, as shown in Figure 1B.
The functionality and repair targets of each repair stage under different damage levels are shown in Table. 2, where Q(N−1) is the functionality of the components during the repair stage N; Q(N) is the repair target of the repair stage N, achieved at the time instants when the repair stage j is finished, and serves as the functionality of the components during the repair stage N + 1.
TABLE 2 | The functionality, repair targets and repair time of each recovery stage under different damage levels.
[image: Table 2]2.2.2.3 Repair Time Calculation
There are two methods for calculating the repair time. The first method is to extract the repair experience from the past, and the second method is based on the repair time required by each component, which is also used in the existing resilience evaluation standard (FEMA, 2012; GB/T 38591-2020, 2020). Since there are only a few earthquake damage cases for underground structures, it is difficult to obtain relevant repair data from historical cases. Consequently, the second method was used to calculate the repair time of the component.
Since subway structures should be immediately repaired after earthquakes, in this paper, the repair time is defined as the time period between the earthquake and the completion of repair. To facilitate the calculations, we made the following assumptions.
Assumption 1 The central columns and sidewalls can be repaired at the same time.
Assumption 2 The damage level of same type of components is the same.
Assumption 3 The repair workers are equally competent.The time instants and time interval of each repair stage are calculated by Eqs 6, 7, respectively.
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Where N and Ti,N denote the numbering the repair stage and the time instants when the repair stage N of type i components are finished, respectively; N and j are integer; ti,j denote the repair times required by a single type i component under the damage level j and is related to the means of repair; ni is the number of type i components, and nwork is the number of repair workers; the normal meaning of TRE, i is the total repair time required for completion of type i component. In this paper, it is represented as the repair time standard, and the detailed explanation is given in Section 2.2.3. Therefore, the repair time required for each stage of different components under different damage levels is shown in Table 2. It should be noted that the damage of the components also need to be repaired when its damage level is D1, since such damage does not affect the structure’s function, this period of time is not counted as the repair time. Therefore, the components at damage level D1 has no repair target and repair time (Table 2).
2.2.3 Recovery Function and Calculation Method of the Functional Recovery Index
If the structural-functional recovery capacity of a component is calculated according to Eq. 1, the functional recovery index (R) cannot respond to the change in the repair time. As shown in Figure 1D, if the accelerated repair strategy (more repair workers or a faster repair method) is used to double the repair rate of each repair stage, the total repair time is halved. Consequently, when using the accelerated repair strategy, the functional limit time is halved, and the function loss amount in the repair process are half that of the normal repair strategy. Thus, the accelerated repair strategy is a better choice for both the owner and the public. However, the functional recovery index calculated according to Eq. 1 with the accelerated repair strategy is the same as that obtained with the normal repair strategy.
To make the functional recovery index respond to the change in the repair time, we provide a new calculation method. Firstly, a normal repair strategy (including the number of repair workers and the repair method) should be established as the standard, and the corresponding repair time was calculated as the repair time standard (TRE). Then the function recovery amount per unit time in the repair time standard is taken as the functional recovery index of the components. Thus, based on the content in Section 2.2.2, the corresponding recovery function is shown in Eq. 8. And the functional recovery index Ri of the components was calculated by Eq. 9.
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Where j is the seismic damage level of the structure; Ri and TRE,i (repair time standard) denote the functional recovery index and the repair time of a type i component, respectively; Ti,0 equal to 0. However, the repair strategy is not one and only, as long as the repair time required by the actual using repair strategy is shorter than the repair time standard.
2.3 Economic Index of Subway Station Components
2.3.1 Direct Economic Loss Calculation
The economic loss caused by human casualties was not considered. Thus, direct economic loss was the repair cost of the structure, including the material and labor costs. The repair cost of the structure was calculated according to the concept of “loss ratio” (GB/T 18208.4-2011, 2011; FEMA, 2005), as shown in Eq. 10.
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where βi,j denote the loss coefficient of the structural component type i under the seismic damage level j, and Ci denote the construction cost of the structural component type i. And Ci can be calculated according to industry standard.
2.3.2 Indirect Economic Loss Calculations
The indirect economic loss is the economic loss caused by the reduction of structure’s using function. A station is a gate for passengers to get in and out of a subway, and the reduction of its function directly affects the passenger flow of the subway. If analyzed from the view of the public, the indirect economic loss caused by the reduction of a subway station’s function is the time and fare costs passenger transfer. And from an owner’s point of view, the indirect economic loss is the income loss caused by the decrease in passenger traffic. Although the economic loss of passengers does not increase the economic loss of owners, this part of the economic loss should be added to the indirect economic loss in the form of social responsibility so as to restrain the owner from choosing a repair strategy with a long recovery time and a low repair cost.
Thus, the indirect economic loss of type i components can be calculated by Eqs 11–13 as follows.
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where losspublic and lossowner denote the socioeconomic and owner losses, respectively; ATD is the daily passenger flow of the station under normal conditions; S is the fare per kilometer per person; ΔC and ΔT denote the fare cost and time cost per kilometer of one person, respectively (Transfer is by taxi); L is the average distance between the station and nearby stations.
2.4 Functional recovery index of a station.
Different components have different effects on structural performance. Consequently, the weight of each component with regard to the performance of a subway station should be considered when calculating seismic resilience of stations. The calculations of the functional recovery index and economic index of a subway station are shown in Eqs 14, 15.
[image: image]
[image: image]
where αi is the weight coefficient of the type i component, and n is the number of component types. A central column is vulnerable to damage because of its small crosssection, as it is the main factor affecting the performance of subway stations. Therefore, the recommended weight coefficients for the central column and sidewall in this study are 0.7 and 0.3, respectively.
According to the above, the flowchart of the seismic resilience assessment of subway stations is shown in Figure 2.
[image: Figure 2]FIGURE 2 | Flowchart of the seismic resilience assessment.
3 SEISMIC RESILIENCE IMPROVEMENT STRATEGY OF SUBWAY STATIONS
To improve the structural seismic resilience is to increase the proportion of the functional recovery quantity in a structural repair process. Seismic resilience of a subway station can be improved using two ways. The first way is to improve the residual function of a structure after an earthquake, which can be realized by improving the ability of the structure to resist earthquake loads by using seismic mitigation measures (before the earthquake). The second method is to improve the repair rate of the subway station. Under the condition that the residual functions of a structure are invariant, shortening the repair time can reduce the functional loss amount during a repair process (after the earthquake) and improve the seismic resilience of the station.
3.1 Improvement of Structural Resistance Resilience
There are two common seismic mitigation methods for subway stations. The first method is to use shock-absorbing bearings, such as friction pendulum bearings (FPB), which can be used on the central column to concentrate the horizontal deformation at the bearing, thus reducing the deformation of the central column. The second method is to use new structural forms for the central column, such as a split column, which can be adopted to improve the ductile deformability of the central column. In this study, FPB was selected as a seismic mitigation measure, and its effect on improving the seismic resilience of subway stations was quantified and analyzed using numerical simulations.
FPB is a type of seismic mitigation device that uses the friction sliding energy dissipation technology, as shown in Figure 3A. Under the action of an earthquake, the soil deformation causes the relative displacement of the roof and floor of the station. In this process, the slider can slide on the sliding concave surface (Figure 3B). The relative displacement is divided into two parts as it transfers from the roof to the central column, one part is the displacement of the slider in the support, the other part is the displacement of the central column. Therefore, compared with the original structure, the deformation of the central column with FPB is reduced. Moreover, the constant friction between a slider and a sliding concave surface can consume the seismic energy resulting from earthquakes, as shown in Figure 3B. The force analysis of the slider is illustrated in Figure 3C.
[image: Figure 3]FIGURE 3 | (A)Structural map of friction pendulum bearing; (B) working mechanism of friction pendulum bearing and (C) force analysis diagram of friction pendulum bearing in the case of an earthquake.
In Figure 3C, θ is the rotation angle of the slider relative to the vertical symmetry axis of the bearing bottom plate; D represents the horizontal displacement of the slider; W denotes the vertical bearing weight of the FPB, and its component in the normal direction of the sliding concave surface is Wcos(θ); R indicates the radius of the sliding concave surface radius; f is the sliding friction force of the slider; F stands for the horizontal shearing force transmitted by the structure.
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Where, μ is the sliding friction coefficient of the slider, and when θ is very small, cosθ is approximately equal to 1. Assuming the value of F remains unchanged, it can be seen from Eq. 16 that when W and μ remain unchanged, the increase of sliding concave surface radius will lead to a longer slide distance for the slider to reach balance. Similarly, when μ increases and R remains constant, the slide distance to reach equilibrium decreases accordingly. In conclusion, the deformation of the central column closely correlates with the friction coefficient and the radius of the sliding concave surface.
3.2 Improvement of the structural recovery resilience.
In the case that the repair time standard (TRE) is constant, the shorter the repair time, the less the function loss amount in the restoration process and the higher the functional recovery index. This paper puts forward two schemes for enhancing resilience in subway stations after earthquakes.
1) Increasing the number of repair workers.
2) Using a repair method that is faster than normal repair methods.
In combination with Eqs 6, 7, it can be seen that when the number of repair workers increases, nwork increases, while TRQ(StageN) decreases. When using a faster repair method, higher repair costs may be incurred, and both ti,j and TRQ(StageN) decrease. In this case, we chose to increase the number of repair workers to enhance the seismic resilience of subway stations.
4 CASE STUDY
4.1 Numerical Model
4.1.1 Engineering Background
To demonstrate the proposed seismic resilience assessment framework for subway stations and analyze the effectiveness of the seismic resilience improvement method, a three-dimensional numerical simulation was performed with the Daikai station as a prototype. The Daikai subway station is a single-layer, double-span, rectangular frame structure, and its crosssection is shown in Figure 4A. The thickness of the covering Earth of the station is 4.8 m, and the concrete grades C30 and C35 are used for the main structure and central columns of the station, respectively. In addition, the reinforcement ratios of the sidewall, top and bottom plates, and central column are 0.8, 1.0, and 0.6%, respectively. All the reinforcements adopt screwed reinforcements with a diameter of 32 mm. Figure 4B shows the detailed size of the FPB. The main physical and mechanical parameters of the soil in each layer of the site are listed in Figure 4C.
[image: Figure 4]FIGURE 4 | (A) Main dimensions of the cross section of the Daikai subway station; (B) main dimension of cross section of friction pendulum bearing; (C) main physical parameters of the soils; (D)Finite element model of soil; (E) finite element model of station; (F) finite element model of FPB and (G) schematic diagram of the value point.
4.1.2 Finite Element Model
To avoid the adverse impact of the boundary effect on the calculation results (Lou et al., 2000). In this paper, the width of the site model is set to 119 m (7 times the width of the station), the thickness is 39 m, and the longitudinal width is 10.5 m (longitudinal width of the triple-span station). The finite element model was established based on the ABAQUS software, as shown in Figures 4D–F. The soil, concrete structure, and FPB were meshed using C3D8R, and T3D2 was adopted for the mesh division of the reinforcement. The reinforcement was embedded in the concrete without considering the bond-slip between the reinforcement and concrete. The mesh size of the bearing plate ranges from 0.01 to 0.02 m, and the mesh size of the slider ranges from 0.005 to 0.008 m. The mesh size of the remaining part was selected according to the minimum wavelength of 1/10–1/8 (≤2 m), and the soil mesh around the structure was appropriately encrypted. The sidewalls and the top and bottom plates have an elastic modulus of 30 GPa, a density of 2,500 kg/m3, and a Poisson’s ratio of 0.2. The FPB is made of high-strength steel with a density of 7,850 kg/m3, an elastic modulus of 206 GPa, and a Poisson’s ratio of 0.3. In this study, we adopted Mohr–Coulomb as the nonlinear constitutive of the soil mass, and the constitutive model of the concrete material adopted a plastic damage constitutive model (Lubliner et al., 1989; Lee and Fenves, 1998). The linear elastic constitutive model was adopted for the bearing steel. Rayleigh damping was used to approximate the damping of both the concrete and soil materials.
The artificial boundary was a viscous-spring boundary, and the ground motion input was converted into a nodal force. In addition, the calculation methods of the spring stiffness, damping coefficient, and concentrated force of the node were calculated by the self-compiled MATLAB program (Liu and Li, 2005; Du and Zhao, 2006). In this paper, the initial stress extraction method was adopted to balance the in situ stress of the model, and the method reported by Zhuang et al. (2011) was employed to transform the static and dynamic boundaries. The surface-to-surface contact was adopted for the contacts between the soil and the station and between the slider and the bearing plate. Moreover, the normal contact was hard, the Coulomb friction law was used to simulate the tangential contact of the contact surface, the coefficient of friction between the soil and structure was 0.4 (Lu et al., 2018), and the coefficient of friction of the concrete was 0.6 (Chen et al., 2014).
4.1.3 Ground Motion Selection
In this study, the horizontal and vertical ground motions recorded by Kobe University were selected as input ground motions. The acceleration–time curve, displacement–time curve, and Fourier spectrum are shown in Figure 5, respectively.
[image: Figure 5]FIGURE 5 | (A) Acceleration time history curve; (B) displacement time history curve and (C) Fourier spectrum.
4.1.4 Working Conditions
To analyze the influence of the different FPB parameters on the seismic resilience improvement effect, we set 17 working conditions (The original structure serves as a contrast) for the numerical simulation, as shown in Table 3. Also, four working conditions (18–21) were set to analyze the impact of increasing the number of repair workers on the seismic resilience of subway stations.
TABLE 3 | Working condition.
[image: Table 3]4.2 Analysis of the Resilience Improvement Effect of Friction Pendulum Bearings
4.2.1 Residual Function
The residual functions of each component of the station in the case of an earthquake were calculated according to the proposed method in Section 2.2.1. The value points of the inter–layer displacement angles of the central column and sidewalls are shown in Figure 4G. The residual functions of the central columns and sidewalls in the case of an earthquake under each working condition are shown in Figures 6A,B, respectively.
[image: Figure 6]FIGURE 6 | (A) Residual function of the central column; (B) residual function of the sidewalls under different working conditions; (C–F) recovery curves of the central column and (G–J) recovery curves of the sidewall under different working conditions.
As can be seen from Figures 6A,B, after the central column was equipped with FPB, its residual function increased by more than 80%, and the residual function of the sidewall slightly decreased by around 5%. The results show that the stations equipped with FPB can effectively improve the residual function of the station, which is consistent with the expected results.
4.2.2 Functional Recovery Index
4.2.2.1 Shape Parameters Calculation
The repair time and the number of repair workers used in the calculation in this section were considered to be as the normal repair strategy. Since it is difficult to obtain the repair time data of the central columns and sidewalls of the subway station, consequently, the repair time data of the reinforced concrete frame given in standard (GB/T 38591-2020, 2020) were used to in this case. And the repair data of the central column using the friction pendulum support is unknown and does not affect the research content in this section, the repair time data of the central column was configured with FPB is consistent with that of the original structure.
Based on the assumption in Section 2.2.2.3, we took one span of the structure as a research object, including a central column and a sidewall. In addition, the central column and sidewall were repaired by one person each, and the repairs were performed at the same time. According to the repair time data from standard (GB/T 38591-2020, 2020) and the calculation method given in Section 2.2.2, the repair time and repair target of each stage under different damage levels of the components were obtained (Table 4).
TABLE 4 | Repair time of different components in each stage for different damage states (day).
[image: Table 4]4.2.2.2 Results and Analysis
According to the seismic resilience assessment framework proposed previously, the corresponding recovery curves of the central column (Figures 6C–F) and sidewall (Figures 6G–J) under different working conditions were calculated. Also, the functional recovery indices of the central column, sidewall, and station were calculated, as shown in Figures 7A–C.
[image: Figure 7]FIGURE 7 | (A)Functional recovery indices of the central column; (B) functional recovery indices of the side wall; (C) functional recovery indices of the station (D) direct economic loss; (E) indirect economic loss and (F) functional recovery indices and economic loss under different working conditions.
Figure 7C shows that the functional recovery index of the station was significantly improved with an increase of more than 23% after the use of PFB. Also, the functional recovery index of the central column increased by more than 30% and by up to 50% (Figure 7A). However, the functional recovery index of the sidewall had no obvious changes (Figure 7B). In addition, the functional recovery index was positively correlated with the radius of the sliding concave surface and negatively correlated with the coefficient of friction.
The results show that the seismic resilience of the subway station can be effectively improved after the use of seismic mitigation measures (before earthquakes). Also, the more effective the seismic mitigation measures, the higher the seismic resilience of the structure. This is because the higher the residual function of the structure, the shorter the recovery time, consequently, the greater the structural-functional recovery capacity, the better the seismic resilience.
4.2.3 Economic Index
4.2.3.1 Economic Parameters Calculation
In this case, the loss coefficients βi,j of the subway station refer to the loss coefficients of frame structure components given in the standard (GB/T 38591-2020, 2020). Also, considering the cost of structural demolition, the structure loss ratio in D5 was set to 1.2, that is, the demolition cost is 20% of the construction cost, as shown in Table 5.
TABLE 5 | Loss coefficients of the structural components.
[image: Table 5]In this study, the construction cost calculations for the central columns and sidewalls were simply divided into three parts: concrete, steel bar, and formwork support. Also, the construction costs of the sidewalls and central columns in this case were calculated by referring to the Urban rail Transit Engineering Budget Quota (GCG103-2008, 2008) based on the unit prices of local building materials. The costs of the central columns and sidewalls were calculated to be 3,373 yuan/piece and 8,390 yuan/piece, respectively.
This study case does not correspond to an actual station, and the data used in this section is from previous studies, where ATD is 500,000 person per day, L is 2 km, and S (yuan) and C (Taxi billing standards:yuan) were calculated from Eqs 17, 18, respectively. S is 3 yuan/person, and ΔC is 11 yuan/person. According to the data provided in reference (Gao and Wang, 2014), the time cost ΔT is 0.258 yuan/person*km.
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4.2.3.2 Results and Analysis
Assuming that there are 100 central columns and 100 sidewalls in the station, the direct economic losses of the central columns and sidewalls in each working condition were calculated as shown in Figure 7D.
As seen from Figure 7D, the direct economic loss of the station was reduced by ∼14% under most working conditions. However, in the working conditions 3, 4, and 8, the direct economic loss of the station did not decrease, as the direct economic loss is only related to the post-earthquake damage level of the components and the number of components to be repaired. In the working conditions 3, 4, and 8, although the residual function of the central column was improved, the damage level did not decrease, thus, the repair cost did not decrease. With the use of FPB, the damage level of the sidewalls did not change, and the damage level of the central columns only decreased by one level, thus the reduction in the repair costs was limited. Overall, improving the seismic resistance of the structure cannot significantly reduce the repair costs.
Based on the calculation method provided in Section 2.3.2, the indirect economic loss of the station under different working conditions is shown in Figure 7E. Compared with the original structure, the indirect economic loss of the station greatly decreased after FPB was installed in the central column. Among them, the indirect economic loss of 76% of the maximum reduction, the minimum reduction of 47% (Figure 7E). This is because the indirect economic loss is not only related to the residual functions of the structure but also related to the repair time. The longer the repair time, the higher the function loss and the greater the indirect economic loss. After using FPB, the repair time of the central columns greatly decreased, so the indirect economic loss is significantly reduced.
The functional recovery index and economic loss of a station under each working condition are shown in Figure 7F. It can be seen that the economic loss is inversely proportional to the functional recovery index and that the law is consistent with the actual situation, which proves that the installation of seismic mitigation measures can improve the seismic resilience of subway stations.
4.2.4 Effect Analysis at Different Site Types
It is well known that the site of the Daikai station is of site type II. In the site type II, FPB can improve the seismic resilience of subway stations; nevertheless, it is not clear whether the same effect can be achieved in other site types. Therefore, according to the division of the site types in the code for Seismic Design of Urban Rail Transit Structures (GB50909-2014, 2014), in this paper, the optimal working conditions (13) were selected to establish the soil–structure interaction models of the site types I, III, and IV and then conduct a numerical simulation. The information of the site and model is presented in Table 6. Main physical parameters of the soils and dimensions of the finite model for different site classifications.
TABLE 6 | The main physical parameters of the soils and the dimensions of the finite element model in different site types.
[image: Table 6]The recovery curves of the central column and sidewalls at different site types are shown in Figures 8A–C. As seen from Figures 8D,E, In the site type I, the structural damage is small, and the structure has good resilience. In the site types III and IV, the structure was seriously damaged, and the functional recovery index was low before FPB was added. After setting FPB, the functional recovery index was obviously improved. In the site types III, the functional recovery index of the stations increased by 63%, and the economic loss decreased by 76%. In the site type IV, the functional recovery index increased by 100%, and the economic loss decreased by 73%. Similarly, the results show that the conclusions deduced from the site type II still apply to the site types III and IV.
[image: Figure 8]FIGURE 8 | (A) Recovery curve in the site type I; (B) recovery curve in the site type III; (C) Recovery curve in the site type IV; (D) functional recovery index at site types I, III, and IV and (E) economic index at site types I, III, and IV.
4.3 Analysis of the Resilience Improvement Effect of Accelerated Repair
The working condition 18 was taken as a comparative object, and the normal repair strategy (same as above) was adopted. In the normal repair strategy, the number of repair workers for both the central columns and sidewalls is one person. In this section, the number of repair workers was increased by one, and the means of repair remained unchanged. The recovery curve and seismic resilience indices of the working conditions 18–21 are shown in Figure 9.
[image: Figure 9]FIGURE 9 | (A) Recovery curves of each working condition and (B) functional recovery index and economic index for different repair strategies.
It can be seen from Figure 9 that the seismic resilience of the station can be improved by increasing the number of repair workers for the central columns or the number of repair workers for the sidewalls. The functional recovery index of the station increased by 5–25%, and the economic loss decreased by 10–48% (Figure 9B). Obviously, as expected, with the increase in the number of repair workers, the repair time of the central column or sidewall in each repair stage decreased, the functional loss quantity decreased in the repair process, and the seismic resilience was improved. In the working conditions 19 and 20, the increase in the seismic resilience of the station was different. This is because central columns have a great influence on station performance. Therefore, compared with the increase in the number of repair workers for the sidewalls, the increase in the number of repair workers for the central columns has a more obvious effect on improving the seismic resilience of subway stations. These results show that the seismic resilience of subway stations can be improved by accelerating restoration after earthquakes. They also prove that for established stations, planning for repair strategies and preparing rescue materials in advance can improve structural seismic resilience.
5 RESULTS AND CONCLUSIONS
The seismic resilience of subway stations was studied in this work, and a quantitative framework for evaluating the seismic resilience of subway stations is proposed in this paper. Through finite element numerical simulations, the effect and mechanism of improving the seismic resilience of subway stations based on different methods before and after earthquakes were analyzed, and the following results and conclusions were obtained.
A quantitative evaluation framework for the seismic resilience of subway stations was established, and a calculation process of the resilience index was proposed. Based on the current standard, a recovery function model for subway stations was constructed, and a calculation method of the repair target and repair time was given. Also, a calculation method of the indirect economic loss of subway stations was proposed in terms of the public and owners. Overall, based on a study case, it was proven that the proposed quantitative evaluation framework can be used to calculate the seismic resilience of subway stations.
Improving the seismic resilience of underground structures can be achieved by adopting seismic mitigation measures at the beginning of design or by accelerating post-earthquake repair. In essence, the two strategies have different effects on seismic resilience. The former mainly improves the seismic resilience by improving the residual function of the structure, while the latter improves the seismic resilience by shortening the repair time and increasing the proportion of the functional recovery quantity during the repair process.
The study case shows that the seismic resilience of a subway station can be improved by adopting seismic mitigation measures. FPB showed to have obvious effects on improving the seismic resilience of subway stations: the functional recovery index was improved by 22–30%, and the economic loss decreased by 43–75%. The improvement of seismic resilience is related to the effect of seismic mitigation measures. When the friction coefficient of PFB is large and the sliding concave surface radius is small, the improvement effect of seismic resilience is improved. Equally, the seismic resilience of a station can be improved by increasing the number of repair workers. In this study case, by increasing the number of repair workers, the functional recovery index of the station increased by 5–25%, and the economic, loss decreased by 10–48%. In addition, accelerating the repair of components that have a great influence on the performance of subway stations will significantly improve the station’s seismic resilience.
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Retaining walls may become unstable when the steep slope angle of the top of the wall (β) is greater than the internal friction angle of the earth behind the wall (φ). To examine this behaviour, an active earth pressure model test setup was designed with inclined backfill behind the wall, and corresponding finite element simulations were performed at the same dimensions. The active earth pressure variation patterns of the retaining wall under two displacement modes were studied: translation (T mode) and rotation around the bottom of the wall (RB mode). The experimental results corresponded well to the finite element simulation results. The study found that the experimental results coincided well with the results of the finite element simulation. The active earth pressure and the location of the resultant force points are both connected to the wall displacement pattern and slope angle.
Keywords: steep slope, retaining wall, active earth pressure, finite element, displacement modes
INTRODUCTION
Large steep slopes are frequently encountered when engineering buildings. A steep slope may become unstable if the steep slope angle is greater than the internal friction angle within the soil (β > φ). As such, the reverse construction technique is frequently used in engineering (first support the soil on the steep slope, then support the soil on the horizontal part), which results in the working condition β > φ. Classic earth pressure theories (Coulomb, 1773; Rankine, 1857) were predicated on the slope being horizontal (β = 0) or having a slope angle less than the internal friction angle of the backfill (β < φ). Consequently, when these conditions are violated, this theory is no longer applicable to the satisfactory computation of earth pressure.
Many researchers have investigated the active earth pressure on retaining walls using theoretical derivations, model tests, and numerical simulations. From these investigations it has been found that the distribution of active earth pressure along the wall height is nonlinear, and that the active earth pressure is related to the retaining wall displacement mode and displacement magnitude (Sherif and Fang, 1984; Wang, 2000; Paik and Salgado, 2003; Liu, 2014; Lin et al., 2020; Patel and Deb, 2020) (Khosravi et al., 2016)investigated the problem of rigid retaining walls with uniform loads placed on horizontal backfill in the retaining wall active translation mode. Moreover, certain researchers have employed the arch effect to explain the nonlinear distribution of active earth pressure (Jiang et al., 2005; O’Neal and Hagerty, 2011; Nadukuru and Michalowski, 2012; Cao et al., 2020).
It is well known that when the backfill soil is horizontal and inclined, the regularity of the active earth pressure distribution is not consistent. As such, the effect of the backfill soil inclination angle on passive and active earth pressure coefficients has been studied both theoretically and numerically (Fang et al., 1997; Benmeddour et al., 2012; Khosravi et al., 2013). The studies showed that the displacement required for the backfill soil to become active or passive increased with an increase in the backfill soil inclination angle. (Das and Puri, 1996). discovered that increasing the backfill slope causes an increase in the dynamic active earth pressure. Further, (Greco, 2013; Yang and Deng, 2019), investigated the sloping and horizontal backfill units using the limit equilibrium approach to generate analytical equations for active earth pressure. They discovered that the geometry of the sliding rupture surface altered the active earth pressure. (Evangelista et al., 2010; Zhu et al., 2018).further investigated the influence of backfill inclination on the active earth pressure during seismic conditions. Relatedly, the active earth pressures on retaining walls with sloped backfill have also been researched (Mazindrani and Ganjali, 1997; Soubra and Macuh, 2002; Ghosh and Sharma, 2012).
The research on retaining walls has shown that the active earth pressure from narrow backfill behind the wall is related to the retaining wall displacement mode, slope face inclination, wall-soil inter-friction angle, as well as other factors (Dewaikar et al., 2012; Choudhury et al., 2014; Xu et al., 2020; Chen et al., 2021) (Fan and Fang, 2010; Tom Wörden and Achmus, 2013) investigated retaining walls with thin backfill and discovered a substantial association between active earth pressure coefficients and fill space geometry aspect ratio. In addition, researchers have also investigated the earth pressure when recycled tire chips are mixed with sand as backfill material (Reddy and Krishna, 2015; 2019).
The majority of previous studies have been conducted where the backfill surface level and backfill surface dip angle were less than the backfill internal friction angle. Conversely, few studies have been conducted on the active earth pressure variation law of the retaining wall when the backfill surface level and backfill surface dip angle are greater than the backfill soil internal friction angle. As such, this study seeks to elucidate the change law of the active earth pressure on a retaining wall when the slope inclination is greater than the internal friction angle of the soil using a combination of both model tests and numerical simulations. The experimental data were compared to the numerical simulations and the results of other researchers to corroborate the findings and reveal the active earth pressure change law.
MATERIALS AND METHODS
Backfill Material Properties
Sand with a reasonably fine particle size (see Table 1) was used to balance the ratio of the particle size to the effective area of the pressure cell. The particle size distribution of the backfill material was shown in Supplementary Figure S1. The strength properties of this material were tested under dry conditions using a direct shear test for four distinct normal stresses, as shown in Supplementary Figure S2. In this study, it is assumed that the internal friction angle of the backfill material is constant and its value does not change as the wall moves, given that, (1) there is no peak shear stress even for low levels of normal effective stress (see Supplementary Figure S3); and (2) the friction angle of the contact surface between the retaining wall and the backfill is 1/3 of the internal friction angle of the sand (Benmebarek et al., 2016).
TABLE 1 | Properties of backfill sand and retaining wall.
[image: Table 1]Experimental Set-up
The model test box was composed of upper and lower parts as shown in Figure 1. The upper model box shown in Figure 1A had a length of 1.38 m, a width of 1.0 m, and a height of 0.7 m, with wooden boards used to simulate different inclination angles of the steep slope by changing the angle of the upper baffle. The lower model box shown in Figure 1B had a box frame made of angles, channels, and panels welded together. To facilitate observation of changes in the filling body during test, only one side of the model box was made of steel plate, while the other side was made of tempered glass. The specific structure of the lower model box is shown in Figures 1C,D. To simulate the RB displacement mode of the retaining wall, a 1.4 m high controllable rotating baffle was set at 0.95 m from the front edge of the box, whilst to simulate the T displacement mode of the retaining wall, a baffle limited to horizontal translation was set at the lower rear wall of the model box. The upper and lower parts were stacked directly on top of each other to form the complete model test box.
[image: Figure 1]FIGURE 1 | Model box diagram: (A) Upper model box. (B) Lower model box. (C) Side view of the lower model box. (D) Top view of the lower model box.
Measurement Systems
The active earth pressure was measured using the LY-350 resistance-strain micro earth pressure sensor manufactured by Shandong Haoshou Mining Safety Equipment Co. The earth pressure cells were arranged on the two baffles at the lower part of the model box, with measurement lines No. 1 to No. 3 arranged on the rotating baffle. Measurement lines No. 1 and No. 3 were located 20 cm to the left and right of the centre axis, respectively, with four soil pressure cells arranged on each line, whereas measurement line No. 2 was located on the centre axis with six earth pressure cells. Measurement lines No. 4 and No. 5 were arranged on the translation baffle, 10 cm to the left and right of the centre axis, respectively, for which the vertical spacing of the soil pressure cells was 20 cm. The specific arrangement of the earth pressure cells is shown in Figure 2. Calibration of earth pressure box: The calibration curve was obtained by calibrating the earth pressure cell with a triaxial press. Rate of curve was the calibration parameter K. Strain value was measured by DH3821 static strain test system, and then the actual stress was calculated by Eq. 1. The calibration curve of the earth pressure cell was shown in Supplementary Figure S4.
[image: image]
Where p was the pressure acting on the earth pressure cell, με was strain value.
[image: Figure 2]FIGURE 2 | Diagram of earth pressure cell arrangement.
To study the relationship between the active earth pressure and displacement in the T and RB displacement modes, displacement measurement devices were arranged on the two retaining plates as shown in Figure 3. Each displacement measurement device consisted of a magnetic frame and a dial gauge with a measurement range of 0–30 mm.
[image: Figure 3]FIGURE 3 | Displacement measuring device.
Experimental Scheme
In this experiment, two basic displacement modes were simulated to study the active earth pressure variation law. A schematic diagram of the T and RB displacement modes of the rigid retaining wall is shown in Figure 4. The experimental test included the following steps: (1) white Vaseline was applied inside the model box to reduce friction; (2) the earth pressure cells were arranged at the bottom of the baffles on the model box; (3) the measurement devices were connected for debugging; (4) the soil was filled into the box in layers and compacted (with the real-time density of each layer measured by the ring knife method); (5) the power unit was turned on and the experiment started; (6) when the data from the earth pressure cells at a given measurement time point became smooth or repeated, the test was considered to have reached the ultimate equilibrium state, and power was turned off to close out the test.
[image: Figure 4]FIGURE 4 | Retaining wall displacement mode. (A) T mode. (B) RB mode.
EXPERIMENTAL RESULTS
Active Lateral Earth Pressure Measured for the T Displacement Mode
Typical changes of active lateral earth pressure distribution with different stages of wall translation are plotted in Figure 5. It can be seen from the figure that active lateral earth pressure exhibits a nonlinear distribution along with wall height. The distribution of active earth pressure behind the wall was non-linear. In the middle and upper areas of the retaining wall, the earth pressure increases approximately proportionally with the increase in depth. However, near the wall base (z = 0.9 H, where z is backfill depth; H is wall height), the active lateral earth pressure contracts. This behaviour may be related to the friction resistance at the bottom of the retaining wall; that is, in the translation mode, the active earth pressure curve is a downward parabola around the centre of gravity. In addition, with increase in the retaining wall displacement, the active earth pressure at the same depth gradually decreases. Moreover, in approach to the ultimate equilibrium state, there is less decrease in the active lateral earth pressure. Further, with increase in the inclination angle, the displacement required to reach the ultimate equilibrium state gradually decreases.
[image: Figure 5]FIGURE 5 | Active lateral earth pressure distribution during wall translation at different slope angles. (A) β = 40°. (B) β = 50°. (C) β = 60°. (D) β = 70°.
Figure 6 displays the connection between active lateral earth pressure and wall displacement when the retaining wall was translated away from the backfill soils. Active lateral earth pressure decreases as the wall displacement increases. When wall displacement reaches a critical magnitude, the backfill approaches the ultimate equilibrium state. As the slope angle increases, the wall displacement that causes the soil behind the wall to attain the ultimate equilibrium condition gradually decreases. Furthermore, active lateral earth pressure was nearly the same at the bottom of the wall (z = 0.96 m, 1.06 m).
[image: Figure 6]FIGURE 6 | Changes of Active Lateral Earth Pressure with Wall Translation Displacement in Model Experimental. (A) β = 40°. (B) β = 50°. (C) β = 60°. (D) β = 70°.
The magnitude of the resulting force on the retaining wall is obtained by integrating the active lateral earth pressure with the area enclosed by the retaining wall (vertical axis) along the wall height variation curve, for which the centroid position is the resultant force point. Figure 7 shows the relationship between the resultant force point and the wall displacement in T mode. The resultant force point height was quadratically linked to the retaining wall displacement, as shown in the figure, and as the retaining wall displacement grows, the active earth pressure reduces, causing the resultant force point height to reduce. The resultant force point height approaches a stable value when the retaining wall displacement rises to 1.20 × 10−3H. When the retaining wall displacement was minor, the resulting force point height was proportional to the slope angle.
[image: Figure 7]FIGURE 7 | Change of height of Resultant force point with wall displacement in T mode.
Active Lateral Earth Pressure Measured for the RB Displacement Mode
Figure 8 shows the active lateral earth pressure variation curve with depth given change in displacement. When the retaining wall rotates around the bottom, the active lateral earth pressure gradually decreases from the static earth pressure with increase in retaining wall displacement. The distribution of the active lateral earth pressure along the backfill depth in each displacement state showed a nonlinear distribution and did not reach the ultimate equilibrium state simultaneously. During the rotation around the bottom of the wall, the reduction in active lateral earth pressure in the middle and upper part of the retaining wall (approximately 0.5 m below the top of the retaining wall) was greater than that in the lower part of the rotating retaining wall; in fact, the active lateral earth pressure at any slope angle shows this regularity. The reason for this regularity is that there is no displacement at the bottom of the retaining wall, whilst the displacement along the height direction of the wall gradually increases, hence the reduction in active lateral earth pressure gradually increases. In addition, the maximum displacement (Sa) to reach the ultimate equilibrium state gradually decreased as the slope angle increased. Overall, when the backfill was cracked and the data from the earth pressure cells at a given measurement point was repeated or had excessive abrupt changes (which were subsequently were rounded off in data processing), it was determined that the limit for the equilibrium state had been reached.
[image: Figure 8]FIGURE 8 | Distribution of active lateral earth pressure with rotational displacement around the wall bottom at different slope angles. (A) β = 40°. (B) β = 50°. (C) β = 60°.
Changes of active lateral earth pressure with displacement when the retaining wall rotates around the base as shown in Figure 9. The experimental results show that active lateral earth pressure reduces with the increase of wall rotational displacement and the backfill gradually approaches the active limit state. It is remarkable that during the rotation of the wall around the base, the drop of active lateral earth pressure at the bottom of the retaining wall (z = 1.06 m) was obviously smaller than other parts of the wall.
[image: Figure 9]FIGURE 9 | Changes of Active Lateral Earth Pressure with Wall Rotation Displacement in Model Experimental. (A) β = 40°. (B) β = 50°. (C) β = 60°.
Figure 10 illustrates the change in height of the resultant force action point during rotational displacement of the retaining wall. It is evident that the height of the resultant force action point decreases when the retaining wall rotates. The height of the resultant force point at different slope angles is approximately the same in the initial rotation stage of the retaining wall. The height reduction of the resultant force point is inversely proportional to the slope angle as rotation displacement increases.
[image: Figure 10]FIGURE 10 | Change of height of Resultant force point with wall displacement in RB mode.
NUMERICAL SIMULATIONS
Model Size and Parameters
The finite element model was set to the same dimensions of the model test box as shown in Figure 11A, to facilitate comparison of the calculation results and to eliminate any errors caused by dimensional differences. Overall, the model was composed of four parts: the foundation, retaining wall, upper backfill, and lower backfill. The model was 3.5 m wide and 2.36 m high, with a foundation 0.5 m in height, a retaining wall 1.16 m high, and an upper backfill height of 0.7 m. The model was assumed to be that of a plane strain problem (Bolton, 1986). Fixed constraints at the bottom of the model and no relative displacement, given the left boundary and the right lower boundary are horizontally constrained and vertically free. As shown in Figure 11B, seven stress points were selected at the back of the rigid retaining wall marked K, L, M, N, O, P and Q, for which the distances from the top of the wall were 0.2, 0.4, 0.6, 0.8, 0.9, 1.0 and 1.1 m respectively. The active lateral earth pressure variation law of the wall in movement away from the backfill was then obtained according to the stress state at these seven stress points.
[image: Figure 11]FIGURE 11 | Diagram of finite element model. (A) Finite element model. (B) Stress point.
The backfill was modelled using the Mohr-Coulomb elastoplastic model, and the rigid retaining wall was simulated using the plate unit (Fan and Fang, 2010), for which the model parameters are listed in Table 1. To study the relationship between active lateral earth pressure and depth and displacement of the fill under different slope inclinations (β = 40°, 50°, 60°, and 70°), the two displacement modes of the retaining wall were simulated from soil translation and rotation around the bottom of the wall. A uniform displacement of 0.2 mm per stage was applied to the retaining wall to simulate translation of the wall. A concentrated displacement of 0.2 mm per stage was applied to the top of the retaining wall to simulate rotation around the bottom of the wall. Both displacement modes were applied over 2 mm displacements and loaded in ten steps.
Meshing Grid
A triangular cell with 15 nodes was used to automatically divide the mesh (Fan and Fang, 2010). The grid of the wall-soil contact area was encrypted using the line encryption function. The number of units and nodes divided was different at each inclination angle. Taking the slope inclination angle β = 40° as an example, the final division result was 1329 meshes and 11,420 nodes. The complete mesh division results of the finite element model are shown in Figure 12.
[image: Figure 12]FIGURE 12 | Finite element mesh.
NUMERICAL SIMULATION RESULTS
T Displacement Mode Active Lateral Earth Pressure
Figure 13 depicts the active lateral earth pressure variation curve as well as the depth of the backfill at various slope angles for the T displacement mode. As shown in the figure, when the displacement is small (S/H = 0.19‰), the active lateral earth pressure increases as the depth of the backfill increases. However, as the displacement increases further, the active lateral earth pressure near the bottom of the wall (z = 1.0 m) produces an abrupt change, which differs from the Rankine earth pressure, indicating that the active lateral earth pressure wa not linearly distributed. For different slope angles, the trend of the active lateral earth pressure with backfill depth was the similar.
[image: Figure 13]FIGURE 13 | Finite element modeling of active lateral earth pressure in the T displacement mode of retaining walls. (A) β = 40°. (B) β = 50°. (C) β = 60°. (D) β = 70°.
Figure 14 depicts the relationship between the active lateral earth pressure and the retaining wall displacement at various points along the back of the wall for the T displacement mode. As shown in the figure, the active lateral earth pressure with displacement change curve can be divided into two stages during the translation of the retaining wall back from the soil. The wall displacement from 0 to 1.0 mm (S/H = 0–0.94‰) is the first stage, where the active lateral earth pressure and displacement are linearly and negatively correlated. For the second stage, the active lateral earth pressure decreases to a certain value that remains essentially constant. When the displacement reaches 1.0 mm (S/H = 0.94‰), the wall reaches the ultimate equilibrium state, and the active earth pressure at the bottom of the wall gradually decreases as the slope angle increases. The active lateral earth pressure at the bottom of the wall (point Q) decreases with displacement, and the greater the slope angle, the lower the earth pressure at the bottom of the retaining wall.
[image: Figure 14]FIGURE 14 | Active Lateral Earth Pressure Finite Element Modeling with Retaining Wall Displacement in T Displacement Mode. (A) β = 40°. (B) β = 50°. (C) β = 60°. (D) β = 70°.
RB Displacement Mode Active Lateral Earth Pressure
The active lateral earth pressure distributions at different slope angles with displacement changes are shown in Figure 15 for the RB displacement mode. From the figure, it can be seen that the active lateral earth pressure increases with increase in the backfill depth and changes into a concave curve. As the displacement of the retaining wall increased, the active lateral earth pressure gradually decreased from the static earth pressure. The rate of reduction of the active lateral earth pressure at the upper part of the retaining wall was significantly larger than at the lower part of the retaining wall, owing to the larger displacement of the upper part of the retaining wall compared to the lower part of the wall. The earth pressure at the bottom part of the wall was slightly greater than the static earth pressure given the earth arch effect. In explanation of this finding, during rotation of the retaining wall the principal stress is deflected, as the soil layer at the top of the wall (which has a larger displacement) is subjected to additional shear stress by the soil layer at the bottom of the wall (which has a smaller displacement), causing the earth pressure at the top of the wall to decrease and the earth pressure at the bottom to increase. Thus, the larger the rotation of the wall, the more obvious is the earth arch effect.
[image: Figure 15]FIGURE 15 | Finite element modeling of active lateral earth pressure in the RB displacement mode of retaining walls. (A) β = 40°. (B) β = 50°. (C) β = 60°.
Figure 16 shows the active lateral earth pressure variation curve with the wall displacement for the RB displacement mode. The figure shows that the active lateral earth pressure in the middle and upper part of the retaining wall (points K, L, M, and N) gradually decreased with the increase in displacement, whereas the active lateral earth pressure at the bottom of the retaining wall (points O, P, and Q) increased with the increase in displacement. For different slope angles, the active lateral earth pressure with displacement followed a similar trend, but the larger the slope angle, the greater the active lateral earth pressure for the same displacement state.
[image: Figure 16]FIGURE 16 | Active Lateral Earth Pressure Finite Element Modeling with Retaining Wall Displacement in RB Displacement Mode. (A) β = 40°. (B) β = 50°. (C) β = 60°.
Comparison
The experimental and FEM results in this study were compared to those obtained from investigations using horizontal backfill (Xu et al., 2017) and inclined backfill (Fang et al., 1997; Thiyyakkandi et al., 2021) in order to identify the difference between active lateral earth pressures for β>φ and β<φ.To analyze the earth pressure change pattern, the results were compared with those of arching-based theories (Handy, 1985; Paik and Salgado, 2003; Zhang and Chen, 2010; Xie and Leshchinsky, 2016; Patel and Deb, 2020). To compute the active lateral earth pressure for β>φ, the additional stress method (China Academy of Building Research, 2012) was suggested. To assess the applicability of both approaches, the findings of the tests and FEM were compared to the results of the extra stress method. The additional stress method (Figure 17 and Eqs.2, 3) entails converting the soil above the top of the walls into additional stresses superimposed on the lower soil, and calculating the active earth pressure of the lower backfill using Coulomb theory. Figure 18 shows the experimental, FEM and previous research results mentioned above.
[image: Figure 17]FIGURE 17 | Calculation of additional vertical stresses in sloping earth at the top of retaining walls.
[image: Figure 18]FIGURE 18 | Comparison of active lateral earth pressure (β = 60°). (A) Tmode. (B) RB mode.
When,
[image: image]
Then,
[image: image]
Where Eak1 is the standard value of the active earth pressure from soil at the top of the retaining wall. Ka1 is coefficient of active earth pressure for sloping earth. Slope height h = 0.7m, horizontal distance from outer edge of retaining wall to slope angle b1 = 0, diffusion angle θ = 45°, horizontal length of slope b2 = h/tanβ.
Comparison of the Active Lateral Earth Pressure With Other Studies
In the T-mode, the FEM results match the experimental data better, as shown in Figure 18A. The experimental and FEM result showed a similar distribution with active earth pressure of horizontal backfill (Xu et al., 2017), while the latter has a smaller active lateral earth pressure. The results of inclined backfill (Fang et al., 1997) were more consistent with this study when z = 0–0.8H. The active earth pressure computed using the additional stress method (China Academy of Building Research, 2012) was more aggressive than the findings of experiments and FEM. As compared to arching-based theories (Handy, 1985; Paik and Salgado, 2003; Xie and Leshchinsky, 2016), active lateral earth pressures increased, then decreased, with increasing backfill depth under both working conditions, but lateral active pressure maximum for β>φ was obviously closer to the wall’s base.
Figure 18B depicts how active lateral earth pressure increases with increasing depth of backfill in RB mode for both β>φ, and β<φ,. Experimental and FEM data reveal similar patterns of variation; however, the FEM active earth pressure was higher than the experimental. Compared to the results of the additional stress method (Industry standard of the People’s Republic of China, 2012), the results of the test and FEM were much greater in the middle and lower areas of the retaining wall. In the case of z = 0–0.4H, the FEM results are more consistent with the active earth pressure of horizontal backfill (Xu et al., 2017). When z > 0.4H, the results of the test with FEM were higher than active earth pressure for horizontal backfill (Xu et al., 2017) and inclined backfill (Thiyyakkandi et al., 2021).
In summary, whenβ>φ, the distribution of active lateral earth pressure in T and RB mode was similar to that of horizontal and inclined backfill, but the active earth pressure was larger in β>φ,, especially in the middle and lower regions of retaining walls. As a result, the strength of the middle and lower parts of the walls should be considered in β>φ, engineering.
Comparison of the Resultant Force Point Position in Equilibrium
Figure 19 depicts the height of the active lateral earth pressure action point for each slope angle in the ultimate equilibrium state. For the T and RB displacement modes, the maximum differences between the locations of the resultant force points between the experiments and numerical simulations were 5.15 and 6.21%, respectively. This level of difference is considered to denote acceptable agreement between the experimental and numerical simulations and confirms the correctness of the experimental results. Furthermore, as the slope face inclination increases in the T displacement mode, the position of the resultant force point gradually moves up from below to above the Rankine resultant force point. In the ultimate equilibrium state, this behaviour can be attributed to a decrease in the lateral earth pressure as the slope angle increases. The location of the resultant force point in the RB displacement mode decreases with increasing slope angle and is always below the Rankine resultant force point. This decrease in the position of the resultant force point as the slope angle increases is owing to an increase in the lateral earth pressure as the slope inclination increases.
[image: Figure 19]FIGURE 19 | The relationship between the resultant force point and the slope angle. (A) Tmode. (B) RBmode.
CONCLUSION
In some engineering, the slope angle β at the top of the retaining wall exceeded the internal friction angle φ of the backfill. In this study, the distribution of active lateral earth pressure and the location of resultant force point when the retaining wall translation and rotation around the base were investigated by means of model tests and finite element simulation. Based on this, the following conclusions are made:
Both the distribution of active lateral earth pressure as well as the location of resultant force points were influenced by the displacement mode and slope angle of the retaining wall. In T mode, active earth pressure displayed a non-linear distribution and was negatively correlated with wall displacement. The maximum active lateral earth pressure was located at 0.9H, and it was negatively correlated with slope angle. In ultimate state, the resultant force point height correlated positively with slope angle and exceeded 1/3H. In RB mode. active earth pressure also displayed a nonlinear distribution, and it was negatively correlated with wall displacement. Maximum active lateral earth pressure was found at the bottom of walls, and it was positively correlated with slope angle. Resultant force point height was negatively correlated with slope angle in ultimate state, and it was less than 1/3H. In comparison with the research results of horizontal backfill and inclined backfill, it shows that when β>φ, the distribution of active earth pressure was similar to β<φ, However, in the middle and lower part of retaining wall, active lateral earth pressure of β>φ was significantly less than β<φ. Therefore, slope cutting or strengthening of the lower retaining wall should be considered in the engineering of β>φ.
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The traditional cutting algorithm has a clear concept and is easy to implement, but it cannot consider the finiteness of the discontinuities. Based on the traditional cutting algorithm, an accurate identification method of blocks is proposed, which can identify blocks formed by finite discontinuities and excavation surface. A visual program for identifying blocks and stability analysis is developed by using Microsoft Foundation Class and OpenGL, and then it is applied to tunnel engineering. The shape and the number of the key blocks identified by this method are not limited and consistent with actual engineering. In the case that the size of the discontinuities cannot be accurately obtained, the influence of the size change of the dominant discontinuities on the key block is discussed, which will make up the lack of parameters. The number and volume of the key blocks are large when discontinuities are assumed to be infinite, and the calculation results are conservative. However, the volume and location of the blocks have great reference value and guiding significance for practical engineering.
Keywords: block theory, discontinuity, jointed rock mass, key block, tunnel engineering
INSTRUCTION
The rock mass is a complex medium composed of rock and discontinuities. The scale and distribution of discontinuities are diverse. The rock mass structure is formed by the intersection of discontinuities. In rock mass engineering with discontinuities development, the block plays a leading role in the stability of rock mass, so it is very necessary to study the rock block. The key block theory, proposed by Goodman and Shi (1985), takes the blocks on the free face of the rock mass as the research objects. Because of rigorous geometric proof and kinematic analysis, key block theory is widely accepted by researchers and engineers. In the past decades, it has been widely used in practical engineering and achieved good results. Based on the key block theory, Chan and Goodman (1987) analyzed the stability of the rock mass under different excavation schemes and obtained the optimal design scheme of underground engineering. Yarahmadi Bafghiy and Verdel (2003) applied probability theory to block theory and obtained the probability distribution of key blocks.
In jointed tunnel engineering, serious economic loss and construction delay will occur with blocks instability. Because of the limitations of the geological survey technique, it is impossible to obtain the exact dimensions of the discontinuities. The traditional cutting algorithm treats discontinuities as infinite planes, which will result in distortion of the calculation results. Therefore, for such engineering, it is necessary to discuss the sizes of the discontinuities to get more scientific calculation results and serve for the engineering design. The identification of the blocks considering the finiteness of discontinuities is a basic and difficult issue in block theory.
At present, there are two identification methods of the blocks when the discontinuities and excavation surface are fixed. The first is the boundary-tracing approach. Goodman and Shi (1985) identified blocks by searching closed loops in the intersection line. Lin et al. (1987) studied the block geometry and identification approach based on the simple homological theory in topology, and then Jing (2000), Lu (2002) provided a more detailed algorithm and the corresponding data structures. Ikegawa and Hudson (1992) proposed the direct body concept, which unified convex polyhedron and concave polyhedron. Based on the concept of the direct body, Zhang, (2015) proposed the closure principle for block identification. Jafari et al. (2011) described a new approach to the problem of geometrically defining polyhedral rock blocks created by the intersection of discontinuities in a rock mass. In the boundary-tracing method, the description of complex concave blocks may be ambiguous in the case of dense finite discontinuities. With the contributions from the researchers, this method is becoming more robust, but at the cost of complexity.
The second is the cutting algorithm. In this cutting algorithm, the plane in which the discontinuity lies cuts a block into two child blocks. Yu et al. (2009) and Xia et al. (2015) identified blocks by dividing the rock mass into several subregions, cutting blocks with planes, and finally splicing the subregions. Based on this, Zhang et al. (2018) and Zhang et al. (2019) searched blocks by constructing different element objects, and then Wang et al. (2021) proposed an efficient method to judge the mobility of rock blocks; Zhang et al. (2010), Zheng et al. (2015) realized the identification of complex blocks by cutting and merging elements in the finite element model. Zheng et al. (2016) studied the calculation accuracy of intersection points. To reduce the storage space of block data, Boon et al. (2015) proposed a single data structure consisting only of the faces. Block identification is a basic research, which can be combined with the discrete fracture networks and probability theory; distribution forecast of blocks (Wang et al., 2013; Zheng et al., 2017) and quality evaluation of rock mass (Palmstrom, 2005; Ni et al., 2017) can be carried out. Zhang et al. (2019) used this method to identify blocks and then evaluate face stability under disc cutters loading of TBM. The cutting algorithm is clear in concept and easy to implement. However, this method cannot consider the finiteness of discontinuities. When the cutting algorithm is used in the finite element model, the finiteness of discontinuities can be considered. However, current computer capacity is not sufficient for projects including a lot of discontinuities.
In this article, based on the cutting algorithm, a new method for block identification is proposed, which is suitable for tunnel engineering and can identify the blocks formed by finite discontinuities and excavation surfaces. A visual program for identification of the blocks and stability analysis is developed by the Microsoft Foundation Class (MFC) and OpenGL. The program is applied to a transport tunnel, and the influence of the discontinuities sizes on the stability of tunnel surrounding rock is discussed.
THE KEY BLOCK THEORY
The Removability of Blocks
The concept of the pyramid proposed by Goodman and Shi (1985) is described as follows: When the discontinuities and the free faces are transferred and intersected at the same point, different types of pyramids will be formed. The pyramid formed by the discontinuities is called joint pyramids (JP). The space is divided into two parts by the free face, of which the side of the rock mass is called the excavation pyramid (EP). If the following formula is satisfied, removable blocks will be formed by the discontinuities and free face:
[image: image]
Identification of the Key Blocks
Figure 1 is a diagram of the forces on a block. The following formula can be obtained from the equilibrium principle of rigid bodies:
[image: image]
ϕl is the internal friction angle of the sliding surface; Nl is the pressure on the sliding surface; F is the residual sliding force; [image: image] is the unit vector of the sliding direction; [image: image] is a unit normal vector on the joint plane l; [image: image] is the resultant force of all active force acting on block, including weight, external water pressures, inertia forces, the earthquake force, and support forces from the anchor bar.
[image: Figure 1]FIGURE 1 | The force analysis of a block.
There are three sliding modes, block falling, sliding on single face, and sliding on two faces. [image: image] can be obtained from the geometry of the sliding face, and F can be determined by Eq. 2. In different sliding modes, [image: image] and F are expressed by the following formula, respectively:
(1) Block Falling
[image: image]
[image: image]
(2) Sliding on single face
[image: image]
[image: image]
(3) Sliding on two faces
[image: image]
[image: image]
[image: image] : The unit normal vector of the ith sliding plane.
[image: image] : The unit normal vector of the jth sliding plane.
When F > 0, the block will be removable. When F ≤ 0, the block will be stable.
The Stability Coefficient
The stability coefficient of a removable block is defined as the ratio of the resistance to the sliding force. As the tensile strength of the discontinuity is 0, there is no resistance when the block falls. This is the most dangerous sliding mode. The stability coefficients of the other two sliding modes are calculated according to the following method:
(1) Sliding on Single Face
When the block slides along single plane i, the stability coefficient is as follows:
[image: image]
(2) Sliding on Two Faces
When the block slides along the planes i and j, the stability coefficient is as follows:
[image: image]
In Eqs 9, 10, Ci and Cj are the cohesions of sliding faces i and j; Si and Sj are the areas of sliding faces i and j; Ni and Nj are the pressures acting on the sliding faces i and j, and the directions are perpendicular to the sliding face. Ni and Nj are determined by the following formula:
[image: image]
[image: image]
A METHOD FOR IDENTIFYING BLOCKS FORMED BY FINITE DISCONTINUITIES AND ITS VISUAL PROGRAM
Based on the cutting algorithm, the identification of the blocks formed by the finite discontinuities is realized through the meshing method.
The Characterization of Discontinuities
It is proved that the size of the discontinuity varies little in different directions in the literature. In this article, discontinuity is simplified as a planar disk. Its parameters are shown in Figure 2A, and its expression is formula (13). Figure 2B shows a network model of discontinuities.
[image: image]
where [image: image], [image: image], [image: image]α: Dip angle.β: Dip direction.r: Radius of the planar disk.
[image: Figure 2]FIGURE 2 | Disk model of discontinuities. (A) The parameter of the discontinuity. (B) Discrete fracture network model.
The Characterization of Block and Its Data Storage
As shown in Figure 3, a block is stored in the format of point–line–polygon–polyhedron. A polyhedron is a combination of polygons, which are composed of lines with directions. The direction of the polygon is the normal vector pointing to the inside of the polyhedron, and the directions of the lines and faces comply with the right-hand rule.
[image: Figure 3]FIGURE 3 | Storage mode of the block data.
The direction of the edge can be determined as follows:
[image: image]
where symbols V1 and V2 are, respectively, origin point and end point of the judged edge. MP is a point inside the face. MB is a point inside the block.
The coordinates of MP and MB can be obtained by the following formula:
[image: image]
where symbol m is the number of the vertexes in the judged face. Symbol n is the number of vertexes in the block.
Blocks and their elements are stored in the dynamically linked lists, which makes it easy to add vertices, edges, faces, and polyhedrons without presetting their number. The data structure of the block is designed as shown in Figure 4. In this data structure, topological relationships between vertices, edges, and faces are defined, and quick queries of elements can be implemented.
[image: Figure 4]FIGURE 4 | Data structure of the block.
Implementation Method
Based on the cutting algorithm, the finiteness of the discontinuity is realized by meshing the study region. The implementation method is illustrated in Figure 5. First, three sets of orthogonal virtual planes are set, and then the rock mass model ABCD is cut into small element blocks by virtual planes using the cutting algorithm. Then, discontinuities J1-J4 are introduced to the model one by one, and the elements that intersect the discontinuities (shadow elements) are cut into two parts. Finally, the virtual plane is removed, and elements are integrated into two blocks, E and M. The concept of this method is clear and easy to implement. The meshing can be realized by the cutting algorithm. The fusion of two adjacent elements divided by the same virtual plane is essentially the fusion of two adjacent edges. As shown in Figure 5A, elements U1 and U2 are fused into block U, and block U will continue to be fused with surrounding elements to construct the block system. Figure 5B is an example of this method.
[image: Figure 5]FIGURE 5 | Block identification method based on meshing. (A) Schematic diagram of meshing method. (B) An example for meshing method.
The Cutting Algorithm
The cutting plane Ps is expressed by the following formula:
[image: image]
The point M is a point in space, and its coordinates are (x, y, z). We define the following formula:
[image: image]
According to the position relationship between polygons and cutting planes, polygons in a block are divided into three types: Ⅰ, Ⅱ, and Ⅲ.
Ai is the vertex of a polygon, where i = 1, …, n. n is the number of the vertexes in the polygon. Polygons are classified as follows:Ⅰ-type: 
[image: image]
Ⅱ-type: 
[image: image]
Ⅲ-type: 
[image: image]
In a block, F1, F2, and F3 are, respectively, sets of Ⅰ-, Ⅱ-, and Ⅲ-type faces; Ⅲ-type faces are cut into a Ⅰ-type face and a Ⅱ-type face by the cutting plane. L is a set of intersecting lines between Ps and Ⅲ-type faces. P is a polygon composed of all the edges in the set L.
Let the sets B1 and B2 satisfy the following equation:
[image: image]
[image: image]
All faces in B1 are combined into a block above the cutting plane, and all faces in B2 are combined into a block bellow the cutting plane.
This algorithm assumes that the discontinuity penetrates through the blocks that intersect with it. The discontinuity is expanded unpredictably. When the number of discontinuity is small and the size of polyhedron is large, the calculation result is often greatly different from the real situation. As shown in Figure 6, discontinuity D1 intersects with block B, but it does not penetrate through block B. Discontinuity D2 penetrates through block B. Although D1 and D2 have different positions and sizes, the results obtained by the traditional cutting algorithm are the same. Block B is divided into B1 and B2 by the plane in which D1 or D2 lie.
[image: Figure 6]FIGURE 6 | The discontinuity cut polyhedron.
The Role of Meshing
In the above cutting algorithm, the discontinuities will be enlarged. This disadvantage can be avoided by introducing a mesh before cutting.
Figure 7 is used to compare the traditional algorithm and meshing algorithm in terms of block identification. As shown in Figure 7A, there are three discontinuities (D1–D3) in the rock mass, and the rock mass will actually be divided into two parts (B1 and B2). According to the traditional cutting algorithm, seven blocks (B1–B7) are formed as shown in Figure 7B. The size of the discontinuity is enlarged by this method, and the enlarged degree is unpredictable. The dotted lines represent the extended parts of the discontinuities. In this example, the three discontinuities are considered to penetrate through the study area. Therefore, this method is suitable for identifying blocks formed by infinite discontinuities, and the size of the discontinuity cannot be considered in the calculation process.
[image: Figure 7]FIGURE 7 | The comparison between traditional and meshing algorithm. (A) The actual result. (B) Traditional algorithm. (C) Four-element blocks. (D) Sixteen-element blocks. (E) Sixty-four-element blocks.
The meshing algorithm can limit the size of the discontinuities, and when the number of elements is large enough, the result is close to the real situation. When the rock mass is divided into four elements (2 × 2), six blocks (B1–B6) will be formed as shown in Figure 7C. When the rock mass is divided into 16 elements (4 × 4), three blocks (B1–B3) will be formed as shown in Figure 7D. When the rock mass is divided into 64 elements (8 × 8), two blocks (B1-B2) will be formed as shown in Figure 7E, which is the same as the actual result.
A columnar surface can be transformed into multiple planes, and each plane is determined by the intersection points of the excavation surface and element edges.
The Rules of Meshing
The mesh effectively reduces the extension of the discontinuities, and the extension degree is controlled by the mesh size. As shown in Figure 8, seven discontinuities (J1∼J7) with the same size cut three types of elements in different directions. The solid line represents the actual discontinuities, and the dotted line represents the extended part of the discontinuities. In Figure 8A, the elements are formed by orthogonal and equally spaced visual planes, so J1 and Figure 8B J2 are close in elongation. In Figure 8B, the elements are formed by orthogonal and non–equally spaced visual planes, so J3 and J4 have different extensions. In Figure 8C, the elements are formed by nonorthogonal and non–equally spaced visual planes, so J5, J6, and J7 have different extensions. The mesh in Figure 8A is more reasonable in the above three cases.
[image: Figure 8]FIGURE 8 | Influence of element shape on discontinuities. (A) Square element. (B) Rectangular element. (C) Irregular element.
As can be seen from the above examples, the size of the element block cut by the virtual plane should be uniform in all directions and not too large, so the principle of meshing should be formulated.
(a) The virtual plane used for meshing rock mass model should be orthogonal;
(b) The spacing of the virtual planes depends on the size of the discontinuities. If the size of the discontinuities is large, the spacing can be increased, and vice versa. When only persistent discontinuities exist, the rock mass does not need to be meshed.
Comparison With Traditional Cutting Algorithm
The study area is cut by three sets of discontinuities. The traditional method and mesh method are used for identifying the blocks, respectively. The sizes of the study area are set as 30 × 30 × 30 m, and the radius of all discontinuities is set as 12 m. As shown in Figure 9, the number of elements has a great effect on the block system. In the traditional cutting algorithm, the discontinuities are unpredictably extended, so the calculated results deviate from the real situation. As shown in Figure 9A, the number of blocks formed by the persistent discontinuities is much larger than the actual number of blocks. They show that the number of blocks formed by elements aggregation gradually (Figure 9B) decreases with the increase in the number of elements from Figure 9B to Figure 9F. When the number of elements is 27,000 (Figure 9F), the number of blocks tends to be stable, and the shape of the blocks will remain the same. Therefore, the meshing method can construct blocks system more accurately.
[image: Figure 9]FIGURE 9 | The influence of mesh number on the block system. (A) Traditional slicing algorithm. (B) The mesh number: 2 × 2 × 2. (C) The mesh number: 6 × 6 × 6. (D) The mesh number: 10 × 10 × 10. (E) The mesh number: 20 × 20 × 20. (F) The mesh number: 30 × 30 × 30.
The Visual Program Development
Based on the above methods, the rock mass structure analysis system (GeoSMA-3D) is developed, which can construct the system of the rock blocks according to the information of the discontinuities and judge the stability of the surrounding rock mass by the key block theory. MFC is adopted, and the software interface framework is formed automatically.
The development process of the program is shown in Figure 10. The more popular form controls are embedded to realize the input of discontinuities and the display of block information. The model of the rock mass is constructed in two ways. The complex model can be described in terms of face elements. The face elements are described by ordered vertexes and written to a text file that can be imported into the program. For simple models, a dialog box can be used for parametric modeling. The parameters of the discontinuities can be entered from the table on the interface or imported from the text file.
[image: Figure 10]FIGURE 10 | The development process of the visual program.
The functions of the software include the trace display of the discontinuities on the excavation surface and the model boundary, the discontinuity display, arbitrary section analysis, identifying key blocks, data output and query of key blocks, and the visualization of data. Figure 11 shows the operation interface and menu of GeoSMA-3D. Compared with the traditional methods, the sizes of the discontinuities are limited, which can realize the construction of a complex block system.
[image: Figure 11]FIGURE 11 | GeoSMA-3D system.
A CASE STUDY
Description of the Study Area
A tunnel in Liaoning province is 970 m long with a hole diameter of 8.0 m. TBM3# project (K55 + 225 ∼ K55 + 125) is 100 m in length. The joints are well developed. The discontinuities are mostly filled with rock debris and mud. The blocks formed by the discontinuities and the excavation surface have affected the stability of the project, so it is necessary to analyze rock blocks in detail and provide suggestions for the project.
There are 41 discontinuities in this project. Their parameters can be determined according to the trace line diagram of the left wall. According to the roughness of the discontinuities and the filling material, the mechanical properties of discontinuities can be determined by the relevant studies. The center point of the study area is taken as the origin of the coordinate axes, and the axis of the tunnel is taken as the Y axis. The parameters of the discontinuities after coordinate transformation are shown in Table 1. It is a common problem of all underground projects that the sizes of the discontinuities cannot be accurately obtained because of the limitations of geological survey technology. The sizes of the discontinuities are a key factor affecting the number and volume of the rock blocks. In most references, the discontinuities are all assumed to be infinite, which makes the calculation results more conservative. The size information of the discontinuity provided in Table 1 is estimated by the trace lines during the preliminary investigation. Different sizes of discontinuities are discussed in this article to obtain the calculation results close to the actual engineering and provide scientific and objective data for the project.
TABLE 1 | The parameters of the discontinuities.
[image: Table 1]The Stability Analysis of Surrounding Rock Block
The Construction of Rock Mass Model
The model of rock mass with a length of 100 m, a width of 40 m, and a height of 40 m is constructed by Geosma-3D. The size of the elements along the tunnel axis is 2 m, and the sizes of the elements in other directions are 1 m. The curve of the excavation surface is a circle with a diameter of 8 m, and the model of the surrounding rock is constructed by the cutting algorithm of the surface. Figure 12 shows the models of the surrounding rock and excavation body.
[image: Figure 12]FIGURE 12 | Rock mass model of tunnel engineering. (A) The excavation body. (B) The model of the surrounding rock.
The Identification of the Key Blocks and the Display of Results
Because of the limitations of geological survey technology, it is impossible to obtain the sizes of discontinuities accurately. The radii of the discontinuities are all set as 30 m. The information of the key blocks is obtained after calculation. All the key blocks are numbered uniformly. The parameters of the key blocks with a volume greater than 0.1 m3 are shown in Table 2.
TABLE 2 | The information of key block.
[image: Table 2]The internal structure of the rock mass is shown in Figure 13. Figure 13A is a W-E view, showing the discontinuities in sets Ⅱ and Ⅲ. Figure 13B is an S-N view showing the discontinuities in set Ⅰ. Figure 14 shows the intersection lines of the discontinuities and the selected section, which is consistent with trace lines on the left wall. Figure 15 is the 3D display of the key blocks. The discontinuities in set Ⅰ are dense, whereas the discontinuities in sets Ⅱ and Ⅲ are sparse, so the blocks are mostly flat. The volume distribution of the blocks is shown in Figure 16. The figure shows that the volume of the blocks at the Y axis coordinates of 9, 20, and 26 m is large. These areas should be investigated and supported in time.
[image: Figure 13]FIGURE 13 | The display of the discontinuities. (A) W-E view. (B) S-N view.
[image: Figure 14]FIGURE 14 | The display of the cross-section.
[image: Figure 15]FIGURE 15 | The display of the key blocks.
[image: Figure 16]FIGURE 16 | Volume distribution of key blocks.
The shape of the blocks with a volume greater than 0.5 m3 is analyzed, and the 3D display is performed in a perspective way, as shown in Figure 17. It shows that the key blocks in this area are tetrahedron, pentahedron, and hexahedron. The ratio of block length to width in this area is mostly between 3 and 8, and the shape of the blocks is consistent with the field investigation. The discontinuities in set Ⅰ play an important role in the formation of the blocks.
[image: Figure 17]FIGURE 17 | The shape of key blocks. (A) No. 2 tetrahedron. (B) No. 3 hexahedron. (C) No. 7 pentahedron. (D) No. 13 hexahedron. (E) No. 14 hexahedron. (F) No. 15 pentahedron. (G) No. 18 pentahedron. (H) No. 26 pentahedron.
The Influence of the Size of the Dominant Discontinuities on Analysis Results
After field investigation, the number of the key blocks obtained by the program is greater than the actual number, because the size of the discontinuities is smaller in the actual project. However, because of the absence of the exact size of the discontinuities, it is necessary to discuss the influence of the size of the dominant discontinuity on analysis results. The discontinuities in set Ⅰ are the dominant discontinuities that form the key blocks because of the small angle (approximately 5°) between discontinuities and the tunnel axis. The discontinuities in sets Ⅱ and Ⅲ are approximately perpendicular to the tunnel axis, and their number is small, so it does not need to be discussed.
The position, dip, dip angle, and quantity of the discontinuities are not changed, but only the size of the discontinuities is changed. Geo-SMA is used to identify key blocks formed by different discontinuities, and the relationship curve between the radii of discontinuities and the volume of the key blocks is obtained as shown in Figure 18. Figure 19 shows the key blocks formed by discontinuities with different radii. It shows that the calculated results are consistent with the actual project when the diameter of the discontinuities is 12 m. The number of key blocks increases with radii of discontinuities. However, the original blocks remain unchanged. When the size of the discontinuities is larger than 20m, the block system obtained by the program will remain unchanged. Therefore, the stability analysis of the blocks under the assumption of infinite discontinuities is conservative, but it has important guiding significance for practical engineering.
[image: Figure 18]FIGURE 18 | Influence of discontinuities radii on key blocks.
[image: Figure 19]FIGURE 19 | The display of the key blocks formed by discontinuities with different radii. (A) r = 5, (B) r = 8, (C) r = 12, (D) r = 20.
CONCLUSION

(1) Based on the traditional cutting algorithm, an accurate identification method of block considering the finiteness of discontinuities is proposed by introducing the meshing. A dynamic data structure is designed to store block data so that the shape and quantity of blocks are not limited. The accuracy and reliability of the proposed method are verified by a numerical example and the practical project.
(2) Because of the limitations of geological survey techniques, the sizes of the discontinuities are difficult to obtain accurately. The meshing method can limit the size of the discontinuities in the cutting algorithm so that the finiteness of the discontinuities can be considered. The discussion on the size of the dominant discontinuities can make up for the insufficient caused by the absence of the parameters. Although the stability analysis of blocks under the assumption of infinite discontinuities is conservative, it has a reference value and guiding significance for practical engineering.
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Collapse is one of the main dangers of tunnel construction using the drill-blast method. To assess the risk of collapse and provide a basis for risk control, a failure probability evaluation method for tunnel collapse based on a Bayesian network (BN) and normal cloud theory is proposed in this paper. First, typical tunnel collapse cases are analysed statistically based on the risk breakdown structure method, a Bayesian network model is built for drill-blast tunnel collapse and the causal relationships between the tunnel collapse and influential factors, such as geological factors and construction management factors, are revealed. Second, the multiple fault states of the risk factors are described using fuzzy numbers. A multi-state fuzzy conditional probability table of uncertain logical relationships between nodes is established using normal cloud theory to describe node failure probabilities. Finally, this paper will consider the entire life cycle of risk-prone events, including pre-incident, dynamic evaluation of the construction process and post-incident control. A typical tunnel collapse incident encountered during the construction of the Jinzuba Tunnel in Fujian was used as an example to verify the applicability of the method.
Keywords: tunnel collapse, drill-blast method, cloud Bayesian network, collapse possibility, risk assessment
INTRODUCTION
With the vigorous development of highway and railway construction, road traffic has extended into mountainous areas, making tunnel construction larger-scale and more complex, especially in developing countries, such as China. Highway tunnel construction frequently has safety violations due to the various risk factors of the complex project environment. Collapse is one of the most frequent and harmful geological hazards during the construction of a tunnel. Because it is difficult to predict collapse, which is sudden and instantaneous, the constructors do not have enough time to escape. When a tunnel collapses, it can result in significant construction delays, economic loss, and even human casualties. As a result, it is necessary to investigate the risk mechanism of tunnel collapse by real-time safety analysis and considering accident scenarios, with the goal of providing decision support for ensuring the safety of tunnel construction.
To avoid major casualties and property loss due to violations of safety regulations, numerous researches have proposed risk-based analysis methods into safety management practices. There are two types of risk analysis: qualitative risk analysis and quantitative risk analysis (Khakzad et al., 2014). Qualitative methods include fault tree analysis (FTA) (Hyun et al., 2015), comprehensive evaluation methods (Zhang G.-H. et al., 2016), and others, which are simple and easy to use but do not provide consistent results (Chen et al., 2020). Quantitative methods include the analytic hierarchy process (AHP) (Hyun et al., 2015; Nezarat et al., 2015), support vector machines, decision trees, and others. Those methods can get a more accurate value of risks, but they can’t work unless detailed data is available (Chen et al., 2020). Hybrid methods, which combine qualitative and quantitative methods, have emerged as comprehensive and effective procedures for dealing with complex environments, using both qualitative and quantitative methods (D’Angelo et al., 2014; Golabchi et al., 2016).
A Bayesian network (BN) is a hybrid method for risk analysis that is, being increasingly applied (D’Angelo et al., 2014; Zhang et al., 2014). A BN model can be thought of as a data structure made up of nodes and edges. Nodes denote random variables and edges denote correlations (Chen et al., 2020). Compared to an AHP, a BN method is better at expressing the degree of influence of risk factors. A BN can qualitatively and quantitatively describe the dependence between variables and is suitable for knowledge representation and reasoning (Holický et al., 2013). In conventional BN analysis, the probability of occurrence of the root node is always regarded as a crisp value (Khakzad, 2013). Nevertheless, data in the construction engineering field are frequently subject to a variety of uncertainties, including incompleteness, randomness, inconsistency, fuzziness, and imprecision (Zhang et al., 2017). Therefore, group decision-making techniques are usually used to evaluate the occurrence probability of the root node. At present, fuzzy sets theory (Zadeh, 1965) is the most commonly used mathematical tool to address uncertainty, so fuzzy set theory is usually combined with a BN to improve its performance. In order to create a fuzzy BN, fuzzy set theory can be used to perform inference and belief propagation in a hybrid BN (Chen et al., 2020). A fuzzy BN is considered a very suitable tool in a probabilistic risk analysis domain (Zhang et al., 2014; Zhang L. et al., 2016).
However, once the membership function is specified in classical fuzzy set theory, one and only one accurate membership may be calculated for any given element in the universe to assess the uncertainty that the element belongs to the associated notion (Li et al., 2009). This goes against the spirit of a fuzzy set. Thus, Professor (Li et al., 2009) proposed a normal cloud model, which allows a stochastic disturbance of the membership degree encircling a determined central value. In contrast to fuzzy set theory, the elements of a qualitative concept are uncertain in a normal cloud model.
Combining a traditional cloud model with a BN has become increasingly popular in recent years (Chen et al., 2017; Wang et al., 2019). Chen et al. (2020) used a normal cloud model to discretize continuous monitoring and measurement data suitable for learning BNs. In the construction of mining tunnels, monitoring and measurement data include vault displacement, ground settlement, and horizontal convergence displacement. However, these data do not accurately reflect the actual construction situation and can only become one of the risk factors in the collapse risk assessment. Therefore, this paper innovatively applies a normal cloud model to convert the weight of each risk factor into a multistate conditional probability table to consider the impact of multiple factors on tunnel construction collapse. Compared with traditional dual-state risk factors, multistate risk factors can better reflect the actual situation of a construction site. However, as the status of risk factors increases, the establishment of a multistate conditional probability table becomes more complicated. For example, assuming each node has 4 states, the conditional probability table of child nodes with 4 parent nodes contains 256 combinations. Therefore, generating a multistate conditional probability table through a cloud model will greatly reduce the workload.
At present, the risk assessment method for highway tunnel construction in the China code is still relatively simple and cannot meet the needs of projects. It is necessary to develop a system decision-making method based on a multistate cloud Bayesian network (MCBN), aiming to guide the safety management of the entire life cycle of tunnel construction, including pre-accident, during-construction dynamic evaluation, and post-accident control. As a case study, a typical tunnel collapse hazard occurred during the construction of the Fujian Jinzhupa Tunnel in China. The results show that the proposed MCBN approach is feasible and has application potential.
METHODOLOGY
Bayesian Network
Since there are many introductions to the theory of Bayesian network (BN) (Li et al., 2017; Wu et al., 2022a), this article ignores such discussions. Assuming [image: image] is the set of parent nodes of [image: image] in the DAG; the conditional probability distribution [image: image] is defined as [image: image]. P(x) can be calculated using Eq. 1.
[image: image]
Normal Cloud Model
A normal cloud model is a new cognition model of uncertainty proposed by Li et al. (2009). A normal cloud is an important cloud model based on the Gauss membership function. In practice, a normal distribution with relaxed conditions is coincident with the object world. Currently, it has been widely used in construction areas, such as tunnel excavation (Chen et al., 2020) and water inrush (Wang et al., 2019).
Cloud and Cloud Droplets
Given a qualitative concept B defined over a universe of discourse [image: image], let [image: image] be a random instantiation of concept B, and a certain degree [image: image] of x belonging to B is a random variable with a steady tendency. The parameter [image: image] can be written using Eq. 2 (Li et al., 2009):
[image: image]
In the formula, the distribution of x in U is called a cloud, and x is a cloud droplet.
A cloud can transform a qualitative concept to its quantitative value, which is composed of many cloud droplets. The droplets are in disorder, but when there are enough clouds, the overall characteristics of the qualitative concept are clearer (Wang, 2014). The grade of a certain degree of a cloud droplet reflects the fuzziness and randomness of a concept (Wang et al., 2019).
A Normal Cloud Model
A normal cloud model can be determined using numerical characteristics [image: image]. Expectation Ex is the expectation of the cloud droplets in the universe of discourse and the typical sample of a qualitative concept. Entropy En is the entropy of Ex, representing the uncertainty measurement of a qualitative concept. On the one hand, it is a measurement of randomness, reflecting the extent of the dispersion of the cloud drops. On the other hand, it is a measurement of fuzziness, representing the scope of the universe that can be accepted by the concept. Hyperentropy He reflects the uncertainty degree of Entropy En. A normal cloud model also has three numerical characteristics, which can be expressed as follows.
Let X be the universe of discourse and B be a qualitative concept connected with X. If there is a number x, 1) [image: image], 2) x is a random instantiation of concept B, 3) x satisfies [image: image], [image: image], and the grade of a certain degree of x belonging to concept B satisfies Eq. 3 (Li et al., 2009):
[image: image]
In the formula, the distribution of x in the universe X is called a normal cloud.
The Normal Cloud Generator
Typically, forward and backward transformations are used in the implementation of a standard cloud model. The goal of forwards normal cloud transformation (FNCT) is to generate a large number of cloud droplets. FNCT can generate the required cloud droplets. The normal cloud generator can be expressed as an algorithm given its numerical properties, as shown in Table 1.
TABLE 1 | Algorithm for FNCT.
[image: Table 1]FAILURE PROBABILITY EVALUATION METHOD
Using the powerful reasoning function in a multistate cloud Bayesian network (MCBN), deductive reasoning, abductive reasoning, and sensitivity analysis techniques can be used for safety analysis and management in the above three stages. This provides real-time and effective support to decision makers throughout the tunnel construction management process. The proposed approach includes the following four steps, as shown in Figure 1.
[image: Figure 1]FIGURE 1 | Flowchart of the multistate cloud Bayesian network.
Collapse Risk Analysis
According to the collecting tunnel collapse cases and related researches (Zhou, 2008; Li, 2011; Chen et al., 2019; Wang et al., 2020; Zhang et al., 2020), and consulting experts in the field of tunnel engineering, the mechanisms of tunnel collapse are analysed.
Establishment of a Multistate Bayesian Network
Establishment of the DAG
According to the research (Zhang L. et al., 2016), a qualified fault tree (FT) regarding tunnel construction safety can be used to provide effective prior knowledge for the establishment of the BN model’s DAG. Because the DAG structure in the MCBN is identical to that in a conventional BN, the DAG in the proposed MCBN is built by transforming the FT into the BN, as shown in Figure 2 (Khakzad et al., 2011).
[image: Figure 2]FIGURE 2 | Workflow of DAG construction in an FT-based BN.
Multistate Conditional Probability Table Construction
Because cloud theory is better than a Bayesian network in cognitive ability but worse in cognitive capability, this method combines the reasoning ability of a BN with the cognitive ability of a normal cloud model. The normal cloud generator is used to generate the MCPT using expert investigation. Since there are many introductions to the theory of MCPT (Wu et al., 2022a; Wu et al., 2022b), this article ignores such discussions. Figure 3 depicts an overview of the MCPT construction flowchart, which is divided into three sections: 1) weight calculation; 2) cloud model conversion; and 3) conditional probability conversion.
[image: Figure 3]FIGURE 3 | MCPT construction flowchart.
Reasoning Analysis Based on a Bayesian Network
Deductive Reasoning
The goal of deductive reasoning is to predict the probability distribution of risk events (leaf nodes) T given a set of risk factors (root nodes). Each risk factor’s current state is treated as evidence in an MCBN model. The probability distribution of tunnel collapse (T), represented by P (T = Ⅳ), is calculated using Eq. 4. P (T = Ⅳ) represents the highest risk probability.
[image: image]
where n is the number of the root nodes. Each root node Xi has four different states, denoted by “Ⅰ/Ⅱ/Ⅲ/Ⅳ.” Therefore, n root nodes have 4n combinations.
Sensitivity Analysis
Sensitivity analysis is a powerful method for detecting changes in the probability distribution of top events by varying the probability distribution of risk factors to measure the influence of each risk factor on tunnel collapse. In this research, the sensitivity performance measure (SPM) proposed by Zhang G.-H. et al. (2016) and shown in Eq. 5 is employed for sensitivity analysis.
[image: image]
Abductive Reasoning
In comparison to traditional risk-based methods such as AHP and FTA, the capabilities of abductive reasoning techniques for MCBN inference are unique and unrivaled. When an accident or failure occurs, abductive reasoning attempts to determine the posterior probability distribution of each risk factor. For fault diagnosis, the posterior probability distribution can be a reliable reference. The posterior probability distribution of risk factor Xi, represented by P (Xi = xi|T = Ⅳ), can be calculated using Eq. 6.
[image: image]
CASE STUDY
To test the validity and applicability of the MCBN approach, this study examines the risk of tunnel collapse in a tunnel construction project.
Case Background
The Jinzhupa tunnel is a double-tube highway tunnel through the mountains connecting the Youxi and Jianning areas of Sanming City, China. The left and right tunnels are 771 and 782 m long, respectively. The entrance section of the tunnel is mainly composed of residual silty clay, a granite fully weathered layer, and a broken strong weathered layer. The main body of the cave is moderately weathered granite, which is affected by granite penetration. Affected by this, the rock mass is relatively broken, showing a very large or broken mosaic structure. The rock mass is broken and has varying degrees of weathering. During the construction process, tunnel collapse and water bursts easily occur.
Step 1: Risk/Hazard Identification of Tunnel Leakage and the DAG
Tunnel collapse is considered a large potential geological hazard to the quality of tunnel construction. When a tunnel collapses, it can result in significant construction schedule delays, economic loss, and even human casualties. To precisely identify these influential factors, data from 120 tunnel collapse cases were collected and analyzed in accordance with the collapse risk analysis principles outlined in Collapse Risk Analysis. Concerning existing research results (Zhou, 2008; Li, 2011; Wang et al., 2020; Zhang et al., 2020), there are four main factors influencing tunnel collapse including: geological factors, design factors, geological exploration factors, and construction management factors. The DAG of the MCBN shown in Figure 4 is constructed by transforming the FT into a BN, as shown in Figure 2. The descriptions of all nodes are illustrated in Table 2. Meanwhile, the security status of each node is divided into 4 levels, denoted by I-IV, corresponding to fuzzy numbers 1–4 respectively, as shown in Table 3. These studies (Zhang et al., 2020; Wu et al., 2022a; Wu et al., 2022b) provide a detailed analysis of the risk factors.
[image: Figure 4]FIGURE 4 | Established network model for the tunnel collapse MCBN.
TABLE 2 | Descriptions of the nodes in the MCBN.
[image: Table 2]TABLE 3 | Classification states of the tunnel collapse Bayesian network nodes.
[image: Table 3]Step 2: Establish Multistate Conditional Probability Tables
As described in Section 3.2.3, the weight of each parent node is converted to a multistate conditional probability table (MCPT), as shown in Table 4 (due to the large number, only a portion is listed).
TABLE 4 | Multistate conditional probability table.
[image: Table 4]Step 3: Result Analysis
The created MCBN model can be updated with the root node state by actual conditions. This provides decision makers with effective support in real time for the whole process of safety and security before, including pre-accident, during-construction, and post-accident control.
Pre-Accident Control
Pre-accident control aims to optimize the tunnel construction plan and minimize the risk of tunnel collapse when economic conditions permit. During the proposal stage, the decision-maker lacks a thorough understanding of the actual situation regarding project risks. Despite being warned that there is a serious risk of tunnel collapse, they have no way of knowing the actual situation, let alone safety.
In the programme selection stage, decision-makers may face a choice of excavation method and tunnel location. Now, we have three schemes labeled as A, B, and C, as shown in Table 5. The current state of the parameters (Ⅰ, Ⅱ, Ⅲ, or Ⅳ) are entered into the MCBN as evidence, and then the outputs of the models are compared. From the perspective of safety and security, a scheme with a lower probability of tunnel collapse will make decision-makers more interested. The results shown in Table 6 demonstrate that Scheme C is the most competitive scheme since the predicted occurrence probability of tunnel collapse in Scheme C is lower than that in the other two schemes.
TABLE 5 | Parameter values of Schemes A, B, and C.
[image: Table 5]TABLE 6 | Probability distribution of tunnel collapse (T).
[image: Table 6]During-Construction Dynamic Evaluation
The goal of dynamic evaluation during construction is always to control the risk of collapse in order to ensure the safety of the construction. During the construction phase, decision-makers evaluate 13 factors (X1-X13) based on the actual on-site situation. Then the current states (Ⅰ, Ⅱ, Ⅲ, or Ⅳ) are entered into the MCBN model as given evidence. When the collapse risk value exceeds level III, building should be promptly halted for repair. Following the correction, an evaluation should be performed once again. Decision-makers can make corrections based on the results of sensitivity analysis. Construction will not begin until the danger level falls below level II. As a result, the construction may be constantly refined until the high potential safety concerns are managed. Furthermore, decision-makers must identify the important risk variables that have a stronger influence on the occurrence of construction failure, and those checkpoints should be prioritized during the construction phase. The MCBN can find essential construction parameters by using the sensitivity analysis approach in Bayesian inference.
For example, in excavation section ZK242-695∼ZK242-705 of the Jinzhupa Tunnel, the values associated with the geological parameters are defined and then entered into MCBN as evidence for the given. The probability of collapse is shown in Table 7. The results indicate that the probable risk level for tunnel collapse is Class III, indicating that the tunnel construction should be corrected. Using Eq. 5, a sensitivity performance measure (SPM) of risk factors (X5–X13) is calculated. The findings demonstrate that X11 (Untimely drainage), X12 (Untimely support), and X13 (construction quality) are at the peak of the ranking for each indication, as shown in Figure 5. The occurrence of tunnel collapse is very sensitive to these three risk factors. Therefore, more focus must be placed on assuring the reasonable state of these building characteristics.
TABLE 7 | Tunnel collapse probability.
[image: Table 7][image: Figure 5]FIGURE 5 | Ranking results of risk factors (X5–X13) in the sensitivity analysis of tunnel collapse.
Post-Accident Control
After an accident or failure happens, the goal of post-accident control is to determine the most likely direct cause and then carry out real-time diagnostic and appropriate remedies. Under the current circumstances, policymakers consider it best practice to invite experts from the field to participate in expert group meetings. The field specialists then discuss the reasons of the accident and recommend immediate control measures. This will most likely miss the essential window for dealing with the situation, resulting in significant losses. We can mimic the evolution route of an accident in real time using the background reasoning approach in Bayesian inference (Zhang et al., 2014).
In excavation section ZK242-695∼ZK242-705 of the Jinzhupa Tunnel, the tunnel collapsed due to excessive rock fissures and dropping water seepage on the vault, as seen in Figures 6–9. Using Eq. 6, when a tunnel collapses, the posterior probability distribution of the risk factors (X5∼X13) may be determined, as shown in Figure 9. The results indicated that X12 (untimely support) and X10 (tunnel overbreak and underbreak control) are most likely to be the direct causes. Excessive excavation and untimely support, coupled with loose surrounding rock, led to the collapse accident. Therefore, the measures should be taken to reduce the collapse risk value. After the accident, this method can provide policymakers with a diagnostic analysis of the collapse and theoretical guidance for emergency rescue.
[image: Figure 6]FIGURE 6 | Tunnel vault seepage.
[image: Figure 7]FIGURE 7 | Excessive rock fissures.
[image: Figure 8]FIGURE 8 | Tunnel collapse.
[image: Figure 9]FIGURE 9 | Fault diagnosis in the safety control of a tunnel collapse.
DISCUSSION

1) A traditional Bayesian network is based on three assumptions: (a) The relationship between nodes is completely understood and fulfills the logical “AND” or “OR” relationship; (b) There are only two states, i.e., “YES” and “NO;” and (c) The root node’s failure probability is exactly determined. To characterize numerous failure situations of the nodes, the proposed model uses fuzzy numbers. The normal cloud model is used to build a multistate conditional probability table. Based on building a multi-state fuzzy conditional probability table, the logical relationships between nodes are described, which is able to reflect the uncertainty of the association between nodes. The problems associated with the three assumptions in traditional Bayesian networks are addressed.
2) Compared with the analytic hierarchy process, an MCBN model can not only carry out the static risk assessment but also carry out a dynamic risk assessment and perform sensitivity analysis on risk factors. During the construction process, it can always provide auxiliary opinions to decision-makers. Therefore, the safety of construction can be improved.
CONCLUSION AND FUTURE WORK
This paper proposed an MCBN approach for failure probability evaluation. The results of the analysis express not only the likelihood of the data explicitly, but also the degree of uncertainty in the data, including its ambiguity and randomness. The model solves the problem of the difficulty in establishing a multistate conditional probability table. The MCBN model proposed in this paper can not only conduct dynamic risk assessment but also provide sensitivity analysis. The applicability of the method is verified by taking a typical tunnel collapse hazard in the construction of the Jinzhupa tunnel in China as an example. The results demonstrate the feasibility and application prospects of the method.
Compared to a traditional Bayesian network, an MCBN can better define the status of the impact factor. Moreover, compared to an ANN, an MCBN can conduct a dynamic risk assessment and provide a timely reference for decision-makers, thereby reducing casualties and economic losses. In addition, the advantages of a normal cloud model over a fuzzy set approach are also addressed.
The MCBN model proposed in this paper also has some limitations. During the construction process, the judgement of the state and weight of the risk factors still depends on the subjective consciousness of people. The objective of our subsequent research is to determine the weighting of risk factors based on several similar tunnel projects and to determine the status of the risk factors by monitoring the measured data.
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Based on the project of People’s Hall Station of Qingdao Metro Line 4 in China, the method of water-sealed blasting construction for vibration damping is proposed, as the blasting vibration of adjacent structures (Qingdao Metro Line 3) does not meet the control requirements during the blasting construction of the existing site blasting scheme. The effects of blasting on adjacent structures with different water-sealed charge structures and different axial decoupled charge factors are first studied by using the three-dimensional dynamic numerical simulation method. On this basis, a multi-case parametric analysis is carried out on the maximum single detonation charge, initiation interval, vibration-damping hole settings, and other factors that affect the blasting seismic effect. The results demonstrate that water-sealed construction blasting can significantly reduce the vibration response of adjacent structures. The lower-water-decking charge structure, the two ends-water-decking charge structure, and the top-water-decking charge structure can reduce the vibration velocity response of adjacent structures by 2.8, 24.5, and 27.8%, respectively. As the axial decoupling coefficient increases, the peak resultant vibration velocity increases first and then decreases. The peak resultant vibration velocity reaches the minimum value of 1.27 cm/s, which is lowered by 29.5% when the decoupling coefficient is 2.6. The after-detonation vibration response can be reduced by decreasing the amount of a single detonation charge and setting damping holes. When the detonation charge is reduced to 2.7 kg or 100 mm damping holes are set up, the vibration velocities at Line 3 People’s Hall Station are 1.10 cm/s and 1.11 cm/s, respectively. Both velocities are less than the 1.2 cm/s resultant vibration velocity control tolerance requirements. The results of this study can play an important guiding role in construction blasting in on-site metro stations and can serve as a reference for future similar projects.
Keywords: metro station, water-sealed blasting, controlled blasting, numerical simulation, decoupled charge structure
1 INTRODUCTION
Urban traffic is increasing as China’s national economy develops rapidly. To meet growing traffic demand, underground railway transportation systems are being built in China’s major cities (Zhao et al., 2016; Liu et al., 2020). As a result of the urban construction environment, subway construction inevitably encounters numerous significant buildings (structures) (Ma et al., 2017; Li et al., 2018; Wang J et al., 2019). Seismic waves generated by blasting propagate to the surface, causing building (structure) vibration and possibly cracks or damage (Oncu et al., 2015; Wang K et al., 2019; Zhang et al., 2019). Thus, vibration-damping control of tunnel blasting is critical to ensure the normal use and safety of various buildings (structures) (Jung et al., 2011; Henningsson, 2018; Song et al., 2018).
To ensure the smooth construction of new projects and the safety of existing buildings (structures), scholars have conducted a series of studies on the influence of blasting construction on existing buildings (structures) (Jiang and Zhou, 2012; Mobaraki and Vaghefi, 2015; Song S et al., 2019). Some scholars have studied the impact of tunnel blasting on existing buildings, tunnels, and underground pipelines through on-site monitoring (Li et al., 2013; Jayasinghe et al., 2018; Kou et al., 2019) and numerical simulation (Jong-Ho et al., 2011; Xia et al., 2013; Wang K et al., 2019). For instance, Xia et al. (Xia et al., 2019) analyzed the effect of subway tunnel blasting construction on the upper voltage conduit by numerical simulation and obtained the blasting dynamic response law of the conduit. Yu et al. (Yu et al., 2014) analyzed the influence of construction blasting in the soft soil layer on the existing tunnel structure using field measurements and numerical simulations. Nan et al. (Nan et al., 2018) analyzed the vibration and stress response of a gas pipelines due to construction blasting. Some scholars have studied the propagation law of blasting vibration in the ground (Nateghi, 2011; Wang et al., 2014; Lee et al., 2016) and proposed measures to reduce the damage to buildings based on their findings. For example, Tian et al. (Tian et al., 2019) adopted the power spectrum, wavelet, and wavelet packet analysis methods to study the propagation law of tunnel blasting vibration waves on the ground. Some scholars have studied the vibration reduction measures of tunnel construction blasting, and the commonly used methods mainly have two aspects. On the one hand, vibration reduction treatments can be carried out from the blasting source, such as reducing the detonation charge (Song et al., 2018; Sharafat et al., 2019), optimizing the blasting parameters (Li et al., 2013), optimizing the charge structure (Gu et al., 2015; Zhang et al., 2020; Cheng et al., 2021), using the phase interference method (Inoue et al., 2005; Fang et al., 2007), and the vibration reduction of millisecond blasting (Cunningham et al., 2003; Ahmed and Ansell, 2012; Ozacar, 2018). For instance, Song et al. (Song et al., 2018) optimized an existing blasting scheme that did not meet the vibration velocity requirements by reducing the maximum charge of a single section, implementing a multistage double wedge groove, increasing the damping hole, millisecond blasting, and other measures. The optimized blasting scheme met the maximum allowable vibration velocity requirements of the building. On the other hand, according to the propagation characteristics of seismic waves, vibration reduction is carried out from its propagation paths, such as vibration reduction of damping holes (ditches) (Erarslan et al., 2008; Uysal et al., 2008; Park et al., 2009; Song et al., 2014) and presplitting blasting vibration reduction (He et al., 2013; Dindarloo et al., 2015; Lee et al., 2016). For example, Erarslan et al. (Erarslan et al., 2008) studied the effect of artificial discontinuities such as barrier holes and trenches on blast-induced vibrations. PPV (peak velocity of particle vibration) decreases of 14.3–18.5% were obtained for the barrier holes and 24.8–58.1% for the trenches.
Water-sealed blasting is a method using an optimized charge structure for damping, that is, the use of a decoupled charge structure for construction blasting. The influence of decoupled charge structure on blast vibration has been studied by domestic and foreign scholars through theoretical analyses (Sher and Aleksandrova, 2007; Lou et al., 2018; Wang and Liu, 2018), experimental researches (Yun et al., 2016; Wang, 2017; Yang and Liu, 2017) and numerical simulations (Iravani and Kolfal, 2008; Yilmaz and Unlu, 2013; Xie et al., 2018). For instance, Wang and Liu (Wang and Liu, 2018) established a calculation model of eccentric decoupled charge considering influencing factors such as damage to the surrounding rock, air, and water decoupled medium. Zhang et al. (Zhang et al., 2020) discussed the influence of axial and radial decoupling coefficients on the blasting effect when air and water are used as spacers in the surrounding holes of tunnel water-sealed blasting.
Although there are many studies on the impact control measures of new construction blasting on existing buildings (structures), there are still relatively few studies on the damping measures for existing structures needed for ultra-close construction blasting of new projects in hard rock strata. Furthermore, the current research on axial water decoupled mostly adopts two-dimensional numerical simulations to study the damage mechanism of rocks and other aspects. There is less research on the damping of adjacent structures by blasting construction of large span stations with water decoupled charge structures. Based on the proposed method of vibration damping by water-sealed blasting construction, this paper investigates the vibration response of adjacent structures with different water-sealed charge structures, different axial decoupled charge coefficients, different detonation charge amounts, different initiation intervals, and different vibration damping hole diameters. Finally, the model’s reliability was verified by the on-site monitored data. The optimized blasting scheme met the structure’s maximum allowable vibration velocity requirements, which can provide a reference for the construction of similar projects in the future.
2 INFLUENCE ANALYSIS OF BLASTING CONSTRUCTION
2.1 Engineering Overview
The Line 4 People’s Hall Station of Qingdao Metro is located in the south district of Qingdao, China. It is an 11 m-long, two-story underground island station with a 21.0 m-wide standard section. The station’s overall length is 256.7 m, with an effective platform length of 118 m. Several structures and pipelines surround the People’s Hall Station. Among them, the pump house and existing Line 3 People’s Hall Station are the closest to the supporting project and have the most stringent vibration velocity control, which is critical for protection during the blasting construction period. Figure 1 depicts the positional relationship between the new and existing projects. The pump house is a two-story underground concrete structure with a structure size of 19.85 × 12.00 × 9.50 m (length × width × height). The sidewalls are 0.50 m thick, and the raft foundation is 0.60 m thick. The existing Line 3 People’s Hall Station is a two-story underground island station, with the main structure in service. The Line 4 People’s Hall Station passes through strata with three different grades of surrounding rock conditions, namely, III, IV, and V. As the explosion shock wave has a higher propagation speed in surrounding rocks, this paper selected the III level surrounding rock section for construction influence analysis.
[image: Figure 1]FIGURE 1 | Relative location of the Line 4 People’s Hall Station and adjacent structures (unit: mm).
2.2 Original Blasting Design Scheme
The original blasting design scheme was developed by the design institute based on the Safety Regulations for Blasting (GB6722-2014, 2014), Specifications of Excavation Blasting for Hydropower and Water Resources Projects (DL/T 5135-2013, 2013), and the current common tunnel blasting programs.
To reduce the impact of blasting on the adjacent structures in the grade III section, the proposed cut hole charge is 3 kg, and the single hole charge is 0.5 kg. Attributed to the free surface formation, broken rock can fly out of satellite holes and surrounding apertures, and the number of holes that need to be detonated is large. The maximum charge for single-stage detonation is 3.8 kg.
The blasting excavation plan considers the project’s excavation range and geological conditions. Figure 2 illustrates the proposed excavation scheme for the station hall. The station hall layer is depicted in the diagram using the double-sidewall heading method. The different partitions represent the sequence of tunnel section excavation, the solid points represent the satellite hole and surrounding aperture, the triangles represent the cut hole, and the number indicates the detonator segment number.
[image: Figure 2]FIGURE 2 | Blasting hole layout of the station hall floor (unit: mm).
To ensure the safety of existing structures, control designs and standards for the blasting ground vibration effect caused by the new construction were developed. The peak value of the blasting vibration velocity in existing structures (Zhao et al., 2016; Singh et al., 2020) is used as a control standard. The resultant vibration velocity control values are set at 0.8 cm/s (pump house) and 1.2 cm/s (People’s Hall Station Line 3) for the different types of existing structures.
2.3 Numerical Model
2.3.1 Model Establishment
Without regard for the detailed internal structure of existing adjacent structures, we consider only the main structure to establish the numerical model shown in Figure 3. The overall dimensions of the model are 150 × 50 × 75 m (length × width × height). The calculation condition is that the right pilot tunnel is excavated to a depth of 25 m (y = 25 m plane), which places the heading face in the center of Pump House and Line 3 People’s Hall station, as displayed in Figure 4.
[image: Figure 3]FIGURE 3 | Finite element model (unit: m).
[image: Figure 4]FIGURE 4 | Relative location of the heading face and adjacent structures.
According to the blasting design scheme, the cut hole is continuously charged, with a diameter of 32 mm, a vertical spacing of 50 cm, a horizontal spacing of 1.0 m, a charge length of 50 cm, and a blast-hole stemming length of 50 cm. Figures 5, 6 depict the entire arrangement.
[image: Figure 5]FIGURE 5 | Cut hole layout diagram (unit: cm).
[image: Figure 6]FIGURE 6 | Blasting hole coupling indication (unit: cm).
2.3.2 Parameter Selection
2.3.2.1 Selection of Algorithms
The coupling relationship between explosive, water, and blast-hole stemming, as well as large deformation and large displacement, are the main problems that need to be considered in the numerical simulation of tunnel excavation blasting. The ALE algorithm (Soutis et al., 2011) is used to define the water, blast-hole stemming, and explosive models in the numerical calculation process to achieve the dynamic analysis of fluid-solid coupling. The rock mass and structural model are determined by adopting the Lagrange algorithm (Li et al., 2019).
2.3.2.2 Boundary Condition
Given the distance between the stratum boundary and the tunnel area, its displacement can be ignored. Nodal constraints are used in the model to constrain the X-direction displacements on the left and right sides, the Y-direction displacements on the front and rear faces, and the Z-direction displacements on the bottom face. Meanwhile, the Y-direction deformation of adjacent structures is not considered. In its current state, the stratum can be assumed to be a semi-infinite body space, and the blasting vibration wave will be gradually transmitted to the far side along with the stratum. To more accurately simulate the actual condition of blasting vibration, the reflection of stress waves on the stratum boundary should be eliminated in the model. The reflection-free boundary conditions are used in conjunction with ANSYS/LS-DYNA software functions to eliminate the influence of reflected blasting vibration waves, except for the upper surface of the stratigraphic model.
2.3.2.3 Contact Relations
The pump house, the Line 3 People’s Hall Station, and the initial support are all in proximity to the stratum in actual conditions. The model simulates the actual contact relations between these components using the bound surface-to-surface contact method (*CONTACT_TIED_ SURFACE_TO_SURFACE).
2.3.2.4 Material Constitutive and Parameters
The high explosive model (* MAT HIGH EXPLOSIVE BURN) of LS-DYNA is used to model the No. 2 rock emulsion explosive. The state equation of explosive explosion is the Jones-Wilkins-Lee (JWL) equation (Xie et al., 2016), as shown in Eq. 1.
[image: image]
where A, B, R1, R2, and [image: image] are constants, E0 is the initial internal energy per unit volume of explosive, and V0 is the initial relative volume of explosive. Table 1 lists the parameters in detail.
TABLE 1 | Explosive parameters.
[image: Table 1]The constitutive model of water is MAT_NULL. The GRU-NEISEN state equation describes the state of water at high pressure (Man et al., 2018). The pressure [image: image] can be calculated by Eq. 2.
[image: image]
where [image: image] is the initial density of water, [image: image] is the density of disturbed water, C is the intercept of the shock-particle velocity curve, S1, S2, and S3 are the coefficient of the curve slope, [image: image] is the GRUNEISEN coefficient, [image: image] is the first-order volume correction coefficient, and E0 is the initial internal energy per unit volume of water. Table 2 details the specific parameters.
TABLE 2 | Water material model and state equation parameters.
[image: Table 2]The blast-hole stemming material is determined by the (*MAT_SOIL_AND_FOAM) (Lou et al., 2018) state equation, and the solid–gas two-phase medium coupling problem can be effectively described in the simulation process. The parameters are described in Table 3.
TABLE 3 | Blast-hole Stemming parameters.
[image: Table 3]For soil and rock mass, the plastic kinematic model (* MAT _ PLASTIC _ KINEMATIC) (Su et al., 2016) containing strain rate is used for simulation. The relevant calculation parameters for rock mass and soil, as well as concrete, are determined in conjunction with the geological survey report and associated specifications, as shown in Table 4.
TABLE 4 | Calculating physical and mechanical parameters.
[image: Table 4]2.4 Influence of Blasting on Adjacent Structures
The maximum vibration velocity of the pump house is approximately 0.2 cm/s, and the vibration response of the Line 3 People’s Hall Station is considerably greater than that of the pump house. Figure 8 portrays the vibration velocity curve corresponding to the maximum vibration velocity node (shown in Figure 7: 226,744) near the explosion source side of the Line 3 People’s Hall Station As shown in Figure 8:
1) The vibration response velocity of the Line 3 People’s Hall Station mainly occurred during the early stages of blasting, with the largest vibration response in the horizontal direction. Between 2.5 and 5 ms, the vibration response of the Line 3 People’s Hall Station reaches its maximum value and then gradually decreases until it approaches 0.
2) The peak resultant vibration velocity of the Line 3 People’s Hall Station is 1.80 cm/s, which cannot meet the vibration velocity control requirements of 1.2 cm/s.
[image: Figure 7]FIGURE 7 | Diagram of the location of the node (226,744).
[image: Figure 8]FIGURE 8 | The vibration velocity response of the Line 3 People’s Hall Station.
3 OPTIMIZATION ANALYSIS OF WATER-SEALED BLASTING
Water-sealed blasting is a rock-breaking method that employs water as a medium for transmitting explosion energy (Jong-Ho et al., 2007; Ye et al., 2017; Yuan et al., 2019). The properties of water as a medium include low compressibility, high energy transfer efficiency, adsorption of toxic gases generated during blasting, reduction of dust concentration, and improvement of tunnel air quality (Cui et al., 2010; Cui, 2011). Gu et al. (Gu et al., 2015) demonstrated that a water-decoupled charge structure could effectively reduce the instantaneous vibrational energy, resulting in a higher average crushing rate of the rock and less harmful dust. As a consequence, a method of damping via water-sealed blasting construction is proposed.
3.1 Optimization Analysis of Different Charge Structures Blasting
There are three primary types of charging structures frequently used during water-sealed blasting construction: 1) two ends-water-decking charge structure; 2) top-water-decking charge structure; and 3) lower-water-decking charge structure. According to the charge structure distribution shown in Figure 9, the blast-hole stemming length is 50 cm, the charge length is 50 cm, and the water column length is 50 cm.
[image: Figure 9]FIGURE 9 | Schematic diagram of different charge structures for hydraulic blasting (unit: cm). (A) Two ends-water-decking charge structure. (B) Top-water-decking charge structure. (C) Lower-water-decking charge structure.
Figure 10 displays the vibration velocity curve extracted from the same node as the previous section for comparative analysis. As illustrated in Figure 10:
1) The resultant vibration velocity caused by the lower-water-decking charge structure is 1.75 cm/s, followed by the two ends-water-decking charge structure at 1.36 cm/s and the top-water-decking charge structure at 1.30 cm/s. The vibration velocities are lowered by 2.8, 24.5, and 27.8%, respectively, when the conditions of the lower-water-decking charge structure, the two ends-water-decking charge structure, or the top-water-decking charge structure are adopted. The existence of water extends the range of detonation energy, disperses the energy, modifies the work effect of energy, and slows the vibration velocity of adjacent structures.
2) The vibration velocity curve of the lower-water-decking charge structure is relatively oscillating, and the shock wave lasts a long time. In comparison to the other two structures, the buffer effect of the water column at the bottom of the model increases the time of shock wave action, the acceleration of vibration, and the velocity of vibration.
[image: Figure 10]FIGURE 10 | The resultant vibration velocity response of Line 3 under different charge structure conditions. (A) Two ends-water-decking charge structure. (B) Top-water-decking charge structure. (C) Lower-water-decking charge structure.
In summary, to reduce the vibration response of adjacent structures, the two ends-water-decking charge structure or the top-water-decking charge structure should be selected. Liu and Gao (Liu and Gao, 2020) discovered that the water interval charge at both ends is superior to the other three charge structures in terms of unit explosive consumption, blast-hole utilization rate, and rock fragmentation with the same blasting volume. Additionally, in the two ends-water-decking charge structure, the water medium at the bottom of the hole protects the surrounding rock at the bottom, mitigates the disturbance to the surrounding rock at the bottom of the hole, and ensures construction safety. Therefore, the advantages of the two ends-water-decking charge structure become more apparent during the tunnel construction process.
3.2 Optimization Analysis of Axial Decoupling Charge Coefficient Blasting
According to the analysis in Section 3.1, this analysis adopts two ends-water-decking charge structures and realizes different axial decoupling coefficients by varying the length of the water column at both ends of the borehole. The axial decoupling coefficient model is depicted in Figure 11. The blast-hole stemming is 50 cm long, the explosive is 50 cm long, and the water columns at both ends of the blast-hole are 15, 20, 25, 30, 35, 40, and 50 cm long. The corresponding axial decoupling coefficients are 1.6, 1.8, 2.0, 2.2, 2.4, 2.6, and 3.0. The structure of the axial decoupling coefficient 2.0 is plotted in Figure 9A.
[image: Figure 11]FIGURE 11 | Model diagram of different axial decoupling coefficients (unit: cm). (A) k = 1.6, (B) k = 1.8, (C) k = 2.2, (D) k = 2.4, (E) k = 2.6, (F) k = 3.
Figure 12 displays the maximum resultant vibration velocity for varying axial decoupling coefficients. As illustrated in Figure 12, when the axial decoupling coefficient is less than 2.6, the peak vibration velocity decreases as the decoupling coefficient increases. When the decoupling coefficient is higher than 2.6, the peak vibration velocity increases. When the decoupling coefficient is 2.6, the peak vibration velocity is reduced to 1.27 cm/s, and the vibration velocity response of the adjacent structure decreases by 29.5%. This paper considers a charge structure with an axial charge decoupling coefficient of 2.6 for the following optimization analysis of controlled blasting parameters.
[image: Figure 12]FIGURE 12 | The peak resultant vibration velocity response of Line 3 under different axial decoupling coefficients.
4 OPTIMIZATION ANALYSIS OF CONTROLLED BLASTING PARAMETERS
Based on the analysis in Section 3, the controlled blasting parameter optimization analysis charge structure model in this section selects the two ends-water-decking charge structure with a decoupling coefficient of 2.6.
4.1 Single Detonation Charge
The vibration velocity response of the Line 3 People’s Hall Station is calculated using single detonation charges of 3, 2.7, and 2.4 kg. The charges for a single cut hole in the model are 0.5, 0.45, and 0.4 kg.
Figure 13 depicts the peak resultant vibration velocity of the Line 3 People’s Hall Station (node 226,744) under the single detonation charge condition. As depicted in Figure 13:
1) The peak resultant vibration velocities are −1.36, −1.10, and −0.90 cm/s of the Line 3 People’s Hall Station on Line 3, respectively, when the single detonation charges are 3, 2.7, and 2.4 kg. According to the 1.2 cm/s vibration velocity control requirements at the Line 3 People’s Hall Station, the single detonation charge of the cut hole should be less than 2.7 kg with a water-decoupled optimization structure charge.
2) When the explosive charge is decreased from 3 to 2.4 kg, the vibration velocities of the water-decoupled optimized charge structure are significantly reduced by 19.1 and 33.8%, respectively. This suggests that controlling the single detonation charge is an effective measure to reduce the vibration velocity response of adjacent structures.
[image: Figure 13]FIGURE 13 | The peak resultant vibration velocity response of Line 3 under different explosive dosages.
4.2 Initiation Interval
The small initiation interval will lead to the superposition of explosion shock waves in the transmission process, increasing the peak vibration velocity and causing the vibration velocity of adjacent structures to exceed the allowable value. Consequently, three conditions of initiation intervals of 3, 5, and 10 ms are set in turn to analyze the influence of the initiation interval on the vibration response of existing structures.
The charge amount is 1 kg for a single hole, and the charge amount is 3 kg for a single detonation in this calculation. Detonate the holes further away from the Line 3 People’s Hall Station first and then detonate the holes closer to Line 3. Figure 5 illustrates the hole location; the distance between the two holes is 1.0 m.
The peak resultant vibration velocity of the Line 3 People’s Hall Station (node 226,744) is presented in Figure 14 for varying initiation intervals. As presented in Figure 14:
1) When the initiation interval is 3 ms, the vibration response generated by the second initiation will be superimposed with the first generation. At 5 ms, the vibration response will not be superimposed. From the safety perspective, the initiation interval in the project should be greater than 5 ms to avoid the superimposition of the peak vibration velocity.
2) Under different initiation intervals, the peak vibration velocities generated by the first initiation are 1.41 cm/s greater than the 1.36 cm/s when no interval initiation is used. The peak vibration velocity increases as a result of the initiation being divided into two 3 kg blasts, which causes the initiation to be concentrated so that the peak vibration velocity increases after the initiation.
3) Under different initiation intervals, the peak vibration velocities generated by the first initiation are 1.41 cm/s, and the peak vibration velocities generated by the second initiation are 1.43, 1.42, and 1.44 cm/s, which are greater than those of the first initiation. This is due to the horizontal distance of the second initiation point being 1.0 m closer than that of the first detonation point, so the peak vibration velocity increases, indicating that the detonation distance has a significant influence on the vibration response of adjacent structures, which is consistent with the study by Sharafat et al. (Sharafat et al., 2019).
[image: Figure 14]FIGURE 14 | The peak resultant vibration velocity response of Line 3 under different initiation intervals. (A) 3 ms, (B) 5 ms, (C) 10 ms.
4.3 Damping Hole
The damping hole can increase the heterogeneity of rock and soil, alter the wave impedance, and affect the propagation characteristics of blasting seismic waves. Due to the difference in wave impedance characteristics, the blasting vibration wave will be reflected and transmitted when it reaches the damping hole in the tunnel excavation section. The tensile wave will return to the blast zone, a portion of the compression wave will be transmitted, and the transmitted wave intensity will be weakened, reducing the vibration behind the isolation band (Erarslan et al., 2008; Song Z et al., 2019). Therefore, the damping holes are set at the palm surface to analyze its effect on reducing the vibration of existing structures. The damping hole is distributed around the cut hole. The hole depth is 180 cm, and the apertures are 32, 100, and 200 mm. The placement of the holes is depicted in Figure 15. In the model, the charge for a single cut hole was 0.5 kg, and the charge for a single detonation was 3 kg.
[image: Figure 15]FIGURE 15 | Damping hole layout at the tunnel face (unit: mm).
The peak resultant vibration velocity of the Line 3 People’s Hall Station (node 226,744) is shown in Figure 16 for varying damping hole diameters. As shown in Figure 16, when the diameters of the damping holes are 32, 100, and 200 mm, the peak vibration velocities of the Line 3 People’s Hall Station are 1.28, 1.10, and 1.02 cm/s, respectively, and the peak resultant vibration velocities are lowered by 5.9, 19.1, and 25%, respectively. The damping holes can indeed reduce the vibration response after blasting. Erarslan and Uysal (Erarslan et al., 2008) also found that when the damping hole is placed between the explosion source and the protection, the damping rate is 14.3–18.5%.
[image: Figure 16]FIGURE 16 | The peak resultant vibration velocity response of Line 3 under the different diameters of damping hole.
5 OPTIMAL DAMPING EFFECT AND VERIFICATION OF CONTROLLED BLASTING FOR A WATER-SEALED CHARGE STRUCTURE
Construction blasting construction in the field was performed with the optimized water-decoupled charge structure. Each cut hole carried a charge of 0.5 kg, while the other hole carried a charge of 0.2 kg. The cut holes in the two pilot tunnels and the middle chamber each had a single detonation charge of 3 kg. The surrounding holes on the upper steps of the two pilot tunnels had a maximum single detonation charge of 3.8 kg. To dampen the cut holes, a few 100 mm damping holes were used. Thunder jumps were employed at 20 ms intervals. The vibration response of the Line 3 People’s Hall Station was monitored in the actual construction process using a TC-6850 vibrometer (Figure 17) and an M600 automatic acquisition terminal (Figure 18). The TC-6850 vibrometer has a range of 25.000 cm/s and a sensing sensitivity (velocity) of 0.01 cm/s. The M600 automated acquisition terminal is capable of having multiple buses to connect a variety of measurement instruments, including inclinometers, axial force gauges, pressure boxes, strain gauges, and vibrometers. Each monitoring project instrument is connected to the M600 automated acquisition terminal for data processing and sending. Figure 19B depicts data from blast vibration monitoring, while Figure 19A depicts data from numerical simulation. The analysis suggests the following:
1) The simulations show that the proposed construction blasting plan can meet the blasting vibration control requirements of the adjacent structures. During the blasting of the cut hole, the vibration velocity in the X direction of the Line 3 People’s Hall Station is the largest, with a peak value of −0.94 cm/s, while the peak vibration velocities in the Y and Z directions are -0.24 cm/s and 0.74 cm/s, respectively, which are lower than the control value of 1.2 cm/s and meet the requirements of construction blasting.
2) The peak vibration velocities monitored at the Line 3 People’s Hall Station were −0.91 cm/s in the X direction, −0.23 cm/s in the Y direction, and 0.72 cm/s in the Z direction. The peak vibration velocities of the three channels were within the tolerance value of 1.2 cm/s, which does not exceed the control tolerance requirement.
(3) The calculated and monitored values indicate that the Line 3 People’s Hall Station has the largest peak vibration velocity in the X direction, with a 3.1% deviation between the calculated and monitored values. The peak deviations of the calculated and monitored values in the y-direction and z-direction are 4.2 and 2.7%, respectively. The calculation model is reliable.
[image: Figure 17]FIGURE 17 | The TC-6850 vibrometer.
[image: Figure 18]FIGURE 18 | The M600 automated acquisition terminal.
[image: Figure 19]FIGURE 19 | The vibration velocity response of the People’s Hall Station on Line 3 induced by blasting construction of Line 4. (A) Numerical simulation resul. (B) Monitoring data.
6 CONCLUSION
Taking the Line 4 People’s Hall Station of Qingdao Metro as the engineering background, this paper employs a three-dimensional dynamic numerical simulation approach to study the vibration damping effect of water-sealed blasting, single detonation charge, initiation interval, and setting of vibration-damping holes. The site blasting plan is optimized to enable the vibration velocity control to meet the requirement of 1.2 cm/s. Finally, the reliability of the model is verified by the in-site monitored data. The following conclusions can be drawn:
1) Water-sealed construction blasting can significantly decrease the vibration response of adjacent structures. The resultant vibration velocity caused by the lower-water-decking charge structure is 1.75 cm/s, followed by the two ends-water-decking charge structure at 1.36 cm/s and the top-water-decking charge structure at 1.30 cm/s. The vibration velocities are lowered by 2.8, 24.5, and 27.8%, respectively. As the axial decoupling coefficient increases, the peak resultant vibration velocity increases first and then decreases. The peak resultant vibration velocity reaches the minimum value of 1.27 cm/s, which is lowered by 29.5% when the decoupling coefficient is 2.6.
2) When the single detonation charges are 3, 2.7, and 2.4 kg, the peak vibration velocities are −1.36, −1.10, and −0.90 cm/s of the Line 3 People’s Hall Station, respectively, and the vibration velocities are lowered by 19.1 and 33.8%. When the diameters of the damping holes are 32 mm, 100 mm, and 200 mm, the vibration velocities of the Line 3 People’s Hall Station are 1.28, 1.10, and 1.02 cm/s, respectively, and the peak resultant vibration velocities are lowered by 5.9, 19.1, and 25%, respectively.
3) When the detonation charge is reduced to 2.7 kg or 100 mm damping holes are set up, the vibration velocities of Line 3 People’s Hall Station are 1.10 and 1.11 cm/s, respectively. Both velocities are less than the 1.2 cm/s resultant vibration velocity control tolerance requirements.
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Existing studies on surface deformation prediction consider single soil layers and straight-line excavation when investigating deformation caused by metro shield construction. In this study, we provide a new prediction method for studying the soil deformation caused by curved shield tunnel construction in the upper soft and lower hard soil. The deformation equations are derived using the Mindlin solution and random medium theory and are verified using engineering examples and numerical simulation. The influencing factors and laws of the surface deformation caused by the excavation are also identified. The study found that the horizontal settlement trough on the ground surface was distributed asymmetrically during the curve construction, with maximum settlement on the inner side of the curve. The offset and settlement values were affected by the thrust difference coefficients α and β and the turning radius. When constructing in the upper soft and lower hard soil layers, the settlement trough tends to become wider and shallower. The results show that the derived equation is suitable for actual engineering calculations, and the measured data are in good agreement.
Keywords: upper soft and lower hard soil layer, curved shield construction, Mindlin solution, random medium theory, surface deformation
INTRODUCTION
With the rapid development of urban rail transportation, shield construction has become the main method of subway tunnel construction because of its high efficiency and low impact on the surrounding environment. However, owing to the unpredictability of construction, accurate prediction of surface deformation is crucial for safe shield construction. Many scholars have studied the surface deformation prediction caused by metro shield construction using methods such as empirical methods (Peck, 1969; Fargnoli et al., 2013; Broere and Festa, 2017), theoretical analysis methods (Sagaseta, 1987; Yuan et al., 2018; Zhang M. et al., 2020), numerical simulation methods (Sugimoto et al., 2007; Gong et al., 2020), and model test methods (Xie et al., 2012; Zhang et al., 2018; Lei et al., 2021).
However, the abovementioned methods are mainly used to study the surface deformation caused by a linear shield construction under the condition of single-layer or multi-layer soil with similar mechanical indexes transformed into a single uniform soil layer using the weighted average method, and shield construction is often limited by complex soil layer conditions and tunnel route planning. When the shield machine is in a soil layer that has large differences in mechanical indexes, the influence of curve construction on surface deformation is very different from that of straight-line shield construction under the condition of a single soil layer (Katebi et al., 2015). Zhang et al. (2011) studied the ground surface changes caused by tunneling in multi-layer soil, considered the influence of soil stratification, and predicted the ground surface deformation using the displacement control boundary integral method. Li et al. (2018) studied the stability of the working face during tunnel shield excavation in multi-layer soil and developed a calculation method for the ultimate support pressure of the excavation face in multi-layer soil. Likitlersuang et al. (2014) and Likitlersuang et al. (2019) studied the surface subsidence caused by soil loss during tunnel excavation in multi-layered soil and determined the range of tunnel shrinkage rates under different conditions. Based on the elastic equivalence theory, Cao et al. (2020) converted the excavation and convergent boundaries of a shield tunnel from a multi-layer soil system to a single-layer soil system, and the calculation accuracy was significantly improved. Li et al. (2021) studied the variation law of the additional stress caused by a shield curve construction load and deduced the analytical equation for the additional stress of a curve shield. Wu et al. (2021) used the nonlinear three-dimensional finite element method to study the characteristics and laws of the surface deformation caused by a double-track shield along the curve. Zhang Z. et al. (2020) studied the influence of the yaw excavation load on the surface displacement and segment stress of a curved shield tunnel using a finite element model. Li et al. (2021) deduced the analytical solution of additional stress caused by construction load of a curved shield tunnel based on three-dimensional imaging theory. Wu et al. (2021) investigated the ground deformation characteristics induced by mechanized shield twin tunneling along curved alignments by adopting the nonlinear three-dimensional finite element method. Deng et al. (2022) derived the prediction equation for surface settlement in curved shield construction and studied the influence of the unbalanced force difference coefficient and curve radius on the surface deformation. Zhang W. et al. (2021) and Zhang W. et al. (2022) predicted the surface deformation caused by tunnel excavation in multi-layer soil using machine learning and a neural network. However, the abovementioned studies only considered the impact of multi-layer soil or shield curve construction on tunnel construction and surface deformation; however, these two factors were not considered comprehensively, and less consideration was given to upper soft and lower hard soil conditions with large differences in mechanical parameters. In this article, the equation of the surface deformation caused by the curved construction of the shield machine in the upper soft and lower hard soil layers is derived, the influencing factors and laws of the surface deformation are studied, and the effectiveness of this method is verified using an engineering example.
CALCULATION MODEL AND ASSUMPTIONS
Mechanical Model of Shield Tunneling
The disturbance forces in the surrounding soil during the curved shield construction can be divided into three types: the uneven thrust force q at the excavation surface of the shield, the friction force f between the shield shell and surrounding soil, and the grouting pressure p at the end of the shield. Based on the characteristics of the three forces, a shield excavation mechanics model is established, where the excavation direction of the shield machine is in the positive direction of the x-axis, and the excavation surface is located in the yoz plane at x = 0.
For convenience, subsequent calculations satisfy the following assumptions:
1) The soil has two layers with different elastic parameters, where the thickness of the upper layer is H1, and the lower layer is an elastic semi-infinite space. Both the upper and lower layers are undrained.
2) When the curve shield is constructed, an uneven thrust q acts on the excavation surface; the thrust q1 on the inside of the curve is smaller than the thrust q2 on the outside. If the centerline of the shield cutter is used as the boundary, then q2 = αq1, α is greater than 1 and is the coefficient of difference between the thrusts on both sides.
3) When tunneling in the curved section with the midline of the shield blade as the boundary, the larger extrusion of the inner shell of the surrounding soil results in the friction force f1 on the inner side of the curve becoming larger than the friction force f2 on the outer side., i.e., f2 = βf1, β is smaller than 1 and is the friction force difference coefficient on both sides.
4) The influence range of the grouting pressure at the end of the shield is mainly the width of the tube sheet in the back ring of the shield tail and is uniformly distributed radially along the circumference of the tube sheet.
Soil Layer Conversion
Because the Mindlin solution is used in an isotropic linear elastic semi-infinite space, when dealing with complex soil conditions, the weighted average method can be used to simplify different soil layers with approximate mechanical parameters into a single uniform soil layer, Subsequently, for calculations, the layer method is used to convert the upper soft and lower hard soil layers with a large difference in mechanical parameters into a uniform soil layer with unified parameters (Zhou et al., 2020). The soil transformation model is shown in Figure 1, the upper soil layer thickness is H1, and the elastic modulus, Poisson’s ratio, and internal friction angle are E1, μ1, and φ1, respectively. The modulus of elasticity, Poisson’s ratio, and angle of internal friction of the soil layer below are E2, μ2, and φ2, respectively. The buried depth of the shield axis is H, and the shield radius is R. After transformation, the mechanical parameters of the upper soil layer with thickness H1′ become E2, μ2, and φ2. The buried depth of the shield axis is H’.
[image: Figure 1]FIGURE 1 | Stratigraphic transformation model.
The height of the upper layer of soil after conversion is
[image: image]
When the mechanical parameters of the upper and lower soil layers differ greatly, a = 0.33, and when the mechanical parameters of the upper and lower soil layers have a small difference, a = 0.5. Assuming that the coordinates of any point in the current soil layer are (x, y, z), a new coordinate system (x′, y′, z′) after transformation of the upper soft and lower hard soil layers is established, where
[image: image]
SURFACE DEFORMATION CAUSED BY SHIELD CONSTRUCTION
Uneven Thrust
Mindlin (1936) derived a point (0, 0, c) in a semi-infinite elastic space (x′, y′, z′) under the action of the vertical concentrated force Pv and horizontal concentrated force Ph. The vertical displacements wv and wh are obtained using Eqs 3, 4, respectively.
[image: image]
[image: image]
where G is the soil shear modulus (kPa) and μ is Poisson’s ratio.
[image: image]
The soil deformation calculation model obtained by the additional thrust on the excavation surface when the shield machine is driving in the curved section of the upper soft and lower hard soil layer is shown in Figure 2. The additional thrust q is assumed to be unevenly distributed at the cut, and the inner and outer thrusts of the curve are q1 and q2, respectively; this is shown by the division of the tunneling soil layer into upper and lower layers.In the area dA = rdrdθ of any micro-element in the excavation surface, r is the distance from the micro-element to the center of the excavation surface, and θ is the angle between the micro-element and the center horizontal plane of the excavation surface.
[image: Figure 2]FIGURE 2 | Calculation model of uneven thrust on excavation face.
Based on the coordinate transformation, the general analytical Mindlin equation at any point in the space coordinates can be derived. We assume that the space coordinate xyz is parallel to the corresponding coordinate axes of the local coordinate x′y′z′. The distances from the coordinate origin of the offset space coordinate system xyz are l, m, and n, respectively, and the following relationship holds:
[image: image]
Substituting Eq. 6 into Eqs 3–5, the vertical displacement at any point (x, y, z) in the space coordinates of the actual soil mass can be obtained. Substituting l = 0, m = rcosθ, and n = 0 into Eq. 4, and calculating for the uneven thrust on both sides of the shield curve tunneling construction, we obtain
[image: image]
where α is the thrust difference coefficient and
[image: image]
The soil conditions that the shield machine may encounter during the actual construction process, as shown in Figure 3, can be divided into the following four situations: 1) the shield machine in the hard soil layer, 2) most of the shield machine in the hard soil layer, 3) most of the shield machines in the soft soil layer, and 4) shield machines in the soft soil layer. The cross-sectional area of the weak soil layer, marked by the red dashed line, is determined by the ellipse and soil layer boundaries, and the integration area of the hard soil layer, marked by the black solid line, is determined by the original circle and soil layer boundaries.
[image: Figure 3]FIGURE 3 | Shield machine location in different soil conditions.
In addition, owing to the different positions of the soil layer in the tunnel section, the calculation parameter c in Eq. 7 can be expressed as a geometric relationship as follows:
[image: image]
1) When the shield tunnels are in the lower soil layer, substituting Eqs. 6, 8, and 9 into Eq. 7, the vertical displacement of the soil layer caused by the unbalanced force at the excavation surface can be obtained as
[image: image]
2) When most sections of the shield tunnel are in the lower soil, the integral boundary cannot be expressed uniformly and is divided into three areas: the upper ellipse, lower part of the circle, and lower triangle, as shown in Figure 4.
[image: Figure 4]FIGURE 4 | Shield shell friction calculation model.
1) Upper ellipse area integral, wqt:
The upper and lower limits of θ are
[image: image]
The upper and lower limits of r′ are
[image: image]
Substituting Eqs. 6, 8, 9, 11, and 12 into Eq. 7, we derive
[image: image]
2) Area integral wqy of the lower part of the circle:
The upper and lower limits of θ are
[image: image]
Substituting Eqs. 7, 9, 10, and 14 into Eq. 7, we obtain
[image: image]
3) Area integral wqs of the lower triangle:
The upper and lower limits of θ are
[image: image]
The upper and lower limits of r′ are
[image: image]
Substituting Eqs. 6, 8, 9, 16, and 17 into Eq. 7, we derive
[image: image]
The total vertical displacement is
[image: image]
3) Most sections of the shield tunnel were in the upper soil.
1) Upper ellipse area integral, wqt:
The upper and lower limits of θ are
[image: image]
The upper and lower limits of r′ are
[image: image]
Substituting Eqs. 6, 8, 9, 20, and 21 into Eq. 7, we derive
[image: image]
2) Area integral wqy of the lower part of the circle:
The upper and lower limits of θ are
[image: image]
The upper and lower limits of r′ are
[image: image]
Substituting Eqs. 6, 8, 9, 23, and 24 into Eq. 7, we derive
[image: image]
3) Integral wqs of the lower part of the triangular area:
The upper and lower limits of the θ are
[image: image]
The upper and lower limits of r′ are
[image: image]
Substituting Eqs. 6, 8, 9, 26, and 27 into Eq. 7, we derive
[image: image]
4) When the shield tunnels are in the upper soil, the upper and lower integral limits of r are
[image: image]
Substituting Eqs. 6, 8, 9, and 29 into Eq. 7, we derive
[image: image]
Uneven Friction of Shield Shell
The calculation model of the ground uplift caused by the friction f between the shield shell and surrounding soil is shown in Figure 4. The calculation model can be regarded as the horizontal load acting along the cylinder axis on the side surface of the cylinder. The friction force f is assumed to be unevenly distributed along the central axis. For f1 and f2, the tunneling soil layer is divided into upper and lower layers. The inner and outer thrusts of the curve are q1 and q2, respectively. Suppose the length of the shield from the excavation cutter head to the tail of the shield is L. Then, the area of any infinite element on the surface of the shell is given by dA = Rdθdl, where l is the axial distance from the infinite element to the excavation surface, and the concentrated force received is dPh = fR′dθdl. We substitute l = −l, m = R′cosθ, and n = 0 in Eq. 6 to transform the coordinate system as follows.
Because of the unequal frictional resistance of the inner and outer shells of the curved shield tunnel and the integral between the partitions, the vertical displacement of the soil layer caused by the frictional distribution force of the infinitesimal element can be obtained from Eq. 4 as follows:
[image: image]
where β is the thrust difference coefficient and
[image: image]
Because there is no need to integrate in the triangular area, the second and third cases shown in Figure 3 can be regarded as the same. Therefore, the integration cases were as follows: 1) the full section of the tunnel is located in the lower soil; 2) the tunnel section spans the upper and lower layers; and 3) the full section of the tunnel is located in the upper soil. Because of the different positions of the soil layer in the section, the calculation parameters R and c in Eq. 31 are different. According to the geometric relationship, it can be expressed as follows:
[image: image]
1) When the full section of the tunnel is in the lower layer of soil, substituting Eqs. 6, 32, and 33 into Eq. 31, the vertical displacement of the soil layer caused by friction can be obtained as follows:
[image: image]
2) When the tunnel section crosses the upper and lower layers of soil, substituting Eqs 6, 32, 33 into Eq. 31, the integral boundary cannot be expressed uniformly; therefore, it is divided into an upper ellipse and a lower partial circle, and the two areas are calculated separately.
1) Upper ellipse area integral wft:
The upper and lower integral limits of θ are
[image: image]
Substituting Eqs. 6, 32, 33, and 35 into Eq. 31, we derive
[image: image]
2) Area integral of the lower part of the circle wfy:
The upper and lower integral limits of θ are
[image: image]
Substituting Eqs. 6, 32, 33, and 37 into Eq. 31, we derive
[image: image]
The total vertical displacement is
[image: image]
3) When the full section of the tunnel is in the upper soil, substituting Eqs. 6, 32, and 33 into Eq. 31, we derive
[image: image]
Shield Tail Grouting Pressure
As shown in Figure 5, the length of the shield from the shield tail to the grouting end is s, and the grouting pressure at the shield tail is p. The grouting pressure decreases along the grouting length, reaching 0 at point S, far from the shield tail. For any infinite element dA = Rdθds, the concentrated force dp can be decomposed into the horizontal and vertical components dph and dpv, respectively. This paper only considers the ground displacement caused by the vertical component of the force, dph = p(1 − s/S)·Rdθds. In this section, we do not consider the influence of curved shield tunneling on the grouting pressure. Therefore, we set l = −L−s, m = Rcosθ, and n = 0, and substitute these in Eq. 6 to transform the coordinate system as follows:
[image: Figure 5]FIGURE 5 | Shield tail grouting pressure calculation model.
From Eq. 2, the vertical displacement of the soil layer caused by the vertical component of the additional pressure of the synchronous grouting of the micro-element shield tail is obtained as
[image: image]
where S is the length of the grouting section of the shield tail (m). Generally, the width of a ring segment is 1.2 m.
[image: image]
Considering similar cases as in Section 3.2, we derive the following:
1) When the full section of the tunnel is in the lower soil, substituting Eqs. 6, 32, and 42 into Eq. 41, the vertical displacement of the soil layer caused by the shield tail grouting pressure can be obtained as
[image: image]
2) When the tunnel section crosses the upper and lower layers of soil, and substitutes Eqs. 6,32, and 42 into Eq. 41, the integral boundary cannot be expressed uniformly; therefore, it is divided into an upper ellipse and a lower partial circle, and the two areas are calculated separately.
1) Upper ellipse area integral wpt:
The upper and lower integral limits of θ are
[image: image]
Substituting Eqs. 6, 32, 42, and 44 into Eq. 41, we derive
[image: image]
2) Area integral of the lower part of the circle wpy:
The upper and lower integral limits of θ are
[image: image]
Substituting Eqs. 6, 32, 42, and 46 into Eq. 41, we derive
[image: image]
The total vertical displacement is
[image: image]
3) When the full section of the tunnel is in the upper soil, substituting Eqs. 6, 32, and 42 into Eq. 41, we derive
[image: image]
Soil Loss
During shield tunneling, over-excavation of the cutter head creates a gap between the shield shell and the surrounding soil, resulting in the loss, loosening, and deformation of the soil layer (Zou and Zuo, 2017). When calculating the surface deformation caused by the loss of the soil layer, as the curved shield will over-excavate the inner soil, the influence of the over-excavated part on the excavation boundary needs to be considered. When the upper soft and lower hard soil layers are equivalent to a single soil layer, the excavation and convergence boundary will change after convergence, that is, from a circle to a combination of an ellipse at the top and a circle at the bottom (Cao et al., 2020), as shown in Figure 6. The length of the semi-horizontal axis of the ellipse is the same as the radius of the original circle, the length of the semi-longitudinal axis is [image: image] times the radius of the original circle, and the center of the ellipse is below the center of the circle.
[image: Figure 6]FIGURE 6 | Transformation model between excavation boundary and convergence boundary of curved shield.
For curved shields, owing to the large over-excavation on the inner side of the curved shield tunneling route, the equivalent soil loss parameter g on the inner side is larger than that on the outer side. The extra over-excavation amount on the inner side of the line is set as [image: image], and the soil loss of the curved shield can be obtained as
[image: image]
According to Sun et al. (2019), the over-excavation amount on the inner side of the line in the curve shield construction is
[image: image]
where Rc is the curve radius of the curved shield tunnel and L is the length of the single-section shield shell. If the shield machine is equipped with a hinge device, L is half the length of the single-section shield shell.
The changes in the excavation boundary and convergence boundary are calculated using the random medium theory method. The influence of tunnel excavation on the ground surface can be regarded as the sum of the influences of an infinite number of unit excavation [image: image] below the ground. In infinitely small micro-element excavations, when the excavation unit completely collapses, the soil settlement at the coordinate [image: image] can be calculated using Eq. (52).
[image: image]
where [image: image] is the main influence angle of the overburden of the tunnel and is calculated as follows (Wei et al., 2006):
[image: image]
where k is the width parameter of the ground settlement trough. According to Han and Li (2007), [image: image] and [image: image] is the internal friction angle of the soil.
According to Cao et al. (2019), the value of β in Eq. 53 varies with the location of the tunnel and can be divided into the following two cases:
1) When the tunnel axis is located in the upper soil, i.e., when H ≤ H1, there is
[image: image]
2) When the tunnel is located in the lower soil, i.e., when H > H1, there is
[image: image]
Equation 52 can only calculate the final stable settlement under the plane strain state and cannot calculate the three-dimensional settlement caused by soil loss. Cao et al. (2020) extended Eq. 52 to a three-dimensional state to determine the change in soil loss along the tunnel excavation direction as follows:
[image: image]
Then, the vertical displacement of the soil layer can be obtained by the integral method, as follows:
[image: image]
According to Figure 6, when the excavation surface is located in the upper soft and lower hard soil layers, Eq. 57 can be transformed into the following equation:
[image: image]
where [image: image], [image: image], [image: image], [image: image] (i = 1,2) are the upper and lower integral limits of the boundary of the excavation in the ith layer of soil, and [image: image], [image: image], [image: image], [image: image] (i = 1,2) are the upper and lower integral limits of the convergent boundary in the ith layer of soil, respectively. To obtain the upper and lower limits of the above integral boundary, it is necessary to obtain the similarity ratio [image: image] between the excavation and the convergence boundary after elastic transformation. According to the geometric relationship between the two figures, [image: image] is determined as follows:
[image: image]
According to the ellipse equation, the upper and lower limits of the integral can be expressed by
[image: image]
ENGINEERING CASE ANALYSIS
Relying on the example of the shield tunnel project of the intercity Pazhou branch line in the Pearl River Delta, the revised theoretical formula was used to analyze the construction influences of the shield machine in the upper soft and lower hard soil layers. Accordingly, the surface deformation caused by the shield tunnel excavation was solved, and the settlement value calculated using the revised formula was compared with the field measured value. The numerical simulation and theoretical formula values were compared to verify the validity and reliability of the calculation method deduced in this study.
Project Overview and Parameter Values
The total length of the shield tunnel was 3,257.36 m. The excavation diameter of the shield is 9.14 m, the length is 7.1 m, the outer diameter of the segment is 8.8 m, the inner diameter is 8.0 m, the ring width is 1.8 m, and the thickness is 0.4 m. The cover of the shield tunnel is 2.98–34.45 m. The maximum slope of the interval tunnel is 3%, and the minimum curve radius is 800 m. The crossing soil layers are mainly mixed soil layers of silty clay and fully weathered granite and are a mix of fully weathered, strongly weathered, and moderately weathered granite soil layers. The average pressure of the shield soil bin is maintained at 240–300 kPa, which is slightly higher than the static soil pressure at the center of the tunnel. Because the soil layer before the excavation slightly swells, a shield is used to compensate for the soil loss caused by the shield tail falling out. According to existing research (Sun et al., 2019; Deng et al., 2022) and engineering experience, the additional thrust on the inner side of the excavation surface is 60 kPa, the difference coefficient [image: image], friction force = 50 kPa, the difference coefficient [image: image], and shield tail grouting pressure = 200 kPa. The grouting position is at the shield tail and has a length of one segment. In this study, mileages ydk16 + 403 (Section 1) and ydk16 + 458 (Section 2) in the construction section are selected for analysis. The measured and calculated values are compared, analyzed, and then verified using the numerical model, as shown in Figure 7.
[image: Figure 7]FIGURE 7 | Geological sections.
Numerical Model
To verify the accuracy of the calculation results of the prediction equation (Likitlersuang et al., 2019; Petchkaew et al., 2022), the construction process of the shield machine curve tunneling in the upper soft and lower hard strata is simulated using the Midas GTS finite element software. The dimensions of the model are taken as 60, 100, and 40 m along the X, Y, and Z directions, respectively. The boundary conditions of the model are set to default. The bottom surface is fully constrained, the top surface is free, and normal constraints are applied on four sides. The numerical calculation model is shown in Figure 8.
[image: Figure 8]FIGURE 8 | Finite element model.
The constitutive model of the rock and soil mass adopts the Mohr column model. The main structure adopted the elastic model, and the physical and mechanical parameters of the rock, soil mass, and main structural materials are listed in Table 1 γ, E, μ, φ, e, and c are the characteristic values of gravity, elastic modulus, Poisson’s ratio, internal friction angle, porosity, and cohesion, respectively.
TABLE 1 | Mechanical parameters of soil and materials.
[image: Table 1]Analysis of Results
The surface deformations of Sections 1, 2 are calculated using the revised theoretical formula. The calculated results are compared with the measured, numerical simulation, and (original) theoretical formula values, as shown in Figures 9–12. The soil layer conditions and tunnel burial depth of Sections 1, 2 are shown in Figure 7, and the equivalent soil loss parameters are equal to 9.5 and 9.7 mm, respectively.
[image: Figure 9]FIGURE 9 | Longitudinal surface deformation of Section 1.
[image: Figure 10]FIGURE 10 | Lateral surface deformation of Section 1.
[image: Figure 11]FIGURE 11 | Longitudinal surface deformation of Section 2.
[image: Figure 12]FIGURE 12 | Lateral surface deformation of Section 2.
Figures 9, 11 shows that the longitudinal deformations of the surfaces of Sections 1, 2 are consistent. The longitudinal deformation of the surface caused by the additional thrust during shield construction is antisymmetrically distributed at the excavation face, and the maximum uplift value appears in front of the excavation face. At distances in the range of 5–10 m, the surface deformation caused by the frictional force of the shield shell reaches its maximum value along the rear of the excavation face at 0.5 L, it is uplifted in front of it, and subsidence is formed behind it. The grouting pressure of the shield tail caused the surface uplift. Moreover, the maximum uplift value appeared at 1 L behind the excavation face, that is, at the position at which the segment came out of the shield shell. The total surface deformation exhibited a rapid subsidence stage (5 m in front of the cutterhead to 25 m behind the cutterhead), and the uplift was larger within the range of 5–15 m in front of the cutterhead. At distances >25 m, the deformation was stable behind the cutterhead.
For analysis the lateral deformation of the surface of Section 1 at which the excavation surface is located (x = −14.2 m) and the lateral deformation of Section 2 at which the excavation surface is located (x = −5.1 m) were selected for analysis (Figures 10, 12). The lateral deformation laws of the surfaces of the two sections were the same. Due to the difference in friction between the two sides of the shield shell, the uneven additional thrust on the excavation surface, and the over-excavation inside the shield turning line, the soil loss inside the turning was large and led to the formation of the surface settlement tank. The lateral deformation of the total surface presents a specific asymmetry. However, owing to the high proportion of weak soil in Section 2, the peak value of the surface deformation curve was large.
Figures 9–12 show that the lateral and longitudinal deformations of Sections 1, 2 calculated by the modified theoretical formula are in good agreement with the measured deformation values, and the variation trend of the surface soil before and after excavation is consistent. In addition, the deformation curve of the simulation results obeys the same law as that obeyed by the measured results. This curve can also represent more accurately the process responsible for the changes in the surface deformation (which increases slowly and then falls rapidly) in front of the excavation. However, compared with the revised theoretical formula and the measured results, the numerical simulation showed that the surface settlement value behind the excavation face was larger, and the increase of the soil mass in front of the excavation face was smaller. This is mainly attributed to the fact that the numerical simulations do not consider the friction between the shield shell and the soil during excavation, or the influence of the shield shell side on the surrounding soil during shield turning.
The deformation curve of the original theoretical formula has values that are smaller than the measured results, and the calculated lateral settlement curve is centrosymmetric and has values that are different from the measured result. This is because the original theoretical formula did not consider the influences of the upper soft soil and the lower hard soil layers on the construction parameters, or the offset, or the increase in the settlement tank caused by the over-excavation of the shield machine inside the curve during tunnel construction.
In summary, the calculation method in this study can more accurately represent the surface deformation caused by the curved construction of the shield machine in the upper soft and lower hard soil layers. In conclusion, all construction parameters are affected by the changes in different soil layers and the construction process. Collectively, these parameters can provide a theoretical basis for the curved shield construction in the upper soft and lower hard soil layers.
ANALYSIS OF INFLUENCING FACTORS
The following parameter values are used for calculating the influence of surface deformation on the soil layer: shield radius R = 4 m, shield buried depth H = 20 m, shield length L = 7 m, segment width = 1.2 m, soft soil elastic modulus E1 = 10 MPa, Poisson’s ratio μ1 = 0.35, hard soil elastic modulus E2 = 30 MPa, Poisson’s ratio μ2 = 0.25, additional thrust of the excavation surface = 50 kPa, friction force = 20 kPa, shield tail grouting pressure = 30 kPa, and soil loss rate Vloss = 0.4%; the width coefficient of the settlement tank k = 0.6, and construction gap g = 20 mm. For analysis, we choose a point at the tail of the shield on the surface axis and calculate the change rule of the uplift value at this point caused by each fixed construction parameter for different shield vault depth and excavation surface distance. A positive uplift indicates surface uplift, while a negative uplift indicates surface subsidence.
Influence of Different Turning Radii
When the shield is changed from straight excavation to curved excavation, as shown in Figure 2, the shield will apply an uneven additional thrust on the excavation surface. As the radius of the curve increases, the difference coefficient α increases accordingly. Differences in the friction between the inner and outer sides of the shield shell and the soil are observed during curve shield excavation. As the radius of the curve increases, the difference coefficient [image: image] decreases. During shield tunneling, over-excavation appears on the inner side of the curve, and the soil loss on the inner side is greater than that on the outer side of the curve. The uplift curve of the surface in soft soil at x = −50 m under different turning radius conditions is shown in Figure 13. As the turning radius decreases, the amount of over-excavation inside the shield increases, the soil loss increases, and the final deformation of the ground surface becomes larger. The offset value of the settlement trough decreases as the turning radius increases.
[image: Figure 13]FIGURE 13 | Influence of different turning radii on surface deformation.
Influence of Different Soil Conditions
For comparing the uplift characteristics of the ground surface when the shield is driven in a straight line under different soil conditions, we assume that the buried depth of the tunnel is 4D. Four soil conditions were considered according to the position of the shield: 1) the overlying soil is all hard soil [image: image]; 2) the overlying soil is partially soft and partially hard soil [image: image]; 3) all overlying soil is soft soil [image: image]; and 4) all sections are soft soil [image: image]. The uplift curve of the ground surface at [image: image] under different soil layer conditions is shown in Figure 14. When the proportion of the weak bottom layer in the excavation surface of the shield is higher, the deformation of the ground surface is greater, and the width of the settlement trough is smaller.
[image: Figure 14]FIGURE 14 | Influence of different soil layer conditions on surface deformation.
CONCLUSION
Based on the equivalent layered method, Mindlin’s basic solution, and random medium theory, we derive equations to predict the ground uplift caused by the curved construction of the shield machine in the upper soft and lower hard soil layers. The validity and reliability of the calculation method in this study were verified by analyzing various engineering applications and numerical simulation analysis. The influencing factors and laws of surface deformation during shield curve construction in the upper soft and lower hard soil layers are also being investigated. The main conclusions are as follows:
1) The soil layer model of the surface deformation caused by various construction parameters during the curved construction of the shield in the upper soft and lower hard soil layers is proposed. The uneven force on both sides of the curved shield, the characteristics of the curve over-excavation, and the upper soft and lower hard soil layers are considered. For the influence of surface deformation, compared with the traditional analytical method, the calculation equation of this study can reflect the comprehensive influence of various construction parameters by different soil layer changes and curve constructions during the construction process.
2) The study found that when the shield machine is used for curved construction in the upper soft soil and lower hard soil layers, the longitudinal surface deformation law is similar to that of the shield machine when the shield machine is constructed in a straight line in a uniform single soil layer, but the lateral surface deformation law is significantly different. The friction difference between the two sides of the shield shell, the uneven additional thrust of the excavation surface, and the over-excavation on the inner side of the shield turning line caused a large amount of soil loss on the inner side of the turn. This induced the surface settlement trough to shift a certain distance to the left of the centerline. This lateral deformation of the total ground surface thus presents a certain asymmetry.
3) The influence of curve excavation and upper soft and lower hard soil layers on the surface deformation is analyzed. When the shield machine is excavating in a curve with a decrease in the turning radius, the difference coefficient of the additional thrust increases, the difference coefficient of the shield shell friction decreases, the over-excavation inside the shield increases, the soil loss increases, the final deformation of the surface increases, and the offset distance of the settlement tank on the surface to the inside of the curve increases. When the shield is dug in the hard soil layer, it causes the settlement trough on the ground surface to be deeper and narrower, while the settlement trough becomes wider and shallower with increasing thickness of the soft soil layer.
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Grouting is an important and common method for fortifying water-bearing sand layers; however, this method is difficult to perform due to the poor groutability of these sand layers. This paper proposes superfine cement–bentonite-based emulsified asphalt composite grout (CACG) to infiltrate water-bearing sand layers. The grout uses superfine cement and bentonite as the base materials, while emulsified asphalt is added to achieve good pumpability, excellent fluidity, high stability and sufficient compressive strength. The effects of the composition and formulation on the performance of CACG is determined through a series of laboratory experiments, and the recommended optimal formulation of CACG is as follows: a water/superfine cement ratio of 1:1, a bentonite content of 6.5%, and an emulsified asphalt content of 20%. The effectiveness and economy of CACG is checked by a field test in which CACG is applied to the water-bearing sand layers of a river embankment. The results illustrate that CACG not only fulfills engineering requirements but is also cost effective.
Keywords: grouting, water-bearing sand layer, superfine cement, bentonite, emulsified asphalt
INTRODUCTION
Water-bearing sand layers are widely distributed in China and easily liquefy during earthquakes (Wang et al., 2017; Asheghabadi et al., 2019; Esfeh and Kaynia, 2020; Gao et al., 2021). As a result, a large number of surface structures unevenly subside or collapse, even resulting in serious disasters (Yu et al., 2015; Huang et al., 2009; Sharp and Adalier, 2006). Therefore, it is necessary to apply an effective reinforcement treatment to improve water-bearing sands that make them more resistant to liquefaction. For this reason, a series of methods to treat water-bearing sand layers have been developed by engineers over the past 10 years, and grouting is one of the methods that is most well-known and applied (Avxhiu and NenajPanaiotov et al., 1987;2002). Engineering practices indicate that there are many factors that influence the grouting quality; among these factors, the grouting material is very important.
Currently, a series of materials have been widely used in water-bearing sand layer grouting engineering, such as cement pastes, microcement pastes, and chemical solutions (Heins, 1950; Wu et al., 2018). However, these traditional grouting materials still have some deficiencies. For example, cement grout is hardly used in water-bearing sand layers because of their poor groutability. Compared with cement grout, microcement pastes possess advantages such as good groutability; however, this material is rarely used in a water-bearing sand layers as an effective reinforcement because of its poor stability, high bleeding and the easy shrinkage of hardened bodies (Wang and Sui, 2012). Although a series of chemical materials that can help mitigate these problems have been developed, they are extremely expensive and pollute the environment (Gao et al., 2018). Therefore, it is necessary to find a new material that demonstrates remarkable grouting performance while addressing the above problems; the material must not only have good working performance but also be ecofriendly and inexpensive.
The main objective of this work was to develop cement-asphalt composite grout (CACG) for water-bearing sand layers. In this work, CACG was prepared successfully via a simple strategy, and its excellent performance was demonstrated by a series of tests and an engineering application. Moreover, a possible formation mechanism is proposed.
MATERIALS AND METHODS
In this study, based on the evaluation of the consulting, design and construction units, and reference to similar projects, the grouting materials for water-bearing sand layers require a moderate gel time, good pumpability, a high viscosity, low bleeding and shrinkage rates, and sufficient compressive strength. The purpose of the experiments was to determine whether the performance of CACG met the requirements for grouting water-bearing sand layers.
Raw Materials
The cement used was a superfine cement (#42.5) that complied with Chinese standard GB 175–2007. Bentonite (sodium) was obtained from a mining processing plant that conforms to the Chinese standard of bentonite (GB/T 20,973–2007). Emulsified asphalt (cationic type) was supplied by Chemical Co., Ltd. Some properties of the materials are listed in Table 1.
TABLE 1 | Some properties of the raw materials.
[image: Table 1]Testing Program
A schematic of the CACG fabrication process is shown in Figure 1. Firstly, appropriate amount of bentonite was initially mixed with the required water by a mixer at 1,000 rpm for 5 min to form fresh bentonite grout. Next, appropriate amount of superfine cement was added, and the fresh suspensions were mechanically mixed at 1,000 rpm for 5 min. Finally, the proper proportion of emulsified asphalt was added to the fresh suspensions and mixed for 5 min by vigorous stirring (1,000 rpm) to form CACG. All the processes were performed under a standard temperature (20 ± 2°C) and humidity (≥50%). CACG performance was altered by changing the number of components, and the testing scheme is shown in Table 2.
[image: Figure 1]FIGURE 1 | Schematic of the CACG fabrication process.
TABLE 2 | Testing scheme with different modifiers.
[image: Table 2]Testing Methods
In this work, the gel time of CACG was measured by the inverted cup method (tilted at 45°) as described in Zhang et al. (2018a). The fluidity was determined according to GBT-2419–2005. Bleeding was measured by conducting sedimentation tests according to DL/T5728-2016. The bulk shrinkage rate test was measured following the suggestions provided by Zhang et al. (2018b). The 28-day unconfined compressive strength (UCS) tests were conducted following the instructions of GB50107-2010 on cube specimens with a diameter ratio of 70.7 mm.
RESULTS AND DISCUSSION
Gel Time and Fluidity
Gel time is a key parameter to characterize the pumpability of CACG. Figure 2 shows the effects of the bentonite dose and emulsified asphalt dose on the properties of CACG. As shown in Figure 2, with an increasing bentonite dose (from 5 to 15%), the gel time decreases from 150 to 87 min, and the decreasing amplitude is reduced when the bentonite dose reaches 11%. This is because bentonite particles have an excellent absorption capability, which can immobilize water and promote cement hydration (Manić et al., 1997; Pusch and Yong, 2003). With an increasing emulsified asphalt dose, the gel time slightly increases (Figure 2). When the emulsified asphalt dose is 20%, the gel time increases by 10.1%. Fluidity is a key parameter to determine the diffusion capacity of CACG. Figure 3 shows the effects of the bentonite dose and emulsified asphalt dose on the fluidity. With an increasing bentonite dose, the fluidity of CACG decreases, and a larger decrease occurs at the beginning (Figure 3); this result agrees with the results presented by Zhang et al. (2020). Figure 3 shows that with an increasing emulsified asphalt dose, the fluidity of CACG decreases. When the emulsified asphalt dose is 20%, the fluidity decreases by 23.8%. This is probably because the emulsified asphalt particles with a certain viscosity fill the space created by the cement-bentonite particles (Tregger et al., 2010).
[image: Figure 2]FIGURE 2 | Influence of bentonite dose and emulsified asphalt dose on the gel time of CACG.
[image: Figure 3]FIGURE 3 | Influence of bentonite dose and emulsified asphalt dose on the fluidity of CACG.
Bleeding and Bulk Shrinkage Rates
The stability of CACG can be assessed by the bleeding and bulk shrinkage rates, and the lower bleeding and bulk shrinkage rates of CACG means it is more stable. Figure 4 and Figure 4 show the bleeding rate of CACG in the tests. With an increasing bentonite dose, the bleeding rate decreases, and the decreasing and increasing amplitudes decrease when the bentonite dose is 11%. Compared with the bentonite dose, the emulsified asphalt dose demonstrates little influence. With an increasing emulsified asphalt dose, the bleeding rate slightly decreases. As shown in Figure 5, it can be inferred that with an increasing bentonite dose, the bulk shrinkage rate of CACG decreases greatly. Figure 5 shows that the emulsified asphalt dose does not have an obvious effect on the bulk shrinkage rate. In conclusion, the bentonite dose has a positive effect on the bleeding and bulk shrinkage rates, namely, bentonite substantially decreases the bleeding and bulk shrinkage rates of CACG. Similar experimental phenomena have also been reported in the literature (e.g., Vipulanandan and Sunder, 2012).
[image: Figure 4]FIGURE 4 | Influence of the bentonite dose and emulsified asphalt dose on the bleeding rate of CACG.
[image: Figure 5]FIGURE 5 | Influence of the bentonite dose and emulsified asphalt dose on the bulk shrinkage rate of CACG.
Unconfined Compressive Strength
Figure 6 shows the influence of the bentonite dose and emulsified asphalt dose on the unconfined compressive strength of 28-day CACG. Figure 6 shows that with an increasing bentonite dose, the 28-day unconfined compressive strength decreases. When the bentonite dose is 15%, the 28-day unconfined compressive strength decreases by 14.5%. Figure 6 shows that with an increasing emulsified asphalt dose, the 28-day unconfined compressive strength significantly decreases. When the emulsified asphalt dose is 20%, the 28-day unconfined compressive strength decreases by 31.5%. The bentonite in CACG adsorbs a large amount of free water and slows the hydration process of the cement (Horpibulsuk et al., 2012). Hence, the addition of excess bentonite will lead to a decreased reinforcement effect of the grouting.
[image: Figure 6]FIGURE 6 | Influence of the bentonite dose and emulsified asphalt dose on the 28-day UCS of CACG.
DISCUSSION
Formation Mechanism of CACG
The superior mechanical performance of CACG can be closely related to its microscopic structure. Figure 7A show the cross-sectional SEM images of CACG and cement grouts, respectively. As shown in Figure 7A, the cement gel in CACG were interconnected with each other to form a network by bentonite particles, and some asphalt film were uniformly distributed between networks to form an integrated whole. The above SEM observation shows that the structure of CACG is favorable because of its mechanical performance. The crystalline structure and composition of CACG were identified by XRD data, and the identified the typically overlapping by MDI Jade. As seen in Figure 4, the relatively strong and narrow diffraction peaks at 2θ = 5.20, 12.67, and 32.21 are generally considered as the characteristic peaks of SiO2; the diffraction peaks at 2θ = 4.89, 7.58, 34.513 and 36.46 are considered as the characteristic peaks of Ca(OH)2; the diffraction peaks at 2θ = 19.79, 27.54, 42.616 and 53.66 are considered as the characteristic peaks of Aft; the diffraction peaks at 2θ = 29.893, 47.534, and 52.116 are considered as the characteristic peaks of CaCO3.
[image: Figure 7]FIGURE 7 | SEM images and XRD patterns.
The components of CACG are superfine cement, bentonite, emulsified asphalt and water, each of which plays its own role. The possible formation mechanism of CACG is proposed: 1) First, the superfine cement particles are uniformly dispersed in the bentonite slurry, and there is a charge attraction between the superfine cement particles and bentonite particles to form cement–bentonite balls [20-21]. Then, a number of hydration products are formed that fill the pores that form in the cement–bentonite balls. Finally, stable cement–bentonite pellet structures are created. The macroscopic manifestations are that the stability of CACG is improved, and the bleeding and bulk shrinkage rates decrease. 2) After the emulsified asphalt is added to the cement–bentonite grout, a large amount of asphalt particles will adsorb on the surface of the cement–bentonite pellet structures to form an asphalt film, which wraps around the cement hydration products. As a result, some three-dimensional network structures are formed in CACG. Moreover, the asphalt particles adsorb on the surface of bentonite particles to form a water film, which decreases the friction among the bentonite particles. Moreover, the water film causes the asphalt particles to have the same charge properties; thus, they will not agglomerate into large particles. This is the reason why CACG is both uniformly dispersed and relatively stable.
Based on the excellent synergistic interactions among the superfine cement, bentonite and emulsified asphalt, CACG is a new grouting material with excellent performance and an adjustable gel time, good fluidity, high stability and satisfactory compressive strength.
Properties of CACG in Water-Bearing Sand Layers
Generally, grouting materials in water-bearing sand layers need very high fluidity, an adjustable gel time, lower bleeding and bulk shrinkage rates, and sufficient compressive strength. In this study, based on the requirements of the project participants, the recommended parameters for the grouting material include a gel time of more than 30 min to meet the pumping requirements, a bleeding rate of less than 5% and a bulk shrinkage rate of more than 80% to meet the grouting stability requirements, and a 28 days compressive strength of more than 2 MPa to meet the reinforcement requirements. The tests show that CACG is an excellent material for grouting in water-bearing sand layers with the recommended optimal percentage ratio of 1:1:0.065:0.2 for water, superfine cement, bentonite, and emulsified asphalt.
IN SITU APPLICATION
The motivation to develop CACG was to solve the pre-reinforcement problem, and a river embankment was planned to be reinforced in Hunan Province, China. By exploring along the axis of the river embankment, the geological conditions included filling and large amounts of sand and granite. The sand layer proportion in the area was above 40%, most of which was under the water level of the river. The water in the sand layer, which was in the river, increased the possibility of river embankment breakage during the flood season. At the beginning of river embankment construction, traditional grouting materials (cement grout and cement-sodium silicate) were used, but these materials could not meet the field requirements of the project participants. Based on the test results of this study, CACG was used in this project. CACG was prepared following the recommended amounts: a superfine cement/water ratio of 1, a bentonite content of 6.5%, and an emulsified asphalt content of 20%. Three rows of grouting holes were arranged in a plum blossom shape pattern, and the distance between each pair of grouting holes was 1 m. After grouting completion, drill hole sampling and hydraulic pressure tests were carried out to evaluate the grouting quality. The results showed that the unconfined compressive strength of the grouting body exceeded 2 MPa and that the ground hydraulic conductivity coefficient decreased to 3.6 × 10-6 cm/s. Moreover, the cost is about 420 RMB per cubic meter according to the local market price of the raw material (superfine cement about 800 RMB per ton, bentonite about 300 RMB per ton and emulsified asphalte is approximately 1850 RMB per ton), which is very competitive comparing with using other special grouting material.
CONCLUSION
In this paper, superfine cement–bentonite-based emulsified asphalt composite grout (CACG) was presented and demonstrated excellent field performance. The effects of the composition and formulation of CACG on its properties were investigated by a series of laboratory test results, and the advantages of CACG were demonstrated by field tests. The following major conclusions can be drawn:
1) CACG is an excellent grouting material that has a moderate gel time, good pumpability, a high viscosity, low bleeding and shrinkage rates, and sufficient compressive strength. Thus, such grouts can be used for grouting water-bearing sand layers, i.e., challenging areas that other grouting materials, such as cement grout, usually encounter.
2) CACG is a grouting material for grouting water-bearing sand layers, and the properties of CACG are highly dependent on its composition and formulation. The gel time, fluidity, and bleeding and bulk shrinkage rates of CACG are highly affected by the bentonite dose, while its compressive strength mainly depends on the emulsified asphalt dose. The recommended amounts of the components are as follows: a water/superfine cement ratio of 1, a bentonite content of 6.5%, and an emulsified asphalt content of 20%.
3) The effectiveness and economy of CACG were verified by a field case study of grouting water-bearing sand layers in a river embankment. The field test results of the grouting work not only met the requirements of the project participants but also resulted in excellent economic value. Thus, CACG has a high application value.
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Microbial carbonization based on carbon-capturing bacteria induced calcium carbonate precipitation has become a new construction material for soil improvement. This paper presents a new technique for dust control in sand using Streptomyces microflavus induced calcium carbonate precipitation. This kind of carbon-capturing bacteria can capture and transform CO2 into carbonate then precipitate calcium carbonate crystals through the microbial carbonization process, which then acts as cementitious materials to bind sand particles. In this way, loose sand particles can be bridged and increase their hardness, consequently forming a consolidated layer for dust control. The Shore hardness of the consolidated layer using Streptomyces microflavus could be improved to 25 HD with a calcium carbonate content of 5.5% after 7 times of carbonization treatment. The microstructure, Shore hardness, and obtained calcium carbonate content were also compared with sand samples treated by Paenibacillus mucilaginosus. These results reveal that the consolidated sand layer using Streptomyces microflavus is sufficient to against wind erosion or rainfall erosion and has better geomechanical performance than Paenibacillus mucilaginosus.
Keywords: calcium carbonate precipitation, microbial carbonization, carboncapturing bacteria, dust control, shore hardness
INTRODUCTION
Fugitive dust is a common issue in desert areas that leads to sandstorms (Raymond et al., 2019). Planting is the most adopted method for dust control in the desert area (Grantz et al., 1998). However, the growth cycle of planting is too long to be effective for dust control. Apart from the planting, using Portland Cement (PC) is another conventional method for dust control. Considering the complex operation, unexpected energy consumption, environmental concerns, and considerable CO2 emission associated with PC production, investigation on alternative cement has been raised (Benhelal et al., 2013; Ruan and Unluer, 2017).
Microbial cement has been proposed in various applications such as erosion control, mitigation of liquefaction, and slope reinforcement (Yu et al., 2019; Yu and Rong, 2022). Unlike cement paste, the small size of microorganisms (2–5 μm) can easily penetrate the desert sand (0.1–0.25 mm) particles without injection, bridging the loose sand particles together and forming a consolidated layer with certain hardness (Hamdan and Kavazanjian, 2016; Zhan et al., 2016). More importantly, the production of microbial cement does not need either a high temperature or to generate substantial CO2 emission, thereby reducing energy consumption and environmental pollution (Whiffin, 2004; Zhang et al., 2022). The microbial cement also has many other advantages, such as simple components, easy operation, environmentally friendly, and strong aging resistance (DeJong et al., 2010; Harkes et al., 2010). This allows the microbial cement to be more feasible in dust control.
Studies have been carried out to use microbial cement for dust control in desert area, which is usually accomplished through a microbially induced calcite precipitation (MICP) process (Mujah et al., 2017; Lo et al., 2020; Shi et al., 2021a; Shi et al., 2021b; Sun et al., 2021). The precipitates act as a binding material to connect soil particles, consequently providing strength but keeping certain permeability (Cheng, 2012; Cheng and Cord-Ruwisch, 2014). This leads to microbial cement becoming an innovative method for dust control. Other than the microbial method, enzyme induced calcite precipitation (EICP) is another widely used method to produce calcium carbonate crystals that can bind sand particles as a dust suppressant (Hamdan and Kavazanjian, 2016; Sun et al., 2021). The urease enzyme from either microorganisms or plant seeds can decompose urea to form NH3 and CO2, further precipitating calcium carbonate in a calcium-rich environment. However, the big cost of urea and calcium source is a big obstacle to applying the urease-based calcite precipitation for field application. Furthermore, the NH3 emission is also a public concern on environmental pollution.
To minimize the cost and avoid NH3 emission, a method without the supply of substrate is promising. Thus, a more sustainable method using the microbial carbonization process via carbon-capturing bacteria was developed to overcome this problem. The carbon-capturing bacteria can adsorb and transform CO2 to generate carbonate ions under the enzymatic action of bacteria (Xu et al., 2021; Zhan et al., 2021). This is because the CO2 can be captured by the protein of carbonic anhydrase (CA), an endo-enzyme, in an aqueous solution, and forming HCO3− solution, which is 107 times more than that without the catalyzation of CA secreted by microorganisms (Xu et al., 2021). The HCO3− then combines with the soluble Ca2+ to generate calcium carbonate precipitation (Eqs. 1–3), as shown in Figure 1.
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[image: Figure 1]FIGURE 1 | Microbial carbonization of calcium carbonate using Streptomyces microflavus.
Recently, Xu et al. (2021) reported a method to consolidate dredger fill using Streptomyces microflavus, which was accomplished via the enzymatic action to capture and transform CO2, consequently forming calcium carbonate precipitations that strengthen the soil. The consolidated samples achieved the highest compressive strength up to 2.29 MPa. Although Zhan et al. (2016) have investigated the possibility to use Paenibacillus mucilaginosus to cement fugitive dust through the microbial carbonization process, the carbonization efficiency is low.
The feasibility of using Streptomyces microflavus for dust control is investigated in this technical note, which can accelerate the conversion of CO2 into HCO3− in an aqueous environment. The method for dust control and several parameters related to the consolidation performance using Streptomyces microflavus are discussed. These include the Shore hardness of the consolidated layer, the content of precipitates, and the microstructure of consolidated sand.
MATERIALS AND METHODS
Carbon-Capturing Bacteria Preparation
The carbon-capturing bacteria of Streptomyces microflavus (DSM 40070) adopted in this study was purchased from Leibniz Institute DSMZ-German Collection of Microorganisms and Cell Cultures GmbH. The growth culture of Streptomyces microflavus comprises 15 g/L of glucose, 10 g/L of yeast extract, and 5 g/L of peptone with an initial pH of 9 adjusted by 1 M of NaOH. The growth culture was put into a sterilization pot at 121°C for 25 min and then cooled to room temperature. Inoculation of the Streptomyces microflavus strain solution (4%) was carried out on a sterile operation platform, followed by shaking in an orbital shaker at 260 rpm for 72 h. The harvested bacteria were stored in a refrigerator at 4°C prior to use. The average concentration of CA was measured by the enzyme linked immunosorbent assay (ELISA) kit method (Xu et al., 2021) and determined as 0.0082 mg/L. The OD values of Streptomyces microflavus were 2.4 ± 0.1. The pH of the Streptomyces microflavus was about 5–6.
Consolidation Test of the Sand Layer
Petri dish (90 mm in diameter) was filled with 50 g of Ottawa sand with a mean grain size of D50 = 0.4 mm. The sand was evenly spread out to form a sand layer with a thickness of 0.5 cm. This sand layer had a void volume of 12 cm3. During treatment, a mixture of 15 ml of Streptomyces microflavus and 0.01 M of Ca(NO3)2 (volume ratio 1 : 1) was evenly sprayed on sand surface, followed by curing in the carbonation box with a 10% of carbon dioxide concentration. Treatment was repeated 1, 3, 5, and 7 times and each treatment was 24 h. After carbonization, all the sand samples were rinsed with tap water and oven-dried at 70°C for 48 h prior to hardness testing and calcium carbonate content measurement. A comparative study using Paenibacillus mucilaginosus (DSM 24461) was also conducted with the same cultivation and treatment process. All tests were conducted in duplicate.
Hardness of Consolidated Sand Layer and Calcium Carbonate Content Measurement
A digital Shore hardness tester was used to determine the hardness of the consolidated sand layer. The calcium carbonate content was determined by the acid-washing and rinsing method (Cheng et al., 2013). For each test, hardness and calcium carbonate content were measured at least three times to obtain an average value.
Microstructural Analyses
The microstructure of all microbial carbonized sand samples was analyzed by Field Emission Scanning Electron Microscope (FESEM) (Zeiss EV050, United Kingdom). All samples were rinsed with tap water and oven-dried at 105°C for 24 h prior to the SEM analysis. Chemical composition of all samples was determined by powder X-ray diffraction analysis (5–80°) (XRD, Bruker D8-Advance, λ = 1.5406Å, Bruker Company, Karlsruhe, Germany).
RESULTS AND DISCUSSION
Shore Hardness of Consolidated Sand Layer
The correlation between the hardness and the treatment times using different carbon-capturing bacteria species is presented in Figure 2. It can be seen that the hardness of all sand samples increased after the consolidation test using Streptomyces microflavus and Paenibacillus mucilaginosus. This was because the CO2 was adsorbed, transformed, and generated carbonate ions under the enzymatic action of both carbon-capturing bacteria. Consequently, the carbonate ions could react with soluble calcium and form calcium carbonate precipitation, bridging the loose sand particles together and forming a consolidated sand layer that has mechanical strength. A similar observation was made by Zhan et al. (2016).
[image: Figure 2]FIGURE 2 | Shore hardness of consolidated sand layers prepared by different spraying times.
More importantly, the hardness increased with the increase of treatment times, which was attributed to the higher calcium carbonate precipitation that was associated with the greater hardness as previous literature reported (DeJong et al., 2013; Mousavi et al., 2021). As shown in Figure 3, the average shore hardness of consolidated layer using Streptomyces microflavus and Ca(NO3)2 were 0.95, 10.70, 15.00, and 24.70 HD after 1, 3, 5, and 7 times of treatment, separately. In comparison, the samples treated by Paenibacillus mucilaginosus and Ca(NO3)2 had average shore hardness of 0.25, 4.42, 11.42, and 15.25 HD, respectively. The results suggested that the carbonization efficiency of Streptomyces microflavus improved 62% after 7 treatments compared to Paenibacillus mucilaginosus. This was probably due to the Paenibacillus mucilaginosus being characterized as a facultatively anaerobic bacterium (Liu and Lian, 2019). The 10% of carbon dioxide concentration inhibited the performance of CA from Paenibacillus mucilaginosus. Thus, the absorption rate of CO2 catalyzed by CA from Paenibacillus mucilaginosus was lower than Streptomyces microflavus in the carbonation box. The result suggests the consolidation layer strengthened by Streptomyces microflavus has prospective application like dust control that require certain mechanical properties. For example, the calcite-consolidation layer could cement fugitive dust and against wind-erosion with the hardness of 24.6 HD (Zhan et al., 2016).
[image: Figure 3]FIGURE 3 | Calcium carbonate content of consolidated sand samples prepared by spraying at different times.
Calcium Carbonate Content Measurement
The effect of treatment times on the calcium carbonate content using different carbon-capturing bacteria is shown in Figure 3. Increasing the number of sprays led to the increase in calcium carbonate content. The calcium carbonate content of sand samples treated by Streptomyces microflavus and Ca(NO3)2 system were varied from 1.06, 3.11, 4.67, and 5.58% corresponding to 1, 3, 5, and 7 times of treatments. In the Paenibacillus mucilaginosus and Ca(NO3)2 system, the calcium carbonate content were 1.19, 2.59, 3.40, and 4.26% after 1, 3, 5, and 7 times of treatment, which were lower than those obtained by Streptomyces microflavus and Ca(NO3)2 system. This also can be explained by the characteristic of anaerobic Paenibacillus mucilaginosus, which shows weaker carbonization efficiency than aerobic bacterium of Streptomyces microflavus at high CO2 level. The calcium carbonate contents results were in line with the previous hardness results, where the calcium carbonate content increased as the increase of the number of sprays, consequently contributed to the greater hardness. Therefore, the Streptomyces microflavus could better capture and transform CO2 than the Paenibacillus mucilaginosus to precipitate calcium carbonate crystals in the carbonization box.
Microstructure of the Microbial Carbonized Samples
The microstructure of precipitates induced from two types of carbon-capturing bacteria was analyzed by FESEM, as shown in Figures 4A,B, respectively. FESEM showed that the morphology of the mineralized sediments by Streptomyces microflavus was typical rhombohedral-shaped crystals with a particle size varied from 10–30 μm (Figure 4A), known as calcite (Reddy, 2013). This is the most stable polymorph of CaCO3 due to its lowest solubility (Van Paassen, 2009). Unlike the regular CaCO3 crystals precipitated by Streptomyces microflavus, the morphology of the Paenibacillus mucilaginosus precipitated CaCO3 was mainly spherical crystals with a single crystal size of 1–10 μm, (Figure 4B). The spherical shape of CaCO3 is consistent with the shape of vaterite (Chu et al., 2013), which can be transformed into a more stable polymorph of CaCO3, such as calcite, via the dissolution and reprecipitation process (Van Paassen, 2009). Although both shapes of CaCO3 crystals were able to connect sand particles and provide mechanical strength during the carbonization process, the Shore hardness of the consolidated layer using Streptomyces microflavus was higher than Paenibacillus mucilaginosus from previous results. This is because the shapes, sizes, and stabilities of CaCO3 precipitates are critical factors that control its engineering properties, similar observations were made by Al Qabany et al. (2012). For example, the crystal transformed by Streptomyces microflavus was stable calcite, while Paenibacillus mucilaginosus generated unstable vaterite. However, the final formation of crystals could undergo phase transformation under the influence of other parameters, such as temperature, treatment times, and concentration of cementation solution (Wang et al., 2019).
[image: Figure 4]FIGURE 4 | FESEM images of the microbial carbonized samples using (A) Streptomyces microflavus; (B) Paenibacillus mucilaginosus.
CONCLUSION
This paper presented a method to consolidate sand using Streptomyces microflavus for dust control. The proposed microbial carbonization method provided an effective, low-cost, environmentally friendly, and publicity acceptable method for dust control in the desert area, which could effectively accelerate the conversion of CO2 into HCO3− and drive biomineralization through microbial carbonization pathway. The following conclusions can be drawn from this study:
1) Under the enzymatic action of Streptomyces microflavus, CO2 was absorbed and transformed, consequently producing carbonate ions to mineralize calcium ions into calcium carbonate precipitation. In this process, sand was cemented and formed a consolidated sand layer, which had adequate mechanical strength for dust control.
2) The Shore hardness and calcium carbonate content were measured on the consolidated layer using Streptomyces microflavus, which had higher Shore hardness and calcium carbonate content than the samples treated by Paenibacillus mucilaginosus under the same treatment conditions. The comparison indicates that using Streptomyces microflavus is a more efficient and sustainable method for dust control.
3) The SEM images show effective cementation among sand grains by both carbon-capturing bacteria. The Streptomyces microflavus mainly precipitated rhombohedral-shaped calcite, which is the most stable polymorph than the Paenibacillus mucilaginosus generated unstable vaterite. This resulted in the variance of the engineering properties of the consolidated sand layer through the microbial carbonization process.
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The presence of a base cavity will degrade the bearing capacity of tunnel bottom structures, and will also have a noteworthy impact on its fatigue performance. In order to study the fatigue performance and cumulative damage to tunnel bottom structure, a series of bending fatigue tests are conducted by reference to a heavy haul railway tunnel with a base cavity. Through the tests, fatigue evolution characteristics of tunnel bottom structure with cavity are obtained, then based on the expression of S-N curves, a non-linear fatigue cumulative damage model is therefore proposed, the deflection evolution and cumulative damage evolution can be divided into three stages, and characterized with an “s-shaped” curve. The tests results reveal that the damage to the tunnel bottom structure develops rapidly when a cavity exists in the base rock, fatigue occurs more easily, and the fatigue life of specimens decreases with the increase of the stress level and cavity width.
Keywords: tunnel, bottom structure, base cavity, fatigue, damage
INTRODUCTION
Railway capacity and efficiency have improved considerably along with the increase in train axle load (Tian, 2015), so railway departments all over the world are competing to improve the axle load of freight railways (Lei et al., 2019; Huang et al., 2020). However, with the increasing operation period and axle load resulting from intensive development of heavy haul transportation, basal degradation is emerging in more and more heavy-haul railway tunnels (Tian, 2014), and it is very difficult to deal with owing to the distinguishing features of heavy haul railway tunnels in China: high traffic density, short maintenance interval, and limited working space. This seriously restricts the economic benefits of heavy haul railway. For example, the Daqin heavy haul railway in China is the world’s leading railway by freight volume; after more than two decades of operation, many severe cases of tunnel basal degradation were found, such as cavities and mud pumping, which resulted in serious train shaking (Hu, 2015). Nowadays, the probability of basal diseases in Daqin railway is increasing with the increase in operation period (Liu et al., 2020). Severe tunnel bottom diseases also emerged in Shuohuang heavy haul railway (Yin et al., 2013), and Wari heavy haul railway (Li et al., 2021), most of the basal deterioration is appearing on the side of the full-load track.
For a long time, through a series of experimental studies, researchers reported fatigue would not occur in the tunnel bottom structure (Van Rickstal et al., 1999). Therefore, in the past, the design of tunnel bottom structures has been relatively thin and vulnerable. Nowadays, researchers have found that support conditions affect the fatigue performance of tunnel bottom structures remarkably (Liu et al., 2020).
Fatigue failure would be unlikely to occur when the tunnel bottom structure lies on a continuous and stable foundation. For example, Han et al. (2017) and Qian et al. (2019) indicated that segments of the shield tunnel bottom would be stable for the designed service life (100 years) using fatigue tests, Liu et al. (2019) suggested that fatigue failure will not occur in the bottom structures of a newly designed heavy haul railway tunnel within 100 years if bedrock defects are lacking and the pressure of the surrounding rock is not excessive.
When the basement supporting conditions deteriorated, such as cavities existing in the base rock, the stress of the tunnel bottom structure will increase obviously, and its fatigue performance will be reduced sharply (Zhang et al., 2020), then leading to deterioration and failure of the liner (Wang et al., 2014). Through numerical simulation, Zhang et al. (2018) indicated that the settlement and principal stress of tunnel bottom structures would increase when a base cavity exists and suggested that fatigue failure would occur in tunnel bottom structures if the base cavity width is greater than 2 m. Liu et al. (2016) implies that fatigue failure will occur in tunnel bottom structures within 100 years if the base cavity width is larger than 1 m. Based on bending fatigue tests, Liu et al. (2020) indicated that base cavities have multiple adverse effects on fatigue performance of tunnel bottom structures, and the probability of fatigue failure in heavy haul railway tunnels will be greatly increased. By model testing, Dong et al. (2020) studied the dynamic response of crossing tunnels under heavy haul train load, the results revealed that the vibration of intersections are more significant than in the common sections, because of the presence of the lower tunnel (like a void). Through field investigation and experiments, Li et al. (2021) indicated that the tunnel base cavity is mainly caused by the long-term coupling effect of train load and groundwater erosion.
The smoothness of tunnel base directly affects the safety of train operation (Cai et al., 2019; Lazorenko et al., 2019), and tunnel base diseases are usually difficult to detect and deal with due to the distinguishing features of heavy haul railway in China; hence, base diseases become one of the most harmful tunnel diseases (Kim et al., 2020). Therefore, with the increasing axle load and the basal deterioration of the existing heavy haul railway in China, studying the fatigue performance and cumulative damage of the tunnel bottom structure with a cavity is essential.
TEST DESIGN
Testing Position and Device
Through field investigation, it is found that after decades of operation, due to the water erosion and the accumulated settlement of the soft foundation, the width of the basement cavity is increasing, which will deteriorate the support conditions of the tunnel bottom structure, and then leads to serious basement diseases such as train shaking, mud boiling and so on. Tunnel base diseases of Daqin heavy haul railway mainly occur in two positions: the lower part of the track (Figure 1A), and the connection between the side drain and sidewall, shown in Figure 1B.
[image: Figure 1]FIGURE 1 | Mud pumping in a tunnel of Daqin heavy haul railway. (A) mud-pumping below the rail; (B) mud-pumping from the side drain.
The tunnel is located at Daqin heavy haul railway in China, which has the world’s highest annual freight volume (average 440 million tons each year in 2013–2019, total volume is 572 million tons each year which including the train volume); its common axle load is 27 t, maximum axle load is 30 t; the speed of the full-load train is about 70 km/h, the empty train speed is 90 km/h.
The section design chart of the Daqin heavy haul railway tunnel with a base cavity is illustrated in Figure 2. The defects emerged in grade-III surrounding rock (351≤ BQ ≤450). The tunnel size: 10.3 m × 9.0 m (width × height), shown in Figure 2A. The vault, sidewall, and bottom structure are all adopted plain concrete. The bottom structure is 10 cm thick (Figure 2B).
[image: Figure 2]FIGURE 2 | Section diagram of the tunnel with base disease. (A) tunnel section; (B) bottom structure.
The bottom structure below rail 3 is a potentially vulnerable position because its dynamic response is the largest (Liu et al., 2020). So the cavity is placed below rail 3, cavity size: 300 mm × 100 mm (width × height).
The vulnerable position is selected for the fatigue test, based on its stress and support characteristics, three-point bending fatigue test is used to investigate the fatigue behavior of the tunnel bottom structure with a cavity. The specimen is placed on the supporting basement, and the distance between the two supports is 300 mm, which represents the cavity that exists in tunnel base rock, shown in Figure 3.
[image: Figure 3]FIGURE 3 | Test with 300 mm base cavity. (A) test devices; (B) Loading position and support.
To simulate the base rock support in the test without a base cavity, springs are placed under the specimen to simulate the support of the tunnel bottom structure. In total 10 × 3 springs are arranged in the area of 300 mm × 80 mm at the bottom of the specimen, shown in Figure 4. The static stiffness of the spring is 400 kN/m according to the mechanical properties of the surrounding rock (GB/T 50081 2002, 2003).
[image: Figure 4]FIGURE 4 | Test without base cavity. (A) test devices; (B) Loading position and support.
Standard bending specimens and supporting board (GB/T 50081 2002, 2003) are adopted in the tests. The specimen size: 100 mm × 100 mm × 400 mm (length × width × thick). The supporting board size: 400 mm × 150 mm × 12 mm (length × width × thick), the span between the 2 supports: 300 mm. The diameter of the steel rod is 22 mm, and the length is 120 mm (Figure 4A).
Cyclic train load is applied by dynamic tri-axial testing device (SDT-50), its maximum load: 50 kN, frequency: 0–10 Hz, settlement/deflection accuracy: ±0.5%, load accuracy: ±0.5%. The loading devices are shown in Figure 5.
[image: Figure 5]FIGURE 5 | Loading device (SDT-50).
The concrete of the tunnel bottom structure is C10, its mix ratios are listed in Table 1. After 28-day standard curing (temperature: 20 ± 2°C, relative humidity ≥95%). The bending strength of the specimens is 5.54 kN (mean value), and the bending strength of the specimens without a cavity is 8.27 kN (mean value), the load-deflection curves of specimens with a base cavity are shown in Figure 6A, Figure 6B is the bending strength of specimens without a base cavity.
TABLE 1 | Mixture ratio of C10 concrete (unit: kg/m³).
[image: Table 1][image: Figure 6]FIGURE 6 | Bending strength of specimens. (A) with cavity; (B) without cavity.
Load and Testing Cases
The maximum dynamic stress of the tunnel bottom structure emerges when the train passes through, and the corresponding test load is the maximum fatigue load [image: image].The load of the tunnel bottom structure is zero when there is no train. The fatigue properties of specimens are affected by fatigue load ([image: image]) and ultimate flexural load ([image: image]). The stress level can comprehensively reflect the influence of the two factors on the fatigue performance of specimens (Zhu et al., 2018), its definition ([image: image]) is shown in Eq. 1:
[image: image]
The fatigue load used in the test is asymmetric sinusoidal cyclic load, frequency is 4 Hz, cyclic load curve is shown in Figure 7. The fatigue load is the vibration amplitude caused by the dynamic train load, and the influence of surrounding rock pressure is not considered in this test.
[image: Figure 7]FIGURE 7 | Fatigue load.
In order to study the fatigue performance and evolution characteristics of cumulative damage under different load levels (axle load), the test conditions are designed and listed in Table 2. The minimum fatigue load is fixed at 0.1 kN so as to avoid additional impact caused by separation. Three tests are carried out under each test condition.
TABLE 2 | Tests conditions.
[image: Table 2]Deflection Test
The maximum deflection occurs at the specimen’s mid-span section, and the fatigue crack also emerges at the mid-span section of the specimen. The loading device will record the vertical displacement of the loading point automatically, which can be used as the mid-span deflection of the specimen. The deflection acquisition frequency is 50 Hz The test is stopped when the specimen cracks, and the number of cycles is the fatigue life of the specimen.
FATIGUE TEST RESULTS
Characteristics of Deflection Evolution
In Figure 8A, fatigue characteristics of specimens with a base cavity (case 1–case 4) are similar, the maximum deflection evolution curves are all “S-shaped” and can be divided into three stages, similar to the results of the literature (Oneschkow, 2016). With the increase of the maximum load, the initial deflection increases and the fatigue life decreases.
[image: Figure 8]FIGURE 8 | Deflection evolution curves. (A) cracked specimen; (B) unbroken specimen.
In Figure 8B, cracks do not occur in the specimen of case 5 after 1.2 × 106 cycles. The deflection characteristic curves of unbroken specimens (case 5) are significantly different from that of the broken specimens (case1–4) and much higher than the broken specimen. The specimens’ fatigue lives of case 5 are obviously larger than the specimens with a base cavity.
The maximum stress level of case 1 and case 5 is 0.6, so the deflection amplitude [image: image] and deflection growth rate [image: image] evolution of the two specimens are selected, to compare the difference in fatigue evolution characteristics between the broken and unbroken specimens, [image: image] which is shown in Eq. 2 and [image: image] is shown in Eq. 3.
[image: image]
where: [image: image] is the maximum deflection at the N cycles; [image: image] is the minimum deflection at the N cycles.
[image: image]
where: [image: image] is the variation of the maximum tensile strain within a certain cycle; [image: image] is the cycles corresponding to [image: image].
The deflection amplitude [image: image] is shown in Figure 9A, and deflection growth rate [image: image] evolution curves are illustrated in Figure 9B.
[image: Figure 9]FIGURE 9 | Evolution model of deflection. (A) deflection amplitude; (B) deflection growth rate.
Figure 9A reveals that in case 1, the deflection amplitude of the broken specemin develops in 2-stages, it is stable in stage I (N/Nf <0.95), increasing sharply in stage II (0.95≤ N/Nf ≤1.0). In case 5, with the increase of cycles, the deflection amplitude of unbroken specimens decreases slightly and remains stable until the end of loading. It is supposed that the reason for the deflection amplitude decrease is the stiffness regression of the spring in the test.
Figure 9B shows that, in case 1, the deflection growth rate develops quickly in the beginning, then decreases to a certain value when N/Nf reaches about 0.1–0.15, it is stage I. Then the deflection growth rate will keep stable in stage II. Finally, when N/Nf reaches about 0.9–0.95, the deflection growth rate began to accelerate and eventually caused structural failure.
Figure 9B also explained the reason for the rapid increase of deflection in stage I and stage III in Figure 8A. Among them, stage I represents that the initial internal cracks are compacted, so the deflection growth rate decreases with the increase of loading cycles; stage III means the cracks are gradually emerging and expanding until fatigue failure of the structure.
Fatigue Damage Evolution
Fatigue damage of concrete structures is often evaluated by elastic modulus (Wei et al., 2003), strain (Oneschkow, 2016), and deflection. The deflection growth is closely related to the nucleation and propagation of fatigue cracks and it reflects the fatigue damage of concrete (Liu et al., 2016). So in this paper, the cumulative fatigue damage [image: image] is defined by the maximum deflection, shown in Eq. 4.
[image: image]
where: [image: image] is the maximum deflection after N cycles, [image: image] is the maximum deflection at the first load cycle, [image: image] is the maximum deflection when cracks, its value is 1.0 mm in this study.
Convert the abscissa to N/Nf in Figure 8, and combined with Eq. 4, the maximum deflection and fatigue damage evolution curves are obtained, shown in Figure 10. The deflection evolution characteristics of case 1–case 4 are all “S-shaped” and the curves can be divided into three stages. Its deflection increases rapidly in stage-I, slowly and linearly in stage-II, and sharply in stage-III, the dividing point between stage-I and stage-II is located at (0.05–0.10) N/Nf, the second dividing point is at (0.90–0.95) N/Nf.
[image: Figure 10]FIGURE 10 | Normalized evolution curves. (A) maximum deflection; (B) cumulative damage.
According to the deflection curves in Figure 10, the 3-stage characteristics of the deflection evolution curve can be well described by a normalized fatigue evolution model, shown in Eq. 5.
[image: image]
where: [image: image] the fatigue damage after N cycles; [image: image] is the fatigue life of the specimen; [image: image], [image: image], [image: image], [image: image] are material parameters.
The parameters of the fatigue cumulative damage evolution model identified for this concrete are given in Table 3. It is supposed that this non-linear relation together with the deflection at the beginning of loading and the deflection at failure might enable the fatigue damage to be estimated.
TABLE 3 | Parameters of cumulative damage.
[image: Table 3]FATIGUE PERFORMANCE OF SPECIMEN
Fatigue Life
The fatigue lives of specimens are listed in Table 4, The S-N curve of the tunnel bottom structure specimens is obtained by fitting the data in Table 4. Figure 11A shows the S-N curves from this study and from literature (Xiao et al., 2013; Li and Che, 1998) under cyclic bending. The expression of the S-N curve is described in Eq. 6, correlation coefficient R2 = 0.90. Similarly, the expression of the f-N relationship is obtained as Eq. 7, the correlation coefficient is 0.96, and the f-N curve is shown in Figure 11B.
[image: image]
[image: image]
TABLE 4 | Fatigue life of specimens.
[image: Table 4][image: Figure 11]FIGURE 11 | Fatigue life curve. (A) S-N curve; (B) f – N curve.
The fatigue life curves reveal that the fatigue life decreases with the increase of stress level and the initial maximum deflection. The strength and span of concrete specimens in this paper are smaller, but the fatigue life is much higher than that in the literature (Li and Che, 1998; Xiao et al., 2013). It can be seen that the larger the base cavity, the lower the fatigue life of the structure.
CONCLUSION
Based on the typical base diseases in the heavy haul railway tunnel, a series of bending fatigue tests are conducted to investigate the fatigue performance and cumulative damage of the tunnel bottom structure with the base rock cavity. Conclusions are as follows:
1) The evolution curves of maximum deflection and cumulative damage are both s-shaped and the curves can be divided into three stages, the maximum deflection and damage increase quickly in stage-I, steadily and linearly in stage-II, and increase sharply in stage-III until crack.
2) When a cavity exists in the base rock, the damage to the tunnel bottom structure will be accelerated, and the fatigue failure is easier to occur, and the fatigue life of the specimen will decrease with the increase in stress level and cavity width.
3) Under the same load, the base cavity greatly reduces the bearing capacity of the structures, meanwhile improving its maximum stress level, so the tunnel bottom structures’ fatigue performance is reduced remarkably.
4) Based on the test data, the normalized damage evolution model and S-N curve suitable for tunnel bottom structure are obtained, which can provide a reference basis for damage assessment of similar projects.
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Based on the existing model of pipe-roof considering the arching effect, combined with the mechanical model of pipe-roof when the tunnel is excavated to the end, a unified mechanical model of the elastic foundation beam for pipe-roof is established. Deflection and internal force calculation formulas of the model were derived. Combined with actual engineering cases, the model was compared and analyzed, and the parameters affecting the pipe-roof were analyzed by taking the unified model as an example. The results show that the established unified elastic foundation beam model can better represent the actual stress state of a pipe-roof and the model has strong applicability. The stress state of the pipe-roof at the end of excavation can be calculated by changing the boundary conditions of the model. When the diameter of the steel pipe is 108–114 mm, the supporting effect of the pipe-roof is similar. When Ec (elastic modulus of converging) > 40.0Eg (elastic modulus of ground rock), the excavation footage and the diameter of the steel pipe have little effect on the deflection and bending moment of the pipe-roof. Therefore, increasing the elastic modulus of the reinforced area is the most effective method to reduce the deflection and internal force of the pipe-roof. The longer the residual length of the pipe-roof in surrounding rock, the safer the tunnel will be during excavation. The economically reasonable value of the residual length of the pipe-roof in surrounding rock is 2–3 m.
Keywords: tunnel engineering, pipe-roof, elastic foundation beam, mechanical model, parameter analysis
INTRODUCTION
With the development and utilization of underground space, many scholars are studying the failure mechanism of tunnel (Xiang et al., 2018; Chen et al., 2019). As a common auxiliary construction method that can effectively control the deformation of a tunnel in soft surrounding rock (Singh et al., 1995; Ocak, 2008; Aksoy and Onargan, 2010), pipe-roof pre-support technology has been widely used in the process of tunnel construction due to its advantages such as long-distance support, fast construction speed, and high safety (Miwa and Ogasawara, 2005; Han et al., 2021). The pipe-roof support is used to drill holes outside the outline of the tunnel to be excavated, insert steel pipes, and then, for grouting so that the slurry and surrounding rock form a bearing arch similar to the shell that bears the load from the upper part of the pipe-roof and restrain the deformation of the surrounding rock (Wang et al., 2018). Therefore, choosing a proper mechanical model of pipe-roof and designing reasonable pipe-roof parameters have an important influence on the control of tunnel deformation and construction safety.
The mechanical model of pipe-roof has been studied extensively by scholars at home and abroad. At present, there are mainly beam theory, arch shell theory, and elastic foundation beam theory in the analytical analysis of pipe-roof. In terms of beam theory, Xing and Xu (1999) simplified the opening section into a cantilever beam and the inner section into a simply supported beam to analyze the stress situation of the pipe-roof. However, the beam theory does not take into account factors such as the interaction between the pipe-roof and the surrounding rock and the supporting condition of the pipe-roof in the surrounding rock. Moreover, it simplifies the stress condition of the pipe-roof greatly, but its calculated value is generally different from the actual engineering. In the aspect of the theory of the arch shell, there are few pieces of research, mainly because the calculation of the force of the pipe-roof using the theory of the shell is complicated and the result is partially unsafe. In terms of elastic foundation beam, it is mainly divided into the Winkler elastic foundation beam model and Pasternak elastic foundation beam model with two parameters. Chang (1999) believed that the elastic foundation beam model could better simulate the mechanism of the pipe-roof and established the Winkler elastic foundation beam model for research. Based on the beam model of Winkler elastic foundation, Song et al. (2020a) established the stress analysis model of pipe-roof considering the integrity of the grouting convergence area and the delay of initial support, deduced the calculation formulas of pipe-roof deflection and internal force, and analyzed the excavation footage of pipe-roof and the diameter of steel pipe. Song et al. (2013) proposed the sorghum-spring structure model, developed the finite element software for calculating the bending moment and shear force of the steel pipe, and optimized the design parameters of the pipe-roof. Xiao et al. (2006) simplified the pipe-roof structure into a fixed beam and elastic foundation beam and then analyzed the mechanical effect of the pipe-roof structure in box culvert jacking in accordance with the bearing mechanism of the beam. Jia et al. (2010) considered the delay effect of initial support and established the Pasternak elastic foundation beam model and compared it with monitoring data. The results showed that the Pasternak model was closer to the actual stress situation. Li et al. (2011) monitored the deformation of the pipe-roof under a shallow-buried loess tunnel through the expressway and made an analytical calculation with the Pasternak elastic foundation model to analyze the deformation law of pipe-roof under stress. Wang et al. (2017) established the Pasternak elastic foundation model considering factors such as the delay of initial support, the time difference of stress release in the surrounding rock, and the uneven coefficient of formation and slope and solved the analytical solution of pipe-roof deformation by using the finite element idea and longitudinal shear stress transfer theory. Wu et al. (2019) established the model of anisotropic plate on an elastic foundation of pipe-roof based on the traditional beam model of elastic foundation of pipe-roof and compared the supporting effect of pipe-roof diameters of 76 and 108 mm, respectively, indicating that the diameter of the pipe-roof affects its effect of controlling the deformation of surrounding rock. Song et al. (2020b) used the elastic foundation beam, simply supported beam, and fixed supported beam model to calculate the force and deformation of pipe-roof and compared them with the monitoring data. The results showed that the elastic foundation beam and simply supported beam model could better reflect the mechanical behavior of pipe-roof. At present, the Winkler elastic foundation beam model and Pasternak double-parameter foundation beam model are mostly used for analytical analysis. The Winkler elastic foundation beam model has the characteristics of fewer parameters, is easy to determine, and has small effect of value error on the internal force. With the continuous development of analytical analysis, considering the delay of initial support, the change of the coefficient of subgrade reaction force and the load distribution of surrounding rock, integrity of grouting convergence area, and other factors, the results of the analytical analysis are closer to the actual monitoring values.
At present, there are many kinds of mechanical models for studying pipe-roof. In order to better study the actual forces of pipe-roof and make the models more practical and suitable for different situations, this article unifies the existing models. The unified elastic foundation beam model of the pipe-roof is obtained, the force and deformation of the pipe-roof are calculated based on specific engineering examples, and the calculation results of the model are analyzed. Finally, the influence parameters of the pipe-roof are analyzed.
THE ESTABLISHMENT OF A UNIFIED MECHANICAL MODEL OF PIPE-ROOF
Stress Analysis of Pipe-Roof Grouting Convergence Area
Steel pipes, arranged in a certain range outside the tunnel contour, form a convergence area similar to the shell with certain integrity through grouting and surrounding rock, as shown in Figure 1 (Song et al., 2020a). The pipe-roof shell and the surrounding rock bear the load of the excavation face together to restrain the deformation of the surrounding rock, prevent the collapse of the tunnel roof, and achieve the purpose of safe construction of tunnels.
[image: Figure 1]FIGURE 1 | Force analysis of the grouting area in the pipe-roof.
When the load is distributed symmetrically along the lateral direction of the shell, the longitudinal direction can be any load distribution. A longitudinal strip AB is cut along the length direction of the pipe-roof shell so that the radial displacement of each point on the cross section of the pipe-roof shell can be regarded as the deflection of the longitudinal strip AB. If the deflection at any cross section C is [image: image], then the radius of each point on the cross section of the shell at that point is shortened by [image: image], and the circumferential deformation caused by the shortened radius [image: image] is
[image: image]
where R is the radius.
The circumferential strain is
[image: image]
Corresponding to the compression strain, the circumferential stress on the cross section of the pipe-roof shell is
[image: image]
Then, the normal force N on both sides of section C on unit length is
[image: image]
If the normal forces on both sides are combined, the direction of the resultant force p must be along the radius direction, and its size is
[image: image]
Substituting Eq. 4 into Eq. 5, while taking into account [image: image], we get
[image: image]
where R is the radius of the pipe-roof convergence ring; t is the thickness of the convergence area; Ec is the elastic modulus of the convergence area; and b is the selected width of the unit body.
It can be seen from Eq. 6 that in addition to bearing the surrounding rock pressure that varies in the longitudinal direction, the longitudinal strip AB also receives p radial force that varies in the longitudinal direction. The direction of p is opposite to the direction of deflection [image: image], indicating that its function is to resist the deflection of the longitudinal strip. Therefore, the longitudinal bar AB can be compared to the foundation beam on which the reaction coefficient of the foundation is k = Etb/R2. According to this result, the theory of beam on the elastic foundation can be used to solve the internal force and deformation of the pipe-roof shell. This radial force p is mainly related to k, and k is related to the surrounding rock parameters and grouting parameters (t and E are related to the surrounding rock parameters and grouting parameters). The larger the k value, the better the integrity of the convergence area and the greater the effect of resisting the deflection of the longitudinal bars. The value of k represents the integrity of the convergence area. Therefore, the parameter k can characterize the integrity of the grouting convergence area. In a biased tunnel, because the load is not symmetrically distributed along the transverse direction of the pipe-roof shell, this analysis method cannot be applied.
Construction of a Unified Mechanical Model of Pipe-Roof
In the process of pipe-roof mechanics analysis, the steel pipes in the pipe-roof are often regarded as beams, and the surrounding rock above the excavation area is regarded as the downward load acting on the steel pipes, that is, the “load-beam model.”
At present, many scholars (Wu and Song, 2007; Wang et al., 2019) consider the pipe-roof as the Winkle elastic foundation beam to analyze the stress state of the pipe-roof. The Winkler elastic foundation beam model regards the foundation as composed of many independent springs, as shown in Figure 2. It ignores the characteristics of continuous deformation, and considered that the displacement of a point on the foundation has nothing to do with the stress of other points, only related to the foundation reaction coefficient k. The Winkler elastic foundation beam model is easy to calculate and is suitable for shallow-buried soft ground. Therefore, it is widely used to analyze the action mechanism of pipe-roof in shallowburied weak tunnels.
[image: Figure 2]FIGURE 2 | Winkler elastic foundation beam model.
According to the stress condition of the pipe-roof, as shown in Figure 3, the pipe-roof can be divided into A1O, the initial support section; OA2, the excavation section; A2B, disturbed section BC; and undisturbed section CD.
[image: Figure 3]FIGURE 3 | Schematic diagram of tunnel excavation and pipe-roof layout.
Figure 3 is simplified and combined with existing pipe-roof models, thus establishing a unified mechanical model of pipe-roof , as shown in Figure 4.
[image: Figure 4]FIGURE 4 | Analysis model of the mechanical behavior of the pipe-roof.
The unified model considers the secondary lining and the early initial support, the deformation delay of the latest initial support, the arching effect of the pipe-roof grouting to form the integral pipe-roof arch, the excavation disturbance section, and the excavation undisturbed section.
When solving the unified mechanical model of tunnel pipe-roof, the following assumptions are made:
1) The steel pipe in the pipe-roof is simplified as a Winkler elastic foundation beam. It is considered that the secondary lining and early initial support have played a role and can effectively control the deformation of the surrounding rock. Point A is set as the fixed end.
2) The arch effect of the pipe-roof arch formed by pipe-roof grouting is considered.
3) Considering the delay of initial support deformation, it is regarded that the newly applied initial support does not provide the required support. The length of the pipe-roof without support is assumed to be 2 times the excavation footage; that is, s = 2a and ‘a’ is the excavation footage.
4) The equivalent elastic modulus of AB and BC beams is jointly determined by using a steel pipe and grouting mortar.
[image: image]
where E1, I1 is the elastic modulus and section moment of inertia of the grouting mortar; E2, I2 is the elastic modulus and section moment of inertia of the steel pipe.
5) The length of section BC in the disturbance area in front of the tunnel face is determined by the potential failure surface in front of the tunnel face; then, the distance of BC in the disturbance area is
[image: image]
6) The load on the upper part of the pipe-roof is determined according to the Terzaghi formula, and the acting length of the load is s + l.
[image: image]
[image: image]
where γ is the weight of the surrounding rock; B is the width of the excavated tunnel; c is the cohesion of the surrounding rock; λ is the lateral pressure coefficient of the surrounding rock; φ is the internal friction angle of the surrounding rock; h is the thickness of the rock covering the upper part of the pipe-roof; p is the ground load; and δ is the steel pipe spacing.
7) Considering the undisturbed section m, the deflection and bending moment of the pipe-roof will continue to be transmitted outside the disturbed area in front of the tunnel face.
According to the theoretical force model of the beam on an elastic foundation, the deflection differential equation is
[image: image]
The deflection differential governing equations of different sections are as follows.
The governing equation of section AB:
[image: image]
The governing equation of section BC:
[image: image]
The governing equation of section CD:
[image: image]
In the formulas, E is the elastic modulus of the pipe-roof, I is the moment of inertia of the pipe-roof, b is the width of the elastic foundation beam, k1 = EcD/R2, k2 = k3 = EcD/R2+k0, k0 is the foundation reaction coefficient before excavation, Ec is the elastic modulus of the convergence area, and R is the diameter of the arch.
The differential governing equation of each section is solved as follows.
Section AB：
[image: image]
Section BC：
[image: image]
Section CD (t=x−s−l)：
[image: image]
The boundary conditions are as follows： when x = 0, [image: image], [image: image];when x = s, [image: image], [image: image], [image: image], [image: image];when x = s + l, [image: image], [image: image], [image: image], [image: image]; and when x = s + l + m, [image: image], [image: image].
We substitute the boundary conditions into Eqs. 15–17 to obtain Eq. 18 of the system of equations, namely,
[image: image]
[image: image]
[image: image]
The following equation is obtained:
[image: image]
Equation 19 is written in matrix form, i. e,
[image: image]
The elements of matrix [A] are as follows:
[image: image]
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where F is defined as
[image: image]
The parameters MA、QA、 [image: image]B、θB、MB、QB、MC, and QC are obtained from the matrix and are substituted into Eqs. 15–17 to obtain the deflection, rotation angle, bending moment, and shear force of each section.
The Existing Mechanical Model of Pipe-Roof
Previous scholars have also conducted a lot of research on the mechanical model of the pipe-roof, in which they mainly considered the delay of the initial support, the change of the foundation reaction coefficient, and the uneven distribution of the surrounding rock load. The arch effect of the pipe-roof is less studied. Song et al. (2020a) considered the arching effect of the pipe-roof and established the pipe-roof model as shown in Figure 5. They simplified the pipe-roof into an elastic foundation beam, believed that the second lining had already played a role, and regarded point A as the fixed end. The surface is far from the front end of the pipe-roof, point C is outside the scope of influence of tunnel excavation, and point C is regarded as a fixed point.
[image: Figure 5]FIGURE 5 | The undisturbed segment is not considered.
The boundary conditions are as follows： when x = 0, [image: image], [image: image]; when x = s, [image: image], [image: image], [image: image], [image: image]; and when x = s + l, [image: image], [image: image].
When the tunnel is excavated to the end of the pipe-roof, due to the excavation of the lower rock body, the end of the pipe-roof hangs in the air. Most of the length of the pipe-roof has been pre-reinforced in the stratum. The suspended section is equivalent to a cantilever. The beam, based on the Winkler elastic foundation beam model, considers the delay effect of the initial support and the disturbance area in front of the tunnel. The pipe-roof model is established as shown in Figure 6. The pipe-roof is simplified to the elastic foundation beam, and the second lining is considered to have played a role. Point A is regarded as the fixed end, the tunnel face is closer to the front end of the pipe-roof, and point C is located within the influence range of the tunnel excavation and regarded as the free end.
[image: Figure 6]FIGURE 6 | Dig to the end.
The boundary conditions are as follows: when x = 0, [image: image], [image: image]; when x = s, [image: image], [image: image], [image: image], [image: image]; and when x = s + l, [image: image], [image: image].
The unified model is based on the existing pipe-roof model, which considers the arch effect of the pipe-roof, combined with the mechanical model of the pipe-roof when the tunnel is excavated to the end. It can be obtained by comparing the three models. The calculation length and boundary conditions of the model are different, but the unified model proposed in this paper can be simplified into the other two models according to engineering needs, and the factors considered are more comprehensive.
EXAMPLE CALCULATION
Through specific engineering examples, three models are used to calculate deflection, bending moment, and shear force and are compared with the data of numerical simulation and actual monitoring to verify the rationality of the model.
Deflection
The total length of the Erlang Mountain Tunnel is 4,160.0 m, and the tunnel section is large, and the geological conditions are poor. In order to ensure the safe construction of the tunnel entrance, the tunnel exit section is supported in advance by a pipe-roof. The overburden thickness of the tunnel is 10.0 m, the excavation height is 7.0 m, the diameter of the steel pipe is 102 mm, the thickness is 10.0 mm, the length is 30.0 m, the transverse installation spacing is 40.0 cm, the elastic modulus of the steel pipe is 200.0 GPa, the internal friction angle of the surrounding rock is 30°, and the unit weight of the surrounding rock is 22.0 kN/m3 (Jia et al., 2010). The three models were, respectively, used for calculation, and the calculated deflections are shown in Figure 7.
[image: Figure 7]FIGURE 7 | The deflection of the steel pipe in the pipe-roof.
Three models’ calculations in Figure 7 show that the change trend of the deflection curve is similar to that in the excavation, which has not been reaching the maximum supporting area. The pipe-roof completely assumes the overlying load current of the surrounding rock, the pipe-roof is in a bad condition, and the disturbed area, due to the calculation of the length and the different boundary conditions, causes the variation of the three models. When the tunnel is excavated to the end, the end of the pipe-roof is regarded as the free end, so the deflection does not tend to be zero at the end, indicating that the selection of the remaining length of the pipe-roof in front of the tunnel face has a significant influence on the effect of the pipe-roof when the tunnel is excavated to the end. The model of excavation to the end is almost consistent with the deflection curves of the unified model at the excavation and disturbed sections, which indicates that the unified model can be simplified to the model of excavation to the end.
Birgl tunnel is a classic case of domestic and foreign scholars studying the mechanical behavior of pipe-roof (Oke, 2016; Oke et al., 2016). The key Birgl tunnel parameters are listed as follows: the buried depth of the tunnel is 30–50 m, diameter of the steel pipe is 114.0 mm, wall thickness is 6.3 mm, transverse installation spacing is 40.0–50.0 cm, and cohesion is 0.03–0.06 MPa. (Oke, 2016). The calculation results of the three models were compared with the field measured values and Oke’s model (Oke, 2016), as shown in Figure 8.
[image: Figure 8]FIGURE 8 | The deflection of the steel pipe in the pipe-roof.
As shown in Figure 8, the maximum deflection values calculated by the three models appear behind the tunnel face, which are close to the position and value of the measured maximum values, indicating that the three models are reasonable to a certain extent. However, near the right end of the support, the deflection of the Song model is positive, indicating the phenomenon of upper arching of the steel pipe of the pipe-roof. Considering the undisturbed section, the disturbance tends to zero, and the steel pipe does not appear upper arching. It shows that considering the undisturbed section can solve the problem of the upper arch of pipe-roof to a certain extent. The deflection curves of the model excavated to the end are the same as those of the model considering the undisturbed section in the excavation area and the disturbed area. This is because the calculation formulas of the first two sections are the same. If the undisturbed section is considered, the disturbance will gradually approach zero with the increase of the length of the pipe-roof, which is consistent with the results of the monitored values and more in line with the actual situation.
Through the comparison of several models, it is found that the unified model is closer to the actual monitoring results, which can better reflect the real mechanical properties of the pipe-roof and can effectively solve the phenomenon of the upper arch of pipe-roof. In order to study the influence of the residual length of the pipe-roof on the deflection when the excavation reaches the end, only the boundary condition of the unified model needs to be changed and the length of the disturbed section needs to be adjusted.
Bending Moment and Shear Force
A subway tunnel in South Korea, which is located below the surface of weathered rock, is excavated. The buried depth of the tunnel is 20.0 m, excavation height is 5.0 m, diameter of the steel pipe is 114.3 mm, thickness is 5.6 mm, transverse installation spacing is 40.0 cm, elastic modulus of steel pipes E = 210.0 GPa, internal friction angle of surrounding rock φ = 30°, and the unit weight of surrounding rock γ = 21.0 kN/m3(Song, 2013). The bending moment and shear force calculated by the three models are shown in Figures 9, 10, and the results are compared and analyzed with the actual monitored values and the results calculated by MIDAS numerical simulation.
[image: Figure 9]FIGURE 9 | The bending moment of the steel pipe in the pipe-roof.
[image: Figure 10]FIGURE 10 | The shear force of the steel pipe in the pipe-roof.
According to Figure 9, the three models are consistent with the actual monitored values and the bending moment curve calculated by numerical simulation, indicating that the models are reasonable to a certain extent. The maximum bending moments all appear behind the tunnel face during tunnel excavation, that is, the excavated section without support. In the disturbed area, the bending moments gradually decrease, while in the undisturbed area, the bending moments gradually approach zero, indicating that the pipe-roof can effectively control the deformation of surrounding rock.
The maximum bending moment of the Song model also appears behind the tunnel face, but in the region of the disturbance, the bending moment increases with the decrease of the first, and the results are quite different from those of the other two models. This is mainly due to the disturbance area calculation length to the end and setting it as the fixed end, but the truth is it is not strictly a fixed end. The bending moment outside the disturbance area will continue to pass. Therefore, the bending moment value of the model increases in the disturbed area, and the phenomenon of upper arch appears.
As shown in Figure 10, the variation trend of the three models is consistent with the actual monitored data and the shear curve calculated by numerical simulation, indicating that the models are reasonable to a certain extent. In the unified model and the model excavated to the end, the shear force has a maximum value behind the tunnel face, that is, the excavated section without support. In the vicinity of the tunnel face, the shear force suddenly changes from positive to negative. In the disturbed area, the shear force gradually decreases, while in the undisturbed area, the shear force gradually approaches zero. The three models regard the two ends of the support as fixed ends, so there is a large shear force at the left end of the support. Without considering the undisturbed section of the curve and the other two models have bigger difference, shear at the end of the disturbed area appeared more negative because the model disturbance area is taken as a fixed end. At the end, the load outside the disturbance area will continue to be released, considering the undisturbed section in front of the constraints and conforming to the actual situation.
Through the concrete analysis of the three cases, the three models in this study are compared with other models, the actual monitoring data, and the calculated values of numerical simulation, and it shows that the three models are reasonable to a certain extent. The unified model can better reflect the mechanical behavior of the pipe-roof. It can not only solve the phenomenon of the pipe-roof arching at the end of the disturbed section but also choose the reasonable remaining length of the pipe-roof by changing the length of the disturbed section when the tunnel is excavated to the end.
The maximum value of deflection, bending moment, and shear force calculated by the unified model appears in the excavated and unsupported section behind the tunnel face. In the undisturbed region, it gradually becomes zero, and the pipe-roof can effectively pass near the constraints of the upper load without excavation area, which can effectively control the deformation of the tunnel and ensure the stability of the constraints during tunnel excavation. The arch effect of the pipe-roof formed by pipe-roof grouting is considered and the calculated maximum deflection is smaller than that of other models.
Through the calculation of several models, the results show that the unified model can be simplified to the model when the excavation is to the end of the model without considering the undisturbed section. Therefore, the boundary conditions of the unified model can be adjusted for different situations.
PARAMETER ANALYSIS
The protective effect of pipe-roof is related to the design of pipe-roof parameters, stratum parameters, and the way of tunnel excavation. However, for a specific tunnel project, the buried depth, surrounding rock level, and physical and mechanical parameters of the tunnel are generally determined. Therefore, the influence of the excavation footage, diameter, and elastic modulus of the grouting convergence area on the deformation and force of the pipe-roof is generally considered.
Excavation Footage
When the elastic modulus of the surrounding rock is Eg = 4 × 108 N/m2, the elastic modulus of the convergence area is Ec = 1 × 107 N/m2. The load q = 220 kN/m2, the diameter of the steel pipe is 89 mm, and the excavation footage is 1, 1.25, 1.5, 1.75, and 2 m, respectively. The deflection and bending moment curves of the pipe-roof are drawn, respectively, as shown in Figure 11. The influence of excavation footage on the deflection and bending moment of the pipe-roof is analyzed.
[image: Figure 11]FIGURE 11 | The relation between excavation footage and deflection and bending moment when the diameter is 89 mm.
It is shown in Figure 11 that the deflection and bending moment of the pipe-roof are positively correlated with the excavation footage. With the increase of excavation footage, the deflection and bending moment also increase. When the excavation footage is 1, 1.25, 1.5, 1.75, and 2 m, the deflection of the pipe-roof increases by 66% and 68, 54, 52%, and the bending moment increases by 42%, 37, 27, and 24%, respectively, with the increase of each excavation footage. When the excavation footage a = 1.5 m, the maximum deflection of the steel pipe is 2.8 times that of the steel pipe when a = 1 m, and when the excavation footage a = 2 m, the maximum deflection of the steel pipe is 6.5 times that of the steel pipe when a = 1 m, indicating that with the gradual increase of the excavation footage, the deflection deformation of the steel pipe is gradually larger.
In the process of tunnel excavation, the deflection curve of the pipe-roof becomes grooves, and the grooves of the curve gradually move forward and down along with the advance of the tunnel face. The maximum value appears behind the tunnel face, that is, the excavated section without support, indicating that the pipe-roof can transfer the load and pressure on the surrounding rock to the nearby tunnel face. In the disturbed section in front of the tunnel face, the deflection decreases gradually, while in the undisturbed section, the deflection tends to zero, which indicates that the pipe-roof can effectively control the deformation of surrounding rock and play a supporting role in advance. The bending moment also increases with the increase of the excavation footage, and the maximum positive bending moment appears behind the face of the tunnel, and the maximum negative bending moment appears in front of the face of the tunnel, indicating that the pipe-roof can effectively bear the bending moment after tunnel excavation, and the bending moment borne by the pipe-roof gradually increases with the increase of the excavation footage.
The Diameter
When the elastic modulus of surrounding rock is Eg = 4 × 108 N/m2, the load q = 220 kN/m2, the excavation footage is 1.5 m, and the diameters are 89, 102, 108, 114, and 159 mm, the deflection and bending moment curves of the pipe-roof are drawn, respectively, as shown in Figure 12. The influence of the diameter of the steel pipe on the deflection and bending moment of the pipe-roof is analyzed.
[image: Figure 12]FIGURE 12 | The relation between diameter and deflection and bending moment.
As can be seen in Figure 12, the deflection is negatively correlated with the diameter of the steel pipe, while the bending moment is positively correlated with the diameter of the steel pipe. When the diameters of the steel pipes are 89, 102, 108, 114, and 159 mm, the deflection decreases by 23% 10, 9, and 46%, and the bending moment increases by 19% 8, 7, and 52%, respectively, indicating that when the diameters of the steel pipes are 108 and 114 mm, the effect of the steel pipe is similar. When considering economic factors, it is more economical to choose a steel pipe with a diameter of 108 mm. When the condition of surrounding rock is poor, choosing large diameter can better control the deformation of surrounding rock. The size of the diameter of the steel pipe affects the stiffness of the pipe-roof, that is, the diameter of the steel pipe, and the stiffness of the pipe-roof is large, which will affect the bending stiffness of the pipe-roof. The bending stiffness is large, and the deflection of the steel pipe becomes smaller and the bending moment becomes larger under the action of the surrounding rock load. When the diameter of the steel pipe is the largest, the bending moment it bears is also the largest, indicating that after tunnel excavation, the larger the diameter of the steel pipe is, the greater the pressure of the upper surrounding rock will be. In front of the tunnel face, the bending moment is negative, that is, the direction is vertical and downward, mainly because the pipe-roof in this section has played a role to bear them pressure of the overlying surrounding rock. In the excavated area behind the tunnel face, the bending moment of the pipe-roof has both negative and positive values. The main reason for the positive and negative values is that the pipe-roof can interact with the initial support and jointly bear the load pressure of the surrounding rock.
Elastic Modulus of the Convergence Area
Considering the elastic modulus of the convergence area, that is, considering the arch effect of the whole pipe-roof arch formed by pipe-roof grouting, the elastic modulus of different sizes of the convergence area was selected to analyze the influence of the elastic modulus of the convergence area on the deflection and bending moment of the pipe-roof.
When the elastic modulus of the surrounding rock is Eg = 4 × 108 N/m2 and the elastic modulus of the convergence area is Ec = 1 × 107 N/m2, Ec = 4 × 108 N/m2, and Ec = 4 × 109 N/m2, the tunnel excavation footage and the deflection and bending moment curves of the pipe-roof under different diameters are drawn, as shown in Figure 13.
[image: Figure 13]FIGURE 13 | When the diameter is 89 mm, the relation between excavation footage and deflection and bending moment under different elastic moduli of convergence area.
It can be seen from Figure 13 that the deflection and bending moment of the pipe-roof gradually decrease with the increase in the elastic modulus of the convergence area. When the elastic modulus of the convergence area is Ec = 1 × 107 N/m2, the deflection and bending moment of the pipe-roof increase with the increase of excavation footage, and the increase range is very large. When the elastic modulus of the convergence area is Ec = 4 × 109 N/m2, that is, Ec = 40Eg, and the excavation footage increases from 1 to 2 m, the deflection and bending moment of the steel pipe do not increase much, indicating that the deflection and bending moment of the steel pipe do not change much with the change of excavation footage when the elastic modulus of the convergence area is much larger than that of the surrounding rock. It shows that the elastic modulus of the reinforcement area has a greater impact on the deflection and bending moment of the steel pipe. The elastic modulus of the reinforcement area is related to the grouting effect of the pipe-roof and the spacing of the pipe-roof. Therefore, in the actual project, changing the excavation footage is not the most effective way to reduce the deflection and bending moment of the pipe-roof. The grouting effect of the pipe-roof should be optimized and the spacing of the steel pipe should be arranged reasonably. When Ec > 40Eg, choosing the larger excavation footage can realize the safe and fast construction of the large excavation footage of the pipe-roof and save the construction period.
When the excavation footage is 1.5 m, the elastic modulus of surrounding rock is Eg = 4 × 108 N/m2, and the elastic modulus of convergence area is Ec = 1 × 107 N/m2, Ec = 1 × 108 N/m2, Ec = 4 × 108 N/m2, Ec = 1 × 109 N/m2, Ec = 4 × 108 N/m2, Ec = 4 × 109 N/m2, and Ec = 4 × 109 N/m2. The curve of diameter, deflection, and bending moment are drawn, as shown in Figure 14.
[image: Figure 14]FIGURE 14 | The relation between the diameter of the steel pipe and deflection and bending moment under different elastic moduli of reinforcement.
It can be seen from Figure 14 that the deflection and bending moment of the pipe-roof decrease with the increase in the elastic modulus of the convergence area. When the elastic modulus of the reinforced area is less than that of the surrounding rock, the deflection and bending moment of the pipe-roof are relatively large. When the elastic modulus of the reinforced area is much larger than that of the surrounding rock, the deflection and bending moment of the pipe-roof have small values. When the diameter is 89 mm, the elastic modulus of the convergence area increases from 1 × 107 N/m2 to 4 × 108 N/m2, and the deflection and bending moment are reduced by 47 and 51%, respectively. When the elastic modulus of the convergence area increases from 4 × 108 to 4 × 109 N/m2, the deflection and bending moment of the pipe-roof decrease by 83 and 82%. It shows that the deformation of surrounding rock can be effectively controlled when the elastic modulus of the convergence area is much larger than that of surrounding rock. The deflection of the pipe-roof decreases with the increase in the diameter of the steel pipe, and the bending moment of the pipe-roof increases with the increase in the diameter of the steel pipe. When the elastic modulus of the convergence area is Ec = 1 × 107 N/m2 and Ec = 4 × 109 N/m2, respectively, and the diameter of steel pipe increases from 89 to 159 mm, the deflection decreases by 66 and 25%, and the bending moment increases by 108 and 104%, respectively. Results show that the diameter of the change on the influence of deflection is bigger, when the elastic modulus of the reinforced area is greater than the surrounding rock elastic modulus, thus increasing the diameter of steel pipe, and the pipe-roof deflection of change is very small. In actual engineering, simply increasing the diameter of steel pipe cannot effectively control the deformation of the surrounding rock. Increasing the elastic modulus of convergence area can significantly improve the advanced pre-support effect of pipe-roof.
Remaining Length of Pipe-Roof in Surrounding Rock
For the remaining length of the pipe-roof in the surrounding rock when the tunnel face is close to the front end of the pipe-roof, calculate the deflection and bending moment curve of the pipe-roof when the remaining length of the pipe-roof is 1.0 m, 1.5 m, 2.0 m, 2.5 m, 3.0 m and 4.0 m, as shown in Figure 15, so as to determine the most economical reserved length at the end of the pipe-roof construction on the premise of ensuring safety.
[image: Figure 15]FIGURE 15 | The deflection and bending moment curves of the pipe-roof with different remaining lengths.
As can be seen in Figure 15, the maximum deflection and its position are situated near the constraints, suggesting that during tunnel excavation, the pipe-roof can effectively bear the overlying load of surrounding rock, as the growth of the pipe-roof in the remaining length of the surrounding rock, the deflection curve is more and more gentle, shows that the longer the residual length of pipe-roof in the surrounding rock, the safer is tunnel excavation. The change of bending moment is not very significant. Under different residual lengths, the maximum bending moment and the position of the pipe-roof are all near the tunnel face. Considering the economic factors, it is most economical to choose the residual length of 2–3 m in the surrounding rock.
CONCLUSION
In this study, a unified elastic foundation beam model for pipe-roof was proposed by combining the elastic foundation beam model considering the arch effect with the model during excavation to the end. Through a specific case, the three models were compared and analyzed, and the unified model was taken as an example to analyze the influence of different parameters on the stress and deformation of pipe-roof. The main conclusions were as follows:
1) Through the specific case analysis, three kinds of model and the results are consistent with field monitoring data, showing that the three kinds of model can better reflect the pipe-roof mechanical behavior, and the unified model in this paper can solve the arch up phenomenon of steel pipe at the end of disturbed area; owing to the strong practicability of the model, changing the boundary conditions of the model can calculate the actual stress of the pipe-roof when the tunnel is excavated to the end.
2) Unified model calculated the maximum deflection, bending moment, and shear force in excavation, which has not been supporting in the behind of the constraints. In the undisturbed region, it gradually becomes zero so that the pipe-roof can effectively pass near the constraints of the upper load without the excavation area, which can effectively control the deformation of the tunnel and ensure the stability of the constraints during tunnel excavation.
3) Through the analysis of the pipe-roof parameters, it is found that the deflection and bending moment of the pipe-roof are positively correlated with the excavation footage. The deflection of the pipe-roof is negatively correlated with the diameter of the steel pipe, while the bending moment is positively correlated with the diameter of the steel pipe. Therefore, it is more economical to choose the steel pipe with smaller excavation footage and 108 mm during construction.
4) When Ec = 40.0Eg, the excavation footage and diameter of steel pipe have little influence on the deflection and bending moment of the pipe-roof. Therefore, simply changing the excavation footage and diameter of the steel pipe has little influence on the mechanical properties of the pipe-roof. Increasing the elastic modulus of the convergence area is an effective method to reduce the deflection and internal force of the pipe-roof.
5) When the tunnel is excavated to the end of the pipe-roof, the longer the residual length of the pipe-roof in the surrounding rock, the safer the tunnel will be during excavation. The economically reasonable value of the residual length of the pipe-roof in the surrounding rock is 2–3 m.
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The disturbance due to coal mining causes the surrounding rock to undergo a complex process of stress changes during which the axial pressure and the confining pressure usually change accordingly at the same time. Existing studies generally investigated this process from a static perspective, which was not rigorous. The mechanical characterization of rock is very important to understand the failure of rock mass and the safety of mining during mining disturbance. Based on theoretical analysis, we conducted axial loading and radial unloading tests on the cracked sandstone, which was combined with the ultrasonic testing technology to examine its failure rules and to characterize and analyze its failure process using longitudinal wave velocity. The results demonstrated that crack length and angle had a significant impact on the strength and mechanical properties of sandstone, and the former had a greater impact on the strength of sandstone than the latter. As the crack length increased, the strength, elastic modulus, and deformation modulus of sandstone decreased, and the strength of sandstone increased as the crack angle increased. Elastic and deformation moduli first decreased and then increased. Furthermore, Poisson’s ratio increased slowly, then decreased slowly, and finally increased rapidly as the lateral pressure coefficient diminished, and Poisson’s ratio was more sensitive to changes in the angle. In this study, the change of longitudinal wave velocity reflected the whole process of sandstone failure. When the wave velocity was stable, the rock was at the yield limit point. Moreover, when the wave velocity was unstable, the sandstone was in a progressive failure period, and as a result, the wave velocity decreased and the sandstone cracked.
Keywords: cracked sandstone, mining-induced stress path, deformation characteristics, failure characteristics, ultrasonic velocity
INTRODUCTION
There are a large number of natural cracks in the rock mass (Hoxha et al., 2005) that will develop and finally form a crack network under the influence of the rock mass structure, crustal stress, and coal mining. This changes the structure and mechanical properties of the cracked rock mass and destroys the integrity of the rock mass (Xue et al., 2021; Long et al., 2018; Zhang et al., 2019; Hu et al., 2022; Huang et al., 2016a). Furthermore, it may cause geological disasters and huge safety hazards to normal production operations, especially in deep surrounding rocks with complex stress environments, because a slight disturbance may cause great damage (Zhao et al., 2019; Niu et al., 2020; Zhou and Bi, 2012; Zhao et al., 2020). In the coal mining process, the surrounding rock affected by mining disturbance experiences a process in which the axial pressure first increases and then decreases until it is destroyed, and the confining pressure gradually decreases during this period (Figure 1) (Xie et al., 2011; Meng et al., 2017; Liang et al., 2020). As the mining work advances, the axial pressure at point A first increases and then decreases, while the confining pressure is always decreasing. The deformation characteristics, strength characteristics, and mechanical characteristics of surrounding rock under dynamic disturbance are quite different from those under static load (Xie et al., 2009; Gao et al., 2019; Guo and Yu, 2021). Usually, the confining pressure is in an unloaded state when the axial pressure increases. The static loading ignores the impact of engineering activities on coal and rock mass, and cannot reflect the in-situ stress state of rock mass and mining path (Kolymbas et al., 2012; Chanyshev and Abdulin, 2014; Cheng et al., 2019; Behera et al., 2020). Therefore, considering the in-situ state of the rock mass and the mining path, the study of the instability and failure law of the surrounding rock during coal seam mining is important for surrounding rock support.
[image: Figure 1]FIGURE 1 | Stress diagram of the roof in coal mining.
Several scholars and experts have already studied the mechanical behavior and strength change law of rock under the action of mining. Lu et al. (2020) and Zhang et al. (2018) studied the deformation and failure of surrounding rock under different true triaxial stress paths under original rock stress conditions. Bai et al. (2019) used true triaxial equipment to study surrounding rock under excavation conditions and to investigate three-dimensional stress change and its failure law. Xie et al. (2011) and Peng et al. (2015) conducted the conventional triaxial unloading tests under the mining-induced stress for three types of typical mining layouts to investigate the mining-induced mechanical behavior of rock in front of the longwall panel. The results indicated that the energy dissipation during mining unloading was smaller than that in the conventional laboratory tests. Li and Sun, (2021), Yang et al. (2018), and Zhao J. et al. (2020) analyzed the excavation process with the help of laboratory tests and numerical simulation methods. They believed that mining disturbances would affect the stress distribution law, displacement, and failure law of surrounding rock, and local stress concentration would have a greater impact on crack propagation. Among them, it has obvious effects on crack propagation, rock failure mode and mechanical properties of mining or excavation (Gao et al., 2005; Ghamgosar and Erarslan, 2016; Yin and Chen, 2020).
To explore the influence of underground excavation activities on rock masses, scholars have carried out a lot of research on this topic from a dynamics or statics perspective. Yang and Hu, (2020) studied the crack initiation and crack propagation law under the condition of unloading of the confining pressure, and investigated their influence on rock fracture. Zhou and Bi. (2015) studied the impact of the unloading rate and dynamic parameters on the stress field and crack development law of surrounding rock during dynamic unloading. Through the triaxial compression test and numerical simulation. Cong et al. (2020) explored the influence of the unloading stress level on the failure mechanism of the specimen from macroscopic and microscopic perspectives. Li et al. (2020) and Tao et al. (2013) used LS-DYNA to simulate the unloading process of the rock under three-dimensional stress during the underground excavation process and analyzed the rock failure process from the perspective of energy release. Zhao et al. (2021) analyzed the changes of rock crack propagation and elastic modulus and Poisson’s ratio under cyclic loading and unloading. Liu et al. (2017) and Yan et al. (2020) analyzed the fatigue deformation modulus, and energy evolution and crack growth laws of jointed rock masses under loading and unloading conditions from the dynamic and static perspectives. Under different stress paths, the stress-strain curve, irreversible strain, elastic modulus, and Poisson’s ratio of the fractured rock mass show significant differences (Liu et al., 2017; Shi et al., 2020). In particular, the confining pressure has a significant effect on the expansion of the fracture and the macro-mechanical properties of the rock (Huang et al., 2016b; Liu and Dai. 2018; Yang and Zhang, 2020). However, these studies failed to represent rock behavior under mining-induced stress conditions.
In this research, we performed an experimental study to realize the influence of the inclination and size of a single crack on the mechanical properties of sandstone under complex stress paths. In this regard, we collected the acoustic wave velocity data in a damaged layer of sandstone to characterize the process of rock damage. Through the Geotechnical Consulting and Testing Systems triaxial rock testing system (GCTS RTX3000), the stress path of the surrounding rock during coal mining was designed to simulate the crack process of the cracked sandstone. In this way, the mechanical properties of the sandstone specimen with a single crack were examined, and the relationship between the width of the sandstone crack and the acoustic wave velocity was established. This is useful for assessing the impact of coal mining on the surrounding rock and engineering safety.
TEST METHODOLOGY
Sample Preparation
Sandstone samples were cut from a single block without visible cracks and processed into cylinders with a diameter of 50 mm and a height of 100 mm. The specimens were polished on both sides to ensure that they were flat, which met the requirements of the International Society for Rock Mechanics and Engineering. The cracks with different lengths and inclination angles were prefabricated in the center of the specimens, and the width of the cracks was 1 mm. In Table 1, D and H denote the diameters and heights of the specimens, respectively, and α and 2L indicate the inclination angle of the cracks and length of the specimens. Each experiment was conducted three times.
TABLE 1 | Physical properties of sandstone specimens.
[image: Table 1]Experimental Setup
The mechanical behaviors of the sandstone were examined using a stiff servo-controlled testing machine, GCTS Triaxial Rock Testing System (RTX-3000) (Figure 2A), which had a frame stiffness of 10 GN/m. The testing machine was equipped with a triaxial confining pressure cell of 210 MPa as well as linear variable differential transformers (LVDTs) for axial and circumferential strain measurements, and the maximum confining pressure can be loaded up to 70 MPa. A thermoplastic membrane was wrapped around the specimens during the tests. Moreover, the two axial extensometers that were fixed on black rings existing on the sides of the specimens were the axial strain LVDTs, and the central rim was the radial strain LVDT. The measurement range is from −6 to 6 mm, and the measurement error is less than 0.25%. Then external loads were applied to the specimens using the loading platens. After launching wave transducers that were mounted between the top and bottom platens, they received the P and S wave signals.
[image: Figure 2]FIGURE 2 | Test equipment and plan. (A) The true-triaxial module of GCTS triaxial rock testing system (RTX-3000). (B) The stress path of σ1 and σ3.
The test scheme was designed based on the 8,203 working face of the Datong Tongxin coal mine, Datong City, Shanxi Province, China. The initial rock stress of the immediate roof was 15 MPa σ1, σ2, and σ3 represent the three-dimensional stresses applied on the rock samples to simulate the stress state of rock mass during excavation. The hydrostatic pressure (σ1 = σ2 = σ3) was imposed with a rate of 3.0 MPa/min up to 15 MPa. Then σ1 was simultaneously raised to 22.5 MPa at the rate of 1.125 MPa/min, and σ3 was simultaneously reduced at the rate of 0.5 MPa/min. Finally, while reducing σ3 at the rate of 0.5 MPa/min, the stress σ1 was increased with a rate of 10 MPa/min until rock failure occurred (Figure 2B).
RESULTS
Stress-Strain Curves of Sandstone With Different Single-Crack Geometries
The stress-strain curves of sandstone with different single-crack geometries are depicted in Figures 3, 4, indicating relationships between [image: image] and [image: image] , [image: image], and [image: image]. It can be observed that the changing trend of the ([image: image]) vs [image: image] curves of the damaged and intact samples were similar and both underwent elastic deformation and yield failure.
[image: Figure 3]FIGURE 3 | Stress-strain curve of sandstone samples with different crack lengths and an intact sample: (A) deviator stress vs minimum principal strain; (B) deviator stress vs volumetric strain (A2, 60°, 10 mm; B2, 60°, 15 mm; C2, 60°, 20 mm; D2, 60°, 25 mm; B0, 0°, 15 mm; B1, 30°, 15 mm; B3, 90°, 15 mm).
[image: Figure 4]FIGURE 4 | Stress-strain curve of sandstone samples with different single-crack angles and an intact sample: (A) deviator stress vs minimum principal strain; (B) deviator stress vs volumetric strain (A2, 60°, 10 mm; B2, 60°, 15 mm; C2, 60°, 20 mm; D2, 60°, 25 mm; B0, 0°, 15mm; B1, 30°, 15 mm; B3, 90°, 15 mm).
As crack length increased during elastic deformation, the elastic limit decreased significantly (Figure 3A). For sandstone samples with different single-crack angles (Figure 4A), the elastic limits of sample B3 and the intact sandstone were essentially the same, revealing that when the crack angle was 90°, the elastic limit was insensitive to elastic deformation. However, it must be noted that some cracks likely propagated in sample B3 because of the stress concentration near the tips of the pre-existing single crack, which was clearly different from the initially intact sample. Sample B1 had the smallest elastic limit, and [image: image] and [image: image] changed most rapidly, resulting in a positive volume strain. This demonstrated that a crack angle of 30° was very influential on the mechanical properties of the sandstone.
During the failure stage, the sandstone deformation changed from purely elastic to elastic-plastic and the stress concentration near the tips of the pre-existing single crack became more apparent. Therefore, the ([image: image]) vs [image: image] curve deviated from elastic behavior and showed distinctly non-smooth stress-strain behavior, especially for samples with different crack angles (Figure 4A).
The [image: image] of the single-crack samples, especially the strain near [image: image], was smaller than that of the intact sandstone sample (Figures 3B, 4B). Furthermore, the degree of plastic deformation was reduced, which showed more obvious brittleness and suggested that the presence of the crack resulted in the transition of sandstone behavior from plastic ductile failure to plastic brittle failure under the unloading stage.
Failure Behaviors of the Sandstone Specimens
The failure modes of samples with different crack lengths were mostly X-shaped conjugate shear failure (Figures 5B–D). For sample A2, however, the crack angle deflected and became parallel to the direction of maximum principal stress during stress loading, resulting in the formation of a single shear failure surface that had three cracks at the crack tips: one shear crack and two tensile cracks. The crack initiation angle of θ is the angle between the pre-existing crack and the new crack, which is assumed positive anticlockwise and negative clockwise. The initiation angle θ of the tensile crack was 29° and that of the shear crack was 7° (Figure 5A). Figures 5B,C show the failure modes of samples B2 and C2. It can be seen that two tensile cracks and two shear cracks were formed at the crack tips where the θ ranged from 14° to 35° for the tensile crack and from −99° to −130° for the shear crack. Because [image: image] was large in sample D2, tensile cracks were inhibited. The failure mode of sample D2 was X-shaped coplanar shear failure that contained two shear cracks and one secondary coplanar shear crack appearing at the crack tips, and θ of the shear cracks ranged from −128° to −129°. Secondary coplanar shear crack initiated more easily from the tips of longer cracks (Figure 5D).
[image: Figure 5]FIGURE 5 | Failure modes of sandstone samples with a fixed crack angle of 60° and single crack lengths of (A) A2, 60°, 10 mm, (B) B2, 60°, 15 mm, (C) C2, 60°, 20 mm, and (D) D2, 60°, 25 mm.
Figure 6 displays the failure modes of samples with different single crack angles. Sample B2 underwent an X-shaped conjugate shear failure, but samples B0, B1, and B3 underwent a single shear failure just like the intact sample. Sample B0 produced two shear cracks at the crack tips and two tensile cracks parallel to the maximum principal stress at the crack tips and middle, where θ of shear cracks was between −64° to −71° (Figure 6A). However, samples B1 and B3 only produced two shear cracks at the crack tips and θ was between −100° to −156° (Figures 6B,D). The failure degree of samples B0 and B2 around the crack was complex and spalling was observed, suggesting that the stress distribution around the crack was complicated.
[image: Figure 6]FIGURE 6 | Failure modes of sandstone samples with a single crack length of 15 mm and crack angles of (A) B0, 0°, (B) B1, 30°, (C) B2, 60°, and (D) B3, 90°.
According to the above analysis, tensile and shear cracks were formed in single-crack samples under unloading conditions. The failure modes of samples containing single cracks included single shear failure, tensile-shear comprehensive failure, and X-shaped conjugate shear failure (coplanar and non-coplanar). As the length of the pre-crack increased, the failure modes were as follows: tensile-shear comprehensive failure, X-shaped non-coplanar shear failure, and X-shaped coplanar shear failure (Figure 5). In the loading and unloading test, when the axial pressure was close to the peak value, the shear cracks stopped propagating, but tensile cracks were generated at the tip of the prefabricated crack. As the axial pressure continued to increase, the shear cracks and tensile cracks began to propagate. Because the shear cracks propagated faster, a shear failure surface was formed in the specimen until it was broken, then the tensile crack stopped expanding. Because the prefabricated crack length in the specimen was different, the crack initiation angle and deflection angle were different, and the tensile crack propagation length was also different. When the prefabricated crack was longer (Figure 5D), it was easier to observe this phenomenon. The sample with a crack length of 25 mm showed an X-shaped coplanar shear failure. Figure 6 exhibits that with increasing crack angle, the variation magnitude of θ was about 30°. The crack angle influences the crack propagation and failure of the specimen. The failure modes of samples with different single crack angles were as follows: tensile-shear comprehensive failure, single shear failure, and X-shaped conjugate inclined plane shear failure.
DISCUSSION
Effect of Single-Crack Geometry on Sandstone Deformation Parameters and Strength
The loading and unloading stress paths show the trace of [image: image] stress during loading and [image: image] stress during unloading. The elastic deformation parameters should consider the effects of [image: image] and [image: image]. Gao et al. (2003) determined the elastic deformation parameters during loading and unloading deformation and failure by generalizing Hooke’s law as follows:
[image: image]
where E is rock specimen deformation modulus; μ is rock specimen Poisson’s ratio, and λ is lateral pressure coefficient, which is the ratio of confining pressure to axial stress.
Equation 1 is suitable for linear elastic deformation. When a sample passes through the yield point, the [image: image] . vs. [image: image] curve does not exhibit linear elastic deformation. The deformation modulus at the peak strength can be obtained by the ratio of the peak stress to the corresponding maximum principal strain as follows:
[image: image]
where ES is the deformation modulus of the peak strength, and [image: image] is the maximum principal strain at the peak strength.
Εt1, Εt2, and Ε50 are defined as elastic modulus in the first and second unloading stages and at 50% of compressive strength. The Εt1, Ε50, Εt2, and ΕS values of single-crack samples under loading-unloading test were calculated through Eqs. 1, 2 (Figures 7A,B). The following relationship was obtained during the loading and unloading stress paths: [image: image] . This was because the sandstone contained some primary pores that were compacted during the first unloading stage, resulting in the largest elastic modulus Εt1. In the second unloading stage, [image: image] increased, causing new cracks to rapidly form in the rock, and [image: image] also increased, leading to a smaller elastic modulus Εt2. As the samples entered the yield stage, their resistance to deformation was further weakened and the development of the pre-existing crack and micro-cracks experienced qualitative changes. That is, they expanded and integrated to form macroscopic cracks until the sample failed completely. Thus, the deformation modulus ΕS was the smallest at this stage.
[image: Figure 7]FIGURE 7 | Elastic and deformation moduli of samples containing single cracks for (A) crack length (B) crack angle.
The elastic and deformation moduli of the unloading stage generally decreased with increasing crack length (Figure 7A). A specimen with a crack length of zero is considered an intact specimen. One exception was the deformation modulus ΕS of sample A2 because the crack angle deflected under stress towards the maximum principal stress direction. For samples with different single-crack angles, the elastic and deformation moduli of the unloading stage initially decreased and then increased with increasing crack angle (Figure 7B).
Figure 8 presents the relationship between Poisson’s ratio (μ) and lateral pressure coefficient (λ) of cracked sandstones with different lengths and angles in the loading and unloading tests. The lateral pressure coefficient refers to the ratio of the horizontal compressive stress to the vertical compressive stress. During the test, as the axial stress increased and the confining pressure decreased, the lateral pressure coefficient gradually decreased. It can be observed that there was a large lateral deformation during the unloading process of the rock mass, thus, the Poisson’s ratio (μ) at the first unloading stage exceeded 0.5. In the elastic deformation stage, because of the small value of vσ1/vσ3 in the first unloading stage, the confining pressure unloading rate (vσ3) had a greater influence on Poisson’s ratio. At this time, the volume expanded because Poisson’s ratio had a nearly linear increase with decreasing lateral pressure coefficient. When vσ1 increased to a certain value, the axial loading rate suddenly increased to 10 MPa/min and entered the second unloading stage. At this time, the value of vσ1/vσ3 was 20, the value of (σ1 - σ1) increased rapidly, and σ1 became the primary factor that controlled the deformation of the specimen. Furthermore, the axial compression deformation increased significantly, and the transverse deformation changed less. The cracks generated in the previous unloading stage in the sample were compacted, and the sample volume gradually decreased. Moreover, the Poisson’s ratio decreased almost linearly with the decrease of the lateral pressure coefficient. With the increase of σ1 and the decrease of σ3, the lateral pressure coefficient gradually decreased, and the rate of decrease was faster than that of the first unloading stage. Furthermore, new cracks were generated in the sandstone sample, the sample changed from volume compression to volume expansion, and Poisson’s ratio increased rapidly. At this time, the sample was in the unsteady fracture development stage. Finally, the specimen had obvious expansion and shear failures.
[image: Figure 8]FIGURE 8 | Relationship between Poisson’s ratio (μ) and lateral pressure coefficient (λ) of the single-crack samples: (A) crack length (A2, 10 mm; B2, 15 mm; C2, 20 mm; D2, 25 mm); (B) crack angle (B0, 0°; B1, 30°; B2, 60°; B3, 90°).
Sample failure under the loading and unloading stress paths caused the volume to expand and the sandstone Poisson’s ratio to increase. Eq. 1 shows that Poisson’s ratio was not only related to lateral pressure coefficient but also to [image: image] and [image: image]. Furthermore, because [image: image] = [image: image] + 2 [image: image] , Poisson’s ratio and [image: image] were closely related (Figure 9).
[image: Figure 9]FIGURE 9 | Relationship between Poisson’s ratio and volumetric strain of the single-crack samples: (A) crack length (A2, 10 mm; B2, 15 mm; C2, 20 mm; D2, 25 mm); (B) crack angle (B0, 0°; B1, 30°; B2, 60°; B3, 90°).
According to the results presented above, the [image: image] vs. [image: image] curve in the first unloading stage only showed a volume expansion stage, while the second unloading stage exhibited a volume compression stage, a crack stable development stage, and a volume expansion stage. According to Figure 9, we concluded that the Poisson’s ratio vs [image: image] curve rebounded from the second unloading point, which was also consistent with the conclusion that volume compression led to a reduction in Poisson’s ratio. Figure 9 displays that shorter durations of the volume compression stage and crack stable development stage were associated with less rebound of the Poisson’s ratio vs [image: image] curve and the curve at the onset of the expansion in the second unloading stage was smooth (e.g., samples C2, D2, and B0). The rebound effect of the Poisson’s ratio vs [image: image] curve of sample B1 was the most obvious one (Figure 9B), which was because of the positive [image: image] value and clear volume compression in the volume compression stage. This also indicated that samples with a crack angle of 30° had the weakest resistance to axial compression. Therefore, we concluded that under the loading and unloading stress paths, shorter durations of the volume compression stage were associated with a decrease in the magnitude of Poisson’s ratio, and shorter durations of the crack stable development stage were associated with smooth curves at the onset of the expansion in the second unloading stage. Therefore, to ensure the stability of the surrounding rock, even when it is supported by payment, a reasonable support plan can be designed according to the deformation of the surrounding rock after the second pressure relief.
Relationship Between the Ultrasonic Velocity and Stress of Sandstone Specimens
Ultrasonic techniques are a non-destructive testing method that can effectively evaluate the mechanical properties of rocks (Zhu et al., 2020; Zuo et al., 2020). During the test, the travel time increment of the ultrasonic wave through a specimen is equal to the time increment when the cracks are filled with air. Based on the P wave velocity, the rock failure process can be characterized and analyzed, The equation which is commonly employed to calculate the crack width (w) as follows (Wang and Li, 2015):
[image: image]
where w is the total crack width (mm), the positive or negative value of w reflects the development of cracks in the sample, and the value of w can be understood as the cumulative value of the crack change in each wave speed test cycle, and its absolute value reflects the deformation of the sample; v is the wave velocity through the sandstone specimen during the test (m/s); v0 is the wave velocity through the sandstone specimen before loading (m/s); H is the height of the sandstone specimen (m), and va is the propagation speed of sound waves in the air (340 m/s). After performing a simple mathematical calculation, Eq. 3 can be written as follows:
[image: image]
Figures 10, 11 show the observed relationships between the crack width, ultrasonic velocities, axial stress, and axial strain. First, the width of the crack decreased rapidly, then it decreased at a slower rate, and the rate gradually decreased until it reached zero. At this time, the width of the crack remained constant. As the stress gradually changed, the crack width began to increase. The above process reflected the compaction stage and the elastic deformation stage of the sandstone specimen after it was loaded. Furthermore, the stable development stage, unstable crack development stage, and other processes of crack evolution were observed during the process. In the initial stage of the crack compaction, the cracks of sandstone specimens became closed quickly and the amount of crack closure was large. After the first stage of unloading of the confining pressure, the crack closure rate of the sandstone specimens was significantly reduced rapidly, and in the second stage of unloading of the confining pressure, the crack closure rate of the sandstone specimens showed a nonlinear decrease, and the initial crack closure rate was larger than the former and then gradually decreased. This was because the ratio of the axial loading speed to the confining pressure unloading rate became bigger after the second unloading. After the first unloading stage, as the sandstone became gradually compacted, it entered the elastic deformation stage, and the rate of crack width reduction decreased and tended to be zero. Figures 10, 11 show that when the crack propagation started from the crack stable point, the stress-strain curve was linear elastic. After this point, the microcracks began to develop continuously, and the stress-strain curve started to increase nonlinearly. This point was the yield point. After that, the unstable crack development stage began. At this time, the amount of cracking and closure of the newly generated cracks remained the same, and the crack width and wave velocity remained unchanged (Figures 10A–D, 11A–D). As the axial pressure increased, the confining pressure decreased, the stress difference gradually increased, and the cracks continued to expand and gradually accumulate. When the cracks developed towards the crack propagation point, the new crack and the original crack were connected, causing the specimen to rupture macroscopically, and the stress value corresponding to this point was the peak strength.
[image: Figure 10]FIGURE 10 | The relationship between axial stress and total crack width (A,B,C,D), and between wave velocity and axial strain (E,F,G,H) of cracked sandstone specimens with different inclination angles.
[image: Figure 11]FIGURE 11 | The relationship between axial stress and total crack width (A,B,C,D), and between wave velocity and axial strain (E,F,G,H) of cracked sandstone specimens with different lengths.
The length of the prefabricated cracks of the specimens in Figure 10 are all 15 mm, and the inclination angles are 0° (Figures 10A,E), 30° (Figures 10B,F), 60° (Figures 10C,G), and 90° (Figures 10D,H). It can be observed from Figure 10 that the strength of the rock mass was different under different inclination angles. As the inclination angle increased, the strength of the sandstone specimens first decreased and then increased, and the crack stabilization point and the yield point appeared at different time points, that is, the smaller the yield strength was, the later the crack stabilization point appeared. But in the earlier times, the two had a great degree of consistency. The crack propagation point strength was the peak strength of the specimen, and the corresponding axial stress strengths were 71.5, 66.5, 80.5, and 81.0 MPa, which were consistent with the actual measured values. At different inclination angles, the degree of axial strain change between the crack stabilization point and the crack propagation point was different. It first increased and then decreased, which was attributed to the brittleness of the rock. The inclination angles of the specimens in Figure 11 are all 60°, and the lengths of the prefabricated cracks are 10 mm (Figures 11A,E), 15 mm (Figures 11B,F), 20 mm (Figures 11C,G), and 25 mm (Figures 11D,H). The figure shows that with the increase of the length of the prefabricated crack, the peak strength of the specimen gradually decreased (95 MPa, then 80.5 MPa, then 72 MPa, and finally 69.5 MPa), which was in line with the reality. Besides, the proportion of the wave velocity stabilization stage (Figures 10, 11) reflected the brittle strength of the specimen. The larger the proportion was, the longer the duration of failure from yield to the peak was, indicating that the specimen was weaker and conformed to the law of rock brittleness (Chen et al., 2018). Based on this, we concluded that the law of strength change of the rock mass specimen can be predicted and analyzed according to the change of P wave velocity.
CONCLUSION
In this study, we experimentally investigated the strength, deformation, failure behaviors, and ultrasonic properties of sandstone under triaxial loading-unloading conditions. Based on the experimental observations, the following conclusions were drawn:
1) The sandstone elastic and deformation moduli reduced under the loading and unloading stress paths, which was not related to single-crack geometry and we had: [image: image] . In addition, as the crack length increased, the elastic and deformation moduli in each unloading stage diminished. As the crack angle increased, the elastic and deformation moduli at each stage first decreased and then increased. The relationship between variation of peak strength about sandstone and crack geometry was similar as above.
2) Under the loading and unloading stress paths, Poisson’s ratio was closely related to the lateral pressure coefficient and volumetric strain. The Poisson’s ratio underwent slow increases, then slow decreases, and finally, rapid increases with lateral pressure coefficient decreases. Shorter durations of the volume deformation stage were associated with a smaller decrease of Poisson’s ratio, and shorter durations of the constant volume stage were associated with smooth stress-strain curves at the onset of the expansion in the second unloading stage.
3) All samples suffered shear failure, and the failure mode of the samples became more complex with the increase of crack length. However, the failure mode of the sample does not change significantly with the increase of the crack angle.
4) The ultrasound P wave velocity was closely related to the crack development degree. When the wave velocity keeps stable, the crack development was in a dynamic equilibrium state. At this time, the velocity change rate was zero, and the specimen reached the stress yield limit, indicating that the specimen was compacted. Then the specimen experienced the wave velocity stabilization stage. The longer the duration of this stage was, the weaker the brittleness of the specimen was.
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In the seismic design and analysis of important structures, ground motion time histories are generally required as the input for the conduction of seismic response history analysis. Taking a selected spectrum as the target, the approaches for generating spectral compatible time histories based on artificial or synthetic ground motion and real recorded earthquake ground motion, respectively, are commonly used and discussed in this review. The pure artificial approaches have relative higher effectiveness and computational efficiency, while the approaches by adjusting the real records could simulate the nonstationary in both time domain and frequency domain.
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INTRODUCTION
With the rapid development of water conservancy and hydropower projects in China, large-scale hydropower projects have been constructed in southwestern China. Once an earthquake strikes, the collapse of large hydropower projects and related projects will lead to immeasurable consequences. Therefore, the seismic safety evaluation of major engineering structures is crucial. The methods that can be used for seismic safety evaluation and analysis mainly include pseudo-static method, response spectrum method and seismic response history analysis method (SRHA). Both the pseudo-static method and the response spectrum method cannot fully simulate the response of the structure in the earthquake process, and cannot reflect the effect of vibration duration. SRHA makes up for the shortcomings of the above methods and becomes an important means of seismic response analysis of important engineering structures (Cheng et al., 2021). The seismic design codes of major engineering structures require that the SRHA excited by seismic time histories be carried out in the design, so as to more accurately grasp the dynamic response characteristics of the structure. In SRHA, it is extremely important to reasonably determine the seismic ground motion input. Ground motion input is not only the premise of engineering seismic safety evaluation, but also the primary problem to be solved for engineering seismic safety. Seismic response time history analysis is the main time history analysis method for seismic design verification and seismic identification of major engineering systems, structures, and components.
At present, there are usually three main methods to obtain seismic time history input: 1) Linear scaling of real ground motion records; 2) Spectral compatible pure artificial (or synthetic) time histories; 3) Spectral compatible time histories based on real records. However, considering the limited number and geographical distribution of strong earthquakes recorded in history, there are few earthquake records that can be directly used for construction sites in engineering practice. And therefore, the artificial (or synthetic) ground motion and the adjusted ground motion based on real records are investigated by scholars. This paper aims to summarize and comment on the research methods proposed by domestic and foreign scholars and adopted by national norms in recent years, hoping to be beneficial to the follow-up research.
SPECTRAL COMPATIBLE PURE ARTIFICIAL TIME HISTORY
Random vibration theory are generally used in the generation of artificial ground motion to simulate the non-stationary characteristics of ground motion, and the synthesized ground motion is usually composed of sinusoidal function as the basis function. Jennings et al. (1968) first systematically introduced the synthesis method of time history. Firstly, a stationary random process was generated, and the user-specified envelope function is multiplied by the random process to obtain a non-stationary random process. Furtherly, the non-stationary random process was continuously iteratively adjusted in the frequency domain until the acceptable matching precision with the target spectrum was achieved. Levy and Wilkinson (1975) used the external envelope function of real ground motion to simulate some non-stationary characteristics of real ground motion. Preumont (1980) and Preumont (1984) used the probability model to generate the energy spectral density of the equivalent stationary Gaussian process with the same maximum response expectation as the target design spectrum. In this series of methods, Fourier series was used to represent the acceleration time history of ground motion. Based on the random vibration theory, the design ground motion time history matching with the target spectrum is generated, and various envelope functions or shape functions are used to simulate the non-stationary characteristics of real ground motion records.
The artificial synthetic ground motion time history can also be obtained from the source models considering the propagation path and site effect. Beresnev and Atkinson (1997) and Beresnev and Atkinson (1998) assumed a [image: image] spectrum and specified the duration length and attenuation model, so that it propagated to the specified observation point. The program can generate ground motions under hard rock site conditions and obtain ground motions with frequency-dependent site method coefficients. Boore (2003) simulated ground motion by combining the parametric or functional description function of amplitude spectrum of ground motion with the random phase spectrum related to earthquake magnitude and epicentral distance. Giaralis and Spanos (2009) obtained simulated non-stationary seismic motions by using the stochastic dynamic method based on wavelet technology. Zeng et al. (1994) used the composite source model of the convolution of the synthetic Green’s function to simulate the seismic generation process of complex geological rupture. However, due to the uncertainty of source parameters of historical earthquakes, the generated ground motion has high sensitivity.
The actual recorded ground motions are quite complex, which are affected by source characteristics, rupture process, source propagation path and local site conditions. Although it is convenient to describe ground motion with a small amount of parameters, such representation for earthquake ground motion are incomplete. Since there are not enough real ground motion records available in many regions of the world, many scholars have devoted themselves to the study of adjusting the design spectrum of real ground motion records matching targets.
SPECTRAL COMPATIBLE TIME HISTORY BASED ON REAL RECORDS
Domestic and foreign scholars have proposed a variety of methods to obtain seismic design ground motion by matching with design response spectrum of real seismic records, including the methods based on time-frequency domain transform and inverse transform, the methods based on time domain superposition of adjustment function, and the methods based on components decomposition.
Methods Based on Time-Frequency Domain Transform and Inverse Transform
Fourier transform and wavelet transform are the most commonly used time-frequency domain transform to adjust natural ground motion in the frequency domain. The Fourier transform method (Tsai, 1972) is to apply the suppression filter or overlay the corresponding sine wave in the time domain at the specific frequency where the response spectrum is higher or lower than the target response spectrum value to achieve the purpose of adjusting the response spectrum. Mukherjee and Gupta (2002) and Kaveh and Mahdavi (2016) introduced wavelet transform to transform seismic records into frequency domain, and adjusted the amplitude of different frequency domain components, which can retain the local time-frequency characteristics of the original earthquake. However, the method of adjusting ground motion time history in frequency domain cannot well describe the instantaneous characteristics of ground motion time history.
Methods Based on Superposition of Adjustment Functions
In the method of superposition correction function in time domain, the earliest Kaul (1978) continuously adjusted the local amplitude at a certain time in time domain to improve the fitting accuracy of response spectrum and target spectrum. Abrahamson (1992) used tapered chord wavelet function to locally adjust the time history of ground motion in time domain, but the addition of this wavelet function requires reference to baseline correction method to eliminate the introduced offset. Hancock et al. (2006) solved the time-history shift by using improved sine wavelet function. In order to improve the effectiveness and computational efficiency of the matching process, Al Atik and Abrahamson (2010) put forward an improved tapered cosine wavelet function [image: image],
[image: image]
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where [image: image] is the peak occurrence time of wavelet, [image: image] is a frequency dependent coefficient for adjusting duration of wavelet, which can generate time history matching with the target spectrum, and improve the computational efficiency, stability and effectiveness of adjustment, as shown in Figure 1.
[image: Figure 1]FIGURE 1 | General flowchart for wavelet-based spectrum matching (Hancock et al., 2006).
The wavelet-based spectrum matching method has the advantage of high efficiency and less changing of the original earthquake ground motion. However, the time-domain superposition adjustment function often needs to shift the frequency-domain information to the time-domain, sometimes making the time-domain information pulse, resulting in ground motion distortion; each iteration is only for a specific damping or frequency, which is easy to affect the fitting accuracy of damping or frequency, and the matching process often has the “waterbag effect”.
Methods Based on Components Decomposition
Compared with the superposition of irrelevant adjustment functions on ground motion, the spectral characteristics of natural ground motion can be less disturbed by adjusting the frequency component of ground motion itself. Ni et al. (2011), Ni et al. (2013) and Li et al. (2016) used Hilbert-Huang transform (HHT) to decompose the initial ground motion into a set of modal functions with non-overlapping frequency bands, and adjusted the amplitude of each modal function to match the target spectrum by optimization procedures. Amiri et al. (2009) introduced the wavelet packet method to decompose the ground motion into a high-frequency non-overlapping wavelet packet coefficient matrix, and proposed a fast and stable convergence matching method.
Li et al. (2017) introduced the eigenfunction of a six-order eigenproblem as basis to expand earthquake ground motion. Yang et al. (2019) and Yang et al. (2021) proposed an iterative procedure based on eigenfunction expansion by considering the influence on the response spectrum [image: image] from all other frequency components by
[image: image]
in which [image: image], [image: image] is the basis function. Numerical examples showed a tighter matching with the target spectrum and relative less variability in structural response compared to wavelet-based method.
Novel Methods Combining Intelligent Optimization Algorithms
The process of spectrum matching can also be seen as an optimization problem to find the most matching time history with the target design spectrum. With the rapid improvement of computer hardware level, a variety of intelligent optimization algorithms are also booming, including neural network (Amiri and Bagheri, 2008; Ghaffarzadeh et al., 2013; Izadi and Mohammadi, 2016), particle swarm optimization (PSO) (Amiri et al., 2012; Fakhrmoosavy et al., 2018), genetic algorithm (Naeim et al., 2004), stochastic neural network (Lin and Ghaboussi, 2001; Rajabi and Amiri, 2020) and so on, which are widely used in ground motion simulation in earthquake engineering. Rajasekaran et al. (2006) proposed five neural network models to generate artificial ground motions and response spectra for sites with less real ground motion records using wavelet transform and principal component analysis. Amiri et al. (2012) proposed a method by using PSO algorithm to optimize the network weights, using wavelet packet transform technology for multi-layer feedforward neural network method to generate near-field artificial ground motion acceleration time history matching with the target spectrum, the flowchart of which is shown in Figure 2.
[image: Figure 2]FIGURE 2 | Flowchart for the method using PSO-based neural network (Amiri et al., 2012).
The utilization of intelligent algorithm is able to effectively capture the important properties of real accelerograms such as pulse period, energy, amplitude, and frequency content of ground motions and generate ground motions compatible with different design spectra if appropriate training data are provided.
CONCLUSION
Seismic ground motion is a key input in the seismic response history analysis for crucial engineering structures, systems and components. With the enrich of earthquake records database, conducting structural time history analysis based on real records has become an inevitable trend. With the development of analytical methods and computation level, various approaches with high computational efficiency, matching accuracy and complex computation theory come out. In view of the current research status, the authors believe that the following research needs to be further strengthened:
(1) For the seismic analysis of crucial structures or hydropower stations with components or equipment, it is important to provide seismic ground motion time histories that are compatible with the target spectra with different damping ratio.
(2) More factors could be involved as evaluation index for simulating ground motion in SRHA, including performance-based index of structural response, structural characteristics, etc.
(3) Although the existing methods are capable of generating time histories matching well with the spectra, the simulation of ground motion nonstationary is not reasonably solved yet. The application of intelligent algorithms on the ground motion simulation is promising if the database is sufficient.
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The method to determine the active earth pressure and critical width for finite soil behind the retaining wall in mountainous areas is one of the concerns of geotechnical engineering. In order to study the active earth pressure distribution of the finite soil against the retaining wall and determine the critical width of the boundary between the finite soil and the semi-infinite soil, this study focuses on investigating a retaining wall with finite cohesionless backfill. The shape of the failure surface is assumed to be a cycloid passing through the heel of the wall in the limit equilibrium state. Considering the deflection of soil principal stress induced by wall–soil friction effect, a calculation method of active earth pressure for finite soil is proposed by using an arc-shaped small principal stress trajectory, and the rationality of this method is verified. On this basis, a calculation formula of the critical width for finite soil is proposed. The influence of the internal friction angle and the wall–soil friction angle on the critical width of finite soil is examined. The results indicate that the active earth pressure of finite soil presents a nonlinear drum distribution along the height of the retaining wall under the failure mode of the cycloidal surface. The maximum value of active earth pressure is close to the bottom of the wall. The critical width of finite soil decreases with the increase of the internal friction angle, and its variation rate decreases gradually. The critical width of finite soil increases with the increase of the wall–soil friction angle, and its variation rate also increases gradually. Under different internal friction angles and wall–soil friction angles, the critical width values of finite soil calculated by the assumption of the cycloidal failure surface are smaller than those calculated by the Coulomb earth pressure calculation method.
Keywords: active earth pressure, cycloidal failure surface, finite soil, critical width, geotechnical engineering
INTRODUCTION
At present, the classical earth pressure theory is widely used to calculate earth pressure in the design of retaining walls, and one of the prerequisites is that the soil behind the wall is a semi-infinite space body. In mountain road engineering, due to the influence of geology, topography, and boundary line of the land, many retaining walls are close to the stable rock strata, and a large number of foundation pits in the cities are also close to the buildings (Huang et al., 2021; Huang et al., 2022). Under the aforementioned scenarios, the soil behind the wall should be considered finite, and the boundary conditions and failure modes are obviously different from the semi-infinite soil. Furthermore, the basic assumption of classical earth pressure theory is that the slip surface behind the wall is a plane surface, but a large number of model tests and practical projects have proved that the slip surface should be curved (Liu et al., 2021; Huang et al., 2021). The reasonable value of soil pressure is an important basis for the design of retaining walls. If the classical soil pressure theory is still used to calculate the size and distribution of active soil pressure of finite soil, it will inevitably increase the error of the design, which may affect the safety of structures in serious cases. Therefore, it is necessary to determine the critical width of finite soil and subsequently seek a method to calculate the active earth pressure of finite soil.
Several scholars have studied the soil pressure of finite soil in various aspects. Wang et al. (2016) derived the expression of soil pressure of non-cohesive finite soil by using the horizontal thin-layer element method. The results illustrated that the ultimate failure angle of finite soil varied with the parameters. Hu et al. (2018) derived the soil pressure calculation method of finite width soil under limit state based on the plastic upper limit theory of soil, considering the frictional energy consumption between the retaining wall and the building–soil interface. Handy (1985) derived the soil pressure distribution curve behind the wall by assuming a suspended chain linear principal stress trajectory line between two parallel walls. The shape of the principal stress trajectory to arc curve was simplified to derive the calculation formula of active earth pressure of a rigid retaining wall by assuming the retaining wall surface and the sliding surface as two arch feet in Rankine’s theory (Paik and Salgado, 2003). Liu (2018) considered the shear stress between the horizontal soil layers in the sliding soil wedge behind the wall. The horizontal differential layer method was applied to analyze the stress. Meanwhile, the equilibrium control equation was established, and the theoretical expression of active earth pressure with nonlinear distribution was obtained. Zhao and Zhu (2014) solved the lateral earth pressure coefficients based on the principal stress rotation concept, from which the active earth pressure solutions for finite soils were derived. Xu et al. (2019) derived the distribution of soil pressure by assuming the minor principal stress trajectory as circular, catenary, and parabola. Xu et al. (2020) studied a finite range of cohesive soils behind the retaining wall and obtained the theoretical expression of active earth pressure for finite soil, considering the soil arching effects. The distribution law of lateral earth pressure on the wall side of the retaining wall under the active translation mode was investigated by the model test, and the arch effect behind the retaining wall under the active translation mode was verified (Khosravi et al., 2013). The soil arching effect was considered to calculate the finite soil pressure between two parallel retaining walls with cohesive fill. The results indicated that the earth pressure without considering the soil arch effect is on the dangerous side according to the conventional method (Wu et al., 2014).
The aforementioned studies assume that the failure mode of soil is a linear failure, and the results of multiple model tests show that the slip surface of soil behind the wall is curved (Yang et al., 2016; He et al., 2020). He et al. (2020) studied the development laws of displacement and shear strain in the process of active failure of soil using particle image velocimetry technology and translational model tests of rigid retaining walls with different aspect ratios. According to the test results, the final soil sliding surface is composed of two parts: the plane presented π/4+φ/2 with the horizontal plane in the range of 0.815–1.0 H and the sliding surface in the range of 0–0.815 H, which is a surface between the Coulomb sliding surface and the logarithmic spiral. An experimental study on the soil pressure for finite width non-cohesive soil behind a rigid retaining wall was carried out (Yang et al., 2016). The results show that the failure surface of the soil with finite width is a continuous surface. Cao (1995) studied the distribution of soil pressure behind the retaining wall by assuming the generation of a cycloidal failure surface in the semi-infinite soil. Yang et al. (2017) assumed the sliding surface of semi-infinite soil as a cycloidal line to study the soil pressure distribution behind the retaining wall by considering the soil arching effect. The slip surface curve of the semi-infinite soil behind the wall with a vertical back and horizontal surface was proposed as a logarithmic spiral under the limit state. The corresponding active earth pressure calculation formulas were also derived (Wang et al., 2011). Greco. (2013) studied a finite width retaining wall with non-cohesive soil fill. The failure mode of multi-line soil was proposed, and the finite width soil pressure was calculated by the limit equilibrium method. The slip surface curve of the finite soil behind the wall was considered a logarithmic spiral, and the corresponding active earth pressure calculation formula was proposed (Yang et al., 2017; Yang et al., 2020). However, the theoretical fracture angle was not given. The results found that the initial fracture angle of the finite soil slip surface with different width-to-height ratios could be taken as π/4+φ/2 with partial safety.
From the aforementioned studies, it can be concluded that when the soil behind the wall is finite, the calculation of soil pressure by using the curve slip surface is more in line with the actual situation. Therefore, in order to calculate the distribution of active earth pressure of finite soil more reasonably and explore the value of the critical width between finite soil and semi-infinite soil, this article assumes that the sliding surface of the soil is a cycloidal line, considering the influence of principal stress deflection of soil. The function expression of the sliding surface of the cycloidal line and the critical width of finite soil is obtained by calculation. Meanwhile, the corresponding calculation method of active earth pressure of finite soil is proposed. The influence of the internal friction angle and wall–soil friction angle of finite width soil on the critical width of finite soil is discussed in depth, which can provide design reference for the retaining wall design of related projects in the future.
THEORETICAL ANALYSIS OF ACTIVE EARTH PRESSURE
Mechanical Model of Earth Pressure
As shown in Figure 1, a schematic diagram is established with finite soil as the research object, with the retaining wall on the left, the bedrock on the right, and non-cohesive soil between them. The width of the finite soil is X. The internal friction angle of the soil is [image: image]. The gravity is [image: image]. The buried depth of the retaining wall is Z1. The external friction angle of the soil is [image: image]. The distance between the intersection of the bedrock and sliding surface and the ground is Z2. The external friction angle of the soil is [image: image]. When the soil reaches the limit equilibrium state, a curve slip surface through the bottom of the wall is formed within the soil. H is the height of the slip surface. [image: image] is the angle between the tangent of any point of the slip line and the horizontal line. According to the different boundary conditions, the finite soil is divided into I and II zones.
[image: Figure 1]FIGURE 1 | Mechanical model of earth pressure.
The following assumptions are made to simplify the theoretical derivation:
1) The finite soil behind the wall is a single soil layer, which is homogeneous and non-cohesive.
2) It is assumed that the supporting structure only moves in the plane, and each section of the supporting structure remains a complete plane along the transverse direction, which is perpendicular to the longitudinal direction.
3) Ignore the effect of the supporting structure weight.
4) The slip surface passes through the bottom of the retaining wall structure.
Assumption of the Soil Sliding Surface
If the classical earth pressure theory is used to calculate the active earth pressure, one of its assumptions is that the sliding surface is a straight line passing through the bottom of the wall. However, the experiments and theories of some scholars proved that the sliding surface of active earth pressure is not a straight line. A number of nonlinear sliding surface models have been proposed by many scholars, such as cycloidal lines (Cao, 1995; Yang et al., 2017), logarithmic spiral curves (Wang et al., 2011; He et al., 2020), and folding lines (Greco, 2013). In this study, it is assumed that when the retaining wall is in limit equilibrium, the soil in the active zone behind the wall produces a cycloidal line slip surface through the heel of the wall as shown in Figure 2.
[image: Figure 2]FIGURE 2 | Cycloidal failure surface.
The right-angle coordinate system is established as shown in Figure 2. The equation of the cycloidal line can be expressed as:
[image: image]
where R1 is the radius of the rotating wheel, and θ is the rotating angle.
When the cycloidal line passes through the wall toe, [image: image], the radius of the rotating wheel can be obtained as:
[image: image]
where [image: image] is the initial rotating angle of the cycloidal line.
Thus, the height of the cycloidal line slip surface can be obtained as Eq. 3:
[image: image]
If [image: image], it indicates that the sliding surface of soil reaches the ground within the range of finite soil, which is semi-infinite at this time. Take [image: image], then R1 is calculated by the second equation in Eq. 4:
[image: image]
The rotating angle θ at any point on the slip surface is shown as:
[image: image]
The slope of any point on the slip surface tanψ is shown in Eq. 6:
[image: image]
The angle between the tangent and horizontal direction at any point on the slip surface ψ is shown as:
[image: image]
Stress Analysis of Soil
With the lateral displacement of the retaining wall during the active failure of the soil, the soil and the back of the wall produce relative slip. The friction between the wall and the soil deflects principal stress of the soil element. After the soil element is deflected, the curve formed by the principal stress direction is called the principal stress trajectory. The principal stress trajectory is generally a catenary curve. Paik and Salgado (2003) compared the catenary trajectory line with the arc trajectory line. The results show that the difference between the two calculation results is not significant. Meanwhile, the circular arc is simpler than the catenary calculation, which is more convenient for practical application. Therefore, this study adopts the circular arc for stress analysis.
Layer AB of Zone I is shown in Figure 3, and layer AB of Zone II is shown in Figure 4. The length is Lz. When the soil after the retaining wall reaches the active limit equilibrium state, the stress deflection occurs in AB, which forms a circular arc minor principal stress trajectory. The center of the circle is located at point O in the figure. The radius is R2. The angle between the connection line of any point D in the arc and the center O in the horizontal direction is ε. The angle between AO and the horizontal direction is εA. The angle between BO and the horizontal direction is εB.
[image: Figure 3]FIGURE 3 | Trajectory of minor principal stress of Zone I
[image: Figure 4]FIGURE 4 | Trajectory of minor principal stress of Zone II
When active failure occurs at point D, the horizontal [image: image] and vertical stresses [image: image] can be expressed as (Zhu and Zhao, 2014):
[image: image]
[image: image]
where [image: image] is the angle between major principal stress and horizontal direction.
The vertical force of point D, i.e., [image: image] is shown as:
[image: image]
The relationship between the radius of small principal stress traces R2 and the distance Lz between the two points AB is as follows:
[image: image]
It can be seen from Figure 5 that the angle between the minor principal stress at point A and the horizontal direction is εA. The angle between the minor principal stress at point B and the right tangent is εB.
[image: Figure 5]FIGURE 5 | Mohr’s circle of stress at point A.
When AB is located in Zone I:
[image: image]
[image: image]
[image: image]
[image: image]
When AB is located in Zone II:
εA is the same as in Zone I, εB is equal to the sum of the angle between the minor principal stress at point B and the tangential direction of the slip surface, and the angle between the tangential direction of the slip surface and the horizontal direction, namely,
[image: image]
In the calculation of earth pressure on retaining walls by the horizontal differential layer method, the active lateral earth pressure coefficient [image: image] is the ratio between [image: image] and vertical average stress [image: image].
The following equation can be deduced:
[image: image]
It can be seen from Eq. 17 that when the horizontal differential layer is located in Zone I, [image: image] is a fixed value; when the horizontal differential layer is located in Zone II, it changes with the slope of the slip line, namely, [image: image] changes with the rotation angle of the cycloidal line.
Calculation of Active Earth Pressure
A horizontal differential element layer at z from the ground is taken, and the equilibrium equations are established for analysis according to the different stresses on the soil in Zone I and Zone II. Assuming that there is no relative slip between the horizontal differential layers of soil, namely, the shear stress between layers is not considered.
The mechanical model is shown in Figure 6 when the horizontal differential layer is located in the soil of Zone I, [image: image]. [image: image] is the average vertical stress acting on the upper surface of the differential element, [image: image] is the average vertical stress acting on the lower surface, [image: image] is the horizontal stress of the retaining wall structure side, and [image: image] is the horizontal stress of the bedrock side. The thickness of the differential horizontal element is [image: image], and the volume is [image: image].
[image: Figure 6]FIGURE 6 | Microelement mechanical model of Zone I.
According to the balance of forces in the horizontal direction, Eq. 18 can be obtained:
[image: image]
According to the balance of stresses in the vertical direction, Eq. 19 can be obtained:
[image: image]
Combining Eqs 17–19:
[image: image]
Differential Eq. 21 can be obtained:
[image: image]
The horizontal earth pressure is:
[image: image]
When the horizontal differential layer is located in Zone II, [image: image]. The mechanical model is shown in Figure 7. [image: image] is the average vertical stress acting on the upper surface of the differential element. [image: image] is the average vertical stress acting on the lower surface. [image: image] is the horizontal stress acting on the side of the retaining wall. [image: image] is the reaction of soil to the differential element. [image: image] is the internal friction angle of the soil. [image: image] is the angle between the tangent of the slip surface at the differential unit and the horizontal direction. The thickness of the differential unit is [image: image]. The volume is [image: image].
[image: Figure 7]FIGURE 7 | Microelement mechanical model of Zone II.
The top width of the differential element can be calculated as:
[image: image]
The bottom width of the microelement can be calculated as:
[image: image]
The microelement weight can be calculated as:
[image: image]
Omitting the higher order differential, we get:
[image: image]
According to the balance of stresses in the horizontal direction, the following equations can be obtained:
[image: image]
[image: image]
According to the balance of stresses in the vertical direction, the following equations can be obtained:
[image: image]
[image: image]
The Eq. 31 can be obtained by combining Eq. 17.
[image: image]
The horizontal earth pressure is shown as follows:
[image: image]
For a given soil and retaining wall, parameters [image: image], [image: image], [image: image], and [image: image] are known. [image: image] is unknown. However, due to a large number of parameters, it is difficult to obtain the analytical solution in the aforementioned derivation process of active earth pressure. This study adopts MATLAB software to calculate by the numerical method, and the specific calculation process is as follows:
1) Assuming an initial rupture angle, according to Eq. 1.
2) The height [image: image] of Zone I, the height [image: image] of Zone II, the radius of the rotating wheel [image: image] in Zone II, and the angle [image: image] between any point and the horizontal direction can be calculated by Eqs 2–7.
3) Assuming that the depth z of the layer changes from 0 to Z1, and each layer’s thickness is [image: image].
4) The lateral earth pressure coefficient [image: image] of each layer of the differential element layer is calculated by Eq. 17.
5) The horizontal earth pressure of the first layer of the differential element layer in Zone I is calculated by the boundary condition, and the horizontal earth pressure of each element in Zone I and Zone II is calculated again through Eqs 22, 32.
6) Calculate the total earth pressure stress by [image: image].
7) Changing [image: image] can obtain different [image: image], which can draw the [image: image]-[image: image] curve. The first extreme point [image: image] of earth pressure is the initial angle of the slip surface.
MODEL TEST VERIFICATION
Yang et al. (2020) conducted a model test on the active earth pressure of sand with finite width. The model parameters are as follows: dry density of non-cohesive filler is [image: image], internal friction angle is [image: image], and [image: image]. There is no load on the fill surface, and the height of the soil behind the retaining wall is 1.3 m. The width of the finite soil is 0.16 and 0.36 m.
Figure 8 shows the comparison between the theoretical solution of finite soil and the experimental value. Compared with the experimental value, the theoretical value obtained by the method proposed in this study is generally in good agreement. The trend of variation is also more consistent. The bottom soil pressure strength is slightly different from the test results, which may be due to the influence of the bottom boundary conditions of the test. The aforementioned soil pressure distribution curve leads to the following conclusions: when the soil behind the wall is limited, the horizontal soil pressure intensity on the retaining wall is a nonlinear drum distribution. The maximum strength value appears near the bottom of the wall.
[image: Figure 8]FIGURE 8 | Comparison of lateral earth pressure.
Take and Valsangkar. (2001) performed a centrifuge model test in which both the retaining wall back and rock surface were in the vertical direction. The maximum and minimum dry densities of non-cohesive fillers were 1.62 g/cm3 and 1.34 g/cm3, respectively. Their relative compactness was 79%. The internal friction angles corresponding to the peak value and the critical state were 36° and 29°, respectively. In the test, the peak value of the wall–soil friction angle was 25°, and the critical value was 23°. The acceleration adopted in the test was 35.7 g (where g is the gravity acceleration). As a result, the retaining wall model with a height of 140 mm in the test after centrifugal amplification was equivalent to the retaining wall with a height of 5 m in reality. The limited filling widths are L = 15 and 38 mm, which are equivalent to the filling widths b = 0.54 and 1.36 m. In this study, the calculation and model tests are compared.
It can be seen from Figure 9 that the theoretical value of finite soil pressure strength calculated in this study is close to the experimental value. The range of the maximum value is also the same. The results are similar in the depth range of 2∼4.5 m, but the experimental value in the depth range of 0.5∼1.5 m has a large discreteness, which is different from the theoretical value. More finite soil centrifuge tests are needed to verify.
[image: Figure 9]FIGURE 9 | Comparison of lateral earth pressure.
CRITICAL WIDTH OF FINITE SOIL
Determination of the Critical Width
Geotechnical engineering is concerned with determining the critical width of finite soil. The width calculated by the Coulomb earth pressure theory is commonly used as the critical value by most researchers. However, the critical width of the soil is not accurate because the Coulomb earth pressure assumes that the sliding surface behind the wall is straight.
Based on this, after deriving [image: image] by the aforementioned method, the slip crack surface width X0 can be deduced as:
[image: image]
This study selects the retaining wall height of 10 m, the filling weight of 14.6 kN/m3, and the filling surface without load as examples to investigate the influence of various parameters on the critical width of finite soil.
Effects of the Internal Friction Angle
The wall–soil friction angle is taken as a fixed value [image: image]. The internal friction angle is varied for analysis. The critical slip surface of the finite soil and semi-infinite soil is shown in Figure 10. The corresponding critical widths of the finite soil are 5.41, 4.63, 4.08, 3.56, and 3.11 m. At this time, the critical widths calculated according to the Coulomb earth pressure theory are 6.75, 5.92, 5.18, 4.52, and 3.92 m. It can be seen that when the internal friction angle increases, the critical width of the finite soil decreases gradually. The change rate also decreases gradually. The critical width value obtained by this method is obviously smaller than the calculated value of Coulomb earth pressure.
[image: Figure 10]FIGURE 10 | Influence of the internal friction angle on the slip surface.
Effects of the Wall–Soil Friction Angle
The internal friction angle is taken as [image: image] and the wall–soil friction angle is taken as [image: image] for analysis. The critical slip surface of the finite soil and semi-infinite soil is shown in Figure 11. The corresponding critical widths of the finite soil are 3.89, 4.08, 4.42, and 5.05 m, respectively. At this time, the critical widths calculated according to the Coulomb soil pressure theory are 4.94, 5.18, 5.42, and 5.67 m. The results show that when the wall–soil friction angle increases, the critical width of the finite soil gradually increases, and the change rate gradually increases. The critical width of finite soil is smaller than the Coulomb theoretical value under different wall–soil friction angles.
[image: Figure 11]FIGURE 11 | Influence of the friction angle between the wall and soil on the slip surface.
CONCLUSION
This study derives the soil pressure distribution of non-cohesive soil with finite width behind the retaining wall based on the assumption that the soil behind the retaining wall has a cycloidal slip surface. The following conclusions can be drawn:
1) For the case of finite non-cohesive soil behind the retaining wall, a method for calculating the active earth pressure of soil with finite width is proposed based on the failure mode of the cycloidal line sliding surface passing through the wall toe caused by the translation of the retaining wall. This method considers the principal stress deflection induced by the friction between the wall and the soil and assumes that the trajectory of the minor principal stress is a circular arc.
2) According to the theoretical equations, the distribution law of active earth pressure of finite soil is obtained. When the retaining wall moves horizontally, the soil pressure of the finite soil behind the wall presents a nonlinear drum distribution along the height direction of the retaining wall. The maximum soil pressure distribution is close to the bottom of the wall.
3) The calculation method of the critical width of finite soil is proposed. The critical width of a retaining wall decreases as the internal friction angle of the soil increases during the translation process and increases with the increase of wall–soil friction angle. The critical width of finite soil obtained by this method is smaller than the critical width value calculated by the Coulomb earth pressure theory.
4) This study analyzes the earth pressure of the non-cohesive soil and rigid retaining wall. In practical engineering, there may be cohesive soil or multi-layer soil behind the wall. Meanwhile, there are also many flexible retaining walls. Subsequently, the earth pressure distribution of finite soil will be further investigated in the case of flexible retaining wall structure and clay filling.
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Staged treatment in vertical wells is extensively applied in layered formation to obtain commercial exploitation of hydrocarbon resources. Large-sized heterogeneities always exist between multiple hydraulic fractures in different layers. To reveal the interference of multiple hydraulic fractures in layered formation, a series of numerical investigations were conducted based on the cohesive zone finite element method. The results show that the sole stress interference is too small to exert an effective impact on adjacent pay zones, which is quite different from those in horizontal wells. The flow distribution in one pay zone can reach 56.2%, which is more than five times the magnitude of the least 10.5% during the fracturing in three pay zones. The fracture size heterogeneities are mainly caused by the interference of the fluid flow into multiple perforation tunnels in different pay zones. To further clarify how the flow distribution in the pay zones is affected, five related factors, including perforating thickness, pay zone thickness, rock permeability, minimum horizontal stress of the pay zone, and rock strength, are analyzed. The results show that it is through the manner of flow distribution adjustment in each pay zone that the five factors affect the fracture size. This study is of critical importance to clarify how the multiple hydraulic fractures from vertical wells interfere in layered formation and explain why the hydraulic fractures we get in the field are far away from what we want ideally.
Keywords: multiple hydraulic fractures, stress interference, layered formation, flow distribution, numerical investigation
INTRODUCTION
Hydraulic fracturing has become a common practice to enhance hydrocarbon recovery in oil and gas production. Hydrocarbon reservoirs are typically sedimentary rock, which is characterized by multiple layers. These layers can form with different lithologies, such as sandstone interbedded with mudstone (Nordiana et al., 2019). They can also exhibit a large difference in size, from millimeters to kilometers (Nagel et al., 2013). Particularly, a large number of natural weaknesses in layered formation, such as beddings and pre-existing cracks, make the rock properties quite different from those in homogenous rock (Chang et al., 2016; Li et al., 2017; AlTammar et al., 2019; Ham and Kwon, 2020). Therefore, a deep understanding of how the hydraulic fractures propagate in layered formation is especially necessary, which is beneficial to the fracturing design and implementation on site.
Although numerous studies have been conducted to investigate this issue (Zhu et al., 2015; Oyedokun and Schubert, 2017; Zhu et al., 2018; Douma et al., 2019; Ju et al., 2019; Salimzadeh et al., 2019; Pan et al., 2020; Mu et al., 2021; Tan et al., 2021), it is still a difficult task to clearly figure out the definite characteristics of multiple vertical hydraulic fractures in layered formation. Generally, a vertical hydraulic fracture is eagerly expected to be contained in the pay zone without penetrating the interlayer in the vertical direction (Xing et al., 2018; Wan et al., 2020). This is because all the related input into the interlayers that are born with little or no hydrocarbon resource, including the treatment material, effort in equipment, and power, will be considered wasteful. However, whether the hydraulic fracture can penetrate the interlayer relies on multiple factors, including both the geological conditions and treatment conditions. A large contrast in minimum horizontal stress between the interlayer and pay zone is confirmed by many studies to be the main factor in controlling fracture height (Huang and Liu, 2017; Zou et al., 2018; Gutierrez Escobar et al., 2019; Qin et al., 2021). Hydraulic fractures can always penetrate an interlayer with a small minimum horizontal stress in the vertical direction. Moreover, a weak interface between the pay zone and interlayer has also been demonstrated to be another important factor in controlling the fracture height because hydraulic fracture always tends to deflect into the interface to form a “T”-shaped fracture (Dehghan et al., 2015; Guo et al., 2017; Vahab et al., 2021). Furthermore, a higher pump rate or larger fluid viscosity, which is beneficial to build a higher net pressure, is proven to facilitate hydraulic fracture propagation into the interlayer (Yao, 2012; Chuprakov et al., 2014). Other factors, such as formation elastic modulus, rock brittleness, permeability, and pore pressure, are also proven to affect the propagation behavior of vertical hydraulic fracture (Gu and Siebrits, 2008; Ghaderi and Clarkson, 2016; Deng et al., 2018; Li et al., 2018). Considering all these factors, it is rather difficult to evaluate whether a certain hydraulic fracture can penetrate an interlayer.
It is crucial to note that during a staged treatment in a vertical well, several perforation clusters, which exactly target the pay zones at different depths, will be created in advance. During the fracturing treatment, multiple hydraulic fractures can be initiated from the perforation tunnels. In most cases, a perforation cluster can result in the main fracture. Therefore, a staged treatment in a vertical well always promotes the simultaneous propagation of multiple hydraulic fractures in different pay zones. Obviously, the propagation of multiple hydraulic fractures during a staged treatment will not be the same as those extended individually. This is because a hydraulic fracture is usually held open by a proppant, which will induce certain stress in the surrounding formation. This stress can extend to significant distances into the formation, especially when the fracture is of large size (Palmer, 1993), thus exerting an interference on the rock activities in the range. This phenomenon is first named “stress shadow effect” and then studied from different perspectives (Warpinski and Branagan, 1989; Germanovich and Astakhov, 2004; Nagel and Sanchez-Nagel, 2011; Li et al., 2019). In hydraulic fracturing, the stress shadow effect is mostly studied in the horizontal wells that are initially used to stimulate shale reservoirs, in which multiple hydraulic fractures are located in a line parallel to the fracture opening direction. The stress shadow effect in horizontal wells is significantly obvious and cannot be neglected during the fracturing design and implementation. However, how the stress shadow effect acts in vertical wells to stimulate layered formation is another question. How much does a hydraulic fracture in a pay zone influence others in adjacent zones remains a complicated task to complete. Considering the existence of multiple interlayers with various properties and dimensions, it is really a challenge to make sense of this stress interference.
In addition to the stress interference induced by the hydraulic fractures in the formation, the flow distribution due to the competition among multiple tunnels near the wellbore should also be carefully considered. The fluid infusion from vertical wells into the pay zones through perforation tunnels could be extremely different in each zone, which could be an important cause leading to terrible treatment beyond our expectation. What we want in reality is the homogenous treatment of multiple pay zones as shown in Figure 1A, rather than the large heterogeneity of fracture sizes that we always get in the field, as shown in Figure 1B. Therefore, we believe that research on the interference of multiple fractures in layered formation simply by investigating the effect of rock stress interference without considering the flow distribution in each zone is not convincing. The difference in flow distribution should be considered in detail in the study of multiple hydraulic fracture propagation in layered formation.
[image: Figure 1]FIGURE 1 | Schematic diagram of multiple zone stimulation in vertical wells. (A) What we want; (B) What we get.
However, this problem is not an easy task to deal with through laboratory experiments or field tests. The minimum horizontal stress contrast in a layered specimen has seldomly been considered during laboratory fracturing experiments because of the difficulty of applying confining stress with variable values along height, while this stress contrast is really crucial to control the fracture propagation in layered formation (Haddad and Sepehrnoori, 2015; Zhang et al., 2017; Aimene et al., 2019; Gao and Ghassemi, 2020). This leads to a vast inconvenience during laboratory experiments, and that is why a majority of related works of literature have focused on the study of the effect of rock properties and beddings (Zhao and Chen, 2010; Yang and Zoback, 2016; Huang and Liu, 2017; Liu et al., 2017; Tan et al., 2017; Liu et al., 2020; Hadei and Veiskarami, 2021), rather than the direct influence of stress contrast. Field tests are considered the most direct and convincing way to clarify this issue, but different kinds of uncertainties always exist in the process of accurate fracture size diagnosis (Nejad et al., 2013). Moreover, how to accurately monitor and figure out each fluid volume in different layers in deep reservoirs is itself a big challenge. All these problems bring great difficulties to the laboratory and field studies on this issue.
As an alternative way, numerical simulation is a nice method to deal with the problem. The cohesive zone finite element method (CZM) is selected in this study because of its great superiority in simulating hydraulic fracture propagation (Chen, 2012): (1) the CZM has involved four important coupling processes, namely, rock deformation caused by fluid pressure on the fracture faces, viscous fluid flow within the fracture, fluid leak-off from the fracture into the formation, and fracture propagation in rock; (2) the CZM avoids the crack tip singularity that may appear as a great challenge for numerical simulation in classic fracture mechanics; (3) fracture tip in the CZM is a direct, natural outcome of a solution, rather than an input parameter, which can increase computation efficiency; and (4) the CZM has adequate ability to simulate microstructural damage in the process of hydraulic fracturing such as microfracture initiation and coalescence.
The basic theory of CZM is first introduced. Then, three-dimensional models are established to investigate the interference of vertical hydraulic fractures in sandstone and mudstone interbedded formation. The interference is artificially divided into two aspects for detailed investigation: the stress interference induced by hydraulic fractures in the formation and flow distribution due to the competition between multiple perforation tunnels near the wellbore. Finally, five related factors, namely, perforating thickness, pay zone thickness, rock permeability, minimum horizontal stress of the pay zone, and rock strength are analyzed to further clarify how the flow distribution of the pay zones is affected.
MATERIALS AND METHODS
Damage Propagation Criterion
Traction–separation law is applied as the damage pattern for cohesive elements. Whether the occurrence of damage initiation depends on the maximum principal stress criterion adopted in this study (Gao et al., 2019) is analyzed as follows:
[image: image]
where [image: image] denotes the critical maximum principal stress and [image: image] means damage will not be induced by purely compressive stress. When f reaches 1, initial damage occurs and the damage evolution starts.
When the damage evolution starts, the weakening of material cohesion occurs. A scalar damage variable D is applied in this study to describe material weakening after damage initiation, with its value ranging from 0 to 1. It has an initial value of 0. As the damage evolves, it then monotonically increases to 1. When D increases to 1, the element is completely broken. The normal and shear stress components will change over the damage variable D as follows:
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where Tn, Ts, and Tt are the normal and shear stress components, respectively, from the traction–separation behavior for the current strain without damage. tn, ts, and tt are the actual stresses in the three loading directions. During the damage process, for linear softening behavior, D can be expressed as follows:
[image: image]
where [image: image] is the maximum effective displacement during the loading period; [image: image] and [image: image] are the displacement when damage initiates and failure completes, respectively. The displacement of [image: image] can be obtained from the fracture energy theory.
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where Gc is the fracture energy. It is an independent parameter that can be gained from the mode-I fracture toughness (KIC), rock Young’s modulus E, and Poisson’s ratio [image: image]as follows:
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Incompressible Newton fluid is assumed in the cohesive element. The tangential flow within the gap obeys the lubrication law as follows:
[image: image]
where q is the volume flow across the fracture section, w is the opening width, [image: image] is the fracturing fluid viscosity, and [image: image] is the fluid pressure gradient of the tangential flow.
Normal flow is defined through the filtration rate into the element's top and bottom surfaces as follows:
[image: image]
where qt and qb are the normal flow rates of fluid filtrating into the element's top and bottom surfaces; ct and cb are the loss coefficients of the top and bottom surfaces, respectively; pi is the fluid pressure in the middle of the fracture; and pt and pb are the pore pressures on the fracture’s top and bottom surfaces, respectively.
In the following section, the distribution of fluid flow from vertical wells into pay zones through perforation tunnels will be considered through the integration of fluid pipe elements with the CZM. The pipe elements in the standard analysis can be used to model the gravity pressure loss and viscous terms in a fluid pipe network by applying the pure pressure formulation. A single-phase, incompressible fluid is assumed to flow through the fully filled pipe that has a constant cross-sectional area, based on Bernoulli’s equation which is written as follows:
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where [image: image] = P1-P2, P1, and P2 are the pressures at the nodes; [image: image] is the fluid density; g is the acceleration due to gravity; [image: image] = Z1-Z2, where Z1 and Z2 are the elevations at the nodes; [image: image] = f L/Dh, where f is the friction factor of the pipe, L is the length of the pipe, and Dh is the hydraulic diameter expressed as [image: image], where A is the tube cross-sectional area and [image: image] is the wetted perimeter. Ki is a directional loss term.
The Blasius friction loss method is applied in this study to specify the friction loss behavior and define the friction factor f. It conforms to an empirical relation related to Reynold’s number (Re) by which two different regimes can form on account of whether it is a laminar or turbulent flow. The friction factor is empirically calculated as follows:
[image: image]
Numerical Computational Model
Sandstone and mudstone interbedded formations are extensively distributed in Yong block in the Yanjia oilfield of Dongying depression, China. The buried depth of the reservoir ranges from 3,000 to 4350 m. It is characterized by tremendous heterogeneity of lithologies in the vertical direction. Logging data and drill core analysis indicate that the average reservoir porosity is 7.9% and the permeability is 3.93 mD. The minimum horizontal stresses of mudstone interlayers are measured as 2.0–9.0 MPa larger than those of the sandstone pay zones. Staged treatment through vertical wells is implemented to stimulate the reservoirs. According to the basic reservoir data, a three-dimensional numerical model is established, as shown in Figure 2 to tentatively investigate the stress interference of multiple hydraulic fractures.
[image: Figure 2]FIGURE 2 | Numerical model that consists of five layers.
The numerical model is 100 m in size along the X-axis direction, 50 m along the Y-axis direction, and 50 m along the Z-axis direction. The fracture is assumed to be symmetrical along the vertical well, and half of the domain in the X-axis direction is modeled. Two pay zones interbedded with three interlayers make up the model. Pore cohesive elements with a thickness of 0 m are embedded in the vertical plane where the y coordinate is 25.0 m. The basic parameters applied in the model are shown in Table 1. The overburden pressure σv (85.0 MPa), maximum horizontal stress σH (77 MPa), and minimum horizontal stress σh are shown in Table 1 and are applied to the model in the Z-, X-, and Y-axis directions, respectively. It is important to state that the direction of the minimum principal stress is horizontal. The hydraulic fractures are preset to propagate in the vertical plane, which is consistent with the basic theory of rock fracture mechanics and also in agreement with the fracturing behavior on site. An initial pore pressure of 35.0 MPa is applied to the formation. All the applied in situ stress and pore pressure vary with depth based on their weight. First, fracturing fluid is only injected into pay zone 1. The fluid viscosity is 50 [image: image] and the injection rate is 0.003 m3/s, with a linear increase from 0 to the peak value in the primary zone in 2.0 min. The fracturing duration lasts for 30.0 min.
TABLE 1 | Basic parameters of pay zones and interlayers.
[image: Table 1]EXPERIMENTAL RESULTS
Stress Interference of Hydraulic Fractures
The final geometry of the numerically obtained hydraulic fracture is shown in Figure 3, in which the cohesive elements are solely exhibited. The layers are separated with the mark of the horizontal black dashed lines on the figure. The hydraulic fracture can be easily recognized in the PFOPEN field (pore pressure fracture opening). It is clear that the hydraulic fracture has propagated to a certain size along the fracture length direction (X-axis direction), but it is contained in pay zone 1 by two adjacent interlayers in the fracture height direction (Z-axis direction). According to the theory of the stress shadow effect, this hydraulic fracture will induce a certain stress in the surrounding rocks, which may exert an impact on the fracturing behavior of pay zone 2. To effectively quantify the magnitude of this stress, the term “induced stress,” which refers to the change of matrix stress generally due to the initiation of a fracture of arbitrary length and height, is introduced in this study to describe this effect by its principal form, which is as follows:
[image: image]
where [image: image]and [image: image] are the induced stress in the direction of minimum and maximum stress, respectively; [image: image]and [image: image] are the present values of minimum and maximum stress, respectively; and [image: image]and [image: image] are the initial values of minimum and maximum stress, respectively.
[image: Figure 3]FIGURE 3 | Hydraulic fracture geometry when pay zone 1 is treated. (A) X–Z view; (B) Y–Z view.
Since rock failure in the matrix during the hydraulic fracturing process is dominantly controlled by tensile cracking (Al-Busaidi et al., 2005; Chen et al., 2015), the maximum induced stress [image: image] is directly related to rock tensile failure and solely selected to describe the stress interference. Contour lines of the maximum induced stress [image: image] in the Y-Z cross-section of pay zone 2 at the final time are shown in Figure 4. The contour lines are a series of different coordinates (x = 0.0, 20.0, and 40.0 m) with a constant stress interval of 0.5 MPa. It is illustrated in Figure 4A that the initial stress field in the middle part of pay zone 2 has really changed. However, this change is extraordinarily small, the maximum of which is no more than 1.50 MPa located right above the hydraulic fracture tip. Moreover, the distance of this induced stress into pay zone 2 is also less. For example, the vertical distance into pay zone 2 of the maxmum induced stress [image: image] larger than 1.0 MPa is only 0.5 m, which is one-twentieth of the total zone thickness. To further quantify the influence of the induced stress, a term can be further defined with the consideration of the relative value of the induced stress, which can be expressed as follows:
[image: image]
where [image: image] can be called the maximum induced stress ratio. The original maximum effective stress in pay zone 2 is 28.0 MPa, and the peak value of the maximum induced stress ratio in this zone is less than 0.054, which is too small to exert an effective influence on the rock activities in this zone. This magnitude is quite smaller than that in horizontal wells. We believe there are two causes mainly leading to this difference. They are (1) multiple parallel fractures in horizontal wells deform mainly in the fracture opening direction, resulting in larger compressive deformation of intermediate rock than those at other locations of the hydraulic fractures in vertical wells; and (2) interlayers with larger stress contrast could immensely restrain the rock deformation and stress transfer toward the pay layers on the other side. It is shown in Figures 4B,C that the stress-induced distance becomes less as the cross section moves away from the vertical wellbore, demonstrating the fact that stress interference in the vertical direction is the heaviest near the wellbore along the fracture length direction.
[image: Figure 4]FIGURE 4 | Contour lines of the maximum induced stress in pay zone 2 at different coordinates. (A) x = 0.0 m; (B) x = 20.0 m; (C) x = 40.0 m.
The other two numerical cases are set to directly display the interference effect. One case is set with the sole fracturing treatment in pay zone 2, and the other is the simultaneous treatment in both pay zones 1 and 2. The two cases share all the same parameters, except the treatment scheme. A comparison will be made based on the two cases to investigate whether there is a difference between the hydraulic fractures in pay zone 2 when the hydraulic fracture in pay zone 1 exists or not. Figure 5 shows the geometries of the hydraulic fractures in the two cases. It can be seen from Figure 5 that fracture size difference really exists between the two cases. The final fracture length in pay zone 2 shown in Figure 5A is 57.4 m, which is a little larger than the 55.5 m shown in Figure 5B. However, this difference does not make much sense to a hydraulic fracture on site which is tens or hundreds of meters in size, especially when it is compared to those in horizontal wells.
[image: Figure 5]FIGURE 5 | Hydraulic fracture geometries in models with two different treatment schemes. (A) pay zone 2 is solely treated; (B) pay zones 1 and 2 are simultaneously treated.
Figure 6 displays three cases involving multiple hydraulic fractures in horizontal wells in previous studies (Kresse et al., 2013; Guo et al., 2015; Li et al., 2016). It can be easily discovered that the two fractures in Figure 6A propagate away from each other, exhibiting intense repelling. The propagation of the external fractures given in Figures 6B,C inhibits the middle fractures from propagating normally. Both the repelling and inhibition effects show fierce stress interference between multiple parallel fractures in horizontal wells. It is necessary to note that the three models also involve no flow distribution, and then it is convincing that the stress interference of multiple hydraulic fractures from vertical wells in layered formation is much weaker than that from horizontal wells. Therefore, we believe that stress interference in the formation could not be the main cause to induce large heterogeneities of multiple hydraulic fractures on site in layered formation.
[image: Figure 6]FIGURE 6 | Numerically obtained stress interference of hydraulic fractures from horizontal wells in previous studies. (A) Geometry of parallel fractures in anisotrophic stress fields by Kresse et al. (2013). (B) Fracture geometry with a fracture spacing of 20.0 m by Guo et al. (2015) and (C) shows the geometry of three hydraulic fractures with 3.0 m spacing by Li et al. (2016).
Flow Distribution of Multiple Hydraulic Fractures
After completing the integration, another three-dimensional numerical model will be established with the consideration of flow distribution, as shown in Figure 7, in which the cohesive elements are solely presented to show the multiple layers. The model is 100 m along the X-axis direction, 50 m along the Y-axis direction, and 70 m along the Z-axis direction. Three pay zones and four interlayers are interbedded to make up the model. Similarly, half of the domain in the X-axis direction is modeled. Three-dimensional fluid pipe elements are used to establish the wellbore from the ground to the reservoirs to realize ground fluid injection. Perforation tunnels are simulated through pipe elements with the consideration of perforating thickness. In pay zone 1, three horizontal pipe elements are tentatively adopted to simulate the effective tunnels forming during the perforating treatment. Similarly, in pay zones 2 and 3, two and one pipe elements are adopted, respectively, as shown in the figure (horizontal pipe elements are enlarged for visual effect). The fluid viscosity is 50 mPa s, and the injection rate is 0.017 m3/s. The material properties and reservoir in situ stresses are the same as in the model shown in Figure 2. The fracturing duration lasts for 20.0 min.
[image: Figure 7]FIGURE 7 | Numerical model containing seven layers, with the integration of fluid pipe elements.
The final fracture geometry is shown in Figure 8, in which the three fractures can be easily observed as quite heterogenous. The stimulation in pay zone 1 has successfully built a hydraulic fracture with the most considerable fracture length of 67 m, while the fracture in pay zone 3 is the smallest in size with a fracture length of 33 m, nearly half of the size in pay zone 1. Obviously, this heterogeneity is not the ideal scenario that we want because of the terrible stimulation in pay zone 3, but it is always the actual state of the field treatment.
[image: Figure 8]FIGURE 8 | Hydraulic fracture geometries in the model containing seven layers.
This heterogeneity is unlikely to be caused just by the stress interference of hydraulic fractures. As stated earlier, the stress interference itself cannot result in such a difference between multiple fractures in the layered formation. We suppose the flow distribution of multiple perforation tunnels in the multiple layers could have played an important role in inducing this heterogeneity, and the numerical result has supported this idea. Figure 9 depicts the volume flow rates of the fluid into different tunnels and zones during injection. As shown in Figure 9A, it is particularly apparent that the flow rates of the fluid into the six tunnels are completely different. This difference could be considerably large, and each flow rate keeps on fluctuating over time, demonstrating the instant adjustment of flow distribution. In total, the minimum flow rate occurs at tunnel 6, which is the only channel from the wellbore to pay zone 3. The maximum flow rate occurs at tunnel 3, which simulates the upper zone of the three perforations in pay zone 1. Figure 9B summarizes the total flow rates of fluid through multiple tunnels in each pay zone. It is shown in the figure that the three flow rates are clearly separated, which means the fluid flow into the three zones is different. While this difference exactly illustrates the existence of fluid flow interference between different pay zones, the perforation tunnels in pay zone 1 account for 56.2% of the accumulative fluid volume, tunnels in pay zone 2 account for 33.3%, and tunnels in pay zone 3 account for 10.5%. In fact, for a certain layer, whether a hydraulic fracture initiates or at which level it can propagate in size depends much on the flow distribution obtained from competing with those in other layers. A larger flow distribution always means a larger size of hydraulic fracture because the pressured fluid into formations has no other choice but to create fractures except for some filtration. Therefore, pay zone 1, which accounts for the maximum flow distribution, has generated a hydraulic fracture with the largest size, both in length and height. On the contrary, the hydraulic fracture in pay zone 3 has the smallest size in all the three dimensions.
[image: Figure 9]FIGURE 9 | Flow rates of the fluid into different tunnels and pay zones during injection. (A) Fluid into the six tunnels; (B) Fluid into the three pay zones.
Another numerical case is set for comparison. In this case, three injection rates of equal value are applied to the three pay zones through the key nodes of pore cohesive elements, without the application of pipe elements. Therefore, the three pay zones share the same flow rate during stimulation, each of which accounts for one-third of the injection rate in the previous model. The final fracture geometry is shown in Figure 10. As to the hydraulic fracture in each pay zone, this figure shows that there are some differences from the previous model as follows: (1) the hydraulic fracture in pay zone 1 is not the longest in size anymore. Because of the accumulative fluid volume, it accounts for decrease from 56.2% to a third; this has directly resulted in a significant decrease of fracture length. (2) Hydraulic fractures in pay zone 2 and 3 have a penetrated interlayer 3, forming a connective fracture. Interlayer 3 has failed to contain the hydraulic fractures in the vertical direction. (3) The hydraulic fracture in pay zone 2 turns out to be the excellent one both in fracture length and fracture width. (4) Fracture propagation in pay zone 3 has improved in this model. The fracture length has increased from 33 m in the previous model to 51 m in the present model. (5) Smaller heterogeneity of fracture size in the three pay zones can be observed. In view of the hydraulic fracture length, the maximum gap of the three fractures has decreased from 34 m in the previous model to 15 m in the present model.
[image: Figure 10]FIGURE 10 | Hydraulic fracture geometry in the model with pay zones sharing the same injection rate.
The aforementioned comparison impressively indicates that the sizes of multiple hydraulic fractures could be considerably different in situations, whether the fluid flow distribution has been considered or not. During field treatment, the fracturing fluid into the deep formation is pumped through wellbores. Therefore, the numerical simulation with the integration of fluid pipe elements to realize the flow distribution is more reasonable to describe the real scenario on site, and the corresponding conclusions will be more persuasive. In this view, the existence of large-sized heterogeneities of multiple hydraulic fractures in layered formation should be a normal phenomenon in theory. Although this is exactly not what we want, creating multiple hydraulic fractures with vast dimensions that can connect large volumes of reservoirs is always the ultimate goal of engineers and scholars in this area. To do our best to realize this goal, we believe the first step is to clarify what really affects flow distribution and the manner in which it affects. In the following section, related numerical simulations will be conducted to carry out this investigation.
DISCUSSION
AFFECTING FACTORS ON FLOW
Some factors that are discussed to possibly affect flow distribution will be numerically investigated to explore the manner in which they affect it through contrastive studies. The factors include perforating thickness, pay zone thickness, rock permeability, minimum horizontal stress of the pay zone, and rock strength. It is necessary to explain that the following numerical simulations and comparisons are based on the numerical model shown in Figure 7.
Perforating Thickness
Perforating creates the passageway between the wellbore and reservoir. In a fracturing treatment, perforation is the conduit for fluid flow between the fracture and wellbore. Perforating thickness is an important parameter for fracturing design. Therefore, perforating thickness is first considered the most relevant factor in this study to affect flow distribution. Since the horizontal pipe elements with constant vertical intervals to simulate the effective perforations in this study are directly related to perforating thickness, the pipe element number will be adopted to reflect the perforating thickness.
In the new model, the pipe element number in each pay zone is reset as follows: the pipe element number in pay zone 1 is reduced from three in the base model to one in the new model, the pipe element number in pay zone 2 is increased from two to three, and the pipe element number in pay zone 3 is increased from one to two, without variation of the total number. All the other parameters in the model are kept constant with the base model.
The final hydraulic fracture geometry and flow rates of the fluid through tunnels in pay zones in the new model are shown in Figures 11A,B, respectively. Compared with the base model, Figure 11A shows the length of the hydraulic fracture in pay zone 1 has reduced, but those in pay zones 2 and 3 have increased, which exhibits the same tendency as how the perforating thickness in each zone varies in the new perforating scheme. This consistency convincingly proves that there is a close correlation between perforating thickness and hydraulic fracture size. A larger perforating thickness promotes the hydraulic fracture to extend longer. Similarly, it can also promote the hydraulic fracture to extend higher, which can be seen from the vertical connection of fractures in pay zones 2 and 3. This connection might be caused by the increasing net pressure resulting from the increased flow of the fracturing fluid into these two zones, which can be verified from the flow rate curves shown in Figure 11B. The three curves in the figure provide a similar tendency from the perspective of flow rate, that is, as the perforating scheme varies, the accumulative fluid volume of the tunnels in zones 2 and 3 that it accounts for has rapidly increased from 43.8% to 60.1%, directly demonstrating the remarkable influence of perforating thickness on flow distribution.
[image: Figure 11]FIGURE 11 | Fracture geometry and flow rates of the fluid into pay zones in the model with the new perforating scheme. (A) Hydraulic fracture geometry; (B) Flow rates of fluid into the three pay zones.
Moreover, we have noticed that during the initial fracturing stage (0–150 s), the flow rate of tunnels in pay zone 2 is much higher than that of the other two zones. This might result from the superiority of the perforation tunnel number in pay zone 2 because a large perforating thickness in a certain pay zone is undoubtedly beneficial for fluid inflow, especially during the initial fracturing stage. However, this superiority in pay zone 2 gradually weakens over time, until it shares nearly an equal flow rate with pay zone 1. From this phenomenon, it can be seen that there are certainly other factors that control the flow distribution, except for perforating thickness, which will be studied in the following section.
Pay Zone Thickness
It is hard to imagine that the pay zone thickness has no impact on the final fracture sizes and related flow distribution because a thick pay zone is always the most superior target for treatment. A thick pay zone usually attracts much attention of the engineers and always gets more preferential treatment, such as larger perforating thickness. In fact, a thick pay zone in layered formation is more attractive for obtaining a large flow distribution and inducing hydraulic fractures with large sizes. That is because the interlayers always play a role of barriers in the vertical direction that are usually less permeable and more difficult for the hydraulic fracture to penetrate due to the stress contrast, thus making the pay zones act as conduits separated by barriers. Fluids prefer to flow into wide conduits with less resistance; hence, we believe pay zones with larger thickness can obtain larger flow distribution and generate hydraulic fractures of larger sizes.
The numerical simulation results can be used as proof to further clarify this issue. Larger perforating thickness in pay zone 2 is demonstrated to be a positive advantage to get larger fluid volumes. However, under the condition of initial advantage, we have noticed that pay zone 2 has no advantage over pay zone 1 in the final accumulative fluid volume. The reason is supposed to lie in the difference in pay zone thickness because all the other parameters in these two zones are the same during the whole fracturing stage. From this case, we can see that a larger thickness will facilitate the pay zone to obtain a larger flow distribution and then generate hydraulic fractures with larger sizes.
Rock Permeability
Permeability is a key rock property that describes the ability of pore fluid to transport in a rock mass. It is of critical importance to achieve high recovery rates in oil and gas extraction, which is highly dependent on rock permeability. Although it is almost common sense that a pay zone with high permeability is easy to be hydraulically stimulated, it is still necessary to conduct further investigation from the perspective of flow distribution in different pay zones. In the new model, the permeability of pay zone 3 is set 10.0 times larger than that in the base model, while keeping all the other parameters constant.
The final hydraulic fracture geometry and flow rates of the fluid into the pay zones in the new model are shown in Figures 12A,B, respectively. The final length of the hydraulic fracture in the pay zone 3 is 59 m, which is 26 m longer than that in the base model. Therefore, it can be seen that rock permeability variation has successfully increased the fracture length by 78.8%. We have noticed that tunnels in pay zone 3 account for 16.7% of total accumulative fluid volume, which is 6.2% larger than that in the base model. Through this comparison, it can be seen that rock permeability can significantly influence flow distribution in a layered formation, and a higher permeability is beneficial for the pay zone to generate a hydraulic fracture with a larger size.
[image: Figure 12]FIGURE 12 | Fracture geometry and flow rates of the fluid into pay zones with new pay zone permeability. (A) Hydraulic fracture geometry; (B) Flow rates of fluid into the three pay zones.
Minimum Horizontal Stress of the Pay Zone
The reservoir in situ stress field is highly variable in nature. It cannot be solely explained by the actions of rock gravity and topography because the tectonic stresses could play a crucial role (Wasantha and Konietzky, 2017). In situ stress is a primary factor to be considered during the design and implementation of hydraulic fracturing treatment. In reality, the in situ stress field is far more complicated than any numerical model could simulate, and what we conduct in the numerical model is more or less a simplification of the real in situ stress field. In view of the minimum horizontal stress concerned in this study, we believe it can exert an impact on the flow distribution in layered formation because it has a direct relationship with rock failure. Considering the great gap in the final fracture length in pay zones 1 and 3 in the base model, the minimum horizontal stresses of pay zones 1 and 3 are increased by 1.0 MPa and reduced by 1.0 MPa in the new model, respectively, which is expected to be a favorable operation to make up the gap. Finally, this idea has been confirmed by the numerical results shown in Figure 13.
[image: Figure 13]FIGURE 13 | Fracture geometry and flow rates of the fluid into pay zones with new minimum horizontal stress of pay zones. (A) Hydraulic fracture geometry; (B) Flow rates of fluid into the three pay zones.
Compared with the base model, the final fracture length in pay zone 1 in the present model has been reduced, while that in pay zone 3 has increased, thus leading to a relatively homogenous propagation of multiple fractures. In addition, we have noticed that the variation that the accumulative fluid volumes in pay zones 1 and 3 accounts for from the base model to the present model is consistent with the size variation of hydraulic fractures. Therefore, we believe a larger minimum horizontal stress of the pay zone is more likely to preclude the hydraulic fracture propagation and decrease the fluid flow into the pay zone, thus reducing the flow distribution.
Rock Strength
Rock strength is assuredly the most vital material parameter to induce rock damage and failure. It will undoubtedly exert enormous influence on hydraulic fracture propagation. To investigate the effect of rock strength on the final flow distribution, another numerical model is set up with a half reduction of the tensile strength of pay zone 3 in the base model, while keeping other parameters constant. The final hydraulic fracture geometry and the flow rates of fluid into the pay zones in the new model are shown in Figures 14A,B, respectively. The final length of the hydraulic fracture in pay zone 3 increases from 33 m in the base model to 55 m in the present model, exceeding the fracture length in pay zone 2. Moreover, it can be found that interlayer 3 has failed to contain the fracture propagation in the vertical direction. The accumulative fluid volume that pay zone 3 accounts for has increased from 10.5% in the base model to 19.2% in the present model, further demonstrating the consistency of flow distribution and fracture size variation. It can be seen that a lower rock strength is beneficial for creating a hydraulic fracture with a larger size that has a higher flow distribution.
[image: Figure 14]FIGURE 14 | Fracture geometry and flow rates of fluid into pay zones with new rock strength of pay zone 3. (A) Hydraulic fracture geometry; (B) Flow rates of fluid into the three pay zones.
CONCLUSION
The interference of multiple hydraulic fractures in layered formation was numerically investigated. The CZM was selected due to its superiority in modeling hydraulic fracture propagation. A series of three-dimensional models were established to conduct this investigation. The main conclusions are as follows:
1) Large size heterogeneities always exist during the fracturing treatment in the layered formation. This phenomenon is caused by the interference of multiple hydraulic fractures, including the stress interference in the formation and flow difference of the fracturing fluid into each pay zone from the wellbore. The results show that the size difference of the hydraulic fractures is so small that it does not make much sense to a hydraulic fracture on site, which means the stress interference is nearly neglectable, especially when compared with that in horizontal wells.
2) The obvious heterogeneity of multiple fracture propagation can reflect the actual scenario of field fracturing. This heterogeneity is mainly caused by the difference in flow distribution, which has been confirmed during the analysis on the flow rate in each tunnel and in each zone. The fluid flow into each pay zone is found crucial to fracture propagation. The flow distribution in one pay zone can reach 56.2%, which is more than five times the magnitude of the least 10.5% during the fracturing in three pay zones. Pay zones that generate hydraulic fractures with larger sizes always account for larger flow distributions.
3) The five factors, namely, perforating thickness, pay zone thickness, rock permeability, minimum horizontal stress of the pay zone, and rock strength affect the flow distribution in layered formation. The results show that it is through the manner of flow distribution adjustment in each pay zone that these factors affect the hydraulic fracture sizes.
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Three-dimensional stability analysis of soil slopes remains a hot topic in the field of geotechnical engineering. Considering the fluid–solid coupling effect, this study performs a number of numerical analyses on the stability of a 3D excavation slope located in the Wuxi Taihu Tunnel, China. Three typical cases of the issued slope are investigated, i.e., the slope at the initial state, with the water-stop curtain, and with both the water-stop curtain and concrete-sprayed layer. The shear strength reduction method was adopted to determine the factor of safety (FOS) of the slope. The distributions of pore pressures and wetting lines, the horizontal and vertical displacements, and the critical slip surface are presented. The results indicate that the water-stop curtain can prevent the groundwater seepage effectively. The water-stop curtain and concrete-sprayed layer are effective in restraining the slope deformation, altering the critical slip surface, and improving the slope safety.
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INTRODUCTION
The water-level variations and seepages in soils are the main factors that trigger the failure of excavations. A fluid–solid coupling effect commonly exists during the water infiltration process. The stress field in soils is governed by the seepage force, and in turn the deformations of soil lead to changes in its pores and thereafter altering the seepage of water in it (e.g., Adapa et al., 2021). The shear strength of soil is also declined. In engineering practice, however, the stability assessments of excavation slopes are mainly based on the plane strain assumption (e.g., Li et al., 2018; Kumar et al., 2019; Sun et al., 2019; Chen et al., 2021; Hailu, 2021), and the 3D effect is usually neglected leading to conservative results (Hu et al., 2018; Scaringi et al., 2018; Wang et al., 2019a; Wang et al., 2020).
A mount of research studies on the stability of excavation slopes has been reported (e.g., Li et al., 2018; Wang et al., 2019b; Kumar et al., 2019; Chen et al., 2021; Hailu, 2021). The results show that the maximum stress and displacement obtained by the coupled methods are larger than those obtained by the uncoupled ones and resemble the measured values. The numerical approaches, such as the finite element method, have gained significant attention in geotechnical engineering and are, especially applicable for the stability problem of specific, well-defined slopes with accurate geotechnical parameters (e.g., Tschuchnigg et al., 2015; Cheng et al., 2021; Dong et al., 2021; Zhou et al., 2022). Furthermore, the slopes in inhomogeneous and anisotropic soils under complex boundary conditions can also be handled satisfactorily. Recently, Chen et al. (2021) studied the combined effect of seismic excitation and rainwater seepage on slope stability. Considering the seepage conditions, Hailu (2021) performed a finite element modeling to predict the stability of an embankment dam. In total, three distinct operational cases are considered for the dam analysis, but these results are based on plane strain assumptions. Based on the calculated stress by the finite element method, Su and Shao (2021) developed a 3D slope stability analysis method and presented the critical slip surface according to the two-stage particle swarm optimization. In these analyses, the suction-related effects are ignored. The soil in practice, however, is mostly unsaturated, and neglecting the suction effect produces more conservative results (Wang et al., 2019a; Sun et al., 2019; Wang et al., 2020; Wang et al., 2021).
In this study, an excavation slope of the Wuxi Taihu Tunnel in China was examined using the finite element method. Considering the fluid–solid coupling effect, a finite element model combined with the seepage field is established. The suction effect is considered by altering the soil permeability coefficient and the saturation that both change with respect to the soil matric suction. A series of numerical simulations are carried out regarding the slopes at the initial state, with the water-stop curtain, and with both the water-stop curtain and the concrete-sprayed layer.
BACKGROUND
Project Overview
The Taihu Tunnel, located in Wuxi China, is a lake-bottom tunnel of the Su-Xi-Chang southern expressway, as illustrated in Figure 1. The tunnel has a total length of 3,740 m. The width of the foundation pit falls in the range of 43–44 m, and the excavation depth ranges from 2.63 to 20.20 m. The water depth of Taihu Lake is 1.60–5.20 m, and the water level in the tunnel crossing section is generally 1.46–3.03 m.
[image: Figure 1]FIGURE 1 | Three-dimensional finite element model of the excavation slope located in the Taihu Tunnel, Wuxi China.
A certain section of the tunnel characterized by three stages is considered. The slope ratio is 1:1.5 with a total height of 14 m. The width of the platform is 2.5 m, and the slope surface is sprayed with C20 concrete with a thickness of 0.1 m. A closed water-stop curtain is adopted to drain the water and is placed 1.0 m outside the slope crest.
A three-dimensional finite element model of the issued slope was established with a geometric size of 42.0 m × 19.0 m × 20.0 m, as illustrated in Figure 1. As the gradient of these three stages is nearly identical with each other, the equivalent gradient of these three stages is postulated in the analysis. The thickness of the water-stop curtain is 1.0 m and is placed along the whole slope. The total width of the slope is assumed to be 28 m, i.e., the width of the sliding soil mass is two times the slope height. The geological survey data show that the excavation is made of clay, silty clay, and silt with the thickness of each soil layer being 2.8, 3.2, and 13 m, respectively. The physical and mechanical parameters for each soil layer and the water-stop curtain are listed in the table. The concrete damage plasticity model is employed to predict the mechanic and deformation behavior of the concrete-sprayed layer. The eight-node hexahedron C3D8P pore pressure element is adapted for the soil and the water-stop curtain. The mesh division of the 3D slope is shown in the graph.
Fluid–Solid Coupling Analysis
The stress field and seepage field in the soil depend on each other. The coupling effect of the seepage field and stress field yields stress and strain in geotechnical materials, altering the stress field and displacement field of soils and therefore resulting in ground subsidence. Conversely, the changes in the stress and strain field lead to the change in soil porosity and permeability, thus altering the fluid seepage and soil consolidation process.
The direct coupling method based on Biot’s consolidation theory is adopted by ABAQUS software. According to the principle of virtual work and the conservation law of matter, the equilibrium equation and seepage continuity equation of the coupled seepage and stress field are obtained, respectively. The Galerkin method is used to solve various flow equations by means of the finite element discretization technique combined under the pore pressure boundary conditions and the flow boundary conditions. The fluid–solid coupling equation can be expressed as:
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where K and C are matrices; t is time; u and p are displacements and pore water pressures of element nodes, respectively.
In ABAQUS, solving the stress-seepage coupling problem can be realized by setting the analysis step, and the definition of the seepage boundary can be realized by modifying the keywords.
The strength reduction method pioneered by Zienkiewicz et al. (1975) has been widely used by many scholars in slope stability problems. Based on ABAQUS software, the reduction of soil strength parameters is realized by changing the soil parameters defined by field variables. The inflection points of the displacement of some characteristic positions (e.g., slope crest) are used as the evaluation standard in the slope stability analysis.
Material Strength Parameters
The fast consolidation shear index is adopted, and the physical and mechanical parameters of each soil layer and the water-stop curtain are shown in Figure 1. Experimental evidence and site investigations show that the mechanical and physical properties of unsaturated soils differ with those of saturated soils (Xu, 2004; Gao et al., 2021; Wang et al., 2022). The soil permeability coefficient and saturation both change with the matric suction and their relations can be found as:
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where Kws is the permeability coefficient of saturated soil; ua and uw are the pore air pressure and pore water pressure, respectively; Sr, Si, and Sn are the saturation, residual saturation, and maximum saturation, respectively; Si and Sn are taken as 0.08 and 1, respectively; aw, bw, cw, as, bs, and cs are taken as 1,000, 0.01, 1.7, 1, 5 × 10−5, and 3.5, respectively. Generally, the matric suction declines rapidly as the saturation increases. The permeability coefficient increases sharply as the saturation increases and depends on soil types closely.
Model Boundary Conditions
In three-dimensional slope stability analysis, selection of appropriate boundary conditions is crucial in producing realistic results. The mechanical boundary conditions influence the shape of the failure surface and therefore the corresponding FOS of the slope. In this analysis, the displacement in a normal direction of the left and right boundaries of the model is restricted, that is, the displacement in the x-direction is 0. The bottom boundary of the model is fully constrained, that is, the displacements in x-, y-, and z-directions are all 0. The slope surface and platform are free drainage boundaries, and the rest are impervious boundaries. The left and right sides are subjected to hydrostatic pressure, that is, the water head load. The pore pressure boundary that changes linearly with the elevation is specified to meet the known water head condition, and the pore pressure at the slope surface is set to be zero.
RESULTS
Slope at the Initial Condition
Considering the coupling effect of seepage and stress fields, the excavation at the initial condition is studied, as illustrated in Figure 2. The pore water pressure and wetting line distributions, the displacements in x- and y-directions, the plastic zone contour, and the mesh deformation diagram of the slope failure are presented. It can be found from the graph that the pore water pressure is of layered distribution and remains identical in the normal direction of the slope profile. As the soil depth increases, the pore water pressure increases nearly linearly. The maximum displacement in the x-direction of the slope is 4.667 m and occurs at the toe of the first stage. The maximum displacement in the y-direction of the slope occurs in the upper part. Furthermore, the contour of a potential sliding zone can be observed evidently from the graph, which resembles the actual slope failures. The factor of safety of the slope can be obtained based on the strength reduction method. The factor of safety of the slope at the initial condition is 1.559 and is consistent with that yield from the Swedish slice method.
[image: Figure 2]FIGURE 2 | (A) Pore water pressure distribution; (B) wetting line distribution; (C) displacement in x-direction; (D) displacement in y-direction; (E) plastic zone contour; and (F) mesh deformation diagram of the slope at the initial condition.
Effect of the Water-Stop Curtain
With the presence of the water-stop curtain, the pore water pressure and wetting line distributions, the displacements in x- and y-directions, the plastic zone contour, and the mesh deformation diagram of the slope are obtained, as illustrated in Figure 3. Obviously, with the presence of the water-stop curtain, the pore water pressure variation is slowed down significantly and drops sharply near the water-stop curtain. Furthermore, with the presence of the water-stop curtain, the wetting line distributions of the slope change from a saturated state to an unsaturated one (i.e., the black zone in the graph). The minimum pore water pressure at the slope shoulder drops from −2.139 × 103 Pa to −5.782 × 104 Pa, indicating that the water-stop curtain is effective in preventing the seepage of water in the soil outside the slope into the soil inside the slope.
[image: Figure 3]FIGURE 3 | (A) Pore water pressure distribution; (B) wetting line distribution; (C) displacement in x-direction; (D) displacement in y-direction; (E) plastic zone contour; and (F) mesh deformation diagram of the slope with the water-stop curtain.
Compared with the slope at the initial state, the displacement in the x-direction at the toe is small when the water-stop curtain is considered. This means that the water-stop curtain can reduce the slope sliding effectively. When the water-stop curtain is used, the maximum sliding displacement of the slope is reduced by 28.22% from 4.667 to 3.350 m. The displacement in the y-direction at the slope toe is increased. This indicates that the water-stop curtain is effective in maintaining slope stability. As the distance between the slope toe increases, the displacement in the y-direction is increased slightly. The sliding zone of the slope with the water-stop curtain is identical to that of the slope at the initial state. Only the slip surface near the slope crest is different between these two cases. This is due to the presence of the water-stop curtain that the extension of the critical sliding zone to the slope crest is restricted, and the soil behind the water-stop curtain cannot slide. The factor of safety of the slope with the water-stop curtain is 1.725 and is increased by 10.65% compared with that of the slope at the initial condition.
Effect of the Concrete-Sprayed Layer
With the presence of the concrete-sprayed layer, the pore water pressure and wetting line distributions, the displacements in x- and y-directions, the plastic zone contour, and the mesh deformation diagram of the slope are obtained, as illustrated in Figure 4. Because the concrete-sprayed layer is placed on the slope surface, the pore water pressure and the wetting line distributions are nearly unchanged.
[image: Figure 4]FIGURE 4 | (A) Displacement in x-direction; (B) displacement in y-direction; (C) plastic zone contour; and (D) mesh deformation diagram of the slope with the concrete-sprayed layer.
Compared with the slope with the water-stop curtain, when the concrete-sprayed layer is considered, the displacement in the x-direction at the slope toe becomes small. The sliding displacement is reduced by 41.25% from 3.350 to 1.968 m when the concrete-sprayed layer is used. This indicates that the concrete-sprayed layer can reduce the slope sliding effectively. Furthermore, it is interesting to be noticed that, when the slope is covered with a concrete-sprayed layer, the displacement in the x-direction of the second platform becomes positive. This is because of the constraint of the concrete. Compared with the slope at the initial state, when the concrete-sprayed layer is considered, the displacement in the y-direction at the slope toe is increased. The displacement in the y-direction is increased slightly as the distance between the slope toe increases. The displacement at the slope crest is only 0.929 m, indicating that the concrete-sprayed layer can restrict the slope sliding effectively.
When the slope is covered with a concrete-sprayed layer, the sliding slip surface becomes deeper and passes below the slope toe. A “deep” sliding occurs in this case. For the slope at the initial condition, the maximum plastic strain region occurs at the slope toe, while for the slope with a water-stop curtain, the maximum plastic strain region occurs at the junction of the soil with the water-stop curtain. The factor of safety of the slope with the concrete-sprayed layer is 1.841 and is increased by 18.09% compared with that of the slope at the initial condition. Therefore, the concrete-sprayed layer can improve the slope stability and is significant in slope failure prevention.
CONCLUSION
This study performed a series of numerical simulations on the stability of a 3D excavation slope located in the Wuxi Taihu Tunnel, China. The fluid–solid coupling effect is considered. In total, three typical cases, i.e., the slopes at the initial state, with the water-stop curtain, and with both the water-stop curtain and concrete-sprayed layer were studied. The variations of pore pressures and wetting lines on the slope stability were studied. The horizontal and vertical displacements and the critical slip surface were presented. Based on the results, the following conclusions can be drawn:
1) The water-stop curtain can restrict the water seepage and improve the wetting line effectively. The extension of the critical sliding zone to the slope crest is restricted, and the slope stability is improved slightly.
2) The water-stop curtain and the concrete-sprayed layer can reduce the sliding displacement significantly. Compared with that of the slope at the initial state, the sliding displacement of the slope with the water-stop curtain is reduced by 28.22%. Compared with that of the slope with the water-stop curtain, the sliding displacement of the slope with the concrete-sprayed layer is reduced by 41.25%.
3) With the presence of the concrete-sprayed layer, the sliding slip surface becomes deeper. Compared with that of the slope at the initial state, the stability of the slope with the water-stop curtain and concrete-sprayed layer is increased by 10.65 and18.09%, respectively.
DATA AVAILABILITY STATEMENT
The original contributions presented in the study are included in the article/Supplementary Material, further inquiries can be directed to the corresponding author.
AUTHOR CONTRIBUTIONS
LW designed the study, prepared the figures, wrote the manuscript, and provided the financial support. HD collected the data and performed the analysis. MX checked the writing of the manuscript. ZL convinced and designed the analysis and provided the financial support. YN, QH, and WT collected the data. All authors contributed to the interpretation of the results and provided input for the final manuscript.
FUNDING
The research in this article was supported by the Opening Fund of State Key Laboratory of Geohazard Prevention and Geoenvironment Protection (Grant No. SKLGP 2022K002), the Natural Science Foundation of Jiangsu Province, China (Grant No. BK20210479), the Systematic Project of Guangxi Key Laboratory of Disaster Prevention and Engineering Safety (Grant No. 2020ZDK010), the National Natural Science Foundation of China (Grant Nos 52168046 and 41867034), the Natural Science Foundation of Guangxi Province (Grant Nos 2019GXNSFBA185028 and 2019GXNSFAA245025), and the Fundamental Research Funds for the Central Universities (Grant No. JUSRP121055).
PUBLISHER’S NOTE
All claims expressed in this article are solely those of the authors and do not necessarily represent those of their affiliated organizations, or those of the publisher, the editors, and the reviewers. Any product that may be evaluated in this article, or claim that may be made by its manufacturer, is not guaranteed or endorsed by the publisher.
ACKNOWLEDGMENTS
These financial supports are gratefully acknowledged.
REFERENCES
 Adapa, G., Ueda, K., and Uzuoka, R. (2021). Seismic Stability of Embankments with Different Densities and Upstream Conditions Related to the Water Level. Soils Found. 61 (1), 185–197. doi:10.1016/j.sandf.2020.11.007
 Chen, C.-Y., Chen, H.-W., and Wu, W.-C. (2021). Numerical Modeling of Interactions of Rainfall and Earthquakes on Slope Stability Analysis. Environ. Earth Sci. 80 (16), 524. doi:10.1007/s12665-021-09855-5
 Cheng, H., Wang, D.-S., Li, H.-N., Zou, Y., and Zhu, K.-N. (2021). Investigation on Ultimate Lateral Displacements of Coastal Bridge Piers with Different Corrosion Levels along Height. J. Bridge Eng. 26 (4), 04021015. doi:10.1061/(asce)be.1943-5592.0001696
 Dong, S., Jiang, Y., and Yu, X. (2021). Analyses of the Impacts of Climate Change and Forest Fire on Cold Region Slopes Stability by Random Finite Element Method. Landslides 18 (7), 2531–2545. doi:10.1007/s10346-021-01637-1
 Gao, Y., Li, Z., Sun, D. A., and Yu, H. (2021). A Simple Method for Predicting the Hydraulic Properties of Unsaturated Soils with Different Void Ratios. Soil Tillage Res. 209, 104913. doi:10.1016/j.still.2020.104913
 Hailu, M. B. (2021). Modeling Assessment of Seepage and Slope Stability of Dam under Static and Dynamic Conditions of Grindeho Dam in Ethiopia. Model. Earth Syst. Environ. 7 (4), 2231–2239. doi:10.1007/s40808-020-01006-2
 Hu, W., Huang, R. Q., Mcsaveney, M., Zhang, X. H., Yao, L., and Shimamoto, T. (2018). Mineral Changes Quantify Frictional Heating During a Large Low-Friction Landslide. Geology 46 (3), 223–226. doi:10.1130/G39662.1
 Kumar, V., Samui, P., Himanshu, N., and Burman, A. (2019). Reliability-based Slope Stability Analysis of Durgawati Earthen Dam Considering Steady and Transient State Seepage Conditions Using MARS and RVM. Indian Geotech. J. 49 (6), 650–666. doi:10.1007/s40098-019-00373-7
 Li, Z., Ye, W., Marence, M., and Bricker, J. (2018). Unsteady Seepage Behavior of an Earthfill Dam during Drought-Flood Cycles. Geosciences 9 (1), 17. doi:10.3390/geosciences9010017
 Scaringi, G., Hu, W., Xu, Q., and Huang, R. Q. (2018). Shear-Rate-Dependent Behavior of Clayey Bimaterial Interfaces at Landslide Stress Levels. Geophys. Res. Lett. 45 (2), 766–777. doi:10.1002/2017GL076214
 Su, Z., and Shao, L. (2021). A Three-Dimensional Slope Stability Analysis Method Based on Finite Element Method Stress Analysis. Eng. Geol. 280, 105910. doi:10.1016/j.enggeo.2020.105910
 Sun, D. A., Wang, L., and Li, L. (2019). Stability of Unsaturated Soil Slopes with Cracks under Steady-Infiltration Conditions. Int. J. Geomech. 19 (6), 04019044. doi:10.1061/(asce)gm.1943-5622.0001398
 Tschuchnigg, F., Schweiger, H. F., and Sloan, S. W. (2015). Slope Stability Analysis by Means of Finite Element Limit Analysis and Finite Element Strength Reduction Techniques. Part I: Numerical Studies Considering Non-associated Plasticity. Comput. Geotechnics 70, 169–177. doi:10.1016/j.compgeo.2015.06.018
 Wang, L., Hu, W., Sun, D. A., and Li, L. (2019a). 3D Stability of Unsaturated Soil Slopes with Tension Cracks under Steady Infiltrations. Int. J. Numer. Anal. Methods Geomech. 43 (6), 1184–1206. doi:10.1002/nag.2889
 Wang, L., Liu, W., Hu, W., Li, W., and Sun, D. A. (2021). Effects of Seismic Force and Pore Water Pressure on Stability of 3D Unsaturated Hillslopes. Nat. Hazards 105 (2), 2093–2116. doi:10.1007/s11069-020-04391-0
 Wang, L., Sun, D. A., and Li, L. (2019b). 3D Stability of Partially Saturated Soil Slopes after Rapid Drawdown by a New Layer-wise Summation Method. Landslides 16 (2), 295–313. doi:10.1007/s10346-018-1081-2
 Wang, L., Sun, D. A., Yao, Y., Wu, L., and Xu, Y. (2020). Kinematic Limit Analysis of Three-Dimensional Unsaturated Soil Slopes Reinforced with a Row of Piles. Comput. Geotechnics 120, 103428. doi:10.1016/j.compgeo.2019.103428
 Wang, L., Zhou, A., Xu, Y., and Xia, X. (2022). Consolidation of Partially Saturated Ground Improved by Impervious Column Inclusion: Governing Equations and Semi-analytical Solutions. J. Rock Mech. Geotechnical Eng. doi:10.1016/j.jrmge.2021.09.017
 Xu, Y. F. (2004). Fractal Approach to Unsaturated Shear Strength. J. Geotech. Geoenviron. Eng. 130 (3), 264–273. doi:10.1061/(asce)1090-0241(2004)130:3(264)
 Zhou, X., He, L., and Sun, D. A. (2022). Three‐dimensional Thermal Modeling and Dimensioning Design in the Nuclear Waste Repository. Num Anal. Meth Geomech. 46 (4), 779–797. doi:10.1002/nag.3321
 Zienkiewicz, O. C., Humpheson, C., and Lewis, R. W. (1975). Associated and Non-associated Visco-Plasticity and Plasticity in Soil Mechanics. Géotechnique 25 (4), 671–689. doi:10.1680/geot.1975.25.4.671
Conflict of Interest: The authors declare that the research was conducted in the absence of any commercial or financial relationships that could be construed as a potential conflict of interest.
Copyright © 2022 Wang, Deng, Xu, Li, Nie, Huang and Tang. This is an open-access article distributed under the terms of the Creative Commons Attribution License (CC BY). The use, distribution or reproduction in other forums is permitted, provided the original author(s) and the copyright owner(s) are credited and that the original publication in this journal is cited, in accordance with accepted academic practice. No use, distribution or reproduction is permitted which does not comply with these terms.
		ORIGINAL RESEARCH
published: 20 May 2022
doi: 10.3389/feart.2022.882058


[image: image2]
Causes of Tunnel Diseases in a Karst Stratum and Remediation Measures: A Case Study
Shen Jiajia1, Zhang Hu2, Wan Li1, Zhang Changan1*, Shao Xing1, Lin Zanquan2 and Song Jie1*
1Shandong Provincial Communications Planning and Design Institute Group Co., Ltd., Jinan, China
2School of Civil Engineering, Central South University, Changsha, China
Edited by:
Dongxing Wang, Wuhan University, China
Reviewed by:
Jun Yu, Nantong University, China
Zhang Cong, Central South University of Forestry and Technology, China
* Correspondence: Zhang Changan, sdjxzca@163.com; Song Jie, sjysongjiejack@163.com
Specialty section: This article was submitted to Geohazards and Georisks, a section of the journal Frontiers in Earth Science
Received: 23 February 2022
Accepted: 29 March 2022
Published: 20 May 2022
Citation: Jiajia S, Hu Z, Li W, Changan Z, Xing S, Zanquan L and Jie S (2022) Causes of Tunnel Diseases in a Karst Stratum and Remediation Measures: A Case Study. Front. Earth Sci. 10:882058. doi: 10.3389/feart.2022.882058

Highway tunnels operated in karst areas are prone to serious structural diseases such as water–mud inrush, lining tension and cracks, and road humps. This article reviews the historical diseases of the tunnel based on the Nanshibi Tunnel project. The cause analysis of the structural diseases of Nanshibi Tunnel was performed on the basis of a refined geophysical prospecting scheme for the complex karst geological structure environment. A series of comprehensive treatments were conducted to address the tunnel diseases in the karst area. The treatments included surrounding rock grouting, lining replacement, and adding inverted arches. The results show that the refined geophysical prospecting scheme and disease remediation idea for the complex karst geological structure environment proposed herein can realize the full coverage and accurate detection of karst structures, water passage, and tunnel-lining diseases. The proposed scheme can effectively solve the technical problems of karst tunnel diseases that occur repeatedly and are difficult to be completely rectified. Finally, specific engineering practice suggestions were proposed for tunnel disease remediation in the karst area.
Keywords: karst tunnel, structural diseases, comprehensive detection, disposal measures, numerical calculation
INTRODUCTION
Limestone is one of the most widely distributed minerals in the Earth’s crust. Large amounts of limestone are distributed in Northeast China, North China, East China, Southwest China, Central South China, and Tibet. The main component of limestone is calcium carbonate, which causes corrosion and crystallization under the action of groundwater, especially flowing water. Therefore, limestone strata in water-rich areas usually form many water channels under erosion by water flow, resulting in the formation of karst phenomena topography with features such as karst troughs and caves, underground rivers, karst halls, and other structures. With the vigorous development of China’s transportation industry (Ding et al., 2017; Gong et al., 2017; Gong et al., 2019), numerous tunnels have been built in the limestone strata (He and Wang, 2013). Because of the hydrogeological conditions in karst areas, tunnels often suffer from water–mud inrush, collapse, and lining cracking during construction and operation (Gongyu and Wanfang, 1999; Huang et al., 2020; Liu et al., 2020; Jia et al., 2021). These problems directly affect the regular use and durability of the tunnel structure and even traffic and structural safety in serious cases (Lei et al., 2020; Lei et al., 2021a).
As yet, in-depth research has been conducted on the disease assessment and prediction of tunnel engineering in karst areas (Zhu and Li, 2020; Lei et al., 2021b; Junfeng et al., 2021; Tang et al., 2021), disease-formation mechanism (Huang et al., 2017; Rui, 2019; Wang et al., 2019), construction control technology (Min-qing et al., 2007; Yao et al., 2017; Lei et al., 2021c; Zhao et al., 2021), disease remediation measures (Richards, 1998; Fan et al., 2018; Bangning, 2021), etc., and good research achievements have been obtained. However, many engineering practices show that the present conventional disease treatment methods applied to active karst tunnels are often incomplete treatments conducted at one time and the problems are likely to recur at a later stage. For example, the safety of the Nanshibi Tunnel structure is endangered by many major diseases, such as lining cracking, water and mud inrush, and inverted arch uplift. These problems have not been solved even after repeated treatments. The scale of the disease, number of dangerous situations, and frequency of treatment are rare in China and other countries.
DESIGN AND DISEASE SITUATION OF NANSHIBI TUNNEL
Design Condition
Nanshibi Tunnel is a separate tunnel. The starting and ending pile numbers of the left line are ZK172 + 136 and ZK173 + 060, respectively, extending to a length of 924 m. The starting and ending pile numbers of the right line are YK172 + 136 and YK173 + 100, respectively, extending to a length of 964 m. The maximum buried depth of the tunnel is about 110 m. The clear width of the tunnel construction boundary is 10.75 m, and the clear height is 5.0 m. The width of the carriageway (including the margin verge) is 9.0 m, and the left and right widths of the maintenance road are 0.75 and 1.0 m, respectively, as shown in Figure 1.
[image: Figure 1]FIGURE 1 | Tunnel contour map (unit: cm).
The tunnel area is a dissolution landform with structural denudation and erosion, and it crosses the Jinhe River and Yuanhe River systems. A reservoir is present on the north side of the tunnel. The main adverse geological feature in the tunnel site area is the karst topography, and a large number of stone teeth, karst grooves, and caves are exposed on the surface, which is a typical karst water-rich area. In addition, the tunnel is located in the Pingxiang–Xinjian fault zone, where secondary faults are developed, and the rock mass is crushed by intense extrusion or cutting, with poor stability, as shown in Figure 2.
[image: Figure 2]FIGURE 2 | Longitudinal section of Nanshibi Tunnel.
Diseases Over the Years
Structural diseases such as lining cracking, water leakage, and inverted arch uplift have occurred in the Nanshibi Tunnel since its opening in 2008. Even after treatment and maintenance, a large number of diseases occurred successively from 2010 to 2017, as shown in Figures 3, 4.
(1) On 23 May 2008, local seepage was found during the acceptance of the main subgrade project of Nanshibi Tunnel. Very wide concrete cracks were seen in the interval ZK172 + 470 to +494, and the inverted arch was locally uplifted to 12 cm and accompanied by seepage containing limestone sediment and other substances.
(2) Since 6 May 2010, this area received a large amount of rain continuously, and many karst collapses occurred on the surface. The secondary lining of the tunnel cracked, and the road surface was uplifted. Water gushing and mud inrush occurred at ZK172 + 464 to ZK172 + 520 and at ZK172 + 630 and YK172 + 627. Karst collapse and falling caves developed on the top of the cave.
(3) In the first half of 2012, the precipitation was considerable, and the groundwater level increased. Because of the heavy rainfall, the road surface in the tunnel section YK172 + 210 to YK172 + 650 became moist and watery. Local pavement cracks and pits formed, and water seeped from the cracks and pits.
(4) During heavy rain on 24 May 2014, many instances of water bursts occurred at the left arch foot of ZK172 + 300 of the tunnel, and the water column was sprayed onto the carriageway. The diameter of the water column was about 10 cm, and the water was turbid milky white with a small amount of sand. Mountain collapse occurred at the top of the cave treated with block stones and cement concrete, with a total area of about 30 m2. The soil near the collapse cracked, and the crack width is about 30 cm.
(5) Heavy rainfall occurred on the afternoon of 15 May 2015. Water and mud inrush occurred at the ZK172 + 520 section of the tunnel at noon on May 16, and sediment gushed from the cover plate of the left drainage ditch. The sediment covered the whole pavement, which was 26 m long and 8–10 cm thick with an area of about 200 m2. The left maintenance road was tilted, and the maximum tilt height difference was 20 cm.
(6) Eight days of continuous rainfall occurred in May 2016. On 9 May, serious water leakage occurred at the construction joint of the YK172 + 600 section of the tunnel, forming a water curtain hole. Two pavement core holes showed significant inrush of water. Collapse pits with a diameter of 6 m and a depth of 3 m appeared on the tunnel roof.
[image: Figure 3]FIGURE 3 | Water–mud inrush in the tunnel.
[image: Figure 4]FIGURE 4 | Cracking of the tunnel lining.
CAUSE ANALYSIS OF DISEASES IN NANSHIBI TUNNEL
To accurately identify the causes of diseases and the current structural stability of Nanshibi Tunnel, a detailed investigation of geological and structural diseases was performed by using various geophysical methods to calculate and analyze the stability of the tunnel structure.
Refined Exploration of Karst Structures
To ensure exploration accuracy, various geophysical methods are fully used in exploration. Examples of such methods are the high-density resistivity method, transient electromagnetic method, geological radar method, and seismic imaging method. These methods are used to complement and verify each other to realize the comprehensive exploration of tunnel disease, karst structure, and water passage. The exploration of the surrounding rocks proceeds gradually from region to detail, and its basic scheme is shown in Figure 5.
[image: Figure 5]FIGURE 5 | Exploration scheme of the surrounding rock of the tunnel.
A comprehensive analysis of the geophysical prospecting results (e.g., the typical results shown in Figures 6, 7) reveals the following about the karst and water-diversion channel of Nanshibi Tunnel:
(1) The surrounding rock of the ZK172 + 438 to ZK172 + 657 section of the left tunnel and YK172 + 345 to YK172 + 570 section of the right tunnel is relatively broken, with developed karst fissures. The local rock mass is broken and water-rich, and the karst caves are concentrated in this area. The spatial distribution of the fracture zone, tunnel sidewall, and vault-fractured area is generally irregular.
(2) The areas with relatively concentrated karst development are located in the YK172 + 468 to YK172 + 536 and YK172 + 590 to YK172 + 657 sections. Several karsts intersect with the left and right lines of the tunnel and gradually develop from the left to the right line of the tunnel to the lower depth.
(3) Analysis of the water content of the fracture zone showed that the water content of the tunnel floor is higher than that of the sidewall, and the water content of the floor of the right tunnel is higher than that of the left tunnel. The water-bearing area of the surrounding rocks of the floor is less than 4 m from the road surface.
[image: Figure 6]FIGURE 6 | Water-diversion channel under an inverted arch in ZK172 + 592 to 595 sections.
[image: Figure 7]FIGURE 7 | Water-diversion channel behind the right wall of ZK172 + 607 to 609 sections.
Bearing Capacity of the Tunnel Lining
The surrounding rock grade of Nanshibi Tunnel is IV–III. The main types of secondary lining are S4, S4-1, and S3. The S4-1 lining has water leakage disease, while S4 and S3 linings exhibit water leakage disease and insufficient lining thickness. Accordingly, the load structure method was adopted to establish the calculation model of the typical lining in disease areas under hydrostatic pressure. The calculation models of the load structure are shown in Figures 8, 9. The calculation parameters are listed in Tables 1, 2.
[image: Figure 8]FIGURE 8 | Load structure model with an inverted lining section (S4-1 and S4).
[image: Figure 9]FIGURE 9 | Load structure model without an inverted lining section (S3).
TABLE 1 | Lining calculation parameters.
[image: Table 1]TABLE 2 | Parameters of the surrounding rock.
[image: Table 2]The internal force calculation results of the typical secondary lining of the tunnel are shown in Figures 10, 11. The results are as follows:
(1) The internal force distributions of the inverted arch lining (S4-1 and S4) and noninverted arch lining (S3) are different because of the differences in the structural form and constraint conditions. In general, because of the closed structure of the ring, the internal force distribution of the lining with the inverted arch is more even, and the force performance is more superior. The most unfavorable lining position with the inverted arch is mainly distributed in the vault, arch shoulder, and arch foot, whereas the most unfavorable position of the lining without the inverted arch is the vault and arch shoulder.
(2) With the gradual application of hydrostatic pressure, the internal force of the secondary lining of the tunnel also changes. For the lining with an inverted arch, the structural bending moment and axial force of the arch wall and vault increase gradually and the axial force of the inverted arch decreases gradually. The bending moment and axial force of the whole section increase gradually for the lining without an inverted arch. Therefore, the effect of hydrostatic pressure increases the internal force of the structure, causing adverse effects. The adverse effect is remarkable, especially for the inverted arch when the bending moment increases as the axial force decreases.
(3) According to the “Design Specification for Traffic Engineering of Highway Tunnel” (JTG D71-2004-2004, 2004), the secondary lining structure is checked according to the principle of the damage stage method, and the results are listed in Table 3. The calculation results show that the safety factors of all sections, except those of the ZK172 + 588 section, can meet the specification requirements without hydrostatic pressure. Because the actual lining thickness of the ZK172 + 588 section is lower than the design thickness and the bearing capacity of the section is greatly weakened, the safety factor still did not meet the requirements of the specification without hydrostatic pressure. When the lining section is subjected to hydrostatic pressure, the safety factor of the structure decreases sharply. The safety factors of the calculated sections, except those of the ZK172 + 600 section, do not meet the specification requirements. In particular, the safety factor of ZK172 + 514 is 0.91 < 1.0, and the most unfavorable part of the section is likely to fail or get damaged, endangering tunnel safety.
[image: Figure 10]FIGURE 10 | S4-1 lining internal force diagram. (A) Hydrostatic pressure 0 kPa. (B) Hydrostatic pressure 120 kPa.
[image: Figure 11]FIGURE 11 | S3 lining internal force diagram. (A) Hydrostatic pressure 0 kPa. (B) Hydrostatic pressure 120 kPa.
TABLE 3 | Secondary lining safety factor.
[image: Table 3]Cause Analysis
Based on the aforementioned investigation and calculation results, the causes of diseases in Nanshibi Tunnel can be determined.
(1) The tunnel has a karst structure with many water-diversion channels. In the rainy season, a large amount of precipitation infiltrates into the mountains, resulting in a rapid increase in the groundwater head and hydrostatic pressure on the tunnel structure. When the combined effect of the surrounding rock load and hydrostatic pressure exceeds the bearing capacity of the local weak points of the secondary lining structure of the tunnel or the impermeability of construction joints and settlement joints, diseases such as lining cracking, breakdown, and water–mud inrush occur.
(2) The water-diversion channels also developed in the local tunnel without an inverted arch. Because of the absence of an inverted arch lining constraint, the hydrostatic pressure directly acts on the tunnel pavement base. When the pavement weight is insufficient to resist the hydrostatic pressure below, problems such as pavement uplift, water gushing, and cable trench tilt occur.
(3) Part of the treatment scheme only considered drainage without considering plugging for leakage water. When the amount of groundwater is excessive, the water head cannot be reduced in time, and the pressure on the tunnel lining structure is enormous.
(4) Although some treatment schemes consider plugging the cracks in the surrounding rock, the hydrostatic pressure of the surrounding rock at the location of the disease treatment during the rainy season is not effectively reduced because of the incomplete discovery and sealing of the water-diversion channel. Hence, enormous pressure is still imposed on the tunnel lining structure.
(5) The reinforcement strength of the secondary lining at the diseased location of the tunnel is insufficient to resist the combined effect of the surrounding rock pressure and high hydrostatic pressure.
(6) There is no inverted arch in the road uplift section, and the problem of excess hydrostatic pressure that cannot be resisted by road weight has not been solved.
REINFORCEMENT MEASURES FOR TUNNEL DISEASES
Analysis of the causes of Nanshibi Tunnel diseases shows that on the one hand, the distribution of karst and water channels revealed by geophysical prospecting is highly consistent with the distribution of tunnel diseases. This proves that karst topography and groundwater are significant causes of the diseases of Nanshibi Tunnel. Therefore, a critical countermeasure for treating tunnel diseases in karst water-rich areas is to accurately and thoroughly block water-diversion channels, strengthen the weak filling medium of the cavity, and directly reduce the water pressure acting on the tunnel lining structure. On the other hand, the secondary lining section with insufficient bearing capacity should be demolished, replaced, or reinforced to ensure that the structure has sufficient safety redundancy to resist the effects of adverse influencing factors. Based on these ideas, a classification treatment and comprehensive disposal scheme of “surrounding rock grouting + lining replacement + adding inverted arch” are proposed.
Grouting of the Surrounding Rock
According to the treatment principle of “segmented governance, highlighting the key points, source plugging, and deep blocking” based on the detection results and the surrounding rock conditions exposed by drilling, a comprehensive grouting treatment was performed for the surrounding rock in the key diseased areas of the tunnel:
(1) Curtain grouting was carried out in sections ZK172 + 460 to ZK172 + 538, ZK172 + 595 to ZK172 + 645, ZK172 + 291 to ZK172 + 309, and YK172 + 610 to YK172 + 660 with karst cave development, rock fragmentation, and water-diversion channel aggregation. A grouting reinforcement circle was formed within 10–20 m of the tunnel excavation contour line to block the arch wall and the vault’s water channel completely and to systematically strengthen the weak filling medium of the cavern (shown in Figures 12, 13).
(2) Floor grouting was carried out in the sections ZK172 + 458 to ZK172 + 538, ZK172 + 596 to ZK172 + 644, YK172 + 612 to YK172 + 660, and YK172 + 210 to YK172 + 550 with strong connectivity of surrounding rock fragmentation, karst development, and karst pipelines and fractures in the tunnel floor. A water-repellent reinforcement layer was formed within the range of 10–15 m from the bottom plate. This layer separates the water-conducting channels from the surrounding rocks on both sides of the road surface and systematically strengthens the weak filling medium of the cavern below the bottom plate (shown in Figures 14–16).
[image: Figure 12]FIGURE 12 | Plane layout of the curtain grouting of the surrounding rock.
[image: Figure 13]FIGURE 13 | Schematic diagram of the curtain grouting of the surrounding rock.
[image: Figure 14]FIGURE 14 | Grouting layout of the left line of the tunnel.
[image: Figure 15]FIGURE 15 | Grouting layout of the right line of the tunnel.
[image: Figure 16]FIGURE 16 | Schematic diagram of the cross section of the tunnel floor grouting.
Lining Replacement
The secondary lining of the surrounding rock grouting reinforcement section and insufficient safety factor section was replaced. The replaced lining was a reinforced concrete structure, and an inverted arch was set. The bearing capacity and safety redundancy of the structure were improved to ensure that the safety factor of the structure was not less than the target value. This also helped avoid the direct effect of groundwater on the pavement structure, improved the waterproofing ability of the structure, and reduced the possibility of pavement uplift and cable trench tilt disease as much as possible (shown in Figure 17).
[image: Figure 17]FIGURE 17 | Cross section of the replacement tunnel lining (unit: cm).
Addition of an Inverted Arch
By analyzing the results of the comprehensive geophysical prospecting method along with the range of gushing water and mud and by studying topography and geomorphology and geological prospecting conclusions of the tunnel over the years, inverted arches were added in sections YK172 + 210 to YK172 + 400, YK172 + 480 to YK172 + 564, and YK172 + 660 to YK172 + 70, which are likely to undergo groundwater redistribution and accumulation after the grouting reinforcement of the surrounding rock. The inverted arches were added to improve the structural bearing capacity and reduce the risk of pavement diseases (shown in Figure 18).
[image: Figure 18]FIGURE 18 | Cross section of the added inverted arch (unit: cm).
ANALYSIS OF THE REMEDIATION EFFECT
After completing the treatment of Nanshibi Tunnel, the waterproofing performance of the tunnel was reconstructed, and the safety performance of the lining structure was greatly improved. Tunnel operation was restarted, and the operation was continued through two rainy seasons. During this period, no water leakage or mud burst occurred. Only few wet stains appeared on the surface of the structure, and the statistical analysis reached the secondary waterproof standard of underground engineering. The lining structure showed no signs of structural diseases such as cracking, breakdown, or pavement uplift; hence, it was safe and stable. The measured lining thickness and strength were verified numerically. Under the combined effect of surrounding rock pressure and hydrostatic pressure, the safety coefficient of the reinforced concrete lining was not less than 3.0, which meets the set target requirements.
The actual operation of the tunnel shows that the countermeasures formulated for the diseases of Nanshibi Tunnel are reasonable and successful and that the tunnel operation is in good condition at present.
CONCLUSION AND RECOMMENDATIONS

(1) Based on the Nanshibi Tunnel project, a refined geophysical exploration scheme was proposed for a complex karst geological structure environment. By combining various geophysical methods (high-density resistivity method, transient electromagnetic method, geological radar method, and seismic imaging method), the full coverage and accurate detection of the karst structure, water passage, and tunnel lining diseases were realized.
(2) Based on the detection results and historical disease data, the causes of the Nanshibi Tunnel diseases were systematically analyzed. The distribution of karst and diversion channels was found to be highly consistent with the tunnel disease distribution. Karst and groundwater are the main causes of lining cracking, water–mud inrush, and inverted arch uplift of the tunnel.
(3) Combined with the existing engineering experience, the concept of the classified and comprehensive treatment of “surrounding rock grouting + lining replacement + adding inverted arch” for tunnel diseases in karst areas was proposed, and it was successfully applied to the supporting engineering methods. Thus, the technical problems of karst tunnel diseases that recur frequently and are difficult to treat completely were systematically solved. The practical experience shows that the key to the treatment of tunnel diseases in karst water-rich areas is to accurately and thoroughly seal the water-diversion channel, strengthen the weak filling medium of the cavity, reduce the water pressure directly acting on the tunnel lining structure, replace or reinforce the lining with insufficient bearing capacity, and ensure that the structure has sufficient safety redundancy to resist the adverse effects.
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The deterioration of rock mass and shotcrete lining has major consequences on the long-term performance of tunnels in the weak rock mass. In this study, the long-term behavior of rock mass and shotcrete in tunnels was simulated by using the three-dimensional finite difference method, considering the nonlinear deterioration mechanism. The degradation of rock mass was simulated by weakening the mechanical parameters, while the deterioration of shotcrete was modeled by decreasing the thickness. The support pressure, internal force, and displacement of the secondary lining were monitored with the gradual degradation of rock mass and shotcrete. As a consequence, the factor of safety (FoS) evolution with time was discussed. The results indicated that 1) the deterioration of both rock mass and shotcrete would significantly increase the rock pressure on the secondary lining, leading to an increase in the displacement (0–14 mm). The FoS of the secondary lining was reduced by 85%. 2) The influence of shotcrete’s deterioration on the secondary lining was relatively less, and the rock pressure on the secondary lining increased from 0 kPa to 13.8 kPa. The long-term safety of the tunnel is remarkably affected by the deterioration of rock mass, depending on the deterioration characteristics of the rock mass. Therefore, the deterioration characteristics of rock mass should be fully considered in tunnel maintenance.
Keywords: degradation, time-dependent, numerical simulation, rock pressure, safety factor
1 INTRODUCTION
In most countries, the life span of a tunnel is generally expected to be 100 years or even more. Many unfavorable factors would decrease its serviceability and safety during tunnel operations, among which the time-dependent deterioration of rock mass and the lining is a key one (Yoshida et al., 1997; Sandrone and Labiouse, 2010; Tating et al., 2013; Mert, 2014). The time-dependent deterioration of rock mass has a great influence on the physical and mechanical parameters of rock mass, which can break the balanced state of the tunnel and produce additional load on the lining in the long term (Usman and Galler, 2013; Aghchai et al., 2020).
Under the influence of external factors, the weathering of rock mass results in a decrease in particle size, change in mineral composition, and decrease in cohesional strength (Lyu et al., 2020). The mechanisms of damage degradation of different rocks under water–rock interaction, wet and dry cycling, or considering the action of corrosive ions were studied (Gullà et al., 2006; Wong et al., 2016; Momeni et al., 2017; Liu et al., 2018; Castellanza et al., 2018). The deterioration of rock mass is a time-dependent phenomenon, which may lead to a reduction of the mechanical parameters due to weathering (Ladanyi, 1980; Graham and Au, 1985; Chandler and Apted, 1988; Khanlari et al., 2012; Undul and Tugrul, 2012), aging (Panet, 1979; Boidy et al., 2002) and some other factors. Extensive studies have been carried out on the deterioration mechanisms of rock mass. Tertiary mudstone tends to soften due to water absorption upon unloading, moisture/humidity changes, weathering, and deterioration with time (Yoshida et al., 1997); viscoplastic properties of the rock mass and shotcrete have been studied using the finite element method (Swoboda et al., 1987). Pore water pressure redistribution (Garber, 2003) and other special geological disasters could contribute to the deterioration of rock mass.
Concrete is the structural material of tunnel support, and its long-term mechanical properties have been studied by many researchers in tunnel engineering. Some concrete deterioration models have been proposed by considering service conditions (Lei et al., 2013; Jiang and Niu, 2016; Alexander and Beushausen, 2019). The deterioration of steel bars has been studied (Ahmad, 2003; Sola et al., 2019). In order to simplify the simulation, reinforcement deterioration is neglected in the present study. The deterioration of the lining is mainly induced by weathering and corrosion in the underground environment. The lining generally consists of shotcrete and the secondary lining. As a temporary support structure, no measures are taken to improve the durability of shotcrete. Simultaneously, shotcrete is tightly attached to rock mass and exposed to underground water. Behind the secondary lining, there is no way to get the shotcrete repaired. As a permanent support structure, the durability of the secondary lining could be maintained during operation. Therefore, the deterioration of the secondary lining could be neglected, and the deterioration of the lining mainly depends on shotcrete.
This study intends to improve the understanding of the mechanisms of long-term deterioration of rock mass and lining and the influence of the deterioration on tunnel performance. The FLAC3D three-dimensional finite difference method was used in the study, complying with deterioration criteria of rock mass and lining, to simulate the long-term deterioration procedure of rock mass and shotcrete.
2 DETERIORATION MECHANISMS OF ROCK MASS AND LINING
The deterioration of rock mass is a time-dependent phenomenon, which could decrease its shear strength and expansion, and the decrement could be presented by moving down the failure envelop accompanied by a reduction in its nonlinearity at low stress levels. With the evolution of deterioration, the failure mechanisms of point A near the unsupported tunnel are shown in Figure 1. In the initial state, the stress circle of point A kept off the failure envelop at a long distance. With the advancement of deterioration, the envelop moves down gradually. The envelop crosses the stress circle eventually, and point A is in a state of failure. The pressure from the rock mass also increases gradually with the advancement of deterioration.
[image: Figure 1]FIGURE 1 | Stressed mechanisms under deterioration.
According to the various compositions of rock mass and the hydrogeological conditions around tunnels, the deterioration could be classified into the following three types:
1. Rock mass deteriorates quickly in a short time.
2. Rock mass deteriorates slowly over a long time.
3. Rock mass hardly deteriorates.
The main phases of the progressive transfer of the rock mass pressure from the primary support to the final lining system are described below. During excavation, the primary support ([image: image]) undertakes the main pressure from rock mass; when the secondary lining is completed, the secondary lining and the primary support function together ([image: image]). During operation, the support pressure of the primary support is gradually shifted to the secondary lining due to the deterioration of the primary support ([image: image]), and the secondary lining is affected by a much slower degradation, which can be neglected during this phase. When the primary support deteriorated completely, the support pressure of the secondary lining includes two parts: shifted pressure from the primary lining and increased pressure from rock mass due to its deterioration.
The rock mass and lining deteriorated together according to different laws, and their deteriorations affect the long-term mechanical behavior of the tunnel. The deterioration mechanisms of the rock mass and lining are shown in Figure 2. The deterioration of both the rock mass and lining can significantly affect the serviceability and safety of tunnels during operation. The deterioration of rock mass will gradually increase the support pressure, and simultaneously, the deterioration of the lining will gradually decrease its own support capacity. When the lining is unable to support the rock mass, deformations such as crack and even collapse occurs resulting in the termination of tunnel operation time ahead of schedule.
[image: image]–stiffness of the primary support;
[image: image]–the maximum support pressure that the primary support could undertake;
[image: image]–stiffness of the primary support during deterioration;
[image: image]–stiffness of the secondary lining;
[image: image]–the maximum support pressure that the secondary lining could undertake;
[image: image] ([image: image] = 1,2,3)-pressure from rock mass.
[image: Figure 2]FIGURE 2 | Deterioration mechanisms of the rock mass and lining.
3 NUMERICAL SIMULATION
3.1 Numerical Model
In order to balance the model efficiency and accuracy, numerical models of different sizes were established, and the calculation results were analyzed and compared. The numerical model was determined as shown in Figure 3, with a dimension of 40 m in longitudinal length, 160 m in width, and 110 m in height. The tunnel is of a polycentric cross section and is 9.7 m in height, 50 m in width, and 50 m in buried depth. The thickness of the shotcrete and secondary lining is 20 and 35 cm, respectively. The model contains 294,400 elements and 613,848 nodes. In terms of boundary conditions, no vertical displacements were allowed along the base of the model, no lateral displacements were allowed along the vertical surface of the model, and the top surface of the model was allowed to be deformed freely.
[image: Figure 3]FIGURE 3 | Tridimensional finite difference model.
The solid element is applied to simulate shotcrete, complying with the Mohr–Coulomb failure criterion that follows the elastic perfectly plastic stress–strain relationship (Usman and Galler, 2013), and a liner element is applied to simulate the secondary lining. The liner element is a build-in structural element in FLAC3D (as shown in Figure 4), which is usually applied to simulate the lining and geo-textile structure in geotechnical engineering. Liner structural elements are three-node, flat finite elements. In addition to providing the structural behavior of a shell, a shear-directed (in the tangent plane to the liner surface) frictional interaction occurs between the liner and the FLAC3D grid. In addition, in the normal direction, both compressive and tensile forces can be carried, and the liner may break free from (and subsequently come back into contact with) the grid (FLAC3D 2005). Interface elements can be used to model the effect of joints, faults, and frictional interfaces between bodies. Interfaces operating in a small-strain mode derive their forces from a comparison of “virtual positions” of the two interacting faces, where a “virtual position” of a point is the original coordinate of the point combined with the accumulated displacement to date. If one contacting object is removed (for example, backfill within a tunnel) and another substituted (for example, a liner is installed) using the same interface, then large initial stresses may appear because the two sides of the interface appear to interpenetrate (Zhao et al., 2022). The mechanical parameters of the shotcrete and secondary lining are shown in Tables 1, 2, respectively.
[image: Figure 4]FIGURE 4 | Idealization of interface behavior at a liner node. (A) Liner and surface. (B) Shear and normal stress (Itasca, 2005).
TABLE 1 | Mechanical parameters of the shotcrete.
[image: Table 1]TABLE 2 | Mechanical parameters of the secondary lining (FLAC3D 2005).
[image: Table 2]3.2 Simulation of the Deterioration of Rock Mass
According to abundant studies on various rock masses, the failure criterion was put forward by Yoshida et al. (1990), which could describe the time-dependent deterioration of rock mass.
[image: image]
where A, B, and S are the strength parameters. Strength during deterioration is represented by interpolating the strength parameters (A, B, and S) from the initial to the fully deteriorated values using the following inverse-hyperbolic function of time (Yoshida et al., 1990; Yoshida and Adachi, 2010).
[image: image]
where X is the strength parameter (A, B, and S); x is the strength reduction-rate parameter (a, b and c); t is time. The subscripts o and fs denote the initial and fully deteriorated values, respectively.
The deterioration of rock mass generally complies with Mohr–Coulomb and Hoek–Brown failure criteria that follow the elastic perfectly plastic stress–strain relationship or elastic perfectly plastic soften stress–strain (Sandrone and Labiouse, 2010; Sulem et al., 1987; Ladanyi,1974). In the numerical simulation of this study, a solid element is applied to simulate the rock mass, complying with Mohr–Coulomb failure criterion that follows the elastic perfectly plastic stress–strain relationship. Eq. 1 describes the Mohr–Coulomb criterion when B = 1, and at this time, parameters A and S influence the deterioration of rock mass, where [image: image] and [image: image].
The mechanical properties of rock mass are indirectly determined (through RMR) from the Q system by means of commonly used empirical equations and correlations as described in the following equations. Initial Q is assumed to be 2 in the numerical simulation, and relative physical and mechanical parameters are computed and shown in Table 3.
TABLE 3 | Initial mechanical parameters of rock mass (before deterioration).
[image: Table 3]As summative and quantifiable formulas for the characteristic of the rock mass, RMR and Q systems are based on studies on considerable rock mass in the natural state, including rock mass in various conditions of deterioration. So, RMR and Q systems are considered applicable to rock mass during deterioration (Tugrul, 1998; Serafim and Pereira, 1983; Bieniawski, 1989; Palmstrom, 2000).
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The deterioration of rock mass in the numerical simulation is classified into three types:
3.2.1 Case 1
It is assumed that the mechanical parameters of rock mass decreased to a quarter of its original value in 10 years due to its deterioration ([image: image]), namely, [image: image], [image: image]. a and s are taken as 1.0 and 0.8, respectively (the influence of a and s on A and S is shown in the study by Yoshida et al., 1990). The time-dependent parameters of rock mass during deterioration are shown in Table 4, where [image: image] and [image: image] are computed according to Eqs 4, 5, respectively, and [image: image] is the median of [image: image] and [image: image].
TABLE 4 | Time-dependent parameters of rock mass during deterioration.
[image: Table 4]As shown in Table 4, [image: image] is basically equal to [image: image], and the other parameters of rock mass in various conditions of deterioration could be computed according to Eqs 3–8. The computed results are shown in Table 5, where quality per unit volume is 2100 kg/m3, and Poisson’s ratio assumes an empirical value.
TABLE 5 | Time-dependent mechanical parameters of rock mass during deterioration.
[image: Table 5]3.2.2 Case 2
It is assumed that the mechanical parameters of rock mass decreased to a quarter of its original value in 100 years due to its deterioration ([image: image]), namely, [image: image], [image: image], where a and s are taken as 1.0 and 0.8, respectively. The time-dependent mechanical parameters of rock mass during deterioration are shown in Table 6, where quality per unit volume is 2100 kg/m3 and Poisson’s ratio assumes an empirical value.
TABLE 6 | Time-dependent mechanical parameters of rock mass during deterioration.
[image: Table 6]3.2.3 Case 3
It is assumed that rock mass rarely deteriorated in 100 years ([image: image]), namely, its parameters are equal to the original ones all the time (Table 7).
TABLE 7 | Time-dependent mechanical parameters of rock mass during deterioration.
[image: Table 7]3.3 Simulating the Deterioration of the Lining
In the lining system, shotcrete alone deteriorated in the numerical simulation. According to Nguyen (2005), the thicknesses of the deterioration zone [image: image] (cm) is considered proportional to the squarer root of time t (year):
[image: image]
Yokozeki et al. (2004) investigated the tunnels in which the operation time is between 34 and 100 years, and the deterioration thickness of the concrete in 100 years could go up to 100 mm. Due to measures not taken to improve the shotcrete’s durability and corrosion and deterioration of other factors, [image: image] was assumed to be 2 in the numerical simulation.
The deterioration thickness of shotcrete in 100 years would go up to 200 mm. The deterioration thicknesses of the shotcrete in various years are shown in Figure 5.
[image: Figure 5]FIGURE 5 | Variations in deterioration thickness of the shotcrete with time.
The shotcrete after deterioration lost the bearing capacity, so the deterioration of the shotcrete was simulated by decreasing its thickness in the numerical simulation. Shotcrete and rock mass deteriorated together in the numerical simulation.
3.4 The Process of Numerical Simulation
The excavation procedure was as follows:
(1) In the first step, the geostatic analysis was carried out to apply the gravity of the rock mass, without the lining structure. The in situ stress state was achieved as the initial stress condition for the following simulation.
(2) In the second step, the first slice in the tunnel core was excavated, and the shotcrete was activated. The benching tunneling method is applied and the corresponding footage is 2 m. The longitudinal distance between the up and down bench is 6 m. The shotcrete follows the excavation of the bench.
(3) When excavation is totally completed, the secondary lining starts to be installed. As a safety margin, the secondary lining does not sustain the load of the surrounding rock during tunnel construction.
(4) According to the calculation condition, the rock mass parameters and shotcrete are adjusted as mentioned above.
4 RESULTS AND DISCUSSION
The support pressure of the secondary lining and its displacement are shown in Figures 6, 7 respectively. In case 1, the rock mass deteriorated rapidly over the period of 10 years and simultaneously, shotcrete deteriorated gradually. In case 2, the rock mass deteriorated slowly over the period of 100 years and simultaneously, shotcrete deteriorated gradually. In case 3, the rock mass did not deteriorate in the period of 100 years and simultaneously, shotcrete deteriorated gradually.
[image: Figure 6]FIGURE 6 | Variations in the pressure the secondary lining undertakes with time. (A) Case 1. (B) Case 2. (C) Case 3.
[image: Figure 7]FIGURE 7 | Variations in the displacement of the secondary lining with time. (A) Case 1. (B) Case 2. (C) Case 3.
Both the support pressure and displacement of the secondary lining increased gradually during the deterioration of the rock mass and shotcrete. Basically, they shared a common trend, but their increase trends differed during deterioration.
For case 1, the rock mass fully deteriorated in a relatively short time (10 years), and the support pressure of the secondary lining and its displacement increased quickly during deterioration. The rock mass fully deteriorated after 10 years, and shotcrete alone continued to deteriorate gradually. The support pressure of the shotcrete gradually transferred to the secondary lining, and the support pressure and displacement of the secondary lining increased slowly during deterioration. In the 100th year, the maximum support pressure of the secondary lining was 317.7 kPa; the displacement of the vault roof was 13.96 mm, and the horizontal convergence was 11.76 mm.
For case 2, both the rock mass and shotcrete fully deteriorated in a relatively long time (100 years). In the former 60 years, the rock mass deteriorated relatively quickly, increasing the support pressure of the lining, and simultaneously, shotcrete which gradually deteriorated was unable to undertake increased pressure from the rock mass; thus, the support pressure of the secondary lining and its displacement increased in a relatively quick level. In the later 40 years, the rock mass and shotcrete deteriorated at a slower level, while the support pressure of the secondary lining and its displacement increased more slowly. In the 100th year, the maximum support pressure of the secondary lining was 321.2 kPa, the displacement of the vault roof was 14.11 mm, and horizontal convergence was 12.00 mm.
Even though the deterioration processes of case 1 and case 2 given above differed, they reached the same deterioration level eventually (100 years), and the support pressure of the secondary lining and its displacement was basically equal.
For case 3, the rock mass did not deteriorate and shotcrete alone deteriorated with time. The support pressure of the secondary lining mainly came from the support pressure of the shotcrete during construction. In comparison with case 1 and case 2, its pressure and displacement were relatively small and approximated to a linear increase. In the 100th year, the maximum support pressure of the secondary lining was 14.5 kPa; the displacement of the vault roof was 0.26 mm, and the horizontal convergence was 0.32 mm.
The moment and axial force of the secondary lining during deterioration are shown in Figure 8. The axial force gradually increased, and the maximum moment occurred in the spring line. In addition, the vault roof, sidewall, and inverted arch were in tension. The axial force of case 1 and case 2 shared a common distribution, with the bigger ones in the vault roof and inverted arch, and with the smaller ones in the sidewall. In case 3, the smaller one occurred in the vault roof and inverted arch and the bigger one occurred in the sidewall by contrast. Bending moments at the sidewall and inverted arch were much higher, to which attention should be paid. The inner sides of the secondary lining in the two areas were under tension but still within the limit of concrete capacity. Other areas were also within the limit of concrete capacity.
[image: Figure 8]FIGURE 8 | Variations in internal force of the secondary lining with time. (A) Case 1. (B) Case 2. (C) Case 3.
The support pressure of the secondary lining would increase significantly since rock mass had deteriorated. The deterioration of the shotcrete would shift pressure from itself to the secondary lining, and shotcrete itself was unable to undertake the left pressure. The deterioration of both the rock mass and shotcrete would significantly increase the support pressure of the secondary lining, leading to an increase in its displacement and internal force and a decrease in the tunnel’s serviceability and safety.
The ratio of the maximum pressure that the supporting structure could bear ([image: image]) to the actual equilibrium pressure ([image: image]) could be defined as a safety factor, by which the serviceability and safety level of the tunnel could be evaluated (Sandrone and Labiouse, 2010):
[image: image]
where [image: image] could be computed as the following formula (Guang, 1993):
[image: image]
where [image: image] is the uniaxial compressive strength; [image: image] is the radius of lining; [image: image] is the thickness of the concrete (in this study; and [image: image] = 35 MPa; a = 12 m; [image: image] = 0.35 m). It is notable that Eq. 11 is deduced from the round-pipe theory under external pressure. For the tunnel with a polycentric cross section, its bearing capacity is less than that of a circular tunnel, and therefore the computed [image: image] may be bigger than the actual one. Accordingly, this study takes half of the computed value as the maximum pressure the secondary lining could bear, namely, [image: image] = 488.9 kPa and the FoS evolution (in vault roof) with time is shown in Figure 9.
[image: Figure 9]FIGURE 9 | FoS evolution (in vault roof) with time.
Being relatively big, the safety factor of case 3 (bigger than 10) was not shown in Figure 9. The initial safety factor is assumed to be 10. As shown in Figure 9, the FoS of case 2 was bigger than that of case 1 in the former time, and the two were basically equal at the end. In case 1, the FoS of the secondary lining decreased significantly because the rock mass deteriorated rapidly in the first 10 years. If special disasters, such as earthquakes and fire accidents, took place during operation time, its safety factor would decrease again, posing a threat to the tunnel’s safe operation.
By comparing the three cases comprehensively, the influence of the shotcrete’s deterioration on the secondary lining was relatively small, and the deterioration of the rock mass was the main influencing factor.
5 CONCLUSION
Based on numerical simulation, this study carries out a contrastive analysis of the three cases discussed earlier. The following conclusions can be drawn:
(1) The deterioration of both the rock mass and shotcrete would significantly increase the rock pressure on the secondary lining (0–321.2 kPa) and the displacement (0–14 mm). The FoS of the secondary lining was reduced by 85%. In the design of the secondary lining, the influence of the rock pressure increased by the deterioration of the rock mass should be properly considered.
(2) The influence of the shotcrete’s deterioration on the secondary lining was relatively small and the rock pressure the secondary lining undertakes was increased from 0 to 13.8 kPa. The secondary lining only undertakes the support pressure of the shotcrete during construction.
(3) When the rock mass deteriorated rapidly (case 1), the support pressure of the secondary lining would increase rapidly in a relatively short time (10 years) and then incline toward stability; When the rock mass deteriorated slowly (case 2), the support pressure of the secondary lining would gradually increase in a long time (60 years). Also, the two cases were basically equal at the end. Different deterioration characteristics of rock mass have different effects on the secondary lining, and the deterioration characteristics of rock mass should be fully considered in the tunnel maintenance.
It is to be noted that the applicable scope of the conclusion is limited due to the fact that only several conditions are considered in the simulation. Furthermore, no field or laboratory tests have been conducted to verify the numerical simulation. These are the focus of future research.
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The conventional empirical Sadowski formula has low prediction accuracy for the vibration velocity of the mass point in the near zone of the blast source, which makes it challenging to evaluate the damage of the building structures accurately. Considering the main influencing factors of blast vibration, the blast vibration attenuation law of deeply buried small clearance tunnels is investigated using dimensional analysis, and the Sadowski expansion formula is established considering the resistance line and free face. The regression analysis and fitting results were evaluated by combining the actual blast vibration data measured at the excavation site of the three separated tunnels at Badaling Great Wall Station with the post-expansion formula and the Sadowski formula, respectively. The results show that the correlation coefficients of the blast vibration expansion formulae based on the gauge theory for the fitted predictions of blast vibration isotropic velocities in a practical engineering context (0.92, 0.81, and 0.88, respectively) are higher than those of the conventional attenuation formulae, by 12, 10.5, and 6.3%, respectively, indicating that the expanded Sadowski formulae can better predict the blast vibration attenuation generated by the described deeply buried small clearance tunneling project.
Keywords: blast vibration, dimensional analysis, deeply buried small clearance tunnels, attenuation law, expansion formulae
INTRODUCTION
With the continuous development of tunnel excavation technology, it has been found that, from the aspects of construction efficiency and economy, etc., the drilling–blasting method has unparalleled advantages and will still play an essential role in the construction of various new types of tunnels in the future. With the development and upgrading of China’s transport facilities, new tunnel projects such as continuous arch tunnels, deeply buried small clearance tunnels, and overlapping cross tunnels have been launched. These projects are more susceptible to topography, geological conditions, and route alignment during construction, and the mutual spatial and positional relationships with existing tunnels are becoming more complex (Hong, 2017). In terms of efficiency and economy of construction, the drilling–blasting method has unparalleled advantages and will continue to play an essential role in the construction of new types of tunnels in the future (Guo, 2018). However, when using the drilling–blasting method for practical blasting engineering, the energy released is used in addition to rock fragmentation, part of which will also cause damage to the surrounding buildings (structures) in the form of waves (Tan et al., 2003). To accurately evaluate the extent of damage caused by seismic blast vibration to adjacent buildings and structures and control blast vibration within safe limits by appropriate means, it is essential to carry out a study of blast vibration propagation attenuation laws.
The Sadowski formula can describe blast vibration decay laws, which has been a great convenience in previous blast engineering studies (Sadowski and Chen, 1986). However, with the application of this formula in practical engineering, scholars have found that Sadowski’s formula is more suitable for predicting the decay of vibration velocities in the far zone of the blast source, while blast vibration in the near zone of the blast source is difficult to predict with the required accuracy (Fu et al., 2011). Due to the special construction environment of deeply buried small clearance tunnels, there is a great need for a more accurate prediction of blast vibration in the near zone of the source to ensure the safety of existing tunnels.
Based on the above practical situation, this paper combines the actual engineering blasting vibration data with the theory of dimensional analysis and proposes an expanded blasting vibration formula that considers the resistance line based on the traditional Sadowski formula. The expanded formula is further demonstrated by comparing the results of the expanded formula with those of the Sadowski formula.
RESEARCH STATUS
At present, the Sadowski formula is a semi-empirical formula widely used in practical blasting engineering in the world, by characterizing the relationship between the peak velocity of mass point vibration, the charge weight of blasting, and the blasting center distance to calculate the decay law of blast vibration velocity (Xiong and Gu, 2002):
[image: image]
where [image: image]is the peak velocity of blasting vibration, [image: image]; [image: image] is the site coefficient; [image: image] is the charge weight of blasting, [image: image]; [image: image] is the burst distance, [image: image]; and [image: image] is the attenuation coefficient.
The traditional formula for calculating blasting vibration velocity is the relationship between the peak vibration velocity and the proportional blasting charge. It can be seen from the Sadowski formula that when the blast source distance is certain, the vibration velocity increases with the increase in charge. However, Xin-kuan Zou (Zou et al., 2016) pointed out that, in a tunnel underground boring, blasting often shows a different situation from this, that is, when the free face and the minimum resistance line of influence are large enough, they will also have a certain impact on the blasting vibration velocity.
For the study of blasting vibration, relevant experts have used various research methods such as theoretical analysis, numerical simulation, and field examples. According to Ming-ya Bi (Mingya et al., 2009), the prediction of blasting vibration intensity is affected by various factors including geological and topographical conditions, material quantity, packet shape, and loading form, which are prone to significant errors. Tang et al. (2007) analyzed the influence of concave and convex geomorphology on the propagation of blasting vibration waves by taking geomorphological factors into account in the Guangdong Ling’ao nuclear power plant project. Wang et al. (2017) investigated the propagation of blasting vibration waves within a specific range of the adjacent surface based on investigating the reflection superposition law and the attenuation law of surface vibration velocity of blasting seismic waves in a specific range of the adjacent surface in tunnels with different burial depths based on numerical simulation, verification of measured data, and dimensional analysis and proposed that the calculation formula of surface vibration velocity attenuation considering the influence of burial depth can better reflect the attenuation law of surface vibration velocity. Zhang (2019) considered the influence of elevation and rock damage on the propagation pattern of blast vibration and, combined with actual engineering, concluded that rock damage has a significant weakening effect on the peak velocity of blast vibration.
EQUATION EXPANSION AND RESULT DISCUSSION
Calculation Model of Blast Vibration Velocity Based on Dimensional Analysis
In the deeply buried small clear distance tunnel projects, the distance between the excavated tunnel and the existing tunnel will be less than the buried depth of the tunnel. The length of the resistance line is the distance from the center of the blasting charge to the outer surface of the side wall lining of the existing tunnel. (In practical deeply buried small clearance tunneling projects, where the distance between the excavated tunnel and the existing tunnel is less than the tunnel depth, the length of the resistance line usually corresponds to the distance from the package to the lining of the existing tunnel sidewall.) To prevent damage to the existing tunnel lining caused by blasting vibrations during tunnel excavation, it is essential that the influence of the resistance line is considered in the actual predictions. The physical quantities associated with tunnel blasting and excavation are presented below. And through theoretical analysis of the magnitudes, a formula is derived for calculating the vibration velocity of tunnel blasting excavation, considering the effects of free face and resistance lines (Yang et al., 1994; Song et al., 2013).
In tunnel excavation blasting vibration velocity analysis, there are two main variables: one is the dependent variable, that is, the variable brought about by the different blasting design, mainly including the peak vibration velocity, single section blasting charge, and blast source distance, and the second is the independent variable, which includes the characteristics of the rock itself, rock density, and wave velocity. The main variables involved in the calculation of the model for studying the decay of vibration velocity in deeply buried small clearance tunnel blasting excavation are summarized in Table 1.
TABLE 1 | Main variables involved in the analytical calculation of blast vibration velocity.
[image: Table 1]The above influencing factors were selected as the main physical quantities affecting the peak velocity of blast vibration to be studied. It can be seen that the seven physical quantities affecting the propagation law of blast vibration velocity are all related to time [image: image], length [image: image], and mass [image: image]. Therefore, the expression of the basic gauge system is the following equation:
[image: image]
Here, [image: image] represents the dimension of the variable [image: image]; [image: image], [image: image], and [image: image] represent the dimension of length, mass, and time, respectively; and [image: image], [image: image], and [image: image] are real-type indices.
The scale matrix [image: image], based on the scale of each physical quantity listed in Table 1, is given by the following equation:
[image: image]
In order to determine the rank of the dimensional matrix [image: image], the maximum charge of one section [image: image], distance to the explosive’s center [image: image], and rock wave velocity [image: image] were selected as independent dimensions, and the following determinant was formed from them:
[image: image]
Calculate the determinant △≠0, so the rank of the dimensional matrix [image: image], which indicates that the dimensional matrix is a non-linear correlation matrix. The number of dimensionless matrices is [image: image], and the expression of each dimensionless matrix is as follows:
[image: image]
It is known that, in the above equation, [image: image] are all dimensionless. And it follows from the volley principle of dimension that the power of any parameter in the fundamental system of magnitudes should be 0 (Li, 1992). Therefore, the parameters [image: image], and [image: image] of [image: image] in the above equation have the following relationship:
[image: image]
The above equation corresponds to the sum of powers of [image: image], and [image: image], respectively, to 0. Solving the above equation gives [image: image], [image: image], and [image: image]. Similarly, the values of [image: image], and [image: image] are [image: image] and [image: image] for [image: image] and [image: image], respectively. By bringing the calculated indices back to the expressions [image: image], the dimensionless expressions can also be expressed as follows:
[image: image]
According to the theory of dimensional analysis (π theorem), the physical relations can be transformed into dimensionless form and the number of independent variables in the function is reduced. So, the relationship between the vibration velocity and the physical quantities in the tunnel when blasting excavation is carried out can be expressed as follows:
[image: image]
In practical engineering, the density of the rock mass [image: image] and the propagation velocity of the rock mass for vibration waves [image: image] can be viewed as constants (Cai, 2013). Therefore, the following expression is derived for the function between the vibration velocity of tunnel blasting excavation and other physical quantities:
[image: image]
Simplifying the equation above, we get
[image: image]
Observe that the first term of the above equation is found to be consistent with the proportional charge quantity of Sadowski formula [image: image], so collating the above equation leads to the following equation:
[image: image]
The corresponding relationships between the coefficients in the above equations are as follows:
[image: image]
Analyzing the final expression, the first term on the right-hand side of the equation, [image: image], is identical to the traditional Sadowski formula and shows the relationship between the blast vibration velocity and the proportional charge; the second term, [image: image], integrates the effect of the area of the free face of the blasting excavation on the blast vibration intensity; the last term, [image: image], considers the effect of the length of the minimal resistance line on the blast intensity and is more applicable to the prediction of blasting vibration velocity for deeply buried small clearance tunnel projects.
Application of the Expansion Formula to the Great Wall Station Tunnel at Badaling
A sample of actual blasting data from Badaling Great Wall Station was used for analysis. The station has many levels, many cavities, and complex cavity types, making it the most complex concealed cavity group station in China. There are multiple spatial relationships in the construction of sections and areas affected by close blasting construction.
Mountain tunnels with a burial depth [image: image] exceeding 50 m (conservatively estimated at 100 m) can be classified as deeply buried tunnels (Rao and Wang, 2013). In contrast, a small clear distance tunnel is a special form of tunnel arrangement where the thickness of the intermediate rock column between the tunnels is less than the recommended value in Table 2 (Specification for Design of Highway Route JTG D70). The Badaling tunnel project is a mountainous tunnel with a burial depth of over 100 m and a maximum tunnel spacing of 6 m<2.0 × 7 m (excavated section of Grade III surrounding rock), so it is a deeply buried small clearance tunnel project.
TABLE 2 | Minimum clearances for separate independent double holes.
[image: Table 2]The three separate cavern sections are part of a three-line parallel tunnel group, with the right line 2 months behind the mainline and the mainline 3 months behind the left line. Their actual excavation dimensions and chamber spacing are shown in Figure 1. As the net distance between the rock columns of the three parallel tunnels is only 2.27–6 m, blasting in the mainline will cause vibration effects or even damage to the left and right line tunnel structures on both sides where the initial support or secondary lining has been completed. Blasting vibration control is required to ensure that the support effect of the existing support is not affected.
[image: Figure 1]FIGURE 1 | Schematic diagram of the cross-sectional dimensions and spacing of the three-hole separation section.
The section of the Great Wall Station at Badaling is 398 m in length, and the surrounding rock level is mainly Grade III. In the actual blasting construction, the section of Grade III surrounding rock is constructed by the step method, with a step length of 5∼8 m, in the order of up- and down-blasting construction. The holes were drilled by hand-held wind drill with a diameter of 42 mm, and the blasting explosive was Φ32 mm rock emulsion explosive. The layered explosive loading structure and uncoupled explosive loading structure are adopted.
Physical measures of blast vibration intensity include the mass vibration velocity, displacement, acceleration, and energy ratio. Following the Safety Regulations for Blasting, this paper uses mass point vibration velocity as the basis for measurement. TC-4850 blasting vibration meter is shown in Figure 2. By importing the vibration data into the software and analyzing the analysis, the vibration velocity of the mass at each monitoring point can be directly obtained as [image: image] (horizontal radial), [image: image] (horizontal tangential), and [image: image] (vertical ground direction), and the combined velocity can be analyzed by vector operation of the three velocity values.
[image: Figure 2]FIGURE 2 | Site layout of the TC-4850 blast vibrometer.
The vibration test was used to monitor the changes in blast vibration velocity and acceleration at the foot and waist of the left-hand side of the excavated chamber and at various points in the same plane as the palm face during the blasting construction of the cavern. The actual measurement points are shown in Figure 3 and Figure 4, with a total of seven measurement points, of which measurement point 2 is facing the blast charging section of the tunnel palm face; measurement point 1 is placed in the excavated section and measurement point 2 is 5 m away; measurement points 3, 4, and 5 are placed in the unexplored area and the distance from measurement point 2 is 5, 13, and 23 m; and measurement points 6 and 7 are in the same plane as measurement point 2 but 0.8 m lower than measurement point 2. The blast vibration velocities at different locations were analyzed by monitoring the vibration velocities of one line and the same plane of measurement points.
[image: Figure 3]FIGURE 3 | Schematic layout of vibration measurement points.
[image: Figure 4]FIGURE 4 | Schematic diagram of the lateral arrangement of vibration measurement points.
The measured vibration sensors were recorded in all three directions at the same time, and the measured vibration data are listed in Table 3.
TABLE 3 | Measured vibration velocity data for different blast sources from the measurement point.
[image: Table 3]RESULT EVALUATION
In examining the accuracy of the predictions, the correlation coefficient [image: image] is introduced for evaluation. This indicator is used in statistics to evaluate how closely the regression model approximates the sample. As [image: image] gets closer to 1, it indicates a better fit between the original and sample data, and its mathematical expression is given as
[image: image]
where [image: image] is the ith measured value; [image: image] is the [image: image] predicted value according to the fitted model; [image: image] is the sum of squared total deviations; [image: image] is the sum of squared residual regressions; and [image: image] is the mean of the measured results.
In practical engineering based on the traditional empirical formula to regress the blast vibration peak velocity and proportional charge into a linear relationship and to obtain the decay law of the blast vibration peak velocity, based on the monitoring data in Table 3, the peak vibration velocities of tangential, radial, and vectorial synthesis in measurement points 1 to 5 were calculated to obtain the fitted curves and the corresponding Sadowski empirical decay formulae, as listed in Table 4 for each direction of the fitted results.
TABLE 4 | Results of the fitting of the Sadowski empirical formula.
[image: Table 4]The predictions of the above two equations were evaluated through correlation coefficients, and the comparison shown in Figure 5 shows that the correlation coefficient R^2 of the attenuation indices calculated using the gauge calculation model has improved, regardless of radial, tangential, or combined velocities.
[image: Figure 5]FIGURE 5 | Comparison of results before and after formula expansion.
The above data show that the tunnel blasting vibration velocity calculation model based on this method can better reflect the existing tunnel lining vibration attenuation pattern when blasting deeply buried small clearance tunnels. In comparison with the traditional blasting vibration velocity calculation formula, it is found that the traditional empirical formula mainly considers the influence of the proportional dose, although the proportional dose is the main factor of blasting vibration velocity, but in actual engineering, it is found that the peak mass vibration velocity is inversely related to the free surface area [image: image]. With the increase of the free surface area, the peak blasting vibration velocity decreases but is positively related to the resistance line length [image: image]. This law accurately reflects the influence of the free face and the resistance line on blast vibration. The effect of the free surface and resistance line on blast vibration velocity cannot be ignored, and both need to be considered as correction factors in the vibration velocity calculation equation to provide a more comprehensive response to the actual vibration characteristics caused by blasting excavation in the tunnel.
CONCLUSION
This paper combines measured blast vibration monitoring data from the tunnel excavation at Badaling Great Wall Station, systematically analyzes the propagation and attenuation laws of blast seismic waves in deeply buried small clearance tunnels, and draws the following conclusions:
1. By analyzing the relevant factors affecting the vibration velocity of the actual engineering blasting mass, including the length of the resistance line and the area of the free surface, combined with the exhaustive derivation of the dimensional analysis, the expanded blasting vibration velocity decay formula is[image: image].
2. Based on the results of fitting the measured vibration data, it can be concluded that compared to the traditional Sadowski empirical formula, the correlation coefficient of the extended formula proposed in this paper has been improved, and the correlation of the fit is better, which can better reflect the impact of blasting vibration on the existing tunnel lining when blasting a deeply buried tunnel with small clearances.
When blasting other deeply buried small clearance tunneling projects, the expanded vibration velocity decay formula derived in this paper can be used for calculations in the near zone of the blast, and the explosive unit consumption can be adjusted in a timely manner according to the gun hole diameter, free surface area, and other factors.
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The analytical method for slope stability analysis requires a collapse mechanism in advance. The collapse mechanism for a multi-staged slope is generally assumed to be overall failure, whereas this kind of slope may suffer from local failure. However, a local failure is rarely reported in the previous research for multi-staged slopes, which may result in an overestimate for slope stability. To this end, local failure is incorporated into the collapse mechanism for the first time, so as to develop a complete approach to assess the stability of multi-stage slopes. The modified pseudo-dynamic method is conducted to properly account for seismic effects. Thanks to the limit analysis method and strength reduction technique, the safety factor of a multi-stage slope is obtained. The result obtained by the presented approach shows a good agreement with that of previous literature and numerical calculations. The collapse mechanism of multi-stage slopes is studied, and the safety factor is presented schematically for a wide range of parameters. The results show that the local failure for a multi-stage slope often manifests under the intense seismic effects.
Keywords: multi-stage slope, overall failure, local failure, seismic effect, modified pseudo-dynamic approach
INTRODUCTION
Slope instability is one of the most concerned themes in geotechnical engineering, yet the stability assessment for multi-stage slopes is scarce. In fact, multi-stage slopes are widely found in nature and practical projects (Yang and Long, 2015; Yang and Li, 2018; Wang et al., 2020b). For this type of slope, it may be subjected to local instability apart from overall instability. However, previous studies have not drawn attention to local instability of multi-staged slopes, leading to overestimates of slope stability. Therefore, it is necessary to present a complete approach for assessing the stability of multi-stage slopes.
The current approaches for stability analysis of a slope consist of the limit equilibrium method (LEM) (Bishop, 1954; Morgenstern and Price, 1965; Zhou and Cheng, 2013), the limit analysis method (LAM) (Chen, 1975; Pan et al., 2017), and numerical simulation approaches, such as the finite element method (FEM) (Griffiths and Marquez, 2007), the discrete element method (DEM) (Wang et al., 2020), and the finite difference method (FDM) (Shen and Karakus, 2014). The particular advantage of the numerical simulation approach is that it could demonstrate the progressive nature of slope failure, without prescribing a specific collapse mechanism. While this approach possesses the special ability, it demands to provide many explicit geometrical and mechanical parameters. The LEM and LAM are based on the mechanics and kinematics underpinning respectively, considering the yield condition along the failure surface, whereas the collapse mechanisms of the two approaches need to be prescribed previously. Even so, compared to the LEM which is an approximate approach, the LAM provides a rigorous upper bound solution (Chen, 1975; Michalowski, 2013) and widely applies to assess the slope stability and geotechnical engineering (Li and Yang, 2020; Zhang and Yang, 2021; Zhong and Yang, 2021). Recently, Michalowski and Drescher (2009) developed a novel three-dimensional (3D) collapse mechanism for slopes, which vastly promoted the LAM to solve the stability problems of 3D slopes. After that many scholars extended this collapse mechanism to the stability assessment for seismic displacements of slopes (Nadukuru and Michalowski, 2013), slopes reinforced piles (Gao et al., 2015), and slopes with cracks (He et al., 2019; Wang et al., 2019). However, the obtained conclusions of the previous literature are only suitable for single-stage slopes. More recently, Yang and Li (2018) calculated the safety factors of 3D two-stage slopes subjected to seismic effects and surcharges. Wang et al. (2019) compared the collapse mechanisms of different 3D compound slopes, and the slope stability was predicted by calculating the critical height. Man et al. (2020) assessed the probabilistic stability of a multi-stage slope but was limited to 2D cases. Although the multi-staged slopes have attracted a little attention, the collapse mechanisms of these researches are all assumed to be overall failure. For some special cases of multi-stage slopes, such as the multi-stage slope with a small slope angle in the lower stage but a large slope angle in the upper stage, local instability must be paid attention to. Apparently, the previous research about multi-stage slopes is still defective and incomplete. Local failure of multi-stage slopes should be incorporated into the collapse mechanism. Furthermore, the effects of external loads, soil parameters, and slope shapes (such as slope angles and aspect ratios) on the collapse mechanism and multi-stage slope stability should be further explicit.
For the cause of slope instability, the earthquake force is a significant external load that cannot be neglected (Terzaghi 1950; Baker et al., 2006; Chen et al., 2020). Over a long period of time, the pseudo-static method (PSM) was the mainstream to consider the seismic effect until the pseudo-dynamic method (PDM) was put forth (Steedman and Zeng, 1990). The PDM considers the spatiotemporal effects of seismic actions other than the PSM tackling the seismic force as a constant. (Steedman and Zeng, 1990). Subsequently, the PDM was applied to estimate the seismic active earth pressure for retaining walls by combining the LEM (Choudhury and Nimbalkar, 2006; Ghosh, 2008), which greatly promoted the development of PDM. In recent years, Qin and Chian (2018, 2019) have introduced the PDM into LAM to assess the slope stability in soil and rock media, whereas the 3D effects were not considered. The PSM simplify the dynamic load as inertia force, which neglects the inherent frequency and velocity of shear wave. To some extent, the PDM has offset these defects and made great progress in accounting for the seismic effect. However, the zero-stress boundary condition at the free surface is overlooked in the PDM (Choudhury and Katdare, 2013), and the damping effects of materials are not considered (Bellezza, 2015). To overcome the flaws of PDM, some corrections have been carried out, which further improved the rationality and accuracy of this approach (Pain et al., 2017; Qin and Chian, 2020). Here our goal is to apply the advanced modified PDM to the more challenging seismic stability problem of a multi-stage slope.
The present study aims to provide a complete approach to assess the stability of a multi-stage slope. For the first time, the 3D collapse mechanism put forward by Michalowski and Drescher (2009) for single-stage slopes is extended to consider both local failure and overall failure of multi-stage slopes. Thanks to the upper bound of LAM as well as the strength reduction technique, safety factors of multi-stage slopes can be extrapolated. Seismic effects are revisited by the application of the advanced modified PDM. The proposed approach is verified by degenerating multi-stage slopes into single-stage slopes and comparing the solutions with existing data. Finally, some illustrative examples and parametric analyses are applied to reveal the effects of slope shapes, soil parameters, and seismic effects on the collapse mechanism and the safety factor for a multistage slope. The main contribution of this study is that it performs a more complete approach for the stability analysis of a multi-stage slope.
MODIFIED PSEUDO-DYNAMIC APPROACH
According to Chen and Liu (1990), vertical seismic effects are significantly less vital when compared with horizontal seismic effects. Thus, only the horizontal effects are generally included in the stability analysis of slopes (Chen and Liu, 1990; Li et al., 2020b; Zhang and Yang, 2021). The previous PDM considers the soil as a linear elastic material, which results in an unrealistic infinite amplification of seismic waves (Bellezza, 2015). To this end, the assumption of a more realistic visco-elastic material is introduced here to modify the previous method. Moreover, the damping properties of the soil and the free-surface boundary condition are also considered. Soils are regarded as the Kelvin-Voigt medium which consists of a purely elastic spring and a purely viscous dashpot in parallel, so as to respect the viscoelastic wave propagation (Kramer 1996). The shear strength of the Kelvin-Voigt medium is expressed as:
[image: image]
where [image: image] and [image: image] represent the shear strain and shear modulus, respectively. [image: image] is the soil viscosity, which can be calculated by [image: image], where [image: image] is the damping ratio of soils.
The motion equation of shear waves propagating vertically is expressed as:
[image: image]
where [image: image] and [image: image] represent the soil density and horizontal displacement, respectively. [image: image] is the vertical distance to slope toe.
According to Eqs 1, 2, the following differential equation can be obtained:
[image: image]
By incorporating the boundary condition into the differential equation, the expression of [image: image] can be obtained. Two constraints are introduced: 1) zero stress condition at the slope crest [image: image]; 2) horizontal displacement [image: image] at the slope toe ([image: image]). The expression of [image: image] is derived as:
[image: image]
where
[image: image]
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Thereupon the expression of [image: image] can be easily derived by differentiating [image: image] twice pertaining to [image: image]:
[image: image]
Thereinto, [image: image] and [image: image] are explicit. [image: image] is the seismic acceleration coefficient at the base, [image: image] is the angular velocity, and [image: image] represents the vibration period.
THREE-DIMENSIONAL COLLAPSE MECHANISM OF MULTI-STAGE SLOPES
The conventional plan-strain collapse mechanism provides a conservative estimation for slope stability. To this end, a 3D horn-like collapse mechanism was proposed and applied to slope stability (Michalowski and Drescher, 2009). Hereon, we extend this collapse mechanism to the multi-stage slope, as shown in Figure 1. The shape of the collapse mechanism is a curvilinear cone with an apex angle [image: image], ensuring the collapse mechanism complies with the associated flow law. The curvilinear cone, equipped with rounded radial cross-sections with varying diameters, rotates about an axis passing through point [image: image]. The boundary of the collapse mechanism is constrained by the upper and lower log spirals. In the symmetry plane, the two constraints are expressed as, [image: image] 
[image: image]
[image: Figure 1]FIGURE 1 | Collapse mechanism of the multi-stage slope: (A) overall failure; (B) local failure of two stage; (C) local failure of single stage.
and [image: image]
[image: image]
where [image: image] and [image: image] are shown in Figure 1, [image: image] is the internal friction angle, and [image: image] represents the included angle between the radius of log-spiral and the horizontal line.
The radius of the radial cross-section, [image: image], and the distance from the center of cross-sections to point [image: image], [image: image], are defined as:
[image: image]
[image: image]
where the dimensionless expressions, [image: image] and [image: image], are attached in Supplementary Appendix SA.
Unlike single-stage slopes, the collapse mechanisms of multi-stage slopes include overall failure and local failure. Figure 1A shows the slip surface of overall failure in the symmetry plane. Figure 1B shows the two-stages slip surface of local failure, and Figure 1C shows the single-stage slip surface of local failure in the symmetry plane.
By splitting the 3D collapse mechanism through the symmetry plane and inserting a plane-strain failure block with the width [image: image], a composite collapse mechanism can be obtained, as depicted in Figure 2. [image: image] represents the overall width of the collapse mechanism. The composite mechanism allows transition to a plane-strain one as the width of insert block [image: image]. [image: image], [image: image], and [image: image] represent the slope angle of each stage, respectively. [image: image], [image: image], and [image: image] are depth coefficients that satisfy the following constraint:
[image: image]
[image: Figure 2]FIGURE 2 | Schematic diagram of the composite collapse mechanism for the multi-stage slope.
In addition, some significant derivations of geometrical relations which has shown in Figure 1 are provided in Supplementary Appendix SA. The variables in Figure 1 corresponds to the same derivations in Supplementary Appendix SA
The upper bound of LAM requires establishing the work rate balance equation. Soil weights of the failure block and seismic actions contribute to the external work rates, namely [image: image] and [image: image] respectively. The internal energy dissipation rates with regard to the soil resistance are denoted as [image: image]. Therefore, the balance equation for work rates is expressed as:
[image: image]
The work rate [image: image] is calculated by:
[image: image]
where [image: image] refers to the soil unit weight, [image: image] represents the velocity of a mass point, and [image: image] is the volume of soil mass being shear failure. [image: image] and [image: image] represent the work rates of the 3D portion and the inserted portion, which are derived in Supplementary Appendix SB.
The work rates [image: image] can be obtained by:
[image: image]
where [image: image] is the acceleration of gravity, [image: image] represents the horizontal seismic acceleration, and [image: image] represents the horizontal velocity of the mass point.
The modified PDM considers the spatiotemporal effects of seismic waves, indicating that the seismic acceleration [image: image] is no longer constant, but varies with time and position. The present study introduces the layer-wise summation approach to calculate the work rates [image: image], the detailed derivations of which are attached in Supplementary Appendix SB.
The internal energy dissipation [image: image] can be calculated by:
[image: image]
where [image: image] is cohesion, and [image: image] is the area of the slip surface. Similarly, [image: image] and [image: image] represent the energy dissipation rates in the 3D portion and inserted portion, respectively, which are given in Supplementary Appendix SB.
STABILITY ANALYSIS PROCESS OF MULTI-STAGE SLOPES
Safety Factor
The strength reduction technique is introduced to the upper bound of LAM to obtain the safety factor of multistage slopes, which is defined as follows:
[image: image]
where [image: image] and [image: image] represent strength parameters under the critical state, [image: image] represents the safety factor.
It should be noted that the obtained calculations of safety factors are the upper bounds to the actual solutions. An optimization procedure is established to find out the minimum safety factor among all possible calculations. The best estimation of safety factors could be obtained by varying the variables: [image: image], [image: image], [image: image], [image: image]. To guarantee the collapse mechanism being valid, the assignment of these variates should satisfy the constraint conditions as follows:
[image: image]
Analytical Process of the Multi-Stage Slope
For most multi-stage slopes, it is much more possible to occur overall failure. However, for the multi-stage slopes with some special cases, the collapse mechanism not only includes overall failure but also local failure. If the mechanism of these types of slopes is assumed to be overall failure, it may result in incorrect estimation of slope stability.
The present study proposed a new analytical process for the stability assessment of multi-stage slopes. Firstly, it is required to define a critical safety factor [image: image], which may be referred to the design specification or the design requirement of specific engineering. Secondly, the safety factor of the overall collapse mechanism, [image: image], should be compared with [image: image]. Next, we need to make a comparison. If [image: image], it means that the multi-stage slope will explicitly be instability. Otherwise, it should determine whether local failure will occur. The safety factor of the local collapse mechanism is set as [image: image], where [image: image] represents the [image: image] stage of the slope, and the total stages of the slope are [image: image]. If local failure occurs on the [image: image] -stages of a multi-stage slope, local failure of the next stage [eg., [image: image]] is not considered, and so on until the minimum safety factor is obtained. The entire flow diagram of this analytical process is shown in Figure 3. Specifically, we take the advantage of an exhaustive method-based algorithm to obtain an initial feasible point, and a globally optimal solution is acquired by using the sequential quadratic program. In the optimization process, the constraint conditions in Eq. 22 should be respected.
[image: Figure 3]FIGURE 3 | Flow diagram of the stability analysis for multi-stage slopes.
RESULTS AND DISCUSSION
Comparison
To verify the proposed approach for multi-stage slopes, three steps are carried out here to provide cogent comparisons. First, multi-stage slopes can be degraded into single-stage slopes in the case of [image: image] and [image: image], and then the results obtained by the presented approach are compared to the solutions of Michalowski and Drescher (2009). Michalowski and Drescher (2009) provided the results of the critical height [image: image], which represents the critical state of failure. Under the evaluation system of safety factors, the critical state of failure means the safety factor is equal to 1.0. As shown in Table 1, the calculated safety factors of the present study are highly closing to 1.0. Then, the seismic stability of single-stage slopes is estimated by the conventional PSM and the modified PDM respectively, as shown in Figure 4. The discrepancy of the results obtained from the two methods is small under the same conditions. In addition, the results of this study are compared with that of Li et al. (2020b), which provides the safety factors of 3D slopes subjected to pseudo-static seismic effects. As shown in Table 2, the results of the two studies show excellent agreement. Finally, three illustrative examples for multi-stage slopes are employed to verify the present approach. For comparison, the safety factors of multi-stage slopes are calculated by the FEM for LA in Optum G2, as illustrated in Figure 5. Meanwhile, Table 3 provides the safety factors of all the collapse mechanisms for multi-stage slopes, and Table 4 provides the final results of safety factors and the collapse mechanism for multi-stage slopes. In addition, Figure 6 illustrates the slip surface obtained by the present study for the same multi-stage slope in Figure 5C. As expected, the results shown in Table 4 and Figure 6 coincide well with that of Figure 5, indicating the validity of the proposed approach.
TABLE 1 | Comparison of the results with Michalowski and Drescher (2009) for [image: image]
[image: Table 1][image: Figure 4]FIGURE 4 | Comparison of the results obtained by the PSM and the modified PDM. Corresponding parameters: [image: image], [image: image], [image: image]. [image: image], [image: image], [image: image]
TABLE 2 | Comparison of the results with Li et al. (2020b) for [image: image]
[image: Table 2][image: Figure 5]FIGURE 5 | Results of multi-stage slopes obtained by the FEM for LA. Corresponding parameters: [image: image], [image: image], [image: image], [image: image], [image: image], [image: image], [image: image]. (A) β3 = 45°, (B) β3 = 55°, (C) β3 = 65°.
TABLE 3 | Safety factors of all collapse mechanisms for multi-stage slopes.
[image: Table 3]TABLE 4 | Safety factors and collapse mechanisms of multi-stage slopes obtained by the present study.
[image: Table 4][image: Figure 6]FIGURE 6 | Slip surface obtained by the present study. Corresponding parameters are the same as those in Figure 5C.
Illustrative Example
In this section, the effects of different factors on the collapse mechanism for multi-stage slopes will be discussed by several illustrative examples. Firstly, the effect of seismic action is investigated, as shown in Table 5. We can conclude that safety factors of multi-stage slopes are getting smaller with the increase of [image: image]. Meanwhile, the collapse mechanism converts from overall failure to local failure. Secondly, Table 6 provides the results with different aspect ratios of [image: image]. Multi-stage slopes suffer from local failure of one stage with [image: image], whereas overall failure occurs as [image: image] exceeds 3.0. For [image: image] exceeding 10.0, the safety factor and the collapse mechanism of multi-stage slopes have no significant changes. Next, to estimate the effects of depth coefficients, [image: image] is taken as a variable, and [image: image], [image: image] is calculated by [image: image]. The results given in Table 7 show that depth coefficients have no influence on the collapse mechanism of multi-stage slopes, but affect the safety factor. Finally, we focus on the effect of step width [image: image], [image: image]. As shown in Table 8, the multi-stage slope undergoes local failure of two stages, overall failure, and local failure of one stage as the upper step width [image: image] increases. Similarly, overall failure turns into local failure of one stage when the step width [image: image] exceeds 4 m. The results in Table 9 show that the soil parameters, [image: image] and [image: image], would affect the collapse mechanism of multi-stage slopes. The multi-stage slope with a small [image: image] or a large [image: image] is more likely to suffer from local failure. In addition, a conclusion also can be obtained that the slope angle affects the collapse mechanism, as presented in Table 4 and Figure 6.
TABLE 5 | Safety factors and collapse mechanisms of multi-stage slopes under different seismic coefficients [image: image].
[image: Table 5]TABLE 6 | Safety factors and collapse mechanisms of multi-stage slopes under different ratios of [image: image].
[image: Table 6]TABLE 7 | Safety factors and collapse mechanisms of multi-stage slopes under different ratios of [image: image].
[image: Table 7]TABLE 8 | Safety factors and collapse mechanisms of multi-stage slopes under different widths of [image: image] and [image: image].
[image: Table 8]TABLE 9 | Safety factors and collapse mechanisms of multi-stage slopes under different soil parameters.
[image: Table 9]In summary, we can conclude that seismic effects, ratios of [image: image], step widths, and the slope angle have an apparent effect on the collapse mechanism of multi-stage slopes, indicating that considering local failure is much more reasonable for multi-stage slopes.
Parametric Analysis
This section is dedicated to analyzing the effects of seismic effects, soil parameters, and slope shapes on the stability of multi-stage slopes for a wide range of parameters. In the following discussion, soil parameters are assigned as: [image: image], [image: image], [image: image], [image: image]. Figure 7 provides safety factors of multi-stage slopes under different slope angles. It can be observed that safety factors of multi-stage slopes reduce apparently as slope angles increase at each stage. The red dash curve represents safety factors for multi-stage slopes with [image: image], the upper area of the red curve represents [image: image], and the lower area means [image: image]. In addition, the blue dash curve in Figure 7 is a dividing line, on the left of which represents [image: image] as well as [image: image] on the right. We can observe that the multi-stage slope with [image: image], [image: image], [image: image] in Figure 7C, [image: image], [image: image], [image: image] in Figure 7D, and [image: image], [image: image], [image: image] in Figure 7D are all subjected to local failure. Thus, we can conclude that the multi-stage slope with a smaller slope angle in the lower stage and a larger slope angle in the upper stage is more possibly subject to local failure. In other words, the areas on the left of the blue dash curve and below the red dash curve for multi-stage slopes are more possibly subject to local failure.
[image: Figure 7]FIGURE 7 | Safety factors of multi-stage slopes with different slop angles: (A)[image: image] ; (B) [image: image]; (C) [image: image]; (D) [image: image]. Corresponding parameters: [image: image], [image: image], [image: image], [image: image].
As illustrated in Figure 8, slope stability increases as the step width ([image: image], [image: image]) increases. The points of intersection in Figure 8A and Figure 8B indicate that local failure occurs with a small aspect ratio, [image: image]. So, it can be concluded that a large step width would improve the stability of a multi-stage slope, and the small ratio of [image: image] may result in local failure of a multi-stage slope. The results in Figure 9A and Figure 9B show that soil parameters significantly affect the safety factor, which increases linearly with the increase of [image: image] and [image: image]. The results in Figure 9C and Figure 9D compared the safety factors of slopes with different seismic coefficients. It can be observed that the safety factors dramatically reduce with the increase of earthquake magnitude.
[image: Figure 8]FIGURE 8 | Safety factors of multi-stage slopes with different step widths: (A) [image: image]; (B) [image: image]; (C) [image: image]. Corresponding parameters: [image: image], [image: image], [image: image].
[image: Figure 9]FIGURE 9 | Safety factors of multi-stage slopes with different soil parameters: (A) [image: image], [image: image]; (B) [image: image], [image: image]; (C) [image: image], [image: image]; (D) [image: image], [image: image]. Corresponding parameters: [image: image], [image: image].
Figure 10 shows the variation of safety factors for different seismic parameters. It can be observed that the increase of acceleration coefficient [image: image] and the decline of damping ratio [image: image] prominently reduce the slope stability, whereas the variation of the shear wave velocity [image: image] leads to an apparent nonlinear trend on slope stability, especially with different values of vibration period [image: image]. To further scrutinize these variability trends, natural frequencies of soils lying over a rigid stratum and suffering from a shear wave (Kramer, 1996), which is denoted as:
[image: image]
[image: Figure 10]FIGURE 10 | Safety factors of multi-stage slopes with different shear wave velocities: (A) [image: image]; (B) [image: image]; (C) [image: image]. Corresponding parameters: [image: image], [image: image], [image: image], [image: image].
Submitting [image: image], Eq. 23 can be simplified as
[image: image]
Combining Eq 24, 11, the ratio of the acceleration amplitude at the surface can be obtained, as shown in Figure 11. From Figure 11, we can find that the seismic acceleration amplitude is magnified as the frequency of seismic waves being close to the natural frequencies of soils. Moreover, a large damping ratio would decline the seismic acceleration amplitude. Thus, the vibration of seismic acceleration results in the variability trends of safety factors in Figure 10.
[image: Figure 11]FIGURE 11 | Ratios of the acceleration amplitude at the surface to the base.
CONCLUSION
The 3D collapse mechanism for single-stage slopes is extended to consider local failure for multi-stage slopes. The modified PDM is introduced to properly depict the seismic effect. The influence of slope shapes, soil parameters, and seismic effects on the collapse mechanism as well as safety factors are investigated by some illustrative examples and parametric analyses. The following conclusions can be obtained:
1) For a multi-stage slope, the seismic effect, ratios of [image: image], step widths, and the slope angle of each stage all have effects on the collapse mechanism and safety factors. The multi-stage slope with a smaller slope angle in the lower stage and a larger slope angle in the upper stage is more possibly subject to local failure. The slope with a large step width is more stable than that with a small one, and a small aspect ratio [image: image] or cohesion [image: image] may result in local failure. It is indicated that considering local failure is more rational and complete for multi-stage slopes.
2) The multi-stage slope with a smaller slope angle in the lower stage and a larger slope angle in the upper stage is more possibly subject to local failure. Large step width is of benefit to slope stability, whereas a small ratio of [image: image] would result in local failure of a multi-stage slope.
3) The modified pseudo-dynamic method could account for seismic effects concerning time and space. The seismic acceleration amplitude would be significantly magnified as the natural frequency of soils draw near to that of seismic waves. The damping effects of soils can reduce the adverse impacts of seismic actions. Specifically, the increase of acceleration coefficient and damping ratio would reduce the slope stability. The PDE depicts a nonlinear trend of seismic acceleration with the variation of wave velocity and vibration period, resulting in the synchronize nonlinear changes of safety factors.
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The influence of loading path, intermediate principal stress and weak layers on the deformation property and failure characteristics of soft-hard interbedded rock mass is initially discussed in this study. First, the laboratory experiments of multiaxial compression failure are carried out to soft-hard interbedded rock samples of Jinping. Three failure modes of rock samples caused by different distribution forms of weak layers under uniaxial compression and deformation property and failure characteristics of rock samples in different loading paths under biaxial compression are analyzed. Then, considering the property of strain softening, numerical models are established based on the elastic-brittle-plastic constitutive relation. The effect of weak layer dip angle, quantity, distribution form, and volume ratio on strength characteristics is further investigated. The results reveal that the failure mode of Jinping soft-hard interbedded rock samples generally follows the pattern of multi-fracture splitting under uniaxial compression, and the pattern of tension-shear damage under biaxial compression. The intermediate principal stress is positively correlated with the vertical failure loading. The number of weak layers has no significant effect on the “U” type strength characteristics of samples. However, as the number of weak layers increases, there is a tendency for the minimum of vertical failure loading to move forward in the direction of smaller dip.
Keywords: hydro-junction project of JinPing, soft-hard interbedded rock mass, multiaxial compression experiment, numerical simulation, elastic-brittle-plastic constitutive relation
1 INTRODUCTION
The soft-hard interbedded rock mass, as a special structural rock mass, is widely found in nature. Because of its deformation transverse isotropy and strength anisotropy, but also by the influence of the soft and hard components, the mechanical property is very complex, which has attracted a great deal of interest (Brady et al., 2004).
In the past decades, the soft-hard interbedded rock mass has mostly been simplified to the transverse isotropic rock mass like stratified rock mass at macroscopic level. Also, the mechanical property of both nature and synthetic transverse isotropic rocks has been investigated (Niandou et al., 1997; Tien et al., 2000; Tien et al., 2006; Lu et al., 2009; Li et al., 2014; Wang et al., 2018; Shen et al., 2021). On one hand, the shape of the curve relating to compression strength and dip angle under varied confining pressure is an important representation of the research. It found that most transverse isotropic rocks have their maximal compression strength at an dip angle 0° or 90°, and their minimal compression strength at an dip angle in the range of 30°–45°. With increase of confining pressure, the rock mass become more ductile, and the effect of the strength anisotropy is usually reduced. It has also been studied in terms of influence factors such as the way layers are assembled, and the composition of the rock formation on the strength, deformation characteristics, and damage patterns of stratified rock mass. For example, based on analysis of field surveys, Chen et al. (2000) classified the structure characteristics of stratified rock mass and proposed “the sample element method” to emulate the field large-size trail. Combined the effect of stress redistribution and rock structure, Yan et al. (2016) discussed the coring damage mechanism of the Yan-tang group marble containing a kind of inclined grey ribbon-like stripes. Considering the existence of rock structure at mesoscale, Li et al. (2018) investigated the influence of heterogeneity on mechanical property of soft-hard rock samples from the perspective of mesomechanics. But overall, there is still a lack of information on the influence of distribution pattern, and the volume ratio of the different constituent materials on the mechanical property of soft-hard interbedded rock mass.
On the other hand, several failure criteria have been proposed to predict the variation of compression strength of transversely isotropic rocks with the dip angles under various confining pressure. According to the assumption and the treatment method, they can be divided into two main categories, continuity criteria and discontinuity criteria. For continuity failure criteria, some progress has been made in its mathematical approach and empirical theory (Nova et al., 1980; Cazacu et al., 1998; Pietruszczak et al., 2002; Parisio et al., 2018). However, for the rock mass with strong discontinuity, the simulation of their anisotropic strength property by continuity criteria, and the value of relevant parameters still need to be further enhanced. For discontinuity failure criteria, the basic assumption is that the failure of the anisotropic rocks is mainly caused by the extension of laminae or fractures in the bedrock, and separate failure criteria are used for these two different failure forms. The most popular discontinuity failure criteria, called “the single plane of weakness theory”, were suggested by Jaeger et al. (1960). Afterward, this theory has been further extended (Mclamore et al., 1967; Duveau et al., 1998; Tien et al., 2001; Huang et al., 2010; Xu et al., 2017; Mohamed et al., 2019). At present, the establishment of a uniform failure criterion for stratified rock mass that take into account the effect of intermediate principal stress based on true triaxial tests is a hot issue for research.
This study is a preliminary study on the mechanical properties of soft-hard interbedded rock mass of Jingping. It is structured as follows: in section 2, the research method is introduced, including the setup of laboratory experiments of multiaxial compression failure and the numerical simulation scheme. In section 3, results are discussed, including the effect of loading path and intermediate principal stress on deformation and failure characteristics of rock samples under biaxial compression and the effect of dip angle, quantity, distribution form, and volume ratio of weak layers on strength characteristics and failure pattern of rock samples under uniaxial compression. In section 4, some concluding remarks are presented.
2 RESEARCH METHOD
2.1 Setup of Laboratory Experiments of Multiaxial Compression Failure
2.1.1 Information of Rock Samples
The experimental rock interbedded greyish-white marble and green schist was taken from the underground caverns of Jinping Hydroelectric Station. The microstructure of the two components is shown in Figure 1A. The marble component is relatively hard, with a medium to fine-grained structure and calcite as the main mineral constituents. The green schist component is relatively soft, with calcite and chlorite schist as the main mineral components, and is characterized by the development of lamellar and looseness. In accordance with the relevant specification, the rock was processed into cubic rock samples with sides of 50 and 70 mm in length, where the 70-mm cubic rock samples have a dip of approximately 30°. The 50-mm cube samples were selected for experiments of uniaxial compression failure, and the 70-mm cube samples were selected for experiments of biaxial compression failure.
[image: Figure 1]FIGURE 1 | Laboratory experiments of multiaxial compression failure.
2.1.2 Experiment Procedure
Experiments of uniaxial compression failure were carried out on the electro-hydraulic servo uniaxial universal testing machine WAW-E2000 as shown in Figure 1D. The maximum loading capacity of the testing machine is 2000 kN, and the experiment of biaxial compression failure was conducted using the biaxial universal testing machine CSS-283, as shown in Figure 1E. The maximum loading capacity of the testing machine is 500 kN (compression), 200 kN (tension) in the vertical direction, and 300 kN (pressure) in the horizontal direction. Differential displacement sensors were used to measure the deformation with a deformation measurement range of 1 mm and a resolution of 1 μm.
In total, two types of loading path were used during the biaxial experiments:1) loading with a constant lateral pressure. In three experiment groups, the horizontal lateral pressure is first loaded to 3, 6, and 9 MPa at a rate of 2 MPa/min, respectively, and then the loading is held constant, followed by loading vertical pressure until rock samples were failed; 2) loading with a constant lateral pressure ratio followed by the constant lateral pressure. In the experiment group, vertical and horizontal pressures are first loaded simultaneously until 9 MPa according to the stress ratio of 1:1, with the loading rate both of 2 MPa/min. Then, the horizontal loading is kept constant, followed by loading the vertical pressure according to the original loading rate until rock samples were failed.
2.2 Numerical Simulation Scheme and Computational Modeling
2.2.1 Numerical Simulation Scheme
In order to further investigate the influence of dip angle, quantity, distribution, and volume ratio of weak layers on strength characteristics and failure pattern of rock samples; numerical simulations were used to carry out comparative compression failure tests on four groups of soft-hard interbedded rock samples (S-1-N-β, S-1-W-β, S-2-β, and S-3-β) under uniaxial compression. The dip angles of 0°, 15°, 30°, 45°, 60°, 75°, and 90° were set for each group samples. As can be seen in Table 1, the number of weak layers in rock sample groups S-1-N-β, S-2-β, and S-3-β tends to increase in succession, and for the same number of weak layer, the volume ratio of green schist in the rock sample group S-1-W-β is higher than that in the rock sample group S-1-N-β.
TABLE 1 | Information of greenschist layers in each test group.
[image: Table 1]2.2.2 Computational Modeling
The numerical procedure was carried out using the elastic-brittle-plastic modeling based on strain softening. In this modeling, the Mohr–Coulomb yield criterion with a tensile cut-off is adopted as a criterion for the onset of element degradation. The plastic parameters [image: image] and [image: image] which are closely related to the plastic shear and plastic tensile strains, are introduced and the strength parameters are expressed as a function of both to describe its plastic shear softening behavior and plastic tensile softening behavior. The incremental mathematical expression for [image: image] and [image: image] are as follow:
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where [image: image] and [image: image] are the plastic shear strain increments in the direction of the first principal stress and the third principal stress, respectively; [image: image] is the plastic tensile strain increment.
For the numerical grid, a homogenized computational grid of soft-hard interbedded rock samples is established by the proportional relationship mapping method. The grid size is 50 mm × 50 mm, with an element scale of 0.5 mm × 0.5 mm, divided into 10,000 cells in total. The relevant mechanical parameters of the Jinping soft-hard interbedded rock mass are given in Table 2 referring to literature (Deng et al., 2001; Chengdu Hydroelectric Investion and Design Institute and China Hydropower Engineering Consulting Group Co, 2003; Huang et al., 2008). As the friction angle of brittle hard rock usually does not change much before and after failure, the effect of friction angle is not considered in the calculation.
TABLE 2 | Parameters of soft-hard interbedded rock mass in Jinping.
[image: Table 2]3 RESULTS AND ANALYSIS
3.1 Experimental Results and Analysis
3.1.1 Laboratory Experiments of Uniaxial Compression Failure
Figure 1B,C show a comparison of typical rock samples before and after failure under uniaxial compression. It can be seen from the figures the rock sample S-C50-T1 consists of a simple splice of green schist with marble to the left and right, with a dip angle of 0°. When the axial compression reaches 191.2 kN, the sample is failed with significant brittleness. The final main crack of failure occurs within each of the soft and hard rock layers near the junction and at an angle to the loading direction. The rock sample S-C50-T2 has weak layers of green schist on the left, middle and right sides, with the left and middle layer at a dip angle of 0° and a through trend in the middle layer. In contrast, the right layer is thinner and at an angle to the loading direction. When the axial compression reaches 143.3 kN, the sample is failed. The failure pattern is characterized by penetration failure in the left and middle layers of the green schist and main cracking failure from the expansion of the thin layer on the right side. The expansion trend of the main crack is highly correlated with the distribution of the thin layer of the green schist. The layers of green schist in rock sample S-C50-T3 are mainly present in the left and upper sides, with a relatively concentrated distribution. When the axial compression reaches 339.7 kN, through main crack occurred on the left layers of green schist at an angle to the loading direction. At the same time, multiple cracks along the loading direction appear inside the layer of green schist in the upper side at an angle of 90° to the loading direction. The sample eventually maintains a typical failure form of multi-fracture split under uniaxial compression.
In general, it can be seen from the experiments that the failure characteristics of the soft-hard interbedded rock mass of Jinping are closely related to the dip angle of weak layer, and the failure mode basically follows the multi-fracture split mode of uniaxial compression failure. The specific failure mechanism is in good agreement with the single weak face theory developed by Jaeger (Jaeger et al., 1960; Tien et al., 2001; Mohamed et al., 2019), that is in the range of slow dip angle, the failure of rock mass is controlled by the property of the rock material itself while in the range of larger dip angle the influence of weak structural surfaces is the dominant factor.
3.1.2 Laboratory Experiments of Biaxial Compression Failure
Figure 2 shows the typical stress, strain and time curves of 70 mm cubic rock samples in different loading paths under biaxial compression. As can be seen, the second principal strain is significantly smaller than the first principal strain for both loading paths and undergoes a positive to negative variation. At higher stress (σ2 = 6 MPa, 9 MPa), the slope of the strain-time curve increases and has an upward trend as the rock sample approaches failure. In the constant lateral compression loading path, the failure strength increases from 73.50 MPa, 77.96–82.65 MPa as the intermediate principal stress σ2 increases from 3 MPa, 6–9 MPa. And the ultimate strain tends to increase as the intermediate principal stress σ2 increases. At the intermediate principal stress σ2 = 9 MPa, the first strain-time curve is more volatile in the first half for the constant lateral pressure loading path compared to the constant lateral pressure ratio followed by the constant lateral pressure loading path. This may be caused by the different timing of pore closure within the rock samples.
[image: Figure 2]FIGURE 2 | Stress-strain-time curves for different loading paths under biaxial compression experiments.
Figure 1E shows the failure pattern of typical 70 mm cubic rock samples under biaxial compression. It can be observed that the failure pattern under biaxial compression is basically the same as tension-shear failure. Spalling failure caused by tensile strain due to biaxial compression occurs first on the free surface of the rock samples. Afterward, as the loading continues to be applied, the tension failure of the rock sample gradually increases and the strength of the rock sample continues to weaken. Eventually, a shear failure surface is formed, leading to overall penetration failure. The cracks produced by tensile failure are mostly parallel to the vertical loading, and the main shear failure plane is basically an “X” shaped conjugate plane.
3.2 Numerical Results and Analysis
Figure 3 shows the variation of the failure strength corresponding to the test group S-1-N-β, S-1-W-β, S-2-β, and S-3-β with the dip angle and the volume ratio occupied by green schist. As can be seen from Figure 3A, the strength anisotropy of numerical samples in the four group tests is significant, and the failure strength-dip angle curve appears a parabolic-like concave shape, which is consistent with the U-shaped strength law of stratified rocks summarized by Hudson et al. (1993). With the same number of weak layers, test group S-1-W-β, where the percentage of volume of green schist is larger, has a smoother failure strength-dip angle curve than test group S-1-N-β. In terms of extremes, the minimum of failure strength for four group of tests occur between 30° and 60°, which is similar to the findings of Tien et al. (2001) and Mao et al. (2005), that is, the strength of soft-hard interbedded rock mass is higher and the failure is generally unaffected by the dip angle in the slow dip phase. However, as the dip angle increases the strength of the rock mass gradually decreases, tending to have a minimum at the middle dip angle phase. At the same time, a comparison shows that as the number of weak layers increases, the minimum tends to move forward, that is, when the number of weak layers is 2 and 3, the minimum of failure strength moves from 45° when the number of weak layers is 1 to near 30°.
[image: Figure 3]FIGURE 3 | Variation of the failure stress with the dip angle and the volume ratio occupied by green schist.
As seen in Figure 3B, the failure strength shows an overall decreasing trend with the increase of the volume ratio occupied by green schist in the test groups with different dip angles, although there is a certain degree of fluctuation in individual cases. When the volume ratio occupied by green schist is close, the effect of increasing number of weak layers on the decrease of failure strength of rock samples has a positive correlation with the dip angle. It is also worth mentioning that the effect of the volume ratio occupied by green schist on the failure strength is greater in the range of medium to high level of dip angle for the weak layer number of 1.
4 CONCLUSION

(1) There is a significant difference in the failure pattern of rock samples in uniaxial and biaxial compression experiments. In uniaxial compression, the failure is usually in the form of splitting or shear failure, and in biaxial compression, spalling is first produced at the free surface due to tensile strain, and finally the shear failure is formed at an angle to the loading.
(2) In the biaxial compression experiment, the failure loading increases with the increasement of intermediate principal stress, and the first strain-time curve is more volatile in the first half for the constant lateral pressure loading path compared to the constant lateral pressure ratio followed by the constant lateral pressure loading path, which may be caused by the different timing of pore closure within the rock samples.
(3) The numerical results indicate that the number of weak layers has no significant effect on the U-shaped strength pattern of the soft-hard interbedded rock mass. However, with the increase of the number of weak layers, the minimum of the failure strength tends to move forward in the direction of the smaller dip angle; the failure loading shows an overall decreasing trend with the increase of the volume ratio occupied by green schist. And when the volume ratio occupied by green schist is close, the influence of increasing number of weak layers on the decrease of failure loading of rock samples is basically positively correlated with the dip angle.
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The studies on the steel pipe cutting and support stage in the pipe-roof pre-construction method (PPM) are rare, and their design lacks relevant standards, which is relatively conservative. Based on the Xinleyizhi Station of the Shenyang Metro construction case, MIDAS/GTS is used to study the stress of the original jacking steel pipes, supporting column, and surface subsidence under the influence of different construction parameters in the steel pipe cutting and support process in the PPM. The measured data are consistent with the numerical simulation results, which verifies the reliability of the numerical simulation results. With the increase of the distance between support columns, the maximum Mises stress of the original jacking steel pipe, the axial force of the support column, and the ground settlement gradually increase in a specific range. This indicates that the original design scheme can be optimized.
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1 INSTRUCTION
The pipe-roof pre-construction method (PPM) is an unconventional method for large underground space construction. This method originates from the pipe-roof method. The PPM had been used in the Antwerp station (Musso, 1979; Hemerijckx, 1983) and Venezia Station on the Milan Rail (Lunardi, 1991; Lunardi, 1992) initially. This construction method has been applied in Korea widely, called the new pipe-roof method (Kim et al., 2003; Kwak et al., 2007). The construction method was introduced in China and is called the pipe-roof pre-construction method (Li et al., 2011a; Li et al., 2011b). At present, the engineering projects that have included this construction method in China include the Shenyang Metro Xinleyizhi station (Yang et al., 2017; Yang et al., 2018) and Yingze street passage under the Taiyuan railway station (Yang et al., 2020a; Yang et al., 2020b).
In the PPM, pipe cutting and support is the crucial stage to construct the pipe gallery, which is the vital process of mechanical transformation of the underground structure and is also a risky link in the entire construction process. The construction safety in this step is directly related to the entire project’s success. Studies about the PPM mainly focus on pipe jacking (Xiao et al., 2016; Zhang et al., 2016; Liu et al., 2018; Shi et al., 2018; Zhang et al., 2018; Jia et al., 2019), environmental effects (Ba et al., 2018; Yang et al., 2018; Jia et al., 2020) and mechanical behavior of the pipe roof (Xiao et al., 2016). Studies on steel pipe cutting and support in the PPM are rare. This study intends to analyze the stress of the original jacking steel pipes after cutting, the stress of the concrete-filled steel pipe support column, and the surface subsidence in the steel pipe cutting and support process in the PPM by numerical simulation. The numerical simulation results are compared with the field monitoring results to verify the authenticity.
2 PROJECT OVERVIEW
Xinleyizhi station is an underground island station with two floors, and the main part of the station is the single arch reinforced concrete structure. The total length of the station is 179.8 m, the width of the standard section is 26.2 m, and the height is 18.9 m. The buried depth of the bottom plate is 26.5∼30.1 m. The station is equipped with three entrances and exits and one fire special entrance, with a total construction area of about 9,800 m2. The foundation soil mainly comprises miscellaneous fill, sandy soil, gravel soil, and a small amount of cohesive soil. The layout plan of the project is shown in Figure 1.
[image: Figure 1]FIGURE 1 | Project layout.
The two shafts are constructed by open excavation, and the two transverse passageways and the main part of the station are constructed by the PPM. The specific process is as follows: taking the two completed shafts as the working shafts, the two transverse passageways are constructed by the PPM first. Then, taking the two transverse passageways as the working shafts, the main part is constructed by the PPM.
The construction process of the PPM is as follows: 1) in the working shaft, large-diameter steel pipes are jacked into the ground along the contour of the underground structure. 2) The pipe gallery is constructed by steel pipe cutting, support steel plates, and concrete-filled steel tubular columns. 3) The final structure of the underground structure is poured into the pipe gallery space. 4) After the structure construction is completed, large-area soil excavation is carried out under the protection of the structure, and the inner structures are built to construct the available underground space (Figure 2).
[image: Figure 2]FIGURE 2 | Schematic diagram of the PPM process. (A) Step 1: pipe jacking; (B) Step 2: pipes cutting and support; (C) Step 3: reinforced concrete construction; (D) Step 4: baseplate construction.
This study explores two pipe cutting and support at the top of the no. 1 transverse passageways. The size of the no. 1 transverse passageways is 22.1 × 11.8 m, and the steel pipe jacking length (longitudinal extension direction) is 35.4 m. The steel pipe diameter is 2.2 m, the thickness is 18 mm, and the pipe spacing is 255 mm. A total of 30 support columns are set in the longitudinal extension direction, and the distance between the support columns is 1.2 m. This project completes the steel pipe cutting and support process in two steps. First, the jacked steel pipes shall be cut at intervals. After the first cutting, the support steel plate and concrete-filled steel tubular support column shall be set. Then, the remaining part of the pipes is cut for the second time, and the support steel plate is set for the second time to construct an underground pipe gallery (Figure 3).
[image: Figure 3]FIGURE 3 | Pipe cutting and support. (A) Pipe cutting at intervals; (B) supporting first; (C) underground pipe gallery.
3 NUMERICAL SIMULATION AND RESULT ANALYSIS
3.1 Overview of Numerical Simulation
Midas/GTS is used to establish the three-dimensional numerical model of two parallel pipe cutting and support according to the engineering background in the construction of no. 1 transverse passageways in the Xinleyizhi station. In the project, a total of 21 pipes need to be cut and supported in the no. 1 transverse passageways. If a complete numerical simulation analysis is carried out for all the pipes, due to the small size of support plates and columns, the number of calculation unit grids is huge, which may consume a lot of calculation resources, but it is difficult to obtain reasonable calculation results.
The diameter of the pipe is 2.2 m, the center distance between the two pipes is 2.46 m, and the top of the two pipes is 8.85 m from the ground. The bottom of the pipes is 8.85 m from the bottom of the model. The center of the left pipe is 8.57 m from the left wall of the model, and the center of the right pipe is 8.57 m from the right wall of the model. The longitudinal direction is the extension direction of the pipeline, and the total longitudinal length of the model is 5 m. The model’s boundary conditions are as follows: the upper surface is a free boundary without constraints. The left and right sides are constrained in the x-direction, the front and back sides are constrained in the y-direction, and the node displacement of the model’s bottom is fixed. The numerical simulation model is shown in Figure 4.
[image: Figure 4]FIGURE 4 | Numerical simulation model. (A) Overall model; (B) cutting and support model.
The calculation parameters of the stratum and other materials in the model calculation are shown in Table 1. The support column in actual construction is concrete-filled steel tubular. In the numerical simulation, the steel tubular and concrete are equivalent to one material according to the proportion of its cross-sectional area to assign the material parameters.
TABLE 1 | Material parameters.
[image: Table 1]In the numerical simulation, the construction parameters of the actual construction scheme (such as case 1 in Table 2) are simulated, and the first cutting length and supporting column spacing (such as case 2∼5 in Table 2) are gradually increased. The specific construction parameters are shown in Table 2.
TABLE 2 | Construction parameters.
[image: Table 2]3.2 Analysis of Calculation Results
3.2.1 Axial Force Analysis of Support Columns
The axial stress nephograms of the middle support columns in case 1 to case 5 numerical simulations are shown in Figure 5. According to the stress nephograms of the support columns, the average axial force borne by each support column can be calculated. The relationship between the axial force borne by the support column and the distance of the support column can be analyzed, as shown in Figure 6.
[image: Figure 5]FIGURE 5 | Axial stress nephograms of the middle column in various cases (Unit: Pa). (A) Case 1; (B) case 2; (C) case 3; (D) case 4; and (E) case 5.
[image: Figure 6]FIGURE 6 | Axial force–spacing of columns.
As shown in Figure 5, the axial stress of the support column gradually increases with the increase of the distance between the support columns and the most dangerous axial stress section is the lowest surface of the support column. In on-site engineering, the outer diameter of the concrete-filled steel tubular is 110 mm, the thickness of the steel tube is 4 mm, and the calculated steel content is 0.14. According to the national standard “Technical code for concrete-filled steel tubular structures” (GB50936-2014), the design compressive strength of the concrete-filled steel tubular is 45.6 MPa, which is far greater than the axial stress of the most dangerous section in case 5 (10.5 MPa). It indicates that even if the spacing of the support columns increases from 1.2 to 2 m, increasing by 66.7%, the compressive bearing capacity of the support column still has a large surplus.
As shown in Figure 6, the average axial force of the support column increases gradually with the increase of the distance between the support columns. There is a positive linear correlation between the axial force of the support column and the distance of the support column. When the distance between support columns increases from 1.2 to 2 m, increasing by 66.7%, the axial force of support columns increases from 82.5 to 94.0 kN, increasing by 13.9%. It shows that when the distance of support columns increases in a specific range, the axial force increment of support columns is limited.
3.2.2 Maximum Stress Analysis of Jacked Steel Pipes
The maximum stress value of the jacking steel pipe is selected in the numerical simulation case 1∼ case 5. The relationship between the maximum Mises stress of the steel pipe and the distance of support column in the process of the cutting and support is analyzed, as shown in Figure 7.
[image: Figure 7]FIGURE 7 | Maximum stress of pipe-spacing of columns.
As shown in Figure 7, with the larger distance of support columns, the maximum stress of the original jacked steel pipe gradually increases. This roughly conforms to the positive linear correlation. When the distance between support columns is 2 m, the maximum stress of the pipe reaches 148 MPa, which is less than the maximum yield stress of steel (235 MPa), and the steel pipe will not yield, and when the distance between support columns increases from 1.2 to 2 m, increasing by 66.7%, the maximum stress of the pipeline increases from 125 to 148 MPa, increasing by 15.5%. It shows that when the distance between support columns increases in a specific range, the maximum stress increment of the pipeline is limited.
3.2.3 Surface Subsidence
According to the surface transverse subsidence values, under all construction parameters in the case 1 to case 5 to draw the transverse surface settlement curve in various cases, as shown in Figure 7 (the ordinate origin in the Figure is the center position of two jacked pipes) and the relationship between the maximum settlement and the distance of support columns, as shown in Figure 9.
As shown in Figures 8, 9, the surface subsidence caused by the steel pipe cutting and support construction stage roughly conforms to the normal distribution under various construction parameters, with characteristics of the large settlements in the middle and small settlements on both sides. The greater the spacing between support columns, the severer the surface subsidence will be. The relationship between the maximum surface subsidence and the distance of support columns is approximately positively linear. When the distance of support columns increases from 1.2 to 2 m, increasing by 66.7%, the maximum ground subsidence increases from 2.4 to 2.6 mm, increasing by 8.3%. It shows that when the distance between support columns increases within a specific range, and the maximum increment of the ground subsidence is limited.
[image: Figure 8]FIGURE 8 | Horizontal surface subsidence curve.
[image: Figure 9]FIGURE 9 | Maximum settlement—distance of columns.
4 COMPARATIVE ANALYSIS OF NUMERICAL SIMULATION AND MEASURED RESULTS
4.1 Numerical Simulation and Calculation of Axial Force of the Steel Pipe
The axial pressure of concrete-filled steel tubular is
[image: image]
Comprehensive elastic modulus of the reinforced concrete steel tubular
[image: image]
According to the comprehensive elastic modulus, the axial pressure of the concrete-filled steel tubular is
[image: image]
The axial pressure of the steel tubular is
[image: image]
The outer diameter of the steel tubular is 110 mm, and its thickness is 4 mm. The area of steel tubular and concrete can be obtained. According to Eq. 4, the relationship between the axial pressure of the steel tubular and the axial pressure of the concrete-filled steel tubular can be obtained
[image: image]
where Fy0 is the axial pressure of the concrete-filled steel tubular, kN; Fs is the axial pressure of the steel tubular, kN; Fc is the axial pressure of the concrete, kN; σs is the axial stress of the steel tubular, MPa; σc is the axial stress of the concrete, MPa; As is the area of the steel tubular, mm2; Ac is the area of the concrete, mm2; ε is the axial strain of the concrete-filled steel tubular; Es is the elastic modulus of the steel tubular, MPa; Ec is the elastic modulus of the concrete, MPa; and E1 is the elastic modulus of the concrete-filled steel tubular, MPa.
According to the axial force of the support column calculated by the numerical simulation, the axial force of the steel tubular of each support column in the numerical simulation model can be obtained by Eq. 5.
As shown in Figure 10,the maximum axial force of each support column in the longitudinal direction calculated by the numerical simulation in case 1 is 87.9 kN, and its minimum value is 76.7 kN. Accordingly, the maximum axial force of the steel tubular is 45.8 kN, its minimum axial force is 40 kN, and the average axial force of each steel tubular is 42.9 kN.
[image: Figure 10]FIGURE 10 | Calculated values of the axial force.
4.2 Comparative Analysis of Axial Force of Steel Tubular
In the actual construction process, in order to ensure the construction time limit, some construction procedures are carried out alternately. For example, the lower part is still jacking, and the upper part has begun cutting and supporting. Therefore, it is impossible to accurately monitor the structural stress and surface settlement in the whole cutting and supporting process. So, the field monitoring data in cutting and support of the leftmost two pipes (the first two pipes to be cut and supported) are studied.
During the construction of no. 1 transverse passageways via pipe cutting and support, four steel tubulars are selected from the top layer’s two rows of support columns for axial force monitoring. A total of eight steel pipe axial force monitoring sensors are set, and the monitoring frequency is once a day. The axial force monitoring results of the support column are shown in Figure 11.
[image: Figure 11]FIGURE 11 | Monitoring results of axial force of the steel pipe.
It can be seen that the monitoring results of the measuring points, except sensor 1 and sensor 7, are close to the average value of numerical simulation calculation (42.89 kN). The monitoring results are consistent with the numerical simulation results which verify the reliability of the numerical simulation.
4.3 Comparative Analysis of Surface Subsidence
During the construction of steel pipes on the top layer of no. 1 transverse passageways via pipe cutting and support, surface subsidence monitoring points are set for continuous construction monitoring, and its monitoring frequency is once a day. Taking the construction of the leftmost two pipes of no. 1 transverse passageways via pipe cutting and support as an example, the measured surface subsidence is analyzed in the article. The layout of monitoring points and the location of monitoring points in the cross-section are shown in Figure 12.
[image: Figure 12]FIGURE 12 | Monitoring results of axial force of the steel pipe. (A) Layout of monitoring points. (B) Location of monitoring points in the cross section.
In the actual monitoring process, partial points are selected for long-term monitoring (the points marked with point numbers in Figure 11 are long-term monitoring points). The monitoring section formed by points 31, 32, and 33 in the Figure is the middle section, which is representative. The measured results of the middle section are selected to analyze the surface subsidence monitoring results during the construction of the leftmost two pipes via pipe cutting and support. Point 32 is located at the no. 1 transverse passageways centerline, and the distance between the two points is 5 m. The distance between the midpoint of the leftmost two jacking pipes and the point 32 is 3.68 m. The typical surface subsidence transverse curve is shown in Figure 13.
[image: Figure 13]FIGURE 13 | Surface subsidence.
Through the comparison with the numerical simulation results of the surface subsidence, it can be seen that although the measured points are not arranged at the center of the two pipes, they are still consistent with the numerical simulation results. The measured cumulative maximum subsidence value is 2.5 mm, which is slightly larger than the numerical simulation results of the corresponding points (2.3 mm). The farther it is from the center of the two pipes, the smaller the subsidence value.
5 CONCLUSION AND SUGGESTIONS

1) MIDAS/GTS is used to analyze the steel pipe cutting and support construction stage in the PPM. The effects of gradually increasing the distance of support columns on the maximum Mises stress of the original jacking steel pipe, the axial force of support columns, and the surface subsidence are studied. The numerical simulation results show that when the distance of support columns increases from 1.2 to 2 m, that is 66.7%, the axial force increment of the support column, maximum Mises stress of original jacking steel pipe, and surface subsidence are 13.9, 15.5, and 8.3%, respectively. The maximum axial force of the support column is less than its compressive strength, and the maximum Mises stress of the original jacking steel pipe is less than its yield strength. It shows that when the distance of support columns increases within a specific range, the maximum Mises increment of the original jacking steel plate, the axial force of support columns, and surface subsidence are restricted.
2) The numerical simulation results and on-site monitoring results of axial force of support columns and the surface subsidence in the pipe cutting and support stage are compared. The monitoring results of the most axial force measurement points are close to their numerical simulation calculation average value (42.9 kN). The measured cumulative maximum surface subsidence value is 2.5 mm, slightly larger than its numerical simulation result (2.3 mm). The changing trend of the measured value is the same as that of the numerical simulation value. The farther it is from the center of the two pipes, the smaller the subsidence value will be. The numerical simulation results are consistent with the monitoring results, which proves the reliability of the monitoring results.
3) In the PPM, the pipe cutting and support are crucial for the underground pipe gallery construction. At present, rare studies focus on the pipe cutting and support. Its design lacks standard guidance, and its relevant on-site monitoring data are insufficient. The results in this study show that the original design scheme of this study still needs to be improved.
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A new type of composite lining structure consisting of segments, steel pipes, and concrete lining can be adopted in the water conveyance tunnel to bear large internal water pressure. However, there is still no effective analysis model and calculation method for the parameter influence effect of this new composite lining. In this paper, the load structure method and the elasticity theory are adopted, the stress analysis model and theoretical calculation method of a new type of composite lining of water conveyance tunnel are given, and the influence law of lining structure parameters is studied. Each part of the shield assembled lining is regarded as a stressed spring, and a formula for calculating the equivalent elastic modulus of the overall structure at the joint of the lining under partial tension and partial compression is given. The stress and deformation of each layer of lining are deduced based on the theory of thick-walled cylinders. According to the actual project, the rationality of the calculation method is verified by comparing the results of finite element analysis, and the influence of the thickness of intermediate concrete lining and inner lining parameters on the distribution of force transmission among lining layers is further analyzed. The results show that the radial displacement and circumferential stress of each layer of lining structure decrease with increasing the thickness of the concrete lining. The larger the elastic modulus of the inner lining material is, the smaller the radial displacement of each lining structure will be, but the circumferential stress of the inner lining will increase. In addition, when the thickness of the steel pipe lining is reduced or the internal water pressure is increased, the circumferential stress and radial displacement generated by the inner lining will increase. This analysis model and method considering the deformation coordination relationship solves the problem of setting the parameters of the lining structure and has obvious advantages in the calculation of the stress and deformation of the new composite lining water conveyance tunnel structure, which can provide a theoretical basis for related engineering design.
Keywords: water conveyance tunnel, composite lining, equivalent elastic modulus, load structure method, force analysis
1 INTRODUCTION
With the development of regional economy and the difference of population distribution, the problem of water resources distribution is becoming more and more serious. In order to solve the problem of regional water use, a number of representative shield water conveyance tunnels have been built in China, such as the Pearl River Delta Water Resources Allocation Project (Yang et al., 2018; Cao, 2020), the Xijiang Water Diversion Project in Guangxi (Cao, 2020), the South-to-North Water Diversion Project through the Yellow River Tunnel Project (Chen et al., 2014; Yang et al., 2018a,b) and so on. The water conveyance tunnel structure is not only subjected to external water and soil loads, but also bears large internal water pressure. Therefore, multi-layer lining structures are usually used in engineering to joint force to improve the overall load-bearing capacity of the structure (Vogel et al., 2017; Wang et al., 2019; Ding et al., 2020). Facing the construction requirements of large sections, high internal pressure, and complex internal and external loads, part of the project began to try to use the new composite lining structure of “steel lining—self-compacting concrete (SCC)—segment” (Cao, 2020). Part of the water delivery project with this structure is shown in Figure 1. Compared with single-layer lining and double-layer lining structures, the new composite lining structure has higher designed internal water pressure, and under the protection of self-compacting concrete lining in the middle layer, the internal steel pipe is not prone to buckling failure (Gavriilidis and Karamanos, 2019; Yuan and Kyriakides, 2021). At present, there are few water conveyance tunnels with the new composite lining structure of “steel lining—SCC—segment”, and there is a lack of corresponding engineering experience and theoretical research, especially the stress and deformation of each layer lining are still unclear (Nabipour et al., 2020). In addition, the unreasonable setting of structural parameters makes the material stress distribution unreasonable, reduces the bearing capacity of the lining structure, and leads to a series of problems such as concrete cracking and excessive deformation of segments (Guan et al., 2015). Therefore, it is necessary to conduct in-depth research on the theoretical calculation and parameter analysis of the new composite lining structure of the water conveyance tunnel.
[image: Figure 1]FIGURE 1 | New composite lining water conveyance project.
At present, many scholars have conducted relevant theoretical research on the lining structure of water conveyance tunnel. At first, most of the water conveyance tunnels adopt single-layer lining structure. Yuan et al. (2017) established an elastoplastic damage constitutive model of stress-seepage coupling of surrounding rock, and analyzed the unfavorable situation of grouting cycle failure for a water conveyance tunnel. Yang et al. (2020) put forward an innovative analysis method to evaluate the safety of muddy sandstone pressure water conveyance tunnel under weak water conditions based on the test results and numerical analysis method. Based on the shear test results, Li et al. (2019) put forward the bond zone model of bolt connection in the lining structure of water conveyance tunnel. With the continuous improvement of design load and single-layer lining is prone to a series of problems such as insufficient bearing capacity, pipe wall cracking, water leakage and so on, the double-layer lining structure has gradually become the mainstream form of lining structure of water conveyance tunnel. Zhu et al. (2022) put forward the stress analysis model and method of double-layer lining structure of shield water conveyance tunnel considering the influence of transition layer and revealed the influence law of transition layer parameters on the internal force and deformation of lining structure. Based on the elastic theory, Li et al. (2021) put forward a simplified calculation method that can accurately calculate the stress distribution of composite lining structure, considering the influence of internal water pressure and surrounding rock. Yan et al. (2016) studied the dynamic response of double-layer lining shield tunnel with different thicknesses by using the plastic damage model of concrete.
Facing the complex design requirements and application environment, some special forms of composite lining structures are used in water conveyance projects, such as prestressed composite lining and steel fiber reinforced concrete lining. By applying to prestress to the lining structure, initial compressive stress can prevent the concrete from cracking and improve the capacity of the structure to bear the internal water pressure (Andjelkovic et al., 2013). Yang et al. (2018) analyzed the mechanical properties of each component of prestressed composite lining of a water conveyance tunnel and the interaction between inner and outer linings through numerical simulation. Wang et al. (2020) revealed the change in the tension of the ring anchor and the characteristics of the redistribution of prestress in the lining in the process of tensioning the prestressed tendons and applying the internal water pressure through field tests. Adding steel fiber to concrete can effectively improve the strength and crack resistance of the lining structure (Liu X et al., 2020). Gong et al. (2017) studied the ultimate bearing capacity and cracking process of steel fiber reinforced concrete segment joints under different load conditions through full-scale tests. Nehdi et al. (2015) conducted a model test on the mechanical behavior of concrete tunnel lining segments with different lengths and contents of steel fibers. The above research mainly focuses on single-layer lining and double-layer lining structure. Compared with single-layer lining and double-layer lining, the materials of the new composite lining structure are more diverse and the force transmission forms are more complex. There is a still lack of relevant research on force transmission among different layers of lining and the mechanism of load sharing (Mezger et al., 2017; Dong et al., 2021; Huang et al., 2021; Zhang et al., 2021; Zhou et al., 2021). In the past, it was seldom used to analyze the influence of structural parameters of “steel lining -SCC- segment” new composite lining by establishing an analytical model and analytical calculation method. The reasonable setting of structural parameters in the process of engineering design and construction can not only improve the bearing capacity and safety of the structure but also reduce the engineering cost (Salemi et al., 2018).
To solve the joint force problem of the new composite lining structure and consider the influence of structural parameters, a stress analysis model of the lining structure under the action of uniformly distributed pressure is established in this paper. Segments, bolts, and joint gaskets of shield lining are regarded as stressed springs, and a formula for calculating the equivalent elastic modulus of the whole structure at the joint of lining under partial tension and partial compression is given. Based on the load structure method and the theory of thick-walled cylinders, a calculation method for solving the stress and coordinated deformation of lining structures in different layers is proposed. According to an engineering example, the rationality of the calculation method is verified by finite element analysis. On this basis, the influence of concrete lining thickness and inner lining parameters on structure stress and deformation is further analyzed. This method, which combines the load structure method with the elasticity theory, can effectively calculate the stress and deformation of the new lining structure, solve the problem of setting the parameters of the lining structure and provide a theoretical basis for related engineering design.
2 ANALYSIS MODEL AND METHODS
In this section, based on simplifying the stress of lining structure of water conveyance tunnel, a force analysis model of new composite lining is given. Using the spring series formula, the equivalent elastic modulus of shield assembled lining is calculated. Then, the force analysis of the lining structure is carried out independently, and the calculation formulas of radial displacement and circumferential stress of each layer lining are obtained. Through the deformation compatibility conditions, the relationship between the radial displacement of each layer of the lining is established, to obtain the magnitude of the interaction force between the lining structures.
2.1 Establish Analysis Model
The lining structure of the water conveyance tunnel in the project is in a complex stress environment. The outside is affected by the gravity of water and soil loads, the inside by the gravity and pressure of water, the dead weight of each structure, and the external resistance caused by structural deformation. To simplify the calculation, the pressure on the outer surface of the lining is taken as uniform pressure equal to the minimum water and soil pressure value, regardless of the influence of the lining structure weight, water weight, and external resistance. Establish the stress calculation model of the new composite lining structure of shield water conveyance tunnel under the action of uniformly distributed internal water pressure and uniformly distributed external water and soil load, considering the deformation coordination relationship, as shown in Figure 2.
[image: Figure 2]FIGURE 2 | Force analysis model of new composite lining.
The whole lining structure consists of external assembled segments, internal steel pipe lining, and middle self-compacting concrete lining. The three layers of linings are tightly connected, and it is considered that only radial pressure is transmitted on the contact surfaces of each layer of linings. As shown in Figure 2, taking the isolated body from the overall structure and the lining structure of each layer is analyzed separately. It is known that the uniformly distributed internal pressure is P and the uniformly distributed external pressure is P3. Assume that the reaction force of the concrete lining to the steel pipe lining is P1, and the reaction force of the shield lining to the concrete lining is P2.
To calculate the internal force and deformation of the lining structure, the magnitude of the unknown interaction force is required. The equivalent elastic modulus of shield assembling lining structure will be obtained by using the series equivalent formula of springs. Then, through the coordinated relation of deformation between each layer of lining. The calculation formula of radius increment obtained by independent analysis of lining structure is used to solve the values of the unknown forces P1 and P2.
2.2 Equivalent Elastic Modulus
The outer lining of the shield water conveyance tunnel is composed of assembled segments, which are mainly used to bear the external water and soil pressure. The stress and deformation of the segment joints are complex, and the connecting bolts and joint gaskets are the weak links of the whole shield assembling lining structure. According to the force analysis model established in Figure 2, the force analysis of the shield assembling lining is carried out alone, and the structure is affected by the uniformly distributed internal pressure P2 transmitted by the concrete lining and the uniformly distributed external water and soil pressure P3. The analysis model is shown in Figure 3.
[image: Figure 3]FIGURE 3 | Analysis model of shield assembling lining.
Under the action of external force, the circumferential direction of the shield assembling lining is in a tension or compression state. The connecting bolt, joint gasket, and shield tunnel segment can be regarded as the force spring, and the whole can form a spring ring, and then the stiffness of the spring ring can be calculated like a steel pipe.
According to the relationship between the elastic modulus of the material and the spring stiffness (Yang et al., 2018), the equivalent spring stiffness of each assembled segment can be obtained as follows:
[image: image]
Where: KF, KL, and KB are the spring stiffness of cap block, connecting block, and standard block respectively. EC is the elastic modulus of the segment. AC is the sectional area of the segment. LF, LL, and LB are neutral axis arc lengths of cap block, connecting block, and standard block respectively.
In previous studies, the segment joints were in tension, and only the bolts played a role in the joints (Yang et al., 2018). In practice, the shield lining structure is mostly in a state of partial tension and partial compression. When the external assembled segment joint is under tension, the connecting bolt works, but the joint gasket does not work. When the external assembled segment joint is under pressure, the joint gasket works, but the connecting bolt does not work. The equivalent spring stiffness of the joint under the corresponding two cases is:
[image: image]
Where: KS and KS1 are the total stiffness of bolts at a tensile joint and gaskets at a compressive joint respectively. nS is the number of bolts at a single tensile joint. nS1 is the number of joint gaskets at a single compression joint. ES and ES1 are elastic moduli of the connecting bolt and joint gasket respectively. AS and AS1 are the cross-sectional areas of a single connecting bolt and joint gasket respectively. LS and LS1 are the effective lengths of connecting bolt and joint gasket respectively.
From the series equivalent formula of springs (Yang et al., 2018), we can get:
[image: image]
Where: K is the total equivalent stiffness of shield assembling lining. nJ, nJ1, nF, nL, nB are the number of tensile joints, compressive joints, cap blocks, connecting blocks, and standard blocks respectively.
Therefore, the equivalent elastic modulus of shield lining ring can be obtained from the relationship between elastic modulus of material and spring stiffness as follows:
[image: image]
Where: E is the equivalent elastic modulus of the shield assembling lining. L is the neutral axis length of the shield assembling lining.
2.3 Force Analysis of Lining
According to the theory of thick-walled cylinder in elasticity (Xu, 2002), the general solution formula of axisymmetric stress is as follows:
[image: image]
Where: σρ is radial stress; σφ is circumferential stress; ρ is the polar diameter at the calculated position; A, B, and C are all undetermined constants.
The calculation formula of the corresponding displacement component in the axisymmetric stress state is as follows:
[image: image]
Where: uρ is radial displacement; uφ is circumferential displacement; φ is the angular coordinate at the calculated position; μ is Poisson’s ratio; E′ is the elastic modulus of the material; H, I, and K are all undetermined constants.
According to the force analysis model of the new composite lining established in Figure 2, the shield lining, concrete lining, and steel pipe lining are all under the action of uniformly distributed internal and external pressures, so the independent analysis model of each lining is shown in Figure 4.
[image: Figure 4]FIGURE 4 | Lining force analysis model.
In the ring, the points (ρ1,φ1) and (ρ1,φ1+2π) represent the same point, so the corresponding circumferential displacements are equal. There are:
[image: image]
Where: ρ1 and φ1 are the polar diameter and angular coordinates of a point in the ring, respectively.
Therefore, according to the single-value condition of displacement, it must be B = 0.
As can be seen from Figure 4, the stress boundary conditions of the inner and outer surfaces are:
[image: image]
Where: r and R are the inner radius and outer radius of the lining ring, respectively; P4 and P5 are the uniformly distributed pressures acting on the inner and outer surfaces of the lining, respectively.
Substituting Eq. 5 and B = 0 Into Eq. 8 can Give:
[image: image]
According to the force analysis model shown in Figure 4, the external force and the structure are symmetrical about any straight line passing through the centroid. Therefore, the radial displacement at any position with the same polar diameter is equal. Therefore, uρ is not a function about φ, so we can get:
[image: image]
Substituting A, B, C, and Eq. 10 into the corresponding expressions, the calculation expressions of radial displacement uρ and circumferential stress σφ at any position of the lining can be obtained as follows:
[image: image]
[image: image]
2.4 Unknown Force Solution
Based on the new force analysis model of composite lining established as shown in Figure 2, the lining structures of each layer are analyzed independently. From this, the expressions of radial displacement and circumferential stress of lining structure under uniform internal and external pressure are obtained. Next, through the deformation coordination relation, the formula for calculating the increment of the lining radius of each layer will be established simultaneously, to find out the magnitude of unknown interaction forces P1 and P2.
From the calculation formula of the radial displacement uρ obtained in the previous section, the calculation expressions of the increase of the outer radius of the inner lining Δr2, the increase of the inner radius of the shield lining Δr5, and the increase of the inner and outer radii of the concrete lining Δr3 and Δr4 can be obtained respectively as follows:
[image: image]
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Where: E1, E2, and E3 are the elastic moduli of inner lining, concrete lining, and shield lining respectively. μ1, μ2, and μ3 are Poisson’s ratios of inner lining, concrete lining, and shield lining respectively. r1 and r2 are the inner and outer radii of the inner lining respectively. r3 and r4 are the inner and outer radii of the concrete lining respectively. r5 and r6 are the inner and outer radii of the shield lining respectively. k1, k2, k3, k4, k5, k6, k7, and k8 are all coefficients.
The lining of each layer of the water conveyance tunnel structure is regarded as a tight connection, so the increase of radius at adjacent positions is equal. Therefore, the following deformation coordination relation can be obtained:
[image: image]
Substituting Eqs. 13–15, and Eq. 16 into Eq. 17, we can get the computational expressions of unknown interaction forces P1 and P2 as follows:
[image: image]
To sum up, the calculation formulas of unknown forces P1 and P2 have been obtained. And the corresponding parameter values can be obtained by substituting them into the computational expressions of radius increment Δr and circumferential stress σφ of lining structures in each layer.
3 ANALYTICAL SOLUTION VERIFICATION
3.1 Equivalent Elastic Modulus Calculation
The designed internal water pressure of the Guangxi Xijiang River Diversion Project reaches 0.6 MPa. To ensure the effective operation of the water conveyance tunnel, a new composite lining structure of “steel lining—SCC—segment” is adopted in some pipe sections. A schematic diagram of shield lining structure size and segment segmentation is shown in Figure 5. Using the calculation method of equivalent elastic modulus introduced in Section 2.2, and relying on the engineering design data, the equivalent elastic modulus of the shield lining of the Xijiang Water Diversion Project is calculated.
[image: Figure 5]FIGURE 5 | Schematic diagram of shield lining structure.
The shield lining of this project is divided into six segments per ring, 3 standard blocks (central angle 67.5°), two connecting blocks (central angle 68.75°), and one cap block (central angle 20°). Two adjacent segments are connected by bent bolts, with 12 bolts in each ring. The segment is made of C50 concrete, with an inner diameter of 5.4 m, an outer diameter of 6 m, a thickness of 30 cm, and a width of 1.5 m per ring. The elastic modulus EC of the segment is 34.5 GPa, and the cross-sectional area AC is 0.45 m2. The elastic modulus ES of the bolt is 200 GPa, the cross-sectional area AS is 573 mm2, and the effective length LS is 0.43 m (Cao, 2020). Because the inner water pressure borne by the water conveyance tunnel structure is relatively high, so the shield lining is in tension in the circumferential direction, only the role of bolts is considered at the joint.
From this, the total equivalent stiffness and equivalent elastic modulus of shield assembled lining can be obtained:
[image: image]
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3.2 Computational Model Verification
To verify the correctness of the calculation model and method in this paper, numerical analysis, and analytical solution are used to calculate the deformation and stress values of lining structure, and a comparative analysis is made.
The water conveyance tunnel of the Xiaotang interchange section of the Guangzhou Xijiang Water Diversion Project is about 2.4 km long, and the designed internal water pressure is 0.6 MPa. The external lining is a precast reinforced concrete segment poured with C50 concrete, with an outer diameter of 6 m and an inner diameter of 5.4 m. The thickness of the steel pipe lining is 20 mm C20 self-compacting concrete with a thickness of 30 cm is filled between the shield lining and the steel pipe (Cao, 2020).
According to the design data of the water conveyance tunnel of the Xiaotang interchange section of the Guangzhou Xijiang Water Diversion Project (Cao, 2020), the finite element analysis software, ABAQUS is used to establish a new composite lining water conveyance tunnel model. The tunnel parameters required for simulation are the same as the analytical calculation, as shown in Table 1. Some parameters are commonly used values, and the shield lining considers the influence of the joint, and the corresponding equivalent elastic modulus is calculated according to the calculation results in Section 3.1.
TABLE 1 | Model calculation material parameter table.
[image: Table 1]The finite element calculation model bears the uniformly distributed internal water pressure of 0.6 MPa and the uniformly distributed external water and soil pressure of 0.3 MPa, and the components are connected by Tie. The horizontal displacement of the top and bottom cross-sections of the structure and the vertical displacement of the leftmost and rightmost cross-sections of the structure are constrained. All structural components adopt the CPE4I plane strain four-node nonconforming element. External shield lining has an outer radius of 3 m and an inner radius of 2.7 m. The outer radius of the intermediate concrete lining is 2.7 m and the inner radius is 2.4 m. The internal steel pipe lining has an outer radius of 2.4 m and an inner radius of 2.38 m. The finite element model is shown in Figure 6, and some calculation results are shown in Figure 7, Figure 8, Figure 9.
[image: Figure 6]FIGURE 6 | Finite element calculation model.
[image: Figure 7]FIGURE 7 | Radial deformation and circumferential stress of steel pipe lining. (A) Radial deformation of steel pipe lining. (B) Circumferential stress of steel pipe lining.
[image: Figure 8]FIGURE 8 | Radial deformation and circumferential stress of concrete lining. (A) Radial deformation of concrete lining. (B) Circumferential stress of concrete lining.
[image: Figure 9]FIGURE 9 | Radial deformation and circumferential stress of shield lining. (A) Radial deformation of shield lining. (B) Circumferential stress of shield lining.
As shown in Figure 7, due to the thin thickness of the internal steel pipe lining, the radial deformation and stress variation of the lining are very small. In addition, the circumferential stress value of the internal steel pipe lining is relatively large, about 10 MPa. As shown in Figure 8, the radial deformation and circumferential stress of the middle concrete lining gradually decrease from inside to outside under the reaction of the steel pipe lining and the shield lining. The circumferential stress value of concrete lining is much smaller than that of steel pipe lining. As shown in Figure 9, under the action of external water and soil load and the reaction force of concrete lining, the radial deformation of the shield lining gradually decreases from inside to outside, and the circumferential stress value of the shield lining at the steel pipe radius is significantly smaller than that at the outer radius.
Summarize the results of numerical analysis and analytical calculation as shown in Table 2.
TABLE 2 | Model calculation results.
[image: Table 2]From the data in Table 2, it can be seen that the numerical simulation results are consistent with the calculation results. Except for the error of the circumferential stress at the inner radius of the shield lining is 23.9%, the errors of other results are all within 6%, so the rationality of the calculation model and method in this paper can be verified. In the analytical solution, it is considered that only radial pressure is transmitted between the linings, which leads to some errors in the results of deformation and stress calculated by the two methods (Chen et al., 2020). It needs to be further improved.
4 INFLUENCE ANALYSIS OF LINING STRUCTURE PARAMETERS
Compared with the concrete lining and internal steel pipe lining, the setting of the shield assembling lining structure type of the “segment—SCC—steel lining” new composite lining water conveyance tunnel is relatively fixed, so it is not taken as the analysis object. The following is based on the water conveyance tunnel of the Xiaotang interchange section of the Guangzhou Xijiang Water Diversion Project (Cao, 2020). Through the analytical method given in this paper, the influence of concrete lining thickness and inner lining material parameters on the stress and deformation of lining structure is analyzed.
4.1 Influence Analysis of Concrete Lining Thickness
The setting of the middle self-compacting concrete lining is flexible, and different thicknesses of concrete lining will affect the deformation and stress of the overall structure. To make the stress distribution and deformation control among the structures more reasonable, the influence law of concrete lining thickness on the stress and deformation of the lining structure will be explored according to the model parameters in Table 3. Some parameters are commonly used values, and the shield lining considers the influence of the joint, and the corresponding equivalent elastic modulus is calculated according to the calculation results in Section 3.1.
TABLE 3 | Calculation parameter table.
[image: Table 3]The inner radius of the concrete lining is 2.3, 2.35, 2.4, 2.45, 2.5, and 2.55 m respectively. The lining structure bears the uniformly distributed internal water pressure of 0.6 MPa and the external uniformly distributed water and soil pressure of 0.3 MPa. Analytical calculation and numerical analysis are used to calculate the inner radius increment and circumferential stress value of lining in each layer respectively, as shown in Figure 10.
[image: Figure 10]FIGURE 10 | Influence of concrete lining thickness on structural stress and deformation. (A) Inner radius increment. (B) Circumferential stress at the inner radius.
Figure 10A shows that with the increase of the thickness of the concrete lining, the deformation amount of the inner radius of each layer of lining decreases, and the reduction range is very large. Figure 10B shows that with the increase of the thickness of the concrete lining, the circumferential stress at the inner radius of each layer of lining decreases continuously. Among them, the circumferential stress at the inner radius of the steel pipe lining decreases greatly, while the circumferential stress at the inner radius of the shield lining is almost negligible compared with the other two linings. It shows that increasing the thickness of the middle self-compacting concrete lining can reduce the radial displacement and circumferential stress of the lining structure and improve the bearing capacity of the structure. However, the thickness should not be too large. According to relevant codes, the thickness of non-structural secondary lining should generally not exceed 30 cm (Takano, 2000).
4.2 Influence Analysis of Inner Lining Materials
The use of different materials for the inner lining will affect the deformation and stress of the overall structure. To make the stress distribution and deformation control among the structures more reasonable, the influence law of elastic modulus of inner lining materials on the stress and deformation of composite lining structures will be explored according to the design data of the Xijiang water diversion project. Some parameters are commonly used values, and the shield lining considers the influence of the joint, and the corresponding equivalent elastic modulus is calculated according to the calculation results in Section 3.1.
Using the data in Table 3, the inner radius of the concrete lining is 2.4 m, and other parameters only change the elastic modulus of the inner lining. The elastic modulus of inner lining materials is 5e7, 8e7, 1.1e8, 1.4e8, 1.7e8, and 2e8 kPa, respectively. The lining structure bears the uniformly distributed internal water pressure of 0.6 MPa and the external uniformly distributed water and soil pressure of 0.3 MPa. Analytical calculation and numerical analysis are used to calculate the inner radius increment and circumferential stress value of lining in each layer respectively, as shown in Figure 11.
[image: Figure 11]FIGURE 11 | Influence of inner lining elastic modulus on structural stress and deformation. (A) Inner radius increment. (B) Circumferential stress at the inner radius.
Figure 11A shows that with the increase of elastic modulus of the inner lining, the deformation of the inner radius of the lining structure in each layer decreases. It shows that the inner lining is made of materials with large elastic modulus, which is beneficial to reduce the overall deformation of the composite lining structure. Figure 11B shows that with the increase of the elastic modulus of the inner lining, the circumferential stress at the inner radius of the inner lining increases significantly, while the circumferential stress of the concrete lining and the shield lining decreases to some extent. The potential mechanism of this phenomenon is that under the same internal water pressure, the deformation of the inner lining decreases with the increase of the elastic modulus of the inner lining. At this time, the internal water pressure shared by the coordinated deformation to other lining structures decreases, and the internal water pressure borne by the inner lining increases. Which makes the circumferential stress of the inner lining increase while that of the other lining decreases.
To sum up, increasing the thickness of intermediate concrete lining can effectively reduce the radius increment and circumferential stress value of lining structure in each layer, but increasing the thickness of concrete lining will also significantly increase the project cost. Increasing the elastic modulus of the inner lining can effectively reduce the increase of the overall structure radius, but the circumferential stress of the inner lining will increase significantly. Compared with concrete lining and outer lining, the circumferential stress of the inner lining is much larger. Therefore, the lining should be made of materials with high tensile strength, and it is not advisable to use the assembled structure similar to the outer lining. In addition, it can be seen from the figure that the results calculated by analytical calculation and numerical analysis are very close, which further verifies the correctness of the calculation model and method in this paper.
4.3 Influence Analysis of Steel Pipe Lining Thickness
Different thicknesses of steel pipe lining will affect the deformation and stress of the overall structure. To make the stress distribution and deformation control among structures more reasonable, the following will explore the influence law of inner lining steel pipes with different thicknesses on inner lining stress and deformation under different internal water pressures according to the design data of the Xijiang water diversion project. Some parameters are commonly used values, and the shield lining considers the influence of the joint, and the corresponding equivalent elastic modulus is calculated according to the calculation results in Section 3.1.
Using the data in Table 3, the inner radius of the concrete lining is 2.4 m, and other parameters only change the inner radius of the inner lining. The thickness of steel pipe lining is 15, 20, 25, 30, and 35 mm respectively. The internal water pressure in the lining structure is 0.4, 0.6, 0.8, 1.0, 1.2, and 1.4 MPa, respectively, and the external uniform water and soil pressure is 0.3 MPa. Using the calculation method provided in this paper, the inner radius increase and circumferential stress of the steel pipe lining are calculated respectively, as shown in Figure 12.
[image: Figure 12]FIGURE 12 | Influence of thickness of steel pipe lining on structure under different internal water pressure. (A) Inner radius increment. (B) Circumferential stress at the inner radius.
Figure 12A shows that the radial deformation at the inner radius of the inner lining decreases with the increase of the thickness of the steel pipe lining. The greater the internal water pressure, the greater the radial displacement of the inner lining. Figure 12B shows that the circumferential stress at the inner radius of the inner lining decreases with the increase of the thickness of the steel pipe lining. The greater the internal water pressure, the greater the circumferential stress of the inner lining. It shows that increasing the thickness of steel pipe lining properly can improve the bearing capacity of the lining structure. Especially under the action of high internal water pressure, increasing the thickness of steel pipe lining is an effective measure to reduce the stress and deformation of the lining structure.
5 CONCLUSION
The stress and deformation of the new composite lining structure of “steel lining—SCC—segment” are affected by many factors, among which the size and material parameters of the lining structure are the common control factors. A theoretical method for calculating the stress and deformation of the new composite lining structure is given by establishing the stress analysis model of the new composite lining structure of the water conveyance tunnel. Based on verifying the correctness of the calculation method by finite element numerical simulation, the influence law of the thickness of the intermediate concrete lining and the parameters of the inner lining is deeply analyzed. Through the above analysis, the main conclusions are as follows:
1) With the increase of the thickness of the intermediate concrete lining, the radial displacement and circumferential stress of each layer lining structure decrease continuously, and the bearing capacity of the structure increase significantly. However, according to relevant specifications, the thickness of the lining should generally not exceed 30 cm. In addition, the circumferential stress value of the inner lining is large, so the inner lining should be made of materials with high tensile strength.
2) The deformation of the inner lining will decrease with the increase of the elastic modulus of the inner lining. At this time, the internal water pressure shared by the coordinated deformation to other lining structures decreases, resulting in the internal water pressure borne by the inner lining increasing. It increases the circumferential stress of the inner lining and decreases the circumferential stress of other linings. Therefore, the elastic modulus of the inner lining should not be too large in the design of the lining structure.
3) With the increase in internal water pressure, the stress and deformation of steel pipe lining will increase linearly. However, increasing the thickness of steel pipe lining can reduce the stress and deformation of steel pipe lining. Therefore, increasing the thickness of steel pipe lining is an effective measure to reduce the stress and deformation of the lining structure in a high-pressure water conveyance tunnel.
With the increasing internal water pressure and cross-section size of the water conveyance tunnel, there will be more and more application scenarios of “steel lining—SCC—segment” as a new lining structure. Based on the above-mentioned load structure method and elastic theory, considering the deformation coordination relationship, the analysis model and calculation method gave provided a theoretical basis for the mechanical analysis and structural parameter design of the new composite lining of the water conveyance tunnel.
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At present, a large number of physical tests and numerical simulations have been carried out to study the effect of confining pressure on rock deformation mechanism, and some achievements have been achieved; however, the mechanism of rock deformation in actual mine engineering needs to be further studied, for example, rock-burst is actually a unilateral unloading process of rock mass, and this process can not be completed by physical test. RFPA3D was used to simulate the brittle–ductility transformation mechanical properties of rock under different confining pressures in this paper. The damage constitutive equation of rock was derived from continuum damage mechanics; the damage coefficients of different rocks were determined based on the numerical results of stress acoustic emission, so the correctness of rock damage constitutive equation was verified. According to the derived brittle–ductility damage equation and the fitting results of ductility cumulative damage data, it was found that the development trend of rock brittleness stage was almost the same, and the extended separation occurred after entering ductility stage. The larger the Poisson’s ratio was, the longer the ductility stage was. The smaller the Poisson’s ratio was, the shorter the ductility stage was, but the larger the bearing capacity was. At the late loading stage, the ductility cumulative damage of rock showed a linear upward trend, the bearing capacity sharply decreased, the rock stability failure occurred, and the ductility damage coefficient increased gradually. The study on the brittle–ductile mechanical properties of rocks can help to deep mine’s rock-burst prediction and prevention and has significant engineering significance.
Keywords: confining pressure, loading rate, brittle–ductility, RFPA3D, numerical simulation
INTRODUCTION
With the increase in the mining depth, many scholars have conducted a large number of physical tests and numerical simulation studies on the influence of confining pressure on the rock deformation mechanism, especially on the influence of the unloading rate on rock mechanical properties, and many meaningful results have been obtained. For example, Xie et al. (2021) studied the brittleness and ductility of different rocks (Liang and Song, 2021 and Tang et al., 2020). Some scholars conducted numerical simulation analysis on the failure characteristics of rock under unloading rate, and some scholars (Li et al., 2021a and Tian et al., 2021) also conducted physical tests and numerical theoretical studies on the failure of rock under various conditions (Gabriel et al., 2021). Qiu et al. (2010) analyzed the deformation law of JIN PING deep-buried marble under different confining pressure unloading rates and found that the axial deformation and dilatancy of marble were significantly affected by confining pressure unloading rates. Huang and Huang (2010) found through the indoor triaxial unloading test of rock that higher the unloading rate and initial confining pressure, the more obvious the brittle and tensile fracture characteristics of rock. Zhang et al. (2010) conducted the confining pressure unloading test of marble and concluded that higher the confining pressure unloading rate is, the higher the strength of rock sample is. Zhao et al. (2015) from Central South University studied the mechanical properties and strength criterion of rock triaxial unloading under different stress paths. Xiao et al. (2017) used a triaxial rheometer to analyze the deformation characteristics of red sandstone rocks during the triaxial compression process under the action of osmotic pressure and studied the variation rules of the axial strain, radial strain, and deformation modulus of rocks in the process of deviational stress loading under the action of osmotic pressure. In addition, many scholars (Tian et al., 2020, Shen et al., 2017, and Jiang et al., 2017) have studied and analyzed the mechanical properties of rock, such as crack propagation and failure criterion, by means of physical tests, and many meaningful results have been obtained (Kang et al., 2017 and Wang et al., 2017).
However, the abovementioned studies are based on rocks in triaxial confining pressure unloading under the action of physical experiments and numerical research, and rocks under triaxial confining pressure will occur brittle plastic and brittle—the change of mechanical properties such as ductility, and having the effect that cannot be ignored in the process of rock failure, so there are some articles (Li et al., 2021b and Zhang et al., 2020) on rock brittle—ductile analyzed and studied. For example, Cao et al. (2004) studied the brittleness and ductility of rocks by the statistical damage method and determined the brittleness and ductility transformation condition of rock according to the stress–strain curve. Chen et al. (2016) conducted physical test research on the brittleness and ductility transformation of deep rock and determined the influence of critical surrounding rock on the brittleness and ductility transformation through physical test. Wu et al., 2015 conducted physical experimental research on brittle–ductility transformation characteristics of rocks by using the acoustic emission ringing times of rocks and confirmed the coupling relationship between rock damage and brittle–ductility transformation through the acoustic emission ringing times of rocks.
There are many factors influencing the brittle–ductility transformation of rock under the action of stress, such as the difference in rock sample, stress-loading mode, loading speed, and confining pressure, that is, the brittle–ductility transformation of rock is the result of the joint action of many factors. In addition, all the abovementioned scholars analyzed the mechanical properties of brittle–ductility transformation of rock under different conditions from the perspective of physical tests, which had certain limitations. Therefore, this study used RFPA3D numerical test software to study the mechanical properties of brittle–ductility transformation of rock under different confining pressures. Different confining pressures are selected as the main influencing factors of brittle–ductility transformation among many factors affecting brittle–ductility transformation of rock. First, the three-dimensional numerical test of uniaxial loading failure is carried out on the square numerical specimen, and then the numerical experimental study on the mechanical properties of brittle ductility of the square specimen under different confining pressures is carried out to preliminarily explore the mechanical mechanism of brittle–ductile transformation of rock under confining pressure. The change in the bearing capacity of rocks after brittle–ductile transformation is compared and analyzed.
2 DAMAGE CONSTITUTIVE EQUATION FOR BRITTLE–DUCTILITY TRANSFORMATION OF ROCKS
2.1 Based on the Rock Damage Constitutive Equation in Thermodynamics
According to the principle of conservation of energy, the damage constitutive model of brittle–ductility transformation was studied without considering the effect of motion (quasi-static process) and temperature (isothermal process or adiabatic process).
For a thermodynamically closed system, the sum of the internal energy increment [image: image] and kinetic energy increment [image: image] of the system is equal to the sum of the increment of external force work [image: image] on the system and the increment of external heat [image: image] input to the system [Liu and Jin, (2011)], which is as follows:
[image: image]
Considering the change rate per unit time, Eq. 1 can be written as follows:
[image: image]
Since the motion effect (quasi-static process) and temperature effect (isothermal process or adiabatic process) are not considered, the following results can be obtained:
[image: image]
By replacing Eq. 2 we obtain the following:
[image: image]
Time change rate of internal energy of the system (let [image: image] be the internal energy contained in unit mass, i.e., [image: image] is the internal energy density function):
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]
Formula (7) can be written in the tensor form as follows:
[image: image]
Substituting Eq. 8 into Eq. 6, we can get the following:
[image: image]
Since this state is a quasi-static process, that is, the acceleration A is zero [image: image], the local expression can be obtained by modifying Eq. 9 by combining the [image: image] first equation of motion and the local representation theorem (Liu and Jin, 2011):
[image: image]
From the rock point of view, Eq. 10 is the modification of the thermodynamically closed system without considering the motion effect (quasi-static process) and temperature effect (isothermal process or adiabatic process), where the increment of each state variable is a differentiable infinitesimal function of time.
In the theory of internal variables, internal variables describe irreversible processes and are dissipative variables. For the irreversible dissipation process of damage, the following assumptions are proposed:
1) Rock damage can be described by the second-order tensor D of damage variable.
2) Other dissipative variables are described by [image: image], and [image: image].
3) The second-order strain tensor [image: image] is composed of elastic strain [image: image] and inelastic strain [image: image] ([image: image] includes [image: image], that is, inelastic strain includes plastic strain), that is, [image: image].
Eq. 10 and hypothesis 3) are jointly solved to obtain
[image: image]
where [image: image] is the conjugate force of damage variable, and [image: image].
[image: image] is the conjugate force of other internal variables, and [image: image].
By introducing two variables [image: image] (cumulative plastic strain) and [image: image] (cumulative microplastic strain), it is assumed that the third and formula (11) can be obtained simultaneously
[image: image]
where [image: image] is the damage dissipation residual potential;
[image: image] is the damage dual tensor invariant or damage energy release rate;
[image: image] is the rate of change of cumulative plastic strain, and [image: image];
[image: image] is the rate of change of cumulative microplastic strain;
[image: image] and [image: image] are material characteristic parameters.
Combined with the aforementioned conditions, under the basic assumption of strain residual energy efficiency, the effective elastic modulus of isotropic-damaged materials is [image: image] times the elastic modulus of non-damaged materials, which is different from the results assumed by Lemaitre. Comparison of injury development under the two assumptions is shown in Figure 1.
[image: Figure 1]FIGURE 1 | Comparison of damage development under the two assumptions.
The rock material is brittle material, but under the condition of triaxial confining pressure, with the change of confining pressure and the loading rate, the rock will appear brittle–ductility transformation phenomenon. In the process of the aforementioned formula, the ductility of the rock can be changed as the plastic problem, so the damage evolution of rock constitutive equation can be available by type (Liu and Jin, 2011). Set the boundary conditions and the loading mode of the model:
[image: image]
For ductile damage, Y et al. proposed a microvoid damage model based on thermodynamics. This model assumes that the damage is isotropic; so the invariants of the damage dual force tensor and the damage dual force tensor are, respectively:
[image: image]
[image: image]
[image: image]
By solving Eqs. 14–(16) simultaneously, the dissipative residual brittle–ductile damage constitutive equation can be obtained:
[image: image]
The brittle–ductile damage evolution equation of materials can be obtained by combining Eqs 17 and 19:
[image: image]
For proportional loading, [image: image] is time-independent, that is, [image: image] is time-independent, and the integral of Eq. 18 can be obtained:
[image: image]
In the complex stress state of [image: image], [image: image] and [image: image], which is substituted into Eq. 19 to obtain the following:
[image: image]
Material constants [image: image], [image: image], and [image: image] related to damage in the abovementioned equation can be determined by the unidirectional stress state.
According to Formulas 19, 20, the ductility change in the elastic modulus after damage was obtained by taking coarse sandstone as an example, as shown in Figure 2.
[image: Figure 2]FIGURE 2 | Change in the elastic model of coarse sandstone after damage.
2.2 Analysis of the Advantages of RFPA3D
In order to discuss the mechanical mechanism of brittle–ductility transformation of rock, rock failure process analysis software (RFPA3D) was used to analyze the brittle–ductility of rock, and the failure process of rock specimen under triaxial confining pressure was also reproduced (Tang et al., 2003). Eqs 17 and 18 are the brittle–ductile damage constitutive equations of rock derived from the perspective of tensor, while the constitutive equations calculated by numerical test software can adapt to each other in theory.
In 1995, Professor Chunan Tang put forward a new numerical simulation method — Realistic Failure Process Analysis based on the finite element theory, which fully considered the nonlinear, non-homogeneous and anisotropic characteristics of rock fracture. At the same time, the corresponding RFPA series numerical calculation software is developed.
Professor Chunan Tang analyzed the relationship between acoustic emission and rock damage through statistical theory and continuous damage mechanics theory.
Assuming that the cross section of rock material is [image: image], when w is completely destroyed, the acoustic emission accumulation is [image: image]. If the micro element per unit area is destroyed, the acoustic emission rate is expressed by [image: image]. Then there is:
[image: image]
If the stress increases to [image: image] (effective stress) and the damaged cross-sectional area is [image: image], then the damage parameter [image: image] (failure degree) at a certain moment can be defined as follows:
[image: image]
At this point, the cumulative amount of acoustic emission is as follows:
[image: image]
It can be concluded from Eqs. 21, 22, and 23that:
[image: image]
Therefore, the acoustic emission accumulation is directly proportional to the damage degree of rock materials, and stronger the damage degree of rock, the more intense the AE.
In addition, according to statistical theory and continuous damage mechanics theory, Weibull distribution function is introduced to describe the heterogeneity of rock material medium, namely:
[image: image]
In conclusion, the damage parameter is a measure of the damage degree of materials, and the damage degree is related to the defects contained in each primitive body, which directly affect the strength of the primitive body. Therefore, the relationship between the damage parameter and the statistical distribution density of the failure of the primitive body is as follows:
In summary, damage parameter [image: image] is a measure of material damage degree, which is related to the defects contained in each primitive body, and these defects directly affect the strength of the primitive body. Therefore, the relationship between damage parameter [image: image] and statistical distribution density of the failure of the primitive body is as follows:
[image: image]
If the initial damage parameter [image: image], then:
[image: image]
The formula is the rock damage parameter expressed by the strength statistical distribution of the rock primitive.
Lemaitre et al. proposed the concept of continuous damage mechanics and established a one-dimensional damage model by considering the damage process of materials from the perspective of damage mechanics of materials:
[image: image]
Substituting Eq. 28 into Eq. 27, we can get the following:
[image: image]
Eq. 28 is the stress–strain relationship of rock material under uniaxial compression when the statistical distribution of elemental strength is Weibull distribution, which is also the constitutive equation of rock.
By substituting Eq. 29 into Eq. 28, the damage expression of AE cumulate E can be obtained:
[image: image]
Eq. 30 indicates that AE accumulation is a direct reflection of rock damage degree. In other words, the degree of rock failure evolution can be inferred by monitoring different acoustic emission characteristics.
The damage variable equation, namely, type 36) with type 37) and analysis of the constitutive equation of rock damage tensor, is similar in theory and can play a guiding role; RFPA3D is adopted for different confining pressure rock specimens under the condition of true triaxial numerical experiment research and summarizes the analysis of rock under different confining pressures of mechanical properties of brittle–ductile transformation and critical judgment standard.
3 NUMERICAL SIMULATION TEST ANALYSIS OF ROCK BRITTLENESS AND DUCTILITY
According to the abovementioned damage constitutive equation of rock and the introduction of software RFPA3D, numerical test software RFPA3D was used to carry out numerical tests on rock, and the mechanical properties and critical discrimination conditions of brittle–ductility transformation of rock were analyzed from the perspectives of stress–strain curve, acoustic emission, and energy.
3.1 Model Size, Meshing, and Mechanical Parameters
The model adopts specimens of the same size as the physical test, which are cuboids of 50*50*100 mm in size and divided into two million free units. The basic parameters of rock mechanics are obtained by uniaxial test of physical test. In addition, this numerical test mainly considers the influence of confining pressure on the brittle–ductility transformation of specimens; so, the axial pressure is kept constant during the numerical test and the loading rate of confining pressure is changed to achieve different conditions of confining pressure.
In addition, in order to eliminate the size effect of the end face, the end face was rigidized. The thickness of the specimen was ten-mm up and down, and the total height of the specimen was 120 mm. At the same time, the elastic modulus and strength of the alloy were increased to be rigidized in the model, as shown in Figure 3.
[image: Figure 3]FIGURE 3 | Calculation model of the numerical test.
In order to reflect the superiority of the software, the accuracy of the numerical test, and the universal applicability, the common rock in the mining area, namely, coarse sandstone (fine sandstone and siltstone), is used for the setting of rock mechanical parameters. Mechanical parameters have certain universality and are very common in mining areas. The control parameters of phase change criteria and basic mechanical parameters of rock specimens are shown in Table 1. The loading rate of the model is shown in Table 2 and Table 3.
TABLE 1 | Phase change criterion control parameters.
[image: Table 1]TABLE 2 | Rock material properties.
[image: Table 2]TABLE 3 | Size effect model information.
[image: Table 3]3.2 Setting of Model Boundary Conditions and Control Conditions

1) Set the boundary conditions and the loading mode of the model.
In order to ensure the consistency with the boundary conditions of real physical tests, the bottom of the rock specimen was fixed, that is, the bottom surface of the specimen was rigidized in fixed face (fixed boundary), as shown in Figure 4. In addition, other combination methods could also be used to rigidize according to different numerical calculation models.
[image: Figure 4]FIGURE 4 | Constraints at the bottom of the rock specimen model.
In order to ensure the consistency with physical test loading, rock specimens in X, Y, and Z directions were loaded separately. Since the physical test adopts the true triaxial failure process of rock specimens by keeping the axial pressure unchanged and changing the confining pressure rate, the numerical test also adopts the method of keeping the axial pressure constant and loading the confining pressure at different rates, as shown in Figure 5. Since there are four loading modes in each direction, displacement loading, stress loading, gradient stress loading, or no loading, there can be different combinations in the X, Y, and Z directions; so there are 64 loading modes in total.
[image: Figure 5]FIGURE 5 | Loading method of the specimen.
Since there are many ways of confining pressure loading on rock specimens in physical tests, such as stress and displacement loading, this numerical test adopts four different rates of confining pressure loading to load rock specimen models. In other words, 0.000001 mm/s, 0.000005 mm/s, 0.00001 mm/s, and 0.00005 mm/s, and the confining pressure rate gradually increases. In Figure 3, Y-direction is axial pressure loading and remains unchanged; end value is set as 150 Pa; X and Z directions are confining pressure displacement loadings; four different displacement loading speeds are set for confining pressure. That is, increment is set to 0.000001, 0.000005, 0.00001, and 0.00005, respectively.
In addition, the loading control information needs to be set before calculation. Control conditions include the setting of loading steps and the selection of special methods related to loading steps, as shown in Figure 6. Auto adaptive loading is to judge the amount of load to be loaded in the next step according to the number of failure units. According to the damage degree of the rock specimen, the crack propagation of the rock specimen can be more clearly observed. Therefore, the loading step of this numerical test is set as 10000 steps.
[image: Figure 6]FIGURE 6 | Numerical calculation of control conditions.
3.3 Analysis of Numerical Test Results
Therefore, the rock failure process is a dynamic change process. Some calculation steps are selected to show the crack propagation and acoustic emission of rock under triaxial confining pressure in numerical test engineering by RFPA3D software superiority and limited space.
3.3.1 Comparison of Macroscopic Failure Modes of Specimens.
Failure patterns of specimens under different confining pressures are shown in Figure 7 and Figure 8.
[image: Figure 7]FIGURE 7 | Failure modes of rock specimens under different confining pressures at 400 calculation steps. (A) is the calculation result of 400 steps on the model when the confining pressure rate is 0.000001 mm/s. (B) is the calculation result of 400 steps on the model when the confining pressure rate is 0.000005 mm/s. (C) is the calculation result of 400 steps on the model when the confining pressure rate is 0.00001 mm/s. (D) is the calculation result of 400 steps on the model when the confining pressure rate is 0.00005 mm/s.
[image: Figure 8]FIGURE 8 | Final failure modes of rock specimens under different confining pressures. (A) is the final failure result of the model at the confining pressure rate of 0.000001 mm/s. (B) is the final failure result of the model at the confining pressure rate of 0.000005 mm/s. (C) is the final failure result of the model at the confining pressure rate of 0.00001 mm/s. (D) is the final failure result of the model at the confining pressure rate of 0.00005 mm/s.
In order to better observe the failure morphology of rock specimens in the loading process and due to the limitation of space, the failure morphology of rock specimens at 400 steps under the action of four kinds of confining pressures was selected. According to the four figures (a), (b), (c), and (d) in Figure 7, with the increase of confining pressure, the crack propagation degree of rock specimen becomes more and more serious. In other words, some macroscopic cracks are formed in the model rock specimen from the sporadic occurrence of initial unstable elements to interpenetration. This is most obvious in the numerical tests with confining pressures of 0.000001 mm/s and 0.00005 mm/s, respectively (Figure 7).
The four figures (a), (b), (c), and (d) in Figure 8 are the final instability failure diagrams under four confining pressures. It can be seen from the figures that split failure and shear failure occurred in the model rock specimen, in which the split failure occurred in the rock plays a leading role. In addition, with the increase of confining pressure, the probability of shear failure of model rock specimens is increasing. By comparing (a) and (d) in Figure7, it can be seen that in Figure (a), splitting failure plays a dominant role, while in Figure 7D, in addition to splitting failure, there are shear failures of varying degrees. It indicates that under the condition of a certain axial pressure, with the increase of confining pressure, the instability element of the model rock specimen gradually changes from the initial tensile failure to shear failure (Figure 8).
Figure 7 and Figure 8 show the initiation and propagation of crack and the failure and instability process of specimen in model rock. The macroscopic crack is formed by the interpenetration of the unstable elements, and the stress concentration at the crack tip leads to the continuous expansion of the crack, and finally the cracks converge to form the macroscopic crack, which leads to the failure and instability of the model rock specimen.
3.3.2 Comparison of Acoustic Emission of Failure Modes of Specimens.
The acoustic emission propagation patterns of specimens under different confining pressures are shown in Figure 9 and Figure 10.
[image: Figure 9]FIGURE 9 | AE morphology of rock specimens under different confining pressures at 400 steps. (A) is the 400-step result of model acoustic emission at the confining pressure rate of 0.000001 mm/s. (B) is the 400-step result of model acoustic emission at the confining pressure rate of 0.000005 mm/s. (C) is the 400-step result of model acoustic emission at the confining pressure rate of 0.00001 mm/s. (D) is the 400-step result of model acoustic emission at the confining pressure rate of 0.00005 mm/s.
[image: Figure 10]FIGURE 10 | AE failure modes of rock specimens under different confining pressure rates. (A) is the final simulation result of model acoustic emission at the confining pressure rate of 0.000001 mm/s. (B) is the final simulation result of model acoustic emission at the confining pressure rate of 0.000005 mm/s. (C) is the final simulation result of model acoustic emission at the confining pressure rate of 0.00001 mm/s. (D) is the final simulation result of model acoustic emission at the confining pressure rate of 0.00005 mm/s.
The four graphs (a), (b), (c), and (d), respectively, represent the AE expansion morphology of the model rock specimen under the action of four kinds of confining pressures when the calculation step is 400(Figure 9). Fewer than four different confining pressures, the intensity of AE increases with the increase in the confining pressure rate. By comparing (a) and (d) in Figure 9, it is obvious that there is a relatively large difference in the AE of the model rock specimen, indicating that the confining pressure rate or confining pressure has a great influence on the damage and failure of the model rock specimen and the change of the mechanical properties of the model rock specimen.
The final AE (acoustic emission) of failure and instability of the model rock specimen is shown in Figure 10. Compared with Figure 9, Figure 10 shows the AE signals of the model rock specimen in the state of complete failure and instability, which are very dense with little morphological difference, indicating that the specimen has a consistent state during failure and instability. In addition, it can be seen from Figures 9,10 that the AE signals of the model rock specimen constantly radiate outward from the aggregation area, and eventually form an AE band consistent with the fracture surface of the specimen, which is called the failure surface of the model rock specimen.
Figures 7–10 show the fracture process of rock specimens and acoustic emission expansion process. The expansion of acoustic emission corresponds to the macroscopic fracture of rock. This is due to the formation of microcracks in the model rock specimen after the destruction of primiples. The other major through above is able to directly observe the rock specimens under different confining pressures of rock specimens under the action of the propagation of the crack, the crack from the crack at the destruction of the rock instability; it also embodies the superiority of RFPA3D software, but the images did not directly observe the change of the mechanical properties of rock specimen, such as the destruction of the rock strength, and strain. The process of brittleness and ductility of rock cannot be effectively reflected; so, the stress–strain curve of rock specimen must be displayed.
3.3.3 Changes in Rock Mass Stress in the Rock Model Section.
Due to space reasons, only the stress section graph of rock model under a loading rate of 0.00001 mm/s is introduced. As shown in Figure 11, the transformation process of rock model from brittleness to ductility can be visually seen, and the process is from (a) to (I):
[image: Figure 11]FIGURE 11 | Stress section under the loading rate of 0.00001 mm/s.
Figure 11 shows the macroscopic failure sectioning process of the rock model under the loading rate of 0.0005 mm/s confining pressure. Among them by comparing (a) and (c) for the rock brittleness phase (elastic stage), combined with Figure 8 more intuitive, the state of stress and strain curve is linear, model in the elastic compression state, and with the increase in the calculation step, (c) the picture shows the limit of the elastic stage, rock and rock at the critical model by the rock brittleness phase (elastic stage) has entered into the phase of the ductile phase (plastic). Figure 4D–G is the ductility stage of the rock model and FIG. (d), (e), and (f) are the extension stages of ductility, and (g) is the critical state of ductility. By comparing figures (d) and (g), it can be seen that the bearing capacity of rock is still increasing at the ductility stage, but the state of rock is greatly changed. Similarly, with the increase of calculation steps, local rock failure occurs according to the Mohr–Coulomb failure criterion, which eventually leads to rock failure and instability. Compared with (d) in Figures 7 and 8, the failure process of rock can be seen more intuitively.
3.3.4 Comparative Analysis of Stress Curves of Rock Specimens
In order to facilitate the comparison of the influence of the four confining pressure rates on the brittle–ductility transformation of rock, the stress–strain curves are placed in a graph, as shown in Figure 12.
[image: Figure 12]FIGURE 12 | Stress–strain curves of rock under four kinds of confining pressures and partial enlarged.
Ductility is the ability of a material to withstand large plastic deformations without losing its bearing capacity. Figure 12 shows the stress–strain curves of rock model specimens under the action of four kinds of confining pressures. The variation trends of the four kinds of stress–strain curves have little difference. The stress–strain curves can still be divided into four stages, but they are different from the traditional four stages.
It can be seen intuitively that the OA section of the curve is a straight line, indicating that the stress–strain changes linearly at this stage and the stress–strain should become a proportional relationship, which conforms to Hooke’s law, namely, the OA section of the stress–strain curve is the elastic stage of rock. In the AB stage, the curve changes from a straight line to a curve, the stress–strain relationship is no longer linear proportional, and the slope value of the curve decreases gradually from large. In other words, the constant [image: image] of OA section gradually decreases from A to [image: image], indicating that the mechanical properties of rock model specimens have changed, but the stress–strain value of rock model specimens still increases; so, the AB section is defined as the brittle–ductility transformation stage of rock. After obtaining the peak value of the stress–strain curve, the curve is relatively gentle, similar to the yield stage of metal materials; so, this stage is defined as the ductile (plastic) expansion stage of rock, namely, BC stage. The CD stage is the rock instability stage, that is, the rock fracture stage, and this stage is no different from other stages.
In addition, it is found that the four confining pressure rates have different effects on the brittle–ductility transformation of model specimens through stress–strain curves. As the confining pressure rate increases, the ductility stage of the model specimen is more obvious, that is, the higher the confining pressure rate is, the longer the ductility stage is. Similar to the yield and strengthening stage of plastic materials, the stress increases slowly or in a state of fluctuation, while the strain increases all the time.
The Poisson’s ratio [image: image] values 0.22, 0.26, and 0.33 are substituted into Eqs 18‗20, respectively, in formula 2.1, and the cumulative ductile damage data are calculated according to the stress damage equation, and the results are shown in Table 4, and the ductile fracture curves of rock under different loading rates are obtained according to Table 4, as shown in Figure 13.
TABLE 4 | Cumulative ductile damage of rock under different strain conditions.
[image: Table 4][image: Figure 13]FIGURE 13 | Ductile damage of rock under different loading rates and Poisson’s ratios.
Combined with Table 4 and Figure 13, ductility damage failure formulas of rocks with three Poisson ratios [image: image] under different loading rates can be obtained as follows:
When Poisson’s ratio [image: image], [image: image], and the ductility damage coefficient was 0.0063;
When Poisson’s ratio [image: image], [image: image], and the ductility damage coefficient was 0.0104;
When Poisson’s ratio [image: image], [image: image], and the ductility damage coefficient was 0.0371.
According to the data presented in Figure 13, it is found that the damage accumulation trend of rock is almost the same at the beginning of loading with three different Poisson’s ratios [image: image], and the strain accumulation of rock diffuses gradually with the change of loading rate, and the three tend to separate, especially at the end of rock failure, and the cumulative ductile damage variable of rock is in a linear state, which indicates that the rock-bearing capacity decreases sharply, that is to say, rock failure occurs.
4 CONCLUSION
1) With the help of continuum damage mechanics, the damage constitutive equation of rock was derived without considering the motion effect and temperature effect, and when compared with the constitutive equation of numerical test software RFPA3D, it was found that the derived damage constitutive equation could adapt to it; so, the numerical test software was used to calculate the numerical simulation test of rock. The numerical test results are very similar to the physical test results, and the failure modes and mechanical properties of the rock are very similar. The numerical test software can avoid the environmental factors and the sensitivity of the equipment in the physical experiment and can do a large number of numerical tests to fully study the various fracture forms and brittle–ductility transformation mechanical properties of rock.
2) Under different confining pressure rates, abnormal failure of rock models occurs with different confining pressure rates. It is found from the stress diagram that the loading rate has little effect on the rock stress at the initial stage of confining pressure loading. With the increase of confining pressure, the variation of rock stress is small after the rock enters the ductility stage, but the strain increases all the time, and the stress diagram of rock in ductility stage varies greatly under different rates. In addition, it can also be concluded from the macroscopic stress failure diagram that under different confining pressure rates, the failure forms of rock are greatly different. The higher the rate, the shorter is the failure time of rock, and the failure forms also expand from the initial splitting failure to shear failure.
3) The propagation of acoustic emission and the macroscopic fracture of rock can correspond to it. Through acoustic emission diagram, the crack propagation of rock under different confining pressure rates can be intuitively seen. At the initial stage of model calculation, the rock is in the compaction stage, and the acoustic emission is relatively concentrated. However, with the decrease of porosity, the intensity of acoustic emission decreases correspondingly, indicating that the rock is in the elastic to ductility stage. The brittle–ductility stage of rock decreases with the increase in confining pressure velocity. With the increase of confining pressure, the brittle–ductility transition stage is shortened and the ductility stage is gradually increased, which also reflects the superiority of RFPA3D software.
4) Combined with conclusions 2 and 3, the stress–strain curve is more intuitive and it can be seen that the rock model conforms to Hooke’s Law at the initial stage of calculation, but with the increase in loading rate, [image: image] changes from constant to variable, and the value decreases, indicating that the rock begins to enter the ductility stage. The bearing capacity of the rock remains unchanged, but the strain increases, that is, after the peak value of the stress–strain curve is obtained, the curve is relatively gentle; so, this stage is defined as the ductility (plastic) expansion stage of the rock.
5) Through the ductility cumulative damage data fitting almost unanimously found in the rock brittleness phase development tendency and according to the brittle ductility damage equation of rocks [image: image] (G is the ductility damage coefficient), ductility changes diverge after rocks enter ductility stage. The larger the Poisson’s ratio of rocks is, the longer the ductility stage is, but the lower the bearing capacity is. On the contrary, the smaller the Poisson’s ratio of rocks is, although the ductility stage is short, the higher the bearing capacity is. In the later stage of rock failure, the ductility cumulative damage of different rocks shows a linear upward trend, indicating that the bearing capacity decreases sharply, and rock failure occurs. It is also found that the ductility damage coefficient G increases with the increase in Poisson’s ratio.
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Measuring point Myde-1 (0)Displacement of Mydé-1 (2 m)Displacement of Mydé-5 (2 m)Displacement of
the lower layer the lower layer the lower layer

Measurement value (mm) 10.38 9.74 14.18





OPS/images/feart-09-779537/feart-09-779537-g007.gif





OPS/images/feart-09-779537/feart-09-779537-g008.gif





OPS/images/feart-09-779537/feart-09-779537-t001.jpg
Program

bk I R oo e

E,(GPa)

11.815
11.815
11.816
8.34
8.34
8.34
4.865
4.865
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E5(GPa)
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Program 4#K1+075 Myd6-1 (0 m) 4#K1+075 Myd6-1 (2 m) 4#K1+075 Myd6-5 (2 m)

1 11.37 9.03 10.44
2 12.02 959 10.59
3 1292 1044 10.70
4 13.71 1047 11.39
5 15.15 11.76 11.45
6 12.06 8.89 11.49
7 19.41 1391 13.26
8 1571 1070 13.68
9 16.39 117 13.69
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AR L B e

~

Site  External
type  diameter
(m)

Internal
diameter

(m)

54
54
5.4
54
54
137

137
137

Width
of ring
(m)

15
1.5
15
15
15

N

Pipe
ring
material

€50
C50
C50
C50
C50
C50

C50
C50

Bolt
diameter

M24
M24
M24
M24
M24
M24

M24
M35

Number

of bolts  strength

10
10
10
10
10
10

10
42

Bolt

grade

5.8
58
58
58
58
58

838
8.8

Depth
of burial
of tunnel

(m)

10
10
10
36
20
10

10
10

Purpose

Compare different sites

Compare different sites

Compare different sites

Compare depth of burial of tunnel
Compare depth of burial of tunnel
Compare dimensions of cross
section

Compare strength of ring joints
Compare strength of ring joints
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Performance
level

Performance description

The limit on the amount of the ring joint opening

The structure and function of the tunnel are completely norml, and the bolts connecting the rings are in an
elastic state

The essential function of the structure is normal, and the amount of the ring joint opening is within the range of
the control value for the structural waterproofness. A few bolts may yield, having a siight impact on the overall
structure

The main structure is not seriously damaged, and the amount of the ring joint opening exceeds the control
value for the structural waterproofness. The tensile sidereinforcement enters the plastic stage and needs tobe
repaired or reinforoed before use

The structure s severely damaged, and the opening of the amount of the ring joint opening exceeds the it on
the structural waterproofness; the corresponding waterproofness performance is completely invalid. The bolts
fully enter the plastic stage

The bolts connecting the rings reach the tensile limit, and the structure colapses

The limit on the dislocation

The essentialfunction of the structure is normal, and the waterproofness performance of the structure is within
the range of the control value. The bolts between the rings are basically in the elastic stage

The structure is not severely damaged, and the amount of the disiocation exceeds the control value for the
structural waterproofness; the structure should be used after maintenance or reinforcement

The structure is seriously damaged, and the dislocation exceeds the waterproofness limit of the structure;
moreover, the elastic sealing gasket s sheared and torm, and the corresponding waterproofness performance
is completely invalid. The bolts are sheared and cracked

Index limit

‘Smaller than the elastic limit of the bolt

From the elastic limit of the bolt
to 2 mm

2-6mm

From 6 mm to the tensile limit of the
bolt

Larger than the tensile limit of the bolt

Smaller than 4 mm
4-10mm

Larger than 10 mm
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Conditions

1 Site type Il

2 Site type Il

3 Site type IV

The expressions of the vulnerability functions at the different depths of burial of the tunnel

2 The burial depth is 10 m

5 The burial depth is 20 m

4 The burial depth is 36 m

6 The low-stfiness ring connection

7 The medium-stifiness ring connection.

8 The high-stifiness ring connection.

2 A shield tunnel with a small diameter.

5 A shield tunnel with a large diameter.

EDP

The expressions of the vulnerability functions in the different site types

Amount of the ring joint opening
Dislocation
Amount of the ring joint opening
Dislocation
Amount of the ring joint opening
Dislocation

Amount of the ring joint opening
Dislocation
Amount of the ring joint opening
Dislocation
Amount of the ring joint opening
Dislocation

The expressions of the vulnerability functions under different working conditions

Amount of the ring joint opening
Dislocation
Amount of the fing joint opening
Dislocation
Amount of the ring joint opening
Dislocation

The expressions of the vulnerability functions at the different cross section sizes

Amount of the ring joint opening
Dislocation
Amount of the ring joint opening
Dislocation
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Site type Il (Site type IIl)[Site type IV]

Soil layer

Artificial fil
Brownish yellow-grey yellow soi
Grey muddy, silty clay

Grey mucky clay

Grey clay

Grey silt

Bedrock

Thickness (m)

r
2)5)
5(10)5]
19(15)17)
27(26)27)
36(32)135)

Density, p
(g/em®)

1.84
1.86
1.78
173
1.79
1.83
255

Damping ratio

04
0.38
0.36
0.35

03
0.32
022

Shear modulus,
G (kPa)

46,989(31,020]
81,845(36,375]
102,787(64,421)(37,619]
135,908(56,166)[39,004]
161,523(103,375)(104,238]
211,004(105,137)(109,563]
2,549,000

Shear wave
velocity, V
(m/s)

160[130]
210[140)
240(190)[145]
280(180)[150)
300(240)241]
340(240)[245)
1,000
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Model  The average time the method takes  The number of images
to detect an image (s) detected in 15

Mask 0.7162 1.3963 FPS

U-Net 0.0227 440060 FPS
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Model Traing set Validation set

Accuracy (%) Recall (%) Kappa Dice Accuracy (%) Recall (%) Kappa Dice

Mask RCNN 95.19 26.09 0.3156 05616 98.56 7227 0.4535 0.6000
U-Net 94.16 30.67 0.3437 0.6353 97.86 79.15 0.4729 0.6772
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Material Deformation modulus Internal friction unit weight Poisson ratio Cohesion c/kPa
E/MPa angle ¢ yIKNIm® v

Polymer micro anti-siide pile 10,000 25 02
sity clay 10 20 13 03 30
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Material Residual water content Saturated water content Saturated
permeability coefficient/(m/h)

soil 0.049 0.304 0.018
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Number of elements Ordinate (m) Horizontal energy loss

rate (J/s)
48 2 18.13766
25 19.12579

3 19.23039

35 19.23019

1,200 26 14.56768
28 14.72884

3 14.84662

32 14.94394

34 14.92728

According to the theory of this paper, the overflow point is the point corresponding to the
maximum horizontal energy loss rate, and the bold value is the maximum horizontal
enargy loss rate calculated under the grid divisian.
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Computing method

Electrical simulation solution (Zhang and Xiao, 2005)

This paper

Node virtual flow method (Cui and Zhu, 2009)

Initial flow method (Pan et al., 1998)

Improved initial flow method (Pan et al., 1998)

Improved cut-off negative pressure method (Zhang and Wu, 2008)
Improved discarding element method Zhang and Xiao, 2006)
Total potential energy minimum method (Li et al, 2016)

Overflow
point location (m)

4.740
4.787
4.330
4373
4.375
4.344
4.620
4550

Relative error

0.98%
-8.64%
-7.74%
=7.70%
-8.35%
-2.53%
-4.01%
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velocity C2 (m/s) velocity C2 (m/s) velocity Cf (m/s) velocity C (m/s)

1 4,723 2,651 4,475 2,512
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3 3978 2233 2983 1,675
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Set no. Le (m) M, (MNm) ) (H2) 3% (H2)  t3 (109)

1 2 40.0 795 551 8.96
2 4 320 397 276 17.91
3 6 1,080 265 184 26.87

"Notes: 1. M, represents the moment tensor of the seismic sub-source.
2. fi, represents the dynamic comer frequency of the i-th seismic sub-source.
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HD-3 1,380 1,000 824
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Deterioration time Q E (GPa) v c(MPa) ¢(°) o (MPa)
(Year)

0 2.000 5.91 0.30 0.20 24.93 273
20 2.000 5.91 0.30 0.20 24.93 273
40 2.000 5.91 0.30 0.20 24.93 273
60 2.000 5.91 0.30 0.20 24.93 273
80 2.000 5.91 0.30 0.20 24.93 273

100 2.000 5.91 0.30 0.20 24.93 273
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Deterioration time Q E (GPa) v c(MPa) ¢() o (MPa)
(Year)

0 2.000 591 0.30 0.20 24.93 273
2 0.266 262 0.35 0.10 14.64 1.78
4 0.082 1.63 0.35 0.06 11.66 1.23
6 0.039 1.21 0.40 0.04 10.24 0.89
8 0.024 1.00 0.40 0.03 9.41 0.66
10 0.017 0.87 0.40 0.03 8.86 0.50
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Deterioration time Q E (GPa) v c(MPa) ¢() o (MPa)
(Year)

0 2.000 5.91 0.30 0.20 24.93 273
20 0.266 262 0.35 0.10 14.64 178
40 0.082 1.63 0.35 0.06 11.66 1.23
60 0.039 121 0.40 0.04 10.24 0.89
80 0.024 1.00 0.40 0.03 9.41 0.66

100 0.017 0.87 0.40 0.03 8.86 0.50
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Deterioration time (Year)

0
2
4
6
8
1

A

1.46
0.68
0.51
0.43
0.39
0.36

-0.16
-0.10
-0.07
-0.06
-0.05
-0.04

 (MPa)

0.20
0.10
0.06
0.04
0.03
0.03

90

24.93
14.64
11.66
10.24
9.41

8.86

RMR.

40.85

20.29
12.98
9.53
7.57
6.32

RMR,

40.85
20.28
14.33
11.48
9.82
8.72

RMR,

40.85
20.28
13.65
10.51
8.70
7.52
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Pile number

ZK172 + 482

ZK172 + 514

ZK172 + 588

ZK172 + 600

Lining
type

S4-1

s4

S3

Lining structure

Reinforced concrete

Plain concrete

Plain concrete

Design
thickness (cm)

40

40

35

Gaged
thickness

40-42 cm
36-37 cm
22-39 cm

26-33 cm

Hydrostatic
pressure (kPa)

0
120
0
112
0
100
0
92

Factor of
safety

3.41
128
373
0.91
332
117
13.55
6.71

Regularization
coefficient

20
20
36
36
36
36
36
36
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Lining type

s4-1
S4
s3

Elastic
modulus e (kpa)

2.96e7
2.96e7
2.96e7

Volume
weight y (kn/m?)

25
23
23

Area a (m?)

0.40
0.40
0.35

Inertial
moment i (m®)

0.0053
0.0053
0.0035
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Surrounding rock grade Volume Internal Poisson's ratio Stratum spring (mpa/m)
weight I" (kn/m®) friction angle ()

Grade IV 22.00 56.00 0325 450
Grade Ill 24.00 656.00 0275 850
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Case 1
Case 2
Case 3
Case 4
Case 5

First cutting length/m

14
16
18
20
22

Supporting column spacing/m

12
1.4
1.6
1.8
20
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Material parameters of soil

Type GravitykN/m® Elastic modulus/MPa Poisson’s ratio CohesionvkPa Internal friction angle/
Soil 18 50 03 20 30

Material parameters of structures
Material Elastic modulus/MPa Gravity kN/m3 Poisson’s ratio
Conrete-filed steel tubular column 5.38 x 10 31.57 0214
Steel 2x10° 78 03
Concrete 3x 10 25 0.2
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ltem

Backfil soil properties

Material properties of the retaining wall

Parameter

Maximum dry density, pamax (@/cm’)
Water content, wp (%)

Intemnal frictional angle, ¢ ()
Gohesion, ¢ (kPa)

Unit weight (Dry) (kN/m®)

Elastic modulus, E (kN/m?)

Poisson ratio, v

Rinter

Bending stiffness, El (kN/m?)
Normal stifiness, EA (kN/m)

Control value

171
7
33
2
162
15,000
0.31
0.65

1.34x10°
2.97x10°





OPS/images/feart-10-930764/feart-10-930764-g008.gif





OPS/images/feart-10-930764/feart-10-930764-g007.gif
Spacing of colunsns (@)





OPS/images/feart-10-930764/feart-10-930764-g006.gif
Asmg o {ive)






OPS/images/feart-10-930764/feart-10-930764-g005.gif





OPS/images/feart-10-930764/feart-10-930764-g004.gif





OPS/images/feart-10-930764/feart-10-930764-g003.gif





OPS/images/feart-10-930764/feart-10-930764-g002.gif





OPS/images/feart-10-930764/feart-10-930764-g001.gif





OPS/images/feart-10-930764/crossmark.jpg
©

|





OPS/images/feart-10-903743/math_3.gif
Be” +Ae
L rad

®





OPS/images/feart-10-794936/feart-10-794936-g017.gif
S~ N\

worni, . osrimen
4 1
Sl
Norteiein Yot
;
ot o i

=

NO.18 Pentahedron. NO.26 Peatshodron





OPS/images/feart-10-794936/feart-10-794936-g016.gif





OPS/images/feart-10-794936/feart-10-794936-g015.gif





OPS/images/feart-10-794936/feart-10-794936-g014.gif





OPS/images/feart-10-920230/math_10.gif





OPS/images/feart-10-920230/math_1.gif
[0





OPS/images/feart-10-920230/feart-10-920230-t003.jpg
Material

Shield lining
Concrete lining (C20)
inner lining (steel pipe)

E/kPa

321e6
2.55e7
2.06e8

0.2
0.2
0.3

r/m

27
*
x-0.02

R/m

30
2.7
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Location AR/Mm o,/MPa

Numerical ~ Analytical Numerical ~ Analytical
Inner radius of steel pipe lining 0.114 0.118 10.6 10.0
Inner radius of concrete lining 0.113 0117 113 1.14
Inner radius of shield lining 0.105 0.110 4.80e-2 6.31e-2
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Material

Shield lining
Concrete lining (C20)
inner lining (steel pipe)

E/kPa

3.21e6
2.55e7
2.06e8

J/(KN/M?)

25
2
785
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No  Volume (m®)  Number of faces Number
of sliding faces

2 3.337,467 4 2
3 15.43566 6 2
6 0.834,568 4 1
7 5.292,963 5 2
12 0.461,081 5 1
13 12.95968 6 2
14 10.01887 6 3
15 5.807,184 5 2
18 1.438,168 6 2
20 0.607,353 6 1
23 0.320,949 5 2
24 0591,166 6 3
25 0.151,257 5 2
26 1,618,542 5 1
27 0.85424 5 1
29 0.183,529 5 2

Only key blocks with volumes greater than 0.1 m® are listed in the table.

Safety factor

0.967
0.934
0.424
0.578
0.745
0.281
0.427
0.161
1.042
1.136
0.702
0.253
0.392
0.382
1.021
1118

Y Coordinate of
the centroid(m)

22.75
26.06
2481
18.68
12.63
19.57
8.85
5.10
-12.01
-16.29
-26.56
-27.93
-27.76
-37.37
-34.92
-44.97

Ratio of length
to width (Y/X)

487
344
7.31
6.56
085
3.94
3.09
453
795
269
3.84
1.56
2383
5.82
421
3.88

Serial number of
discontinuities forming blocks

1,11,15
1,6,11,15,17
2,11,26
2,11,17,26
8,15,16,31
11,14,17,28,31
1,14,16,18,31
1,18,19,31
1,7,20,25,29
1,7,27,29,30
26,28,31,32
26,28,31,32,33
1,7,32,35
17,3437
7.36,36,37
26,34,38,39
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No

Dip

220
215
120
120
115
120
240
220
120
120
130
215
216
216
215
130
110
200
120
225
125

Dip
angle

80
75
20
30
30
80
20
75
30
30
60
85
85
85
75
85
30
70
70
75
75

Y-coordinate
(m)

1l
40
355
327
31
275
265
25
235
225
20
18.5
17.4
155
133
115
856
33
-05
-25
-6.7

C(Kpa)

80
80
100
100
80
100
100
100
100
80
100
80
80
80
80
80
80
80
100
100
100

Tang

045
0.45
0.5
0.5
045
0.5
045
0.5
0.5
0.45
0.5
0.45
0.45
0.45
0.45
0.45
0.45
0.45
0.5
0.5
0.5

No

22
23
24
25
26
27
28
29
30
31
32
33
34
35
36
37
38
39
40
41

Dip

125
125
125
125
220
260
215
210
130
215
125
15
210
230
210
200
195
195
220
220

Dip
angle

75
75
75
75
60
70
70
75
60
60
85
85
85
85
85
80
80
75
80
80

Y-coordinate
(m)

-7.2
-83
-9.5
-10.5
-12
-14
-15
-17
-195
-24
-27.7
-20.7

-30.5
-36.5
-37.5
-41
-42.5
-50

C (Kpa)

90
100
100

100
100

100

100
100
100
100
70
100
100

100
100

Tang

045
045
045
05
05
05
045
045
05
045
05
05
05
05
05
045
05
045
055
05
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Note: residual tensile strength coefficient and residual cohesion coefficient defined as 0.1, respectively.
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target component
(repair time)

Central Column

sidewall

Stagel Stage2 Stage3d Stage4 Stages
Q(0) Q) Q) Q@) Q)
(TraStage1) (TraStage2) (TraStage3) (TraStaged) (TraStages)

Quesicual (3.6) 10 = - -
Qresiuar (3.2) 097 (3.6) 100 - -
Qrosicuas (18.7) 089 3.2) 097 (36) 10 -
0(14.0) 047 (18.7) 0.89 (32) 097 36) 100
Quesiaua (1-1) 10 - - -
Qresiual (8:6) 0.97 (1.1) 10 = >
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Work condition Concave radio (m) Friction coefficient Work condition Concave radio (m) Friction coefficient

1 05 001 9 15 0.01
2 0.03 10 0.03
3 0.05 1 0.05
4 0.07 12 0.07
5 1.0 0.01 13 20 0.01
6 003 14 0.03
7 0.05 15 005
8 0.07 16 0.07
17 Original structure

Working condition Gentral column: increase the number of repair workers Sidewall: increase the number of repair workers
18 No No

19 Yes No

20 No Yes

21 Yes Yes
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Seismic
performance requirements

Performance requirement I: Structure does not damage or

slight damage, can maintain normal function

Performance requirement Il: Repairable damage, It can be

restored in a short time

Performance requirement Ill: Extensive damage, but should

not collapse

Performance requirement IV: Structural collapse

Component performance grade

Performance 1: Displacement that does
not affect driving safety

Performance 2

Repairable damage

Performance 3: Replacement of new
components

Performance 4: Reconstruction

Damage state of
structural component

No Damage (D1)

There is only cosmetic damage

Slight Damage (D2)

The original function can be restored after simple
repair

Moderate Damage (D3)

Conventional repair methods can repair the
damage of the original function

Extensive Damage (D4)

Serious damage that affects bearing capacity
and needs to be replaced occurs

Structural Collapse (D5)

The structure collapsed is beyond repair and
needs to be rebuilt

Index limit

1/550 < @

1/550 < 6 <
1/400

1/400 < 6 <
1/250

1/250 < 6 <
1/70

1/70<6
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Stone (kg/m°)

5-10 (mm)
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10-20 (mm) 20-40 (mm)
596.4 757
596.4 7157
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Tunnel collapse (T)
Geological factors (8)

Design factors (3,)

Geological exploration factors (Bs)
Construction management factors (B;)
Surrounding rock level (km/s) (X;)
Groundwater (X,)

Tunnel depth (Ho/m) (Xa)

Integrity degree (X,)

Excavation method (Xs)

Excavation span (m) (Xe)

Explosive design (m) (X;)

Geological prospecting (Xe)

Monitoring measurement (X;)

Tunnel Overbreak and underbreak control (Xic)

Untimely drainage (X, )
Untimely support (X;2)
Construction quality (X1a)

Grade division

Deformation
No risk

No risk

No risk

No risk
Vo> 45
<10

>60

Kk >075
CRD

<7

b>>R
Acourate
Reasonable
Normal

Dry
Reasonable
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Small-scale colapse
Low risk

Low risk

Low risk

Low risk

452 Vp>35
10-20
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0752k, > 055
cp
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b>R
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Aimost reasonable
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Amost dry

Amost reasonable
Aimost reasonable

mn

Medium-scale collapse
Medium risk
Medium risk
Medium risk
Medium risk
352Vp>25
20-40

15-40

0552k, > 025
Bench

10-14

b=R
Inaccurate
Unreasonable
Overbreak
Hydrops
Unreasonable
Unreasonable

Ve is the longitudinal wave velocity: R is the safety allowable distance of blasting vibration: and b is the distance between two-lane tunnels.

v

Large-scale collapse
High risk

High risk

High risk

High risk

252 Ve

>40

<15

025>k,

Full face

>15

b<R

Extremely inaccurate
Extremely unreasonable
Severe overbreak
Serious hydrops
Extremely unreasonable
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Algorithm 1 Forwards normal cloud generator
(Ex, En, He, N)

Input: Three parameters Ex, £n, He and the number of cloud drops N
Output: N cloud drops and their certainty degree

Steps

1. Generate a normally distributed random number £n' with expectation En and
variance He?

2. Generate a normally distributed random number x, with expectation Ex and
variance En’

3. Caloulate i (x) = & "7
4. Generate a cloud drop with certainty degrees (x) and normally randomnumber x;
5. Repeat steps 1-4 until N required cloud drops are generated
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Model number

1

Model name

Marble

Model size (mm)

50 x 50 x 100

Load (mm/step)

0.000001
0.000005
0.00001
0.00005

Height-to-diameter ratio

15
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Elastic modulus (Mpa) ~ Poisson ratio  Density (kg/m3)

Homogeneity 10 100 100
Average value 50000 025 2500
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Control parameter Parameter value Control parameter Parameter value

Compressive strength-tensie strength ratio 10 Maximum tensie strain coefficient 15
Residual strength coefficient 0.1 Maximum compressive strain coefficient 200
Phase transition criterion Mohr-Coulomb strength criterion
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ltems

Stele-tower's roof
Stele-tower's floor slab
Stele-tower's wall

Stele-tower's beam and column
Upper part

Tunnel lining

Unit types

Shell element
Shel element
Shell element
Beam element
Entity unit
Shell element

Density(kg/m®)

2,500
420
1870
420
1870
2,500

Elastic modulus
(MPa)

830
196133
20900
830
209
20000

Poisson ratio

0.25
03
0.33
0.25
0.33
0.25

Thickness (m)

0.3
0.3
0.3

0.2
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Cases Design parameters Construction parameters

Heap height/m Slope gradient Layer thickness/m Heap speed/m-day™"

Case 1 8-40 1:2.0-1:30 1.0 0.14
Case 2 28 1275 0520 0.03-2.00
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Parameters

Specific densiy, G

Natural water content, wo

Initial degree of saturation, S,

Initial void ratio, o

Natural density, p(g/cm®)

Saturated density, psar (@/cm’)

Saturated permexbility coefficient, ko (mVs)
Compression modulus, £, (MPa)

Cohesion (consolidation fast shear), ¢ (kPa)
Friction angle (consolidation fast shear), ¢, ()

Value

2757
35.33%
98.39%

0.99
1.87
1.88
2.88x 107
359
10.67
17.61
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Soil layer

@ Sity diay
® Mucky sitty clay
® Mucky clay

®: Sity clay

®; Sandy silt

Unit weight
y (kN-m™)

183
17.4
16.8
17.8
182

Compressive modulus
Es (MPa)

474
3.15
2.30
4.10

11.82

0.30
0.32
0.36
0.33
0.32

C (kPa)

22
10
12
15

()

165
15.0
85
155
335
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Order Upper part Lower part Whole model

1 1.9065 5.6986 29195
2 26507 6.4823 3.2176
3 3.4763 6.9739 4.7957
4 3.8269 8.0708 5.7567
5 4.2375 826 6.4376
6 4.5495 8.8172 6.8783
7 5.1442 11.044 7.025

8 5.4994 113 7111
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ltem

C60 rail
Track slab

Cement asphalt mortar
Reinforced concrete base

Density (kg/m®)

7,800
2,600
1800
2,500

Elastic modulus (MPa)

2.06x10°
3.5x10°
9.2x10'
2.4x10*

Poisson ratio

0.25
0.167
04
02
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Symbol

Item

Gar's qualty (kg)

Bogie's quality (kg)

Wheel's qualty (kg)

Moment of inertia of the car (kg:m?)
Moment of inertia of bogie (kg-m?)
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