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The accurate understanding of the influence of confining pressure on the mechanical characteristics of soft rock and how to comprehensively consider this influence in the elastoplastic analysis of tunnels are the fundamental premises for the effective evaluation of the deformation control and stability of soft rock tunnels. Therefore, this paper firstly investigates the effect of confining pressure on the deformation and strength characteristics of phyllite and slate, using triaxial experiment results and proposed variable models for the mechanical parameters (E, v, c, φ) of soft rock with confining pressure variation. Secondly, according to the second stress state around tunnels and these variable models for the mechanical parameters of soft rock, a new elastoplastic solution for tunnels is devised, which simultaneously considers the effect of confining pressure on the deformation and strength characteristics of the surrounding rock. Finally, with the proposed elastoplastic solution, the effect of multiple factors (initial pressure, supporting force, and tunnel radius) on the stress and displacement of tunnel surrounding rock is analyzed.
Keywords: soft rock, circular tunnel, mechanical parameter, variable model, elastoplastic solution
1 INTRODUCTION
In recent years, increasing numbers of tunnels have been constructed in soft rock stratum. However, major deformation of tunnels occurs frequently when tunnels pass through soft rock with high geo-stress, which often leads to the destruction of the tunnel support structure and brings about significant potential safety hazards for constructors (Chen et al., 2020; Li et al., 2020). Essentially, the fundamental reason why the problem of tunnel deformation occurs frequently is that the influence of confining pressure on the mechanical characteristics of soft rock has not yet been completely ascertained, resulting in the existing elastoplastic solution not being accurately analyzed and evaluated for stress and displacement around tunnels (Li F et al., 2021; Luo et al., 2021). Therefore, the influence of confining pressure on the mechanical characteristics of soft rock and more accurate elastoplastic solutions for tunnels are current research hotspots (Wu et al., 2022).
Regarding the influence of confining pressure on the mechanical characteristics of soft rock, the achievements of numerous scholars in the past decades can be divided into three categories. Firstly, the influence of confining pressure on the stress-strain curves of soft rock was discovered by (Alam et al., 2008; Debecker and Vervoort, 2009; Chen et al., 2016; Fu et al., 2018) through triaxial experiments. The results of these experiments show that the lithology of soft rock is usually slate and phyllite, and the range of confining pressure is 0MPa–40 MPa (Gholami and Rasouli, 2013; Hu et al., 2016; Hao et al., 2019). Secondly, based on the above-mentioned experiment results, the evolution of mechanical characteristics with the influence of confining pressure was analyzed, for example, the effect of confining pressure on failure patterns, peak strength, etc. (Xu et al., 2018). Thirdly, a series of new strength criteria and a constitutive model, which considers the influence of confining pressure, was proposed, for example, the GZZ strength criterion, the uniform strength criterion, and the elastoplastic damage constitutive model, etc. (Saeidi et al., 2013; Singh et al., 2015). In addition, several scholars devoted to the influence of confining pressure on the creep mechanical behavior and gas tightness characteristics of soft rock, such as Lyu and Liu, have investigated the creep gas tightness characteristics through experiments and proposed a corresponding creep-damage constitutive model (Lyu et al., 2021; Lyu et al., 2022). However, the majority of existing studies only focus on the influence of confining pressure on the strength parameters of soft rock but neglect the influence of confining pressure on the deformation parameters of soft rock. Therefore, a new, universal variable model for the mechanical parameters (including strength and deformation parameters) of soft rock considering the influence of confining pressure is urgently needed, which is one of the main purposes of this paper.
In terms of elastoplastic solutions for soft rock tunnels, the influence of confining pressure on the strength of soft rock and the strain-softening behavior of soft rock are the current research focuses. For instance, Kang et al. (Yi et al., 2020) and Chen et al. (Chen et al., 2022) devised a series of new solutions, which consider the influence of confining pressure on the strength of soft rock. In developing these solutions, they considered that it introduces many new strength criteria, such as GZZ, improved M-C, and D-P strength criteria to elastoplastic solutions. Many other scholars (Cui et al., 2015) have devised a series of new solutions for the strain-softening behavior of soft rock. In developing these solutions, they defined the plastic softening parameters (η) and assumed that η linearly controls the strength parameter variation in the post-failure stage. However, the effect of confining pressure is not considered in these solutions. Most existing solutions only consider the effect of confining pressure or the strain-softening behavior of soft rock on strength characteristics but ignore the influence of confining pressure on deformation characteristics, which leads to these solutions not calculating and evaluating stress and displacement around soft rock tunnels. Therefore, it is necessary to propose a new elastoplastic solution for soft rock tunnels, which simultaneously considers the effect of confining pressure on the deformation and strength of soft rock, which is another of the main purposes of this paper.
Therefore, this paper firstly investigates the effect of confining pressure on the mechanical characteristics of soft rock using triaxial experiment results and proposes variable models for the mechanical parameters (E, v, c, φ) of soft rock considering the influence of confining pressure. Secondly, a new elastoplastic solution for tunnels was devised, which simultaneously considers the mechanical characteristic variation of the surrounding rock due to the influence of confining pressure. Finally, the effect of multiple factors (initial pressure, supporting force, and tunnel radius) on the stress and displacement of tunnel surrounding rock is analyzed.
2 VARIABLE MODEL FOR MECHANICAL PARAMETERS OF SOFT ROCK WITH THE INFLUENCE OF CONFINING PRESSURE
2.1 Variable model for elasticity modulus (E) with the influence of confining pressure
Based on the triaxial experiment results of 69 samples (35 samples of slate and 34 samples of phyllite from eight regions), the variation of the elasticity modulus under the influence of confining pressure for slate and phyllite, respectively, is revealed in Figure 1. Experimental result sources can be found in Supplementary Appendix SA.
[image: Figure 1]FIGURE 1 | Variation of elasticity modulus with the influence of confining pressure of slate and phyllite.
As shown in Figure 1, the elasticity modulus of phyllite and slate gradually increases with increasing confining pressure, not constant. Further, using the universal global optimization method, it has been found that the power function can represent this variation with the influence of confining pressure, and the correlation coefficient of fitting results of all sample groups are more than 90%. Therefore, the variable model for the elasticity modulus of soft rock with the influence of confining pressure is proposed in Figure 5, and the undetermined parameters of variable models can be obtained by means of triaxial compression experiments.
2.2 Variable model for Poisson ratio (ν) with the influence of confining pressure
Based on the triaxial experiment results of 67 samples (35 samples of slate and 32 samples of phyllite from nine regions), the variation of the Poisson ratio with the influence of confining pressure for slate and phyllite, respectively, is revealed in Figure 2. Experimental result sources can be found in Supplementary Appendix SA.
[image: Figure 2]FIGURE 2 | Variation of Poisson ratio with the influence of confining pressure influence for slate and phyllite.
As shown in Figure 2, the variation trend for the Poisson ratio of soft rock with variable confining pressure is almost linear, and the value of the Poisson ratio under different confining pressure conditions is practically equal to that under the 0 MPa confining pressure condition, which means the confining pressure does not have a significant influence on the Poisson ratio of soft rock. Therefore, the variable model for the Poisson ratio of soft rock with the influence of confining pressure is proposed in Figure 5.
2.3 Variable model for friction angle (φ) with the influence of confining pressure
Based on the triaxial experiment results of 57 samples (31 samples of slate and 26 samples of phyllite from six regions), the variation of the friction angle with the influence of confining pressure for slate and phyllite, respectively, is revealed in Figure 3. Experimental result sources can be found in Supplementary Appendix SA.
[image: Figure 3]FIGURE 3 | Variation of friction angle with the influence of confining pressure influence for slate and phyllite.
As shown in Figure 4, the friction angle of soft rock gradually decreases with increasing confining pressure. Further, using the universal global optimization method, it is found that the logarithmic function can represent this variation with the influence of confining pressure, and the correlation coefficient of fitting results of all sample groups are more than 90%. Therefore, the variable model for the friction angle of soft rock with the influence of confining pressure is proposed in Figure 5, and the undetermined parameters of the variable model can be obtained by means of triaxial compression experiments.
[image: Figure 4]FIGURE 4 | Variation of cohesion with the influence of confining pressure influence for slate and phyllite.
[image: Figure 5]FIGURE 5 | Variable models for mechanical parameters of soft rock with the influence of confining pressure.
2.4 Variable model for cohesion (c) with the influence of confining pressure
Based on the triaxial experiment results of 57 samples (31 samples of slate and 26 samples of phyllite from six regions), the variation of cohesion with the influence of confining pressure for slate and phyllite is revealed in Figure 4. Experimental result sources can be found in Supplementary Appendix SA.
As shown in Figure 4, the cohesion of soft rock gradually decreases with increasing confining pressure. Further, using the universal global optimization method, it has been found that the power function can represent this variation with the influence of confining pressure, and the correlation coefficient of fitting results of all sample groups are more than 90%. Therefore, the variable model for the cohesion of soft rock with the influence of confining pressure is proposed in Figure 5, and the undetermined parameters of variable models can be obtained by means of triaxial compression experiments. In variable models for the mechanical parameters of soft rock, the units of confining pressure and cohesion are both MPa, the unit of the elasticity modulus is GPa, and the unit of the friction angle is degree.
3 ELASTOPLASTIC SOLUTION FOR TUNNELS CONSIDERING THE INFLUENCE OF CONFINING PRESSURE
After the circular tunnel excavation, the secondary stress state of the surrounding rock is shown in Figure 6 (Fang et al., 2021). Radial stress increases with increasing radial distance, which means confining pressure on the surrounding rock increases with increasing radial distance, not constant. Meanwhile, by combining the variable model for the mechanical parameters of soft rock with the influence of confining pressure, it can be concluded that the mechanical parameters of surrounding rock vary with radial stress variation, not constant.
[image: Figure 6]FIGURE 6 | Secondary stress state of surrounding rock and variation of mechanical parameters of surrounding rock.
Therefore, in order to derive an elastoplastic solution for tunnels considering the influence of confining pressure, the stress field of the rock surrounding the tunnel is divided and the stress partition of the surrounding rock is: surrounding rock are divided into numerous concentric circle rings, the center of which is the center of the tunnel in polar coordinates, as shown in Figure 7. The mechanical parameters of each concentric circle ring are controlled by radial stress, which can be calculated using a variable model for the mechanical parameters of soft rock, and the mechanical parameters at different angles are the same in each ring.
[image: Figure 7]FIGURE 7 | Stress partition of tunnel surrounding rock.
The derivation process of elastoplastic solutions for tunnels considering the influence of confining pressure is subject to the following basic assumptions: (1) Surrounding rock is homogeneously isotropic. (2) The tunnel excavation disturbance process is considered a plane strain problem. (3) Surrounding rock is in a hydrostatic stress field without considering the influence of gravity before tunnel excavation, and the hydrostatic stress is [image: image]. (4) After tunnel excavation, [image: image] is considered [image: image], [image: image] is considered [image: image], and [image: image] is considered [image: image].
3.1 Yield function and plastic potential function
The yielding function controls the yielding process of the surrounding rock:
[image: image]
In Eq. 1, [image: image] is friction angle and [image: image] is cohesion, and both are controlled by radial stress ([image: image]).
Based on the non-associative plastic flow rule (Chen et al., 2022), the plastic potential function is:
[image: image]
[image: image] is dilation angle in Eq. 2. Then
[image: image]
and, if [image: image], Eq. 8 can be transformed into:
[image: image]
3.2 Critical supporting pressure ([image: image])
When the tunnel radius is equal to that of the plastic zone, [image: image] is equal to [image: image]. Therefore, [image: image] and [image: image] at the radius of the tunnel satisfy the stress condition:
[image: image]
Then, the expression of [image: image] is:
[image: image]
So, [image: image] can be obtained by solving the above-mentioned expression.
3.3 Elastoplastic solution for plastic zone of surrounding rock
As shown in Figure 8, the plastic zone is divided into n concentric annuli and the boundary of i th is in Eq. 7:
[image: image]
[image: image] is the plastic zone radius and it is assumed that each annulus has the same thickness, which can be expressed as below:
[image: image]
[image: Figure 8]FIGURE 8 | Plastic zone of tunnel surrounding rock.
The outer stress boundary condition ([image: image]) in the plastic zone is:
[image: image]
Eq. 9 can be solved using MATLAB software, then [image: image] and [image: image] can be obtained.
Then, the strain in the first ring is:
[image: image]
[image: image] and [image: image] of any ring (i th ring) is obeyed by the yield criterion. So, the yield criterion is:
[image: image]
Meanwhile, [image: image] and [image: image] satisfy the equilibrium equation:
[image: image]
Eq. 12 could be transformed as:
[image: image]
Where:
[image: image]
Then, [image: image] and [image: image] are expressed as:
[image: image]
[image: image]
And stress increment is:
[image: image]
[image: image]
Total strains can be separated into two parts:
[image: image]
So that Eq. 18 can be reformulated as:
[image: image]
Combined with Eqs 16, 17, the elastic strain increments are:
[image: image]
[image: image]
Combined with Eqs 19–21, the compatibility equation (Eq. 12) can be approximated as:
[image: image]
Approximating Eq. 22 with regard to ρ and rearranging [image: image] gives:
[image: image]
[image: image] is given as below:
[image: image]
Total strain is:
[image: image]
For a sufficiently large n, mechanical parameters of the (i+1) ring can be replaced by those of the i ring and the stop condition of finite difference iterative process is:
[image: image]
[image: image] can be calculated in accordance with [image: image] and the displacement at the tunnel can be obtained using the following expression:
[image: image]
[image: image]
3.4 Elastoplastic solution for elastic zone of surrounding rock
After tunnel excavation, the elastic zone can be regarded as a thick-walled cylinder. The stress conditions at inner and outer boundaries are:
[image: image]
Lame solution (Yi et al., 2020) can calculate radial and tangential stresses at any radius. So, the stress expressions at any radius in the elastic zone are listed below:
[image: image]
[image: image]
Further, combined with the mechanical parameter expression of the surrounding rock, the strain expressions at any radius in the elastic zone are as follows, and the subscript “elastic” is applied in the expression to represent the elastic zone of the surrounding rock.
[image: image]
[image: image]
3.5 Finite difference calculation process
The above-mentioned expressions were compiled by MATLAB software for automatic solution operation. The finite difference calculation process is shown in Figure 9.
[image: Figure 9]FIGURE 9 | Finite difference calculation process.
3.6 Verification example
If the undetermined coefficient of the confining pressure term is equal to zero in every variable model for the mechanical parameters of surrounding rock, the finite difference process can be reduced to the classic elastoplastic solution.
Therefore, in order to validate this new solution, the results of two methods (new solution and classic solution) are compared with each other. Parameters of verification examples are listed in Table 1. Expressions of classic solutions are obtained from (Fang et al., 2021).
TABLE 1 | Parameters of verification example.
[image: Table 1]As shown in Figure 10, the plastic zone radius and radial stress distribution results of the proposed solution agree with those of the classic solutions, and displacement around the tunnel resulting from the proposed method is slightly greater than that of the classic solution, but the deviation does not affect the accuracy of the proposed method. The reason for the deviation in the displacement of tunnel surrounding rock is that the classic solution ignores the small quantity of higher order in the derivation process, so the calculated result is smaller than that obtained by the proposed solution. However, the deviation cannot affect the accuracy of the proposed method; therefore, the above result validates the proposed solution as accurate and correct.
[image: Figure 10]FIGURE 10 | Comparison results between classic solution and proposed method.
4 ANALYSIS OF INFLUENCING FACTORS
The influence of initial pressure, supporting force of the tunnel, and radius of the tunnel on stress and displacement around the tunnel is analyzed by the proposed solution. Taking the Muzhailin tunnel as an example, variable models for the mechanical parameters of surrounding rock are based on experimental results from the Muzhailin tunnel in Table 2 (Li Z et al., 2021). The Muzhailing tunnel is a typical soft rock tunnel under high geo-stress conditions and belongs to the Lanzhou-Chongqing Railway in China. The longitudinal length of the Muzhailing tunnel is 19020m, and the height and width of the tunnel section are 11.98 m and 10.48m, respectively. The maximum geo-stress of the Muzhailing tunnel is 27.5 MPa and the surrounding rock of the Muzhailing tunnel is carbonaceous slate.
TABLE 2 | Variable models for the mechanical parameters of surrounding rock.
[image: Table 2]4.1 Influence analysis of initial pressure factor
In the influence analysis of the initial pressure ([image: image]) factor, the tunnel radius ([image: image]) is 5m, and the supporting force ([image: image]) is 0 kPa. Figure 11 shows the influence analysis results of the initial pressure factor.
[image: Figure 11]FIGURE 11 | Influence analysis results of initial pressure factor.
As shown in Figure 11, the stress level of tunnel surrounding rock significantly increases with increasing initial pressure. Moreover, the distance from the tunnel center to the appearance location of peak tangential stress of the surrounding rock increases gradually. When the initial pressure is 5 MPa, the peak tangential stress is 7.84 MPa, and its location is 2.16 times the tunnel radius. However, the peak tangential stress is 29.66 MPa, and its location is 5.2 times the tunnel radius when the initial pressure increases to 20 MPa. Displacement around the tunnel and the plastic zone radius of the surrounding rock increase with the increasing initial pressure. When initial pressure is 5 MPa, the plastic zone radius and displacement around the tunnel are 10.63 m and 3.81cm, but they increase to 25.9m and 55.22 cm (increasing by 143% and 1,349%) when initial stress is 20 MPa.
4.2 Influence analysis of supporting force factor
In the influence analysis of the supporting force ([image: image]) factor, the radius of the tunnel ([image: image]) is 5 m and the initial pressure ([image: image]) is 20 MPa. Figure 12 shows the influence analysis results of the supporting force factor.
[image: Figure 12]FIGURE 12 | Influence analysis results of supporting force factor.
As shown in Figure 12, the stress state of tunnel surrounding rock gradually changes to a three-dimensional state from a two-dimensional plane state with increasing supporting force. When supporting force increases, the stress level of tunnel surrounding rock increases, but the distance from the tunnel center to the appearance location of peak tangential stress of the surrounding rock gradually decreases. When the supporting force is 200kPa, the distance is 4.42 times the tunnel radius; however, the distance decreases to 2.99 times the tunnel radius (decreasing by 32.35%) when the supporting force increases to 1000 kPa. The peak stresses (including radial and tangential stress) of tunnel surrounding rock are determined only by the strength parameters of the surrounding rock; therefore, the supporting force only affects the appearance location of the peak stresses, not their values. Displacement around the tunnel and the plastic zone radius of the surrounding rock both decrease with increasing supporting force. The plastic zone radius of the surrounding rock and displacement around the tunnel are 22.12 m and 40cm, respectively, when the supporting force is 200 kPa. However, the radius and the displacement decrease to 14.97 m (decreasing by 32.32%) and 17.9 cm (decreasing by 61.96%), respectively, when the supporting force increases to 1000 kPa.
4.3 Influence analysis of tunnel radius factor
In the influence analysis of the tunnel radius ([image: image]) factor, the initial pressure ([image: image]) is 20 MPa and the supporting force ([image: image]) is 0 kPa. Figure 13 shows the influence analysis results of the tunnel radius factor.
[image: Figure 13]FIGURE 13 | Influence analysis results of tunnel radius factor.
As shown in Figure 13, the stress level of tunnel surrounding rock gradually decreases, but the stress disturbance range of the surrounding rock increases as the tunnel radius increases. The distance from the tunnel center to the appearance location of peak tangential stress of the surrounding rock gradually increases as the tunnel radius increases. When the radius of the tunnel is 3 m, the distance is 15.54m; however, the distance increases to 25.9 m (increasing by 66.67%) when the tunnel radius increases to 5 m. The tunnel radius only affects the appearance location of peak tangential stress of the surrounding rock, not its values. With the increasing tunnel radius, displacement around the tunnel and the plastic zone radius of the surrounding rock both increase. The plastic zone radius of the surrounding rock and displacement around the tunnel are 15.54 m and 33.13 cm, respectively, when the tunnel radius is 3 m. However, the radius and the displacement respectively increase to 25.9 m (increasing by 66.67%) and 55.22 cm (increasing by 66.68%) when the tunnel radius increases to 5 m.
5 CONCLUSION
This paper firstly investigates the effect of confining pressure on the deformation and strength characteristics of soft rock (slate and phyllite) using triaxial experiment results and proposed variable models for the mechanical parameters (E, v, c, φ) of soft rock with confining pressure variation. Secondly, according to the second stress state around tunnels and these variable models for the mechanical parameters of soft rock, a new elastoplastic solution for tunnels was devised, which simultaneously considers the effect of confining pressure on the deformation and strength characteristics of the surrounding rock. Moreover, this new solution is validated by classical solutions. Finally, the effect of multiple factors (initial pressure, supporting force, and tunnel radius) on the stress and displacement of tunnel surrounding rock are analyzed. Several main conclusions can be summarized as follows.
1. Regarding the influence of confining pressure on the deformation parameters (E, v) of soft rock, confining pressure has a significant influence on the elasticity modulus but does not significantly affect the Poisson ratio of soft rock. With increasing confining pressure, the elasticity modulus significantly increases, but the Poisson ratio is practically constant. Variable parameter models for the elasticity modulus (its form being power function) and the Poisson ratio (its form being constant function) were established, respectively, with the influence of confining pressure.
2. Regarding the influence of confining pressure on the strength parameters (c, φ) of soft rock, confining pressure has a significant influence on the friction angle and cohesion of soft rock. With increasing confining pressure, the friction angle decreases and cohesion increases gradually. Variable parameter models for the friction angle (its form being logarithmic function) and cohesion (its form being power function) were established, respectively, with the influence of confining pressure.
3. After soft rock tunnel excavation, with the variable radial stress of the surrounding rock, the mechanical parameters (E, v, c, φ) of the surrounding rock vary and are controlled by radial stress, not constant. Based on the secondary stress state of surrounding rock and variable models for the mechanical parameters of soft rock, a new elastoplastic solution was devised, which simultaneously considers the effect of confining pressure on the deformation and strength characteristics of the surrounding rock. Meanwhile, this new solution can be reduced to the classical solution, and its correctness and accuracy are validated by the classical solution.
4. The influence of multiple factors (initial pressure, supporting force, and tunnel radius) on the stress and displacement of tunnel surrounding rock are analyzed. With increasing initial pressure, the displacement around the tunnel and the plastic zone radius of the surrounding rock both gradually increase. With the increasing supporting force of the tunnel, the distance from the tunnel center to the appearance location of peak tangential stress of the surrounding rock decreases. With increasing supporting force, the plastic zone radius of the surrounding rock and displacement around the tunnel both decrease gradually. With increasing tunnel radius, the distance increases from the tunnel center to the appearance location of peak tangential stress of the surrounding rock. With increasing tunnel radius, the plastic zone radius of the surrounding rock and displacement around the tunnel both increase gradually.
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The mud powder in the manufactured sand will have an influence on the indicators of the manufactured sand concrete (MSC), and the methylene blue value can quantitatively indicate the mud powder content. To demonstrate the impact of MB values on the performance and microstructural characteristics of the manufactured sand concrete, the paper designed five high-strength MSC proportions at five MB values by controlling the clay powder content. On this basis, the workability, chloride migration coefficient, relative dynamic modulus of elasticity (P), mass loss rate (η), and dry shrinkage rate of MSC concrete were tested under five mix ratios, and the relationship between concrete microstructure, fractal characteristics, and compressive strength (fcc) was analyzed by combining SEM technology and fractal theory. The experiment showed that: the higher the MB, the lower the fluidity of the MSC, and the cohesiveness gradually increases, while the water retention remains basically unchanged. In addition, the chloride migration coefficient gradually increases, the P after 300 freeze-thaw cycles first increases and then gradually decreases, while the η and drying shrinkage first decreases and then gradually increases, and the MB value corresponding to the turning point of these three changes are all 1.10. With MB values of 0.85 and 1.10, the degree of hydration of MSC is higher and the overall structural compactness is better. The higher the MB value, the more inadequate the hydration of concrete, and the mineral components such as fly ash that have not been hydrated inside gradually increase, which leads to the gradual decrease of the overall structure compactness. In addition, when the MB value is small, the SEM image texture of concrete is relatively simple, the fractal dimension value is small, and the corresponding fcc is large. When the MB value is large, the texture of the SEM image is complex, the fractal dimension is large, and the corresponding fcc is small.
Keywords: MB value, manufactured sand concrete, working performance, durability, fractal characteristics
1 INTRODUCTION
The MS will produce mud powder in the mining and processing process, and the fine powder particles below 75 μm are composed of stone powder MS. It has been shown that the right amount of stone powder has an improving effect on the performance of MSC (Wang et al., 2021; Zheng et al., 2021; Elik and Marar, 1996). However, unlike stone powder, mud powder will adversely affect the working performance, mechanical properties, and durability of concrete due to its characteristics, which is also an important reason for controlling the content of mud powder in MS in engineering applications (Xiao et al., 2020; Che et al., 2021).
At present, the relevant scholars mainly use methylene blue (MB) value to characterize the silt content in MC, and systematically study the working performance and mechanical properties of MSC under different MB values. Wang et al. (2009) investigated the workability and mechanical properties of MSC with different MB values. Research indicates that the MSC compatibility, flexural strength, and 7 d fcc all gradually decreased with the MB increase, but the 28d fcc remained the same. Gui et al. (2011) investigated the compatibility of MSC with different stone dust contents and MB values in MS. Research indicates that when the MB value < 1, the appropriate amount of stone powder in the MS helps to improve the compatibility of MSC; MB value ≥ 1, the stone powder content should be controlled < 5% to ensure the workability of MSC. Deng et al. (2021) investigated the fcc of MSC at different MB values and pointed out that the highest point of 3d fcc of MSC occurs at MB value 0.75 and the highest point of 7d fcc of MSC occurs at MB value 1.5. Zhou et al. (2016) investigated the freezing resistance and strength of MSC with different MB values, and the results showed that increasing the MB value would not have a negative effect on the fcc of C30 MSC, but would reduce the fcc and freezing resistance of C60 MSC. Sun et al. (2021) discussed the fcc and carbonation of MSC at different MB values, and the results showed that the fcc of MSC shows a trend of slowly increasing and then rapidly decreasing with the MB value, the modulus of elasticity decreased gradually, and the carbonation depth became deeper gradually. Xia et al. (2021) found that as the MB value increased, MSC indicators such as electrical flux rate and chloride ion diffusion coefficient showed a tendency to increase first and then decrease. The research shows that there are large differences in the performance of different strength grades of MSC at different MB values (Wang et al., 2012). At present, there are fewer systematic studies on the effect of MB value on the performance of MSC, especially for high-strength MSC.
In addition, the deterioration of MSC properties is the macroscopic manifestation of the internal microstructure change. Therefore, it is of significance to study the internal structure changes of concrete from a micro perspective for understanding the deterioration mechanism of concrete during service. At present, related scholars commonly use the SEM method to investigate the hydration products and internal structure change pattern of concrete from a microscopic perspective (Mouret et al., 1999; Diamond and Huang, 2001). Shen et al. (2021) used the SEM technique to analyze the evolution of internal concrete defects under external load. Yang et al. (2012) used the SEM technique to photograph the transition zone at the concrete interface and observed the evolution of the hydration reaction of aggregates and pastes at various ages. Wang et al. (2005) studied the micro-crack characteristics of concrete at different temperatures using SEM technology. Li et al. (2022) revealed the mechanism of salt and frost deterioration of wind-cured sand concrete using the SEM technique. Patil et al. (2018) studied the microstructure of bagasse ash concrete with SEM technology. Khonsari et al. (2018) revealed the effect of swollen perlite aggregates on the number, shape, and distribution of concrete pores by SEM images. From the existing results, most studies are mainly based on the qualitative description of the apparent morphology characteristics of concrete by SEM, which fails to quantitatively characterize the change characteristics and trends of internal structure. With the development of digital image processing technology, combined with SEM images and fractal theory, establishing quantitative relationships between internal pores and macroscopic mechanical properties of concrete from the microscopic point of view, to realize the purpose of microscopic service to the macroscopic (Zhang et al., 2021; Han et al., 2022).
To explore the influence of MB value on the performance and microstructure characteristics of MSC, the mix proportion of high strength MSC under five MB values was designed by controlling the content of mud powder. On this basis, the effects of MB value on the working performance, chloride penetration resistance, salt freezing resistance, and dry shrinkage of MSC were studied through the working performance test of fresh concrete, chloride penetration resistance test, salt freezing resistance test, and shrinkage test of hardened concrete under five mixing ratios. Secondly, combined with SEM technology and the differential box dimension method, the fractal dimension of the surface of concrete hydration products was quantitatively calculated, the variation law of fractal dimension with MB value was analyzed, and the relationship between fractal dimension and fcc of concrete was established.
2 EXPERIMENT
2.1 Testing material
Test materials mainly include the following:
(1) The cement is Jidong P·O42.5 grade cement, 28 d fcc is 54.2 MPa, density is 3,030 kg/m2, and volume stability is qualified.
(2) Metakaolin was produced by Inner Mongolia Super Brand Building Materials Co., Ltd., with a density of 2.67 g/cm3.
(3) The fineness of fly ash is 9.1% and the water requirement ratio is 92%.
(4) The coarse and fine aggregates are all produced by Inner Mongolia Lutong Stone Co., Ltd. The parent rock is basalt. The MS is sieved and washed by a 75 μm square-hole sieve. The fineness modulus is 3.5, the bulk density is 1,582 kg/m3, the crushing index is 16.3%, and the stone powder content is 1.6%.
(5) Mud powder used in Zhuozi Mountain gravel field local soil, through 75 μm square hole sieve, liquid limit WL=40%, plastic limit WP=19%.
(6) Additives used in Inner Mongolia Hengzhong Engineering Materials Co., Ltd. Polycarboxylate superplasticizer, water reduction rate of 30%.
(7) The mass fraction of methylene blue (C16H18ClN3S·3H2O) was greater than 95%.
2.2 Test scheme
Experiment to explore the effect of clay powder content on the performance and fractal characteristics of MSC, five different concrete proportions of MSC with different clay powder content were designed as shown in Table 1 Proportion of MSC The mud powder contents selected in the experiment were 0%, 0.5%, 1.0%, 1.5%, and 2.0%, respectively. The MB values under the corresponding conditions were 0.85, 1.10, 1.35, 1.70, and 2.00, respectively, measured by the methylene blue test. In addition, Table 1 Proportion of MSC also shows the fcc and tensile strength (fts) of MSC at 28 d age under the above five mixing ratios.
TABLE 1 | Proportion of MSC.
[image: Table 1]Based on this, this paper carried out macro tests such as chloride ion penetration test, salt freezing test, and drying shrinkage test of MSC under the above mix ratio, and used SEM technology to test the microstructure of MSC at 28 d. Among them:
(1) Anti-chlorine ion penetration test using rapid chloride migration coefficient method (or RCM method). The specimen was a cylinder of Φ100 mm × 50 mm. Under standard maintenance conditions for 84 d, the anti-chlorine ion permeation grade is set to RCM-Ⅴ. The voltage selected during the test was 60V, and the test lasted for 96 h.
(2) Fast freezing method was used in the salt-freezing test, and the specimen was a prism of 100 mm × 100 mm × 400 mm. The salt-freeze test was carried out after curing for 28 days under standard curing conditions. The freezing and thawing medium was 3% NaCl solution, and the freezing resistance grade was F300. The η and P were measured every 25 times.
(3) Shrinkage test using contact method, the specimen is 100 mm × 100 mm × 515 mm prism. The length of specimens was measured at 3 d, 7 d, 14 d, 28 d, 60 d, 90 d, and 120 d.
(4) For microstructure tests, field emission scanning electron microscopy was used to observe the microscopic morphology of hydration products in concrete specimens with five groups of MB values at 28 d age.
3 TEST RESULT ANALYSIS
3.1 Workability
Table 2 Test results of workability of MSC under different MB values. Indicates the fresh concrete workability at different MB values. Table 2 test results of workability of MSC under different MB values. Indicates that both the slump and extension of fresh concrete mixes show an overall trend of gradual decrease with the MB value. When the MB value increased from 0.85 to 2.00, the slump decreased by 25% from 220 mm to 165 mm. The expansion is reduced by 16% from 500 mm to 420 mm. Hence, the higher the MB value, the worse the flowability of the fresh concrete mix. Table 2 test results of workability of MSC under different MB values. Reveals that the higher the MB value, the greater the cohesiveness of the fresh concrete mix increases, while the water retention remains largely unchanged.
TABLE 2 | Test results of workability of MSC under different MB values.
[image: Table 2]The main reasons for this phenomenon are: Firstly, the mud powder itself has strong water absorption; Secondly, the mud powder can adsorb the molecules of the polycarboxylate superplasticizer into its interlayer structure, reducing the molecular weight of the superplasticizer, which weakens the water-reducing efficiency of the water-reducing agent. In the case of unchanged water consumption and water-reducing agent dosage, with the increase of mud powder content, the free water inside the slurry gradually decreases, and the effective water consumption for fresh concrete mixing also decreases accordingly, and the cohesiveness of the mix increases. At this time, the flow resistance between the materials inside the slurry increases, which leads to the deterioration of its fluidity. Therefore, The more the content of mud powder (MB value), the slump and expansion of fresh concrete mixes are gradually reduced.
3.2 Resistance to chloride ion penetration
The impermeability of concrete refers to the difficulty of resisting the diffusion, penetration, or migration of liquids, gases, or ions in concrete by external effects such as pressure, ion concentration differences, and electric fields. Most studies use the concrete chloride migration coefficient to characterize its impermeability, and the chloride migration coefficient is also an important indicator to describe the compactness of concrete. In general, the smaller the chloride migration coefficient, the better the permeability of the concrete and the higher the degree of compactness. The chloride migration coefficient of concrete obtained using the RCM method can be calculated according to Eq. 1.
[image: image]
where DRCM is the chloride permeability coefficient of concrete (m2/s), U is the absolute voltage (V), T is the average value of the initial temperature and the end temperature of the anode solution (°C), L is the thickness of the specimen (mm), Xd is the chloride penetration depth (mm), t is the test duration (h).
The specific results that can be obtained using Eq. 1 are shown in Figure 1 Test results of chloride permeability coefficient of MSC. After analysis, the chloride migration coefficient increased from 0.884 × 10−12 m2/s to 1.408 × 10−12 m2/s when the MB value increased from 0.85 to 2.00, which increased by 59.28%. That is the chloride migration coefficient of the MSC gradually increases with increasing MB value, which is consistent with the conclusion obtained by Xia et al. (2021).
[image: Figure 1]FIGURE 1 | Test results of chloride permeability coefficient of MSC.
The above phenomenon shows that the MB value, the more permeable the concrete is, and the less dense it becomes. This is because the mud powder is an expansive clay, the mixing of mud powder will make the concrete wet expand and dry shrinkage, thus affecting the bonding of cementitious materials and aggregates, causing micro-cracks inside the concrete, which in turn makes the concrete less compact and more permeable (Liu et al., 2015).
3.3 Salt freezing resistance
P and η are the main indicators of the frost resistance of concrete. Salt freeze resistance tests were carried out on concrete specimens (age 28 days) at different MB values using the fast freeze method; the P and η of the specimens were measured every 25 cycles, and the results are shown in Figure 2. The P and η can be calculated according to Eqs 2, 3.
[image: image]
where P is the relative dynamic elastic modulus after n cycles of freezing and thawing, f0 and fn are the initial transverse fundamental frequency and the transverse fundamental frequency (Hz) after n cycles of freezing and thawing, respectively.
[image: image]
where η is the mass loss rate, m0 and mn are initial mass and mass (g) after n cycles of freezing and thawing, respectively.
[image: Figure 2]FIGURE 2 | Variation of P and η of MSC with freeze-thaw cycles: (A) P, (B) η.
From Figure 2A, it can be seen that the P can be divided into two stages in general as the number of freeze-thaw cycles n increases. (1) For n ≤ 125 cycles, the internal pore structure of the specimen is unaffected by the n, and thus the P does not change with the increase in the n. (2) For n > 125 cycles, the P decreases gradually with the increase of the n. This indicates that after a certain n (125 cycles), the specimens gradually produce microcracks caused by freeze-thaw action, and the number of microcracks gradually increases with the increase of the n. In addition, after 300 freeze-thaw cycles, the P of the specimens showed an overall increase with the increase of MB value and reached the maximum value at the MB value of 1.10, and then gradually decreased.
From Figure 2B, it can be seen that the η, in general, can be divided into three stages as the n increases. Stage I: negative decreasing stage. n ≤ 125 times, the η is negative, and its absolute value increases with the increase of the n. From the previous analysis, it can be seen that when n ≤ 125 times, the internal pore structure of the specimen is basically not affected by the freeze-thaw cycle, so the quality of the specimen does not change with the increase in the n. On the contrary, due to the existence of water absorption of mineral admixture and the initial tiny pores inside the specimen, the specimen continuously absorbs the water in the environment during the freeze-thaw process, and its quality gradually increases with the increase of the n, which leads to the increasing absolute value of the specimen quality loss rate. Stage II: Negative increase stage. 125 < n < 200 times, the quality loss rate is still negative, but its absolute value gradually decreases with the increase in the n. This is because after the n exceeds 125, the surface of the specimen starts to shed due to the freeze-thaw action, which leads to the reduction of the specimen quality. However, the mass of the specimen shedding at this stage is relatively small, and the mass after the freeze-thaw cycle is still larger than its initial mass. Therefore, the η in this stage is still negative. Stage III: positive increasing stage. n ≥ 200 times, the mass of the specimen after freeze-thaw cycles is less than its initial mass, and the total mass shed in this stage increases gradually with the increase of the n. Therefore, the η at this stage is positive and increases gradually with the n. In addition, after 300 freeze-thaw cycles, the η of the specimens showed an overall decrease with the increase of MB value and reached the minimum value at the MB value of 1.10, and then gradually increased again. It indicates that the surface of the MSC at different MB values showed some peeling phenomenon after 300 freeze-thaw cycles, but the surface morphology remained relatively intact, as shown in Figure 3.
[image: Figure 3]FIGURE 3 | Surface morphology of MSC after 300 cycles of salt freezing: (A) MB=0.85, (B) MB=1.1, (C) MB=1.35, (D) MB=1.7, (E) MB=2.0.
The changes in P and η can be seen that the appropriate amount of mud powder can effectively improve the salt freezing resistance of the mechanism sand concrete, but the content of mud powder will reduce the salt freezing resistance of the machine when it exceeds a certain value. From the test results, the best MB value can be determined as 1.10 for the ratio designed in this paper, and the corresponding mud powder content is 0.5%.
3.4 Contractility
Concrete is prone to shrinkage during hardening, leading to cracking. Cracking not only accelerates the entry of corrosive substances into the material but also causes the overflow of hydration products within the material. Especially in the northern region, long-term seasonal freeze-thaw cycles will accelerate the development of material microstructure damage, resulting in a decline in the overall stability and durability of concrete. Research on concrete shrinkage mostly revolves around drying shrinkage, and the drying shrinkage rate is commonly used to evaluate its shrinkage.
Figure 4 shows the variation of drying shrinkage of concrete specimens with age under different mixing ratios. As the age increases, the shrinkage evolution process of concrete under different MB values can be divided into three stages: rapid shrinkage, slow shrinkage, and shrinkage balance (Zhao et al., 2018). ① In the rapid shrinkage stage (age ≤ 28 d), the drying shrinkage rate of this stage is relatively large, and the shrinkage amount can account for 75% of the total shrinkage, or even higher. Therefore, the drying shrinkage of concrete mainly occurs in the early stage. ② Slow shrinkage stage (28 d < age < 90 d), the shrinkage deformation rate of this stage is slow, and the shrinkage process lasts longer. ③ Shrinkage balance stage (age ≥ 90 d), the shrinkage process of this stage is close to stability, and the relative humidity inside the concrete and the environment reaches equilibrium. When the ambient humidity is lower than the internal relative humidity of concrete, the shrinkage process will restart until the internal and external relative humidity balance is reached again.
[image: Figure 4]FIGURE 4 | Variation of drying shrinkage rate of MSC with age and MB value: (A) age, (B) MB value.
In addition, when the age is the same, the drying shrinkage of concrete decreases first, and reaches the minimum value when the MB value is 1.10 (mud powder content is 0.5%), and then gradually increases. This shows that an appropriate amount of mud powder can inhibit the drying shrinkage process of concrete; on the contrary, when the mud powder content is too high, it will promote the development of the concrete drying shrinkage process. The reasons for this phenomenon can be explained from the following two aspects: 1) an Appropriate amount of mud powder can fill the pores between aggregates, which has played a certain optimization role in the internal porosity, thereby reducing the drying shrinkage of concrete; 2) However, mud powder belongs to clay minerals, which is loose and porous, and has good water absorption performance. The excessive content of mud powder will make cement absorb too much water in the hydration process, and the water content of concrete after hardening is relatively large. When the internal relative humidity of concrete is greater than the environmental humidity, the surface moisture evaporates, the internal moisture diffuses to the surface, and the moisture adsorbed by mud powder is released, increasing the dry shrinkage of concrete.
To study the timeliness of concrete shrinkage deformation, based on a large number of test results, scholars have established many prediction models for calculating the shrinkage strain of concrete under different conditions (An et al., 2001). Among them, the hyperbolic prediction model given by the China Academy of Construction Sciences is the most widely used (Lv et al., 2004), and its expression is:
[image: image]
where, εs(t) is the drying shrinkage of concrete at time t; a and b are the material test constants.
Eq. 4 is used to fit the dry shrinkage rate of MSC under different MB values in Figure 4, and the results are shown in Table 3 Analysis results of shrinkage of MSC (hyperbolic function) under different MB values. The predicted results are close to the experimental results, with a large correlation coefficient R and the error is relatively small. It indicates that the relationship between the dry shrinkage rate of MSC and age under the condition of mix proportion in this test can be described by the hyperbolic function expressed in Eq. 4.
TABLE 3 | Analysis results of shrinkage of MSC (hyperbolic function).
[image: Table 3]4 FRACTAL FEATURE ANALYSIS
4.1 Method of fractal dimension theory
Fractal is a method for characterizing or describing irregular, self-similar, and scale-invariant objects or phenomena. The quantitative parameters characterizing the fractal properties of objects or phenomena are generally called fractal dimensions. The spatial distribution of concrete microstructure can be qualitatively seen from SEM images, but it cannot be quantitatively described. Combined with fractal theory, the distribution of concrete microstructure satisfies a certain fractal law, and the fractal analysis can effectively quantify and compare the complexity of the microstructure. Therefore, based on the information contained in SEM images, the spatial distribution of concrete microstructure can be quantitatively characterized by fractal dimension. At present, the methods for calculating fractal dimension mainly include box dimension, Hausdorff dimension, similarity dimension, Brownian motion algorithm, and differential box dimension (Yang et al., 2009). Because differential box dimension DB has good accuracy and applicability and can meet the requirements of computational efficiency and dynamic characteristics, it is often used as a measure of image surface texture roughness.
The digital image obtained by using the scanning electron microscope equipment is a grayscale image, which can be regarded as a three-dimensional space (x, y, z). Where x and y denote the position of the pixel in the image plane and z denotes the grayscale value of the pixel. Therefore, the gray values constitute a concave and convex surface, and the spatial distribution of each pixel color can reflect the texture characteristics of the image. According to the fractal theory, the fractal dimension is an important parameter for the quantitative portrayal of non-smooth, non-regular, broken, and other extremely complex fractals, characterizing the complexity and roughness of the fractals. That is to say, the larger the fractal dimension, the more complex and rough the fractals are; conversely, the smaller the fractal dimension, the simpler and smoother the fractals are. The fractal dimension combines spatial information and color information of images simply and organically, which effectively reflects the complexity of material structure.
When calculating fractal dimension based on a grayscale SEM image, the traditional method is to convert it into a black and white pixel image by binarization. For SEM images, each gray value in the image represents the corresponding information. After binarization processing, the characteristics of cementitious materials, hydration products, holes, and cracks cannot be effectively expressed, which affects the data analysis results. Therefore, this paper directly calculates the fractal dimension by using the difference box dimension based on the gray image of concrete SEM. The main idea of this method is as follows (Sarkar and Chaudhuri, 1994): For an M × M image, it can be regarded as a surface (x, y, z) in three-dimensional space, where (x, y) represents the position in the surface and z is the gray value at that position. The plane is divided into several grids of L × L, let r=L/M, and each grid is a box of L × L × h. h represents the gray value of each box and satisfies G/h=M/L. G represents the total gray level. Assuming that in the (i, j) grid, the maximum and minimum image gray levels are box l and box k respectively, then:
[image: image]
The total number of boxes needed to cover the whole image is:
[image: image]
The fractal dimension is:
[image: image]
For a series of L, the specific values of logNr and log (1/r) can be obtained, and then the least square method is used for linear regression analysis in the double logarithmic coordinate system. The linear slope obtained by regression is the difference box dimension DB.
4.2 Fractal characteristics analysis of SEM images
Figure 5 shows the SEM images of MSC under different MB values (5,000 ×) and the difference box dimension DB calculated by a double logarithmic coordinate system. When the MB value is small, the hydration degree of MP0 and MP0.5 groups is high, and the structure formed by hydration is close, containing C-S-H gel, which makes the cement particles and other hydration products closely connected to form a dense whole with a strong spatial structure. The degree of hydration of the MP1∼MP2 group gradually decreases with the increase of MB value, and the mineral components such as fly ash that have not completed hydration inside gradually increase, and cracks appear on the concrete surface. This is because the clay powder itself is not active, and the addition of too much clay powder has an inhibiting effect on the hydration of the cementitious material, resulting in an increase in unhydrated fly ash particles. Due to the poor bonding effect between fly ash and hydration products, which in turn causes cracks to appear at the junction of the two, affecting the overall structural compactness.
[image: Figure 5]FIGURE 5 | SEM images and fractal dimension of MSC: (A) MP0, (B) MP0.5, (C) MP1, (D) MP1.5, (E) MP2.0.
In addition, it can be seen from Figure 5 that the fractal dimensions of MSC under different MB values are between 2.3202 and 2.3952, and the fitting degree of the differential box dimension method to the fractal dimension of the MSC surface is above 0.996, indicating that the surface morphology of MS coagulation under different MB values has good fractal characteristics. When the MB value is 0.85 and 1.10, the hydration degree of the MP0 and MP0.5 groups is higher, the microscopic appearance is relatively flat, and the texture of the SEM image is simple. The fractal dimension of these two groups of images is relatively small and close to 2.3222 and 2.3202, respectively. Then, with the increase of MB value, the hydration degree of the MP1.0 → MP2.0 group decreased gradually, and there were a large number of unhydrated fly ash in the concrete, and the internal began to appear micro cracks. At this time, the SEM image showed complex texture, and the fractal dimension of the image was larger, which were 2.3783, 2.3872, and 2.3952, respectively.
The above analysis shows that the fractal dimension can quantitatively explain the changing trend of MSC structure under different MB values, and can better reflect the influence of mud powder on the hydration degree and structure of concrete. The hydration degree of concrete not only affects the microstructure of concrete but also affects its macroscopic mechanical properties. To quantitatively analyze the influence of the microstructure of concrete on its strength, Figure 6 shows the variation of fcc of MSC with fractal dimension. It can be seen that as an important feature of geometric objects, fractal dimension can not only quantitatively describe the microstructure of concrete hydration products, but also show a good correlation with the variation law of fcc. After fitting, the relationship between the fractal dimension and fcc of concrete can be described by the exponential function represented by Eq. 8, and the correlation coefficient is 0.9772.
[image: image]
[image: Figure 6]FIGURE 6 | Relationship between fractal dimension and compressive strength under different mud powder content.
5 CONCLUSION

(1) With the increase of MB value, the MSC collapse and extension are gradually decreased, and the cohesiveness is gradually increased, while the water retention is unchanged. In addition, with the increase of MB value, the migration coefficient of chloride ions of MSC increases gradually. After 300 freeze-thaw cycles, the P first increased and then gradually decreased, while the η and drying shrinkage rate first decreased and then gradually increased, and the MB values corresponding to the turning points of the P, η, and drying shrinkage rate were 1.10.
(2) With the increase of n, the change law of P can be divided into two stages basically unchanged and gradually decreased. The change process of η can be divided into three stages: negative value reduction, negative value increase, and positive value increase. At the same time, with the increase of age, the shrinkage evolution process of concrete can be divided into three stages: rapid shrinkage, slow shrinkage, and shrinkage balance, and the drying shrinkage mainly occurs in the rapid shrinkage stage, which accounts for more than 75% of the total shrinkage.
(3) When the MB value is 0.85 and 1.10, the hydration degree of concrete is high, and hydration forms a large number of C-S-H gel, which makes cement particles and other hydration products closely connected to form a solid dense whole of spatial structure. With the increase of MB value, the hydration degree of concrete gradually decreases, and the mineral components such as fly ash that are not hydrated in the interior gradually increase, cracks appeared at the junction of fly ash and hydration products, and the overall structural compactness gradually decreased.
(4) The fractal dimension can quantitatively characterize the effect of MB values on the hydration and structure of concrete and shows a good correlation with the variation pattern of its fcc. When the MB value is small, the SEM image texture of concrete is relatively simple, the fractal dimension value is small, and the corresponding fcc is large. When the MB value is large, the texture of the SEM image is complex, the fractal dimension is large, and the corresponding fcc is small.
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Aiming at the influence factors and their action regulation of the slope stability in the coal measure strata of Beijing–Hong Kong & Macao Expressway, the influence characteristics of injection dip angle of rock stratum, thickness and strength parameters of the soft interlayer, slope height and size of slope angle on the slope safety factor are systematically studied by using the limit equilibrium method theory. The influence of slope height, thickness of weak interlayer and shear strength parameters on the stability of slope in coal measure strata with different dip angles is that the safety factor decreases first and then increases with the increase of strata dip angle. The minimum safety factor of slope under the action of each factor is near the strata dip angle of 30°, which indicates that the stability of slope in coal measure strata is poor when the dip angle of rock stratum is about 30°. With the increase of slope angle, the minimum safety factor decreases. However, when the slope angle is less than 40°, the slope is in a stable state and the dip angle of the strata do not affect the stability of the slope. Slopes with different slope angles have the minimum safety factor that is not affected by slope height. The difference between analytical solution and numerical solution is analyzed. The research provides a theoretical basis for the treatment of slopes in coal measure strata and has certain practical significance.
Keywords: coal measure strata, dip angle of rock stratum, slope angle, strength parameter, safety factor
1 INTRODUCTION
Coal measures strata are sedimentary rocks containing soft coal seam structure, which are roughly continuous deposition with each other and are closely related in Genesis. The carbonaceous mudstone and shale in the strata are weak, with large carbon content, strong heat absorption, easy weather and disintegrate. It is greatly affected by drying and soaking activation, and this process is irreversible. The typical engineering geological characteristics of the rock-soil mass in coal measures strata are uneven rock formations, poor interlayer cementation, loose structure, fast weathering speed after excavation, easy softening encountering water, easy destruction of structure leading to loss of strength and so on. Under the action of water and other exogenic forces, it is easy to form the weak zone, which is mostly composed of coal measure strata and weathered material, with the characteristics of water insulation, water content and weak strength. Due to the free face of slope and the softening of thin carbonaceous mudstone under the infiltration of water, the slope in the coal measure strata often collapses along the interface of coal measure strata, as shown in Figure 1.
[image: Figure 1]FIGURE 1 | Landslide and collapse of coal measure slope on Beijing–Hong Kong & Macao Expressway. (A) Landslide (B) Collapse.
In view of the particularity of coal-bearing soil, domestic and foreign scholars have carried out research on its mechanical properties. Qing and Huang (2005) studied the change process of material composition of piedmont soft soil and slip zone soil on slope in soft areas of coal strata. Li and Li (2006a) analyzed the chemical constituents of slip zone soil of carbonic mudstone in coal measure strata by X-ray method, and explored the relationship between water content, dry density and strength. Li et al. (2006b) measured the permeability characteristics of various rocks in coal measure strata during the whole stress-strain process by experimental method. Xiong et al. (2011) found that the influence of peak strength of coal-bearing soil on confining pressure in saturated state is greater than that in natural state. Hu et al. (2010), Li et al. (2006b), Cao et al. (2008) studied the influence of water content on the shear strength of coal measure soil and the rheological characteristics of weak structural plane in coal measures. Wang et al. (2010) and Yang et al. (2013) studied the conduction characteristics of the rocks in Huainan and Huaibei coalfield under uniaxial compression, and found that there was a correlation between electrical conductivity and stress (strain). Yang et al. (2012), Chai et al. (2013), and Erguler and Ulusay (2009) studied the improvement performance of the rudaceous soil of coal measure strata. Xia et al. (2013) and Liu et al. (2004) conducted a triaxial creep test of soft rock in coal measure strata in deep well, and proposed a non-linear creep constitutive model of soft rock. Cao et al. (2008) studied the rheological properties of weak structural planes in coal measures through laboratory tests. Wu and Wang (1996) preliminarily studied the relationship between rheological properties of coal rock and its microstructure. Zhu and Hong (2009) and Wang and Hong (2014) carried out laboratory tests and theoretical analysis on the physical and mechanical properties of block and powder coal measure soils in Guangwu Expressway. These basic research results provide theoretical knowledge for understanding the physical and mechanical properties of coal-bearing soil, and also provide a basis for scientific utilization and improvement of coal-bearing soil in engineering.
Coal strata often encounter coal strata in the process of road construction and subgrade excavation, which are more common in southwest China. The investigation found that there have been serious collapse and landslide accidents in the coal measure strata slope of some highway projects in Guangdong Province. There are many coal measure strata in the northern section of Beijing–Hong Kong & Macao Expressway in Guangdong Province, and there are many serious landslide accidents in the coal measure strata slope during operation. The special engineering properties of coal measure strata cause the particularity of its slope stability, which is easy to form stress concentration and deformation along the weak interlayer. There are many factors that cause slope instability, mainly including rainfall, earthquake and human activities (Chen, 2005; Wang et al., 2013). Especially in rainfall, the weak interlayer is easy to form a sliding surface, which will lead to slope deformation (Li et al., 2018). The landslide is generally close to the ground surface. Li (2003) analyzed the stability of high slope in coal measure strata from Xiaotang to Gantang section of Beijing-Zhuhai Expressway, and found that the landslides in coal measure strata are mainly shallow sliding. The stability analysis of slope of coal measure strata mostly focuses on the limit analysis method to study the mechanism of slope instability (Xu et al., 2009; Wang et al., 2013). At present, the research on the influence of rainfall on the stability of coal measure strata slope is mainly focused on the specific practical scheme, and it has not carried on the systematic research on the factors affecting the stability and its sensitivity (Yang and Lu, 2006; Cui et al., 2008; Zhu and Hong, 2009). Due to the characteristics of the coal measure strata, it is inevitable that different grading excavation forms and reinforcement measures will be caused by different formation characteristics in the section of the expressway that needs to be grading excavation. Therefore, from the perspective of economy and safety, there are different grading excavation and support forms for different formation characteristics. It is necessary to study the influence of excavation slope angle on its safety and stability.
In view of the shortcomings in the study of slope in coal measure strata, this paper systematically studies the influence of dip angle of rock stratum, thickness and strength index of weak interlayer, slope height and slope angle on safety factor by numerical simulation method. The variation law of safety factor with several influencing factors is explored, and the theoretical formula for calculating the dip angle of the most dangerous rock stratum is deduced mathematically, which provides a theoretical basis for the stability evaluation and treatment measures of practical engineering.
2 NUMERICAL SIMULATION ANALYSIS OF INFLUENCING FACTORS OF SLOPE STABILITY IN COAL MEASURE STRATA
There are many factors affecting the stability of the slope in coal measures strata, such as the spacing, thickness and strength of weak interlayer in stratum, interlayer angle, groundwater, slope angle and the angle between rock stratum and slope. However, fundamentally, the stability of slope in coal measures strata is mainly depends on the mechanical properties of weak interlayer, which is an important feature of its different from other slopes. In this paper, the slope along the tendency of coal measure strata is taken as the research object. The single factor analysis method is used to study the influence of various factors on the slope stability with the dip angle of rock stratum as the major variable, slope height, thickness and strength of weak interlayer and slope angle as secondary variables based on Slope/W software. It deduces the theoretical formula for calculating the dip angle of the most dangerous rock stratum under different working conditions.
2.1 Numerical calculation model
The slope in coal measure strata with slope angle of 45° and weak interlayer thickness of 60 cm is selected as the basic model. The basic model of calculation is shown in Figure 2. As there are many factors that affect the stability of the slope, and there are mutual influences between them, the problems are complicated. According to the relevant literature (Ha and Zhang, 1994; Li et al., 2018; Shi et al., 2023), it is found that the main factor affecting the landslide is the inclination angle of the weak interlayer in the coal-bearing strata. Therefore, the inclination angle of the weak interlayer is the main factor, and the other is the secondary factor. The selection of influencing factors is shown in Table 1. The calculation parameters are shown in Table 2.
[image: Figure 2]FIGURE 2 | The slope model with the dip angle of rock stratum of 30°.
TABLE 1 | Influencing factors settings.
[image: Table 1]TABLE 2 | Physical and mechanical parameters of materials.
[image: Table 2]2.2 Calculation analysis
2.2.1 The influence of slope height on slope stability
The basic model of slope angle of 45° and weak interlayer thickness of 60 cm is used to study the influence of slope height on slope stability along the tendency of coal measure strata. Under the condition of constant material parameters of coal measure strata, the slope height is set to 20, 30, and 40 m respectively, to analyze the safety factor of the slope corresponding to the dip angle of interlayer 10°, 20°, 30°, 40°, 50°, 60°, 70°, and 80° respectively. The limit equilibrium method is used to solve the slope safety change law under various working conditions, as shown in Figures 3, 4.
[image: Figure 3]FIGURE 3 | The influence of interlayer angle on safety factor at different slope heights.
[image: Figure 4]FIGURE 4 | Influence of slope heights on safety factor at different interlayer angle.
Figure 3 shows that under the condition of a certain height, the safety factor decreases first and then increases with the increase of the inclination angle of the weak interlayer. It is found that each slope height has a minimum safety factor when the dip angle reaches a certain value. When the slope is the minimum safety factor, the slope does not necessarily occur landslide instability, which is only reflected in the minimum safety factor at this dip angle. When the interlayer angle is 30°, the safety factor corresponding to the slope of different heights is the smallest, indicating that the most dangerous dip angle of the interlayer is 30° under the three slope heights. When the interlayer angle is less than 30°, the safety factor decreases rapidly with the increase of the interlayer angle. When the interlayer angle is greater than 30° and less than 60°, the slope safety factor increases rapidly with the increase of the interlayer angle. When the interlayer angle is greater than 60°, the safety factor of the slope increases slowly with the increase of the interlayer angle. When the slope height is 40 m, the variation curve of the safety factor is at the lower part of the other two curves, and the safety factor is the smallest in the case of three slope heights. In the case of the same interlayer angle, the safety factor of the slope decreases with the increase of the slope height. When the slope is 40 m high and the interlayer angle is within the range of 20° and 45°, the slope will undergo landslide instability.
Figure 4 shows that under the same dip angle, the safety factor of the slope basically decreases linearly with the increase of the slope height. When the interlayer angle is within the range of 30° and 60°, the change of the safety factor shows a turning phenomenon. There are differences in the stability of the coal measure with different slope heights. Significant influence is found between the slope height and the dip angle of the interlayer.
2.2.2 The influence of interlayer thickness on slope stability
The basic model of slope angle of 45° and slope height of 50 m is used to study the influence of interlayer thickness on slope stability along the tendency of coal measure strata. The interlayer thickness is set to 40, 60, and 100 cm respectively. Under the condition of a certain thickness of the interlayer, the interlayer dip angles are set to 10°, 20°, 30°, 40°, 50°, 60°, 70°, and 80° respectively. The limit equilibrium method is used to solve the slope safety change law under various working conditions, as shown in Figures 5, 6.
[image: Figure 5]FIGURE 5 | Influence of interlayer angle on safety factor at different interlayer thickness.
[image: Figure 6]FIGURE 6 | Influence of interlayer thickness on safety factor at different interlayer angle.
Figure 5 shows that the safety factor decreases first and then increases with the increase of the dip angle of the weak interlayer under the condition of a certain interlayer thickness. When the dip angle of the interlayer is 30°, the safety factor of the slope is the smallest, and the most dangerous dip angle does not change with the thickness of the interlayer. Different interlayer thickness has no effect on the most dangerous dip angle of rock strata, but the safety factor is different. The thicker the interlayer, the smaller the safety factor. When the dip angle of the interlayer is less than 30°, the safety factor decreases rapidly with the increase of the interlayer angle. When the interlayer dip angle is greater than 30°, the safety factor increases with the increase of the dip angle. When the thickness of the weak interlayer is less than 60 cm, and the interlayer dip angle is not about 30°, the slope will not fail.
Figure 6 shows that when the dip angle of the interlayer is constant, the safety factor of the slope decreases with the increase of the thickness of the interlayer. When the dip angle of the interlayer is 10°, the decrease of the safety factor is the largest with the increase of the thickness of the interlayer. When the dip angle of the interlayer is 70° and 80°, the decrease of safety factor is the smallest. When the dip angle of the interlayer is greater than 60°, the influence of the increase of the thickness of the interlayer on the slope safety factor gradually decreases.
2.2.3 The influence of cohesion on slope stability
The basic model of slope angle of 45°, slope height of 50 m and weak interlayer thickness of 60 cm is used to study the influence of cohesion of weak interlayer on slope stability along the tendency of coal measure strata. The cohesion of weak interlayer is set to 10, 20, and 30 kPa respectively. Under the condition of a certain cohesive of the interlayer, the interlayer dip angles are set to 10°, 20°, 30°, 40°, 50°, 60°, 70°, and 80° respectively. The limit equilibrium method is used to solve the slope safety change law under various working conditions, as shown in Figures 7, 8.
[image: Figure 7]FIGURE 7 | Influence of interlayer angle on safety factor at different interlayer cohesive.
[image: Figure 8]FIGURE 8 | Influence of interlayer cohesive on safety factor at different interlayer angle.
Figure 7 shows that under the condition of certain interlayer cohesion, the safety factor of the slope decreases first and then increases with the increase of the dip angle of the rock stratum. When the dip angle of the rock stratum is 30°, the safety factor of the slope reaches the minimum value, which means that the most dangerous dip angle of the rock stratum is 30° and this angle does not change with the change of the interlayer cohesion. When the dip angle of the rock stratum is less than 60°, the change amplitude of the slope safety factor is large. When the dip angle of the rock stratum is greater than 60°, the increase rate of the slope safety factor decreases with the increase of the dip angle of the rock stratum, which means that the increase of the dip angle of the rock stratum has little impact on the slope safety factor. When the cohesion is less than 20 kPa and the dip angle of the rock stratum is within the range of 20° and 50°, the slope will fail.
Figure 8 shows that the safety factor of the slope increases gradually with the increase of the cohesion of the interlayer when the dip angle of the rock stratum is fixed. When the dip angle of the rock stratum is 60°, 70° and 80°, the safety factor of the slope does not increase significantly with the increase of the cohesion of the interlayer, which is basically in a horizontal straight line. When the dip angle of the rock stratum is greater than 60°, the increase of the cohesion of the interlayer has less influence on the increase rate of the safety factor of the slope.
2.2.4 The influence of internal friction angle of weak interlay on slope stability
The basic model of slope angle of 45°, slope height of 50 m and weak interlayer thickness of 60 cm is used to study the influence of internal friction angle of weak interlayer on slope stability along the tendency of coal measure strata. The internal friction angle of weak interlayer is set to 10°, 15° and 25° respectively. Under the condition of a certain internal friction angle of the interlayer, the interlayer dip angles are set to 10°, 20°, 30°, 40°, 50°, 60°, 70° and 80° respectively. The limit equilibrium method is used to solve the slope safety change law under various working conditions, as shown in Figures 9, 10.
[image: Figure 9]FIGURE 9 | Influence of interlayer dip angle on safety factor at different internal friction angle of weak interlayer.
[image: Figure 10]FIGURE 10 | Influence of internal friction angle of weak interlayer on safety factor at different interlayer dip angle.
Figure 9 shows that the influence of the internal friction angle of the interlayer on the slope safety factor is similar to that of the cohesion of the interlayer. The most dangerous dip angle of the rock stratum is 30° and this angle does not change with the change of the internal friction angle. When the dip angle of rock stratum is less than 60°, the variation amplitude of slope safety factor with the dip angle of rock stratum is larger. When the dip angle of the rock stratum is greater than 60°, the increase rate of the slope safety factor decreases with the increase of the dip angle of the rock stratum, that is, the increase of the dip angle of the rock stratum has little effect on the slope safety factor. When the dip angle of rock stratum is the most dangerous, the friction angle has a great influence on the slope safety factor. When the friction angle is 25°, the slope safety factor is 1.27. When the friction angle is 15°, the safety factor is only 0.978, and the slope has occurred. When the internal friction angle is less than 10°, the slope with the dip angle of 18° and 42° will have landslide.
Figure 10 shows that the safety factor of the slope increases gradually with the increase of the internal friction angle of the interlayer when the dip angle of the rock stratum is constant. When the dip angle of rock stratum is 60°, 70° and 80°, the increase of slope safety factor decreases with the increase of interlayer cohesion, which indicates that when the dip angle of rock stratum is greater than 60°, the increase of interlayer internal friction angle has less influence on the increase rate of slope safety factor.
2.2.5 The influence of slope angle on slope stability
The basic model of slope height of 50 m and weak interlayer thickness of 60 cm is used to study the influence of slope angle on slope stability along the tendency of coal measure strata. The slope angle is set to 30°, 40°, 50° and 60° respectively. Under the condition of a certain slope angle, the interlayer dip angles are set to 10°, 20°, 30°, 40°, 50°, 60°, 70° and 80° respectively. The limit equilibrium method is used to solve the slope safety change law under various working conditions, as shown in Figures 11, 12.
[image: Figure 11]FIGURE 11 | Influence of dip angle of rock stratum on safety factor at different slope angle.
[image: Figure 12]FIGURE 12 | Influence of slope angle on safety factor at different dip angle of rock stratum.
Figure 11 shows that under different slope angles, the safety factor of the slope decreases first and then increases with the increase of the dip angle of the rock stratum, and their safety factor has a minimum value. When the slope angles are 30°, 40°, 50°, and 60° respectively, the rock stratum inclination corresponding to the minimum safety factor will be 20°, 30°, 40°, and 50° respectively. With the gradual increase of slope angle, the most dangerous dip angle of rock stratum is also gradually increasing, and this angle is smaller than the slope angle. When the slope angle is 50°, and the dip angle of the rock stratum is between 20° and 50°, the instability of the slope occurs. When the slope angle is 60° and the dip angle of the rock stratum is between 18° and 68°, the slope will suffer landslide. In the practical engineering of slope treatment, special attention should be paid to the relationship between slope angle and the dip angle of the rock stratum.
Figure 12 shows that under the condition of a certain dip angle of the rock stratum, the safety factor of the slope decreases with the increase of the slope angle. When the dip angle of the rock stratum is 10°, the safety factor of the slope decreases at the minimum, which shows that when the dip angle of the rock stratum is small, the increase of the slope angle will not significantly reduce the safety factor of the slope.
Analyzing the influence characteristics of slope height, thickness and strength index of weak interlayer, and other factors on slope stability at different dip angles of rock stratum, it is found that when the dip angle of rock stratum is around 30°, safety factors of slope are minimum and the stability of slope is poor, which should be noted. When the dip angle of rock stratum is about 30°, cutting slope and improving the strength index of weak interlayer have little effect on slope stability, which provides a reference for the treatment of slope in coal measure strata.
3 THE THEORETICAL OF THE MOST DANGEROUS DIP ANGLE OF SLOPE IN COAL MEASURES STRATA
3.1 Fundamental assumption
The sliding surface of soil slope is usually assumed to be a curved surface. The rock slope with weak interlayer is usually regarded as a straight line or a turning curve, which greatly reduces the difficulty of solving the safety factor of slope by analytical method. On the premise of simplifying the sliding surface into a plane straight line, the existence of the most dangerous dip angle of the rock stratum is theoretically proved.
3.2 Theoretical formula derivation
Suppose a slope is shown in Figure 13, h is the height of the slide block, γ is the weight of the slide body, [image: image] is the internal friction angle on the sliding surface, c is the cohesion on the sliding surface, [image: image] is the slope angle, θ is the slipping angle, the length of sliding surface AC is l, and the thickness of the slope is taken as the unit thickness.
[image: Figure 13]FIGURE 13 | Geometric physical diagram of slope.
Assuming that the slope slides along the weak interlayer zone and the sliding surface is AC plane, then ABC is the sliding block. According to the law of sines of triangle and the height h of the sliding block, the weight of the sliding block can be obtained.
[image: image]
The calculating formula of the down-sliding force on the sliding surface is shown in Eq. 2.
[image: image]
The calculation formula of anti-sliding force is shown in Eq. 3.
[image: image]
The calculation formula of safety factor of the slope is shown in Eq. 4.
[image: image]
In order to prove that there is the most dangerous dip angle in the rock mass of the slope under the condition of a certain slope angle, only the solution of Eq. 4 is needed.
In this paper, the calculation is proved when the slope angle is 45°.
The calculation formula of safety factor of the slope is shown in Eq. 5.
[image: image]
The most dangerous dip angle of the rock strata can be obtained by solving the first-order reciprocal of the angle of the slide crack in Eq. 5 and making it equal to zero.
It can be obtained by a series of simplified calculations on its reciprocal.
[image: image]
If Eq. 6 is equal to 0, it is equivalent to let its molecules equal to zero.
[image: image]
Taking tan [image: image] as an unknown, solving the quadratic equation of one variable can get Eq. 8.
[image: image]
Eq. 8 is the formula for calculating the most dangerous dip angle of rock mass in the slope when the slope angle [image: image] is 45°.
Since the internal friction angle on the sliding surface is small, tan [image: image] is smaller. Compared with the cohesion of the rock mass, it can be ignored, and the simplified calculation formula of the most dangerous dip angle is obtained.
[image: image]
Through analytical calculation, the most dangerous dip angle of rock strata is 23°. This is 8° different from the result of 31° obtained by interpolation from Figure 11. The reason for the analysis is that the numerical analysis method is to use the arc combined with the broken segment method, and the analytical solution is to use the slider overall balance method. Combined with the actual engineering and the calculation model, the analysis of Eq. 4 shows that the safety factor is not related to the slope height and thickness of the interlayer under the condition of a certain slope angle, which accords with the results of numerical calculation. This proves the correctness of the law found by numerical simulation from the theory of physical model and analytical mathematics, and also shows that there exists the most dangerous dip angle in coal measures strata.
4 CONCLUSION
This paper analyzes the engineering geological characteristics of coal measure strata, the physical and mechanical properties of coal measure soil, the deformation and failure mode of coal measure strata slope and its stability influencing factors. The influence of various factors on the stability of coal measure strata slope is analyzed by limit equilibrium method. The conclusions are as follows.
(1) The influence of slope height, weak interlayer thickness and its shear strength parameters on the slope stability of coal measures slope with different dip angles is that the safety factor decreases first and then increases with the increase of dip angle. When the dip angle of rock is greater than 60°, the safety factor increases slowly.
(2) The cohesion of the weak interlayer has the greatest influence on the safety factor of the slope, followed by the slope height, the thickness of the weak interlayer and internal friction angle. When the slope height, the thickness of the weak interlayer and the shear strength parameters change respectively, the minimum safety factor of the slope is the rock dip angle of 30° nearby, which indicate that the stability of the coal measure strata slope is poor when the rock dip angle is about 30°.
(3) With the increase of slope angle, the minimum safety factor of slope decreases, and the dip angle of rock corresponding to the minimum safety factor increases. When the slope angle is less than 40°, the change of rock dip angle has little effect on slope stability, and the slope is in a stable state.
(4) The theory of calculating the instability safety factor of block landslide in coal measures are derived based on the analytical theory. It is proved that there is a minimum safety factor unrelated to the slope height for any slope angle. The difference between analytical solutions and numerical solutions is analyzed, and the universality of the law obtained by numerical calculation is verified.
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Gravity anchor blocks are a common type of ground anchor used for suspension bridges, whose bearing depends on its large body and gravity. As there is no stratum requirement, the safety of the anchor block is important for bridge stability. This study summarizes all available estimation indexes, calculating methods, and evaluation criteria for gravity anchor block safety for the Ruili bank of the Banjin Dam grand suspension bridge. The anti-overturning, anti-sliding, base stress, and deformation safeties were comprehensively evaluated using methods including the suggested specification method (SM), simplified mechanical method (SMM), and finite element method (FEM), the results of which were compared and analyzed. The reasons for errors and improved formulas and working conditions were presented. The main conclusions were as follows. 1) The methods for calculating different evaluation indexes according to specifications lack consistency. Moreover, FEM requires that designers have good computer skills and has low feasibility in practice. 2) The SMM for gravity anchor block safety estimation as described in this study, whose indexes cover systematic and overall, the computational formula is simple and speedy, with relatively conservative results and good practicability. 3) SM, SMM, and FEM were all used for the safety estimation of gravity anchor blocks in Ruili bank. The anti-overturning and anti-sliding stability coefficients must all meet the specification requirements of 2.0. SM cannot be used to estimate the base tensile stress under limited conditions. SMM denoted tensile stress at 2.5 times the main cable design force, compared to 3.2 P for FEM. Deformation calculation methods are not given by SM, but can be suggested by SMM based on the elastic mechanics. The horizontal displacements under design load conditions were 122 mm (SMM), 108 mm (FEM), and 44 mm (composite foundation treated by root piles), with a safety standard of <80 mm. The vertical displacements were 338 mm (SMM), 110 mm (FEM), and 123 mm (composite foundation treated by root piles), with a safety standard of <160 mm. These findings proved the feasibility of SMM for the safety design of gravity anchor blocks in cases lacking regional experience.
Keywords: gravity anchor block, anti-overturning stability coefficient, anti-sliding stability coefficient, base stress, ground bearing capacity, deformation stability
1 INTRODUCTION
Gravity anchors are a traditional anchorage type used for both sea and land, including ground-anchored suspension bridges in areas with open terrain and general strata. With increasing construction of long-span suspension bridges, the contradiction between anchorage safety and environmental protection requirements has become increasingly prominent. The accurate evaluation of the safety of gravity anchors is an urgent challenge in the context of the goals of economy and environmental protection.
At present, safety evaluation indexes and methods of gravity anchorage are mainly based on the Design Specification for Highway Suspension Bridge (JTG/T D 65-05-2015) and the Specification for Design of Foundation of Highway Bridges and Culverts (JTG D63-2007). These indexes mainly consider anti-overturning and anti-sliding stability coefficients, maximum foundation stress, foundation bearing pressure, and deformation control standard determined by the main span. Research has mainly focused on safety evaluation. 1) The design of gravity anchorage mainly relies on the friction provided by the structure–foundation to resist sliding; thus, the friction test of concrete-foundation soil is the basic design parameter to ensure the safety of gravity anchorage (Ran et al., 2018; Tan et al., 2015, Ji et al., 2003; Liu et al., 2011; Liu et al., 2022a). 2) The indoor model test (Li et al., 2005; Li et al., 2018), field scale test (Li, 1995), and numerical experiment (Li et al., 2016; Huang et al., 2014; Liu et al., 2020) are used to determine whether the anti-sliding stability of gravity anchor-foundation, base stress, and deformation meet the design and specification requirements. 3) The parameters obtained from these investigations are inserted into the theoretical formula to estimate the evaluation indexes of the anchorage and evaluate its safety (Yin et al., 2017a; 2017b; Liu and Lin, 2014; Zhu, 2011; Liu, 1999; Liu et al., 2022b).
In this study, according to the specifications for suspension bridges and bridge culverts, the indexes, methods, and evaluation standard of safety evaluation of gravity anchors were systematically summarized. A corresponding simplified mechanical model of the anchorage was established based on the gravity anchor block project of the Ruili bank of the Banjin Dam suspension bridge. The safety of the anchorage was comprehensively evaluated using standard, simplified mechanical, and finite element methods. The physical and mechanical mechanisms of the mechanical model method were identified, and the differences improved. This study aimed to establish a simple and systematic safety evaluation method and index system for gravity anchors.
2 SAFETY EVALUATION INDEX AND CALCULATION METHOD FOR GRAVITY ANCHORS
2.1 Anti-overturning stability coefficient
According to the provision of Article 8.4.1 for the Design Specification for Highway Suspension Bridge (JTG/T D 65-05-2015), the anti-overturning stability coefficient of the pier foundation is not less than 2.0.
According to the provisions of Article 4.4.1 for the Specification for Design of Foundation of Highway Bridges and Culverts (JTG D63-2007), the anti-overturning stability coefficient and eccentricity of the pier foundation are calculated according to the following formula:
[image: image]
[image: image]
where k0 is the anti-overturning stability coefficient of the pier foundation, s is the distance from the center of gravity of the section to the overturning axis (m), e0 is the eccentricity from the action point of the external force R to the center of gravity axis of the base (m), Pi is the vertical force (kN), ei is the arm of the vertical force to the center of gravity of the section (m), and hi is the arm of horizontal force to the center of gravity of the section (m).
2.2 Anti-sliding stability coefficient
According to the provision of Article 8.4.1 for the Design Specification for Highway Suspension Bridge (JTG/T D 65-05-2015), the anti-sliding stability coefficient of the pier foundation is not less than 1.6 in the construction stage and not less than 2.0 in the use phase.
According to the provisions of Article 4.4.2 for the Specification for Design of Foundation of Highway Bridges and Culverts (JTG D63-2007), the formula to calculate the anti-sliding stability coefficient of the pier foundation is as follows:
[image: image]
where ka is the anti-sliding safety factor of the pier foundation, ∑Pi is the sum of vertical force, ∑TiP is the sum of anti-sliding horizontal force, ∑Tia is the sum of sliding horizontal force, and μ is the friction coefficient between the base and foundation.
2.3 Safety control standard of base stress and foundation load
According to the provision of Article 8.4.2 for the Design Specification for Highway Suspension Bridge (JTG/T D 65-05-2015), tensile stress is not allowed in the anchorage base during construction and operation, and the maximum stress value satisfies the following formula:
[image: image]
where γR is the base resistance coefficient and is generally taken as 1.00 in the use stage and 1.25 in the construction stage, referring to Article 3.3.6 of the Specification for Design of Foundation of Highway Bridges and Culverts (JTG D63-2007), and [fa] is the allowable bearing capacity of subsoil, referring to Article 3.3 of the Specification for Design of Foundation of Highway Bridges and Culverts.
According to the provisions of Article 4.2 for the Specification for Design of Foundation of Highway Bridges and Culverts (JTG D63-2007), the bearing capacity of the foundation satisfies the following formula under the condition of uniaxial eccentric of foundation base:
[image: image]
[image: image]
where A is the base area (m2), M is the bending moment of horizontal force and vertical force on the center of gravity axis of the base (kN·m), W is the sectional resistance moment in the eccentric direction of the base, and the formula is BL2/6, where B is the transverse width and L is the axial length.
2.4 Deformation control criteria
According to the provision of Article 8.4.1 for the Design Specification for Highway Suspension Bridge (JTG/T D 65-05-2015), the allowable horizontal deformation of the anchorage should not be greater than 0.0001 times the main span and the vertical displacement should not be greater than 0.0002 times the main span during the operation stage.
3 INTRODUCTION OF THE SUPER LARGE SUSPENSION BRIDGE ANCHORAGE AND BANJIN DAM ENGINEERING
The super large suspension bridge anchorage for Banjin Dam is a single-span, double-hinged, steel truss girder, double-tower ground-anchored suspension bridge with a main span of 800 m. The Ruili and Menglian banks both contain embedded gravity anchorages. The foundation of Ruili bank is a loose, slightly dense gravel soil layer. The allowable bearing capacity of the foundation is 250 kPa, and the coefficient of friction on the basis is 0.40. The foundation of the Menglian bank is strongly weathered dolomite. The allowable bearing capacity of the foundation is 500 kPa, and the coefficient of friction on the basis is 0.45. The parameters of the rock soil mass and structural materials are shown in Table 1.
TABLE 1 | Physical and mechanical parameters of rock soil mass and anchor materials in engineering.
[image: Table 1]The anchorage of Ruili bank is located on the top of a small hill. Most of the cover soil on the surface is adobe soil of the quaternary system. The soil thickness is 1.40–55.30 m by drilling. The underlying bedrock is limy dolomite of the Middle Triassic Hewanjie Formation with large thickness, which has good mechanical properties. Therefore, it can be used as the bearing strata for anchorage. After construction according to the anchorage design scheme, a temporary slope is formed around the anchorage foundation pit.
Taking the gravity anchor block in Ruili bank with relatively poor stability as an example, the sizes of the left and right anchor blocks are 71 m long × 25 m wide in the horizontal projection. The prestress is applied to the front and rear anchor surfaces at 377,788.7 kN, which is obtained according to the weight of a single abutment and anchor. The design diagram of the gravity anchor block on Ruili bank is shown in Figure 1.
[image: Figure 1]FIGURE 1 | Design drawing of gravity anchor blocks in Ruili bank. (A) The vertical view of gravity anchor. (B) The cross section of gravity anchor.
The control elements of the safety evaluation of the gravity anchor block on Ruili bank are as follows:
(1) Structural safety index
The anti-sliding stability coefficient Ka of the gravity anchor block is >2.0 and the anti-overturning stability coefficient Kc is >2.0.
(2) Safety of the foundation bearing
The base stresses in the construction and operation stages must be less than the modified allowable bearing capacity of gravel soil foundation, with no tensile stress.
According to the safety evaluation standard for foundation bearings, taking the axis section of Ruili bank as an example, the excavation depth of abutment is approximately 25.0 m from the natural ground to the basement. The anchorage basement is approximately 35.0 m from the natural ground. According to the Specification for Design of Foundation of Highway Bridges and Culverts (JTG D63-2007), the correction coefficient of loose-slightly slightly dense gravelly soil is 50% of the correction coefficient of dense gravel soil; thus, k1 = 3.0/2.0 = 1.5 and k2 = 5.0/2.0 = 2.5. The natural unit weight γ1 of basal gravel soil is 17.3 kN/m3. The unit weight γ2 of backfilling soil is 16.3 kN/m3. The correction of the bearing capacity of the gravelly soil foundation is as follows:
[image: image]
where k1 and k2 are the correction coefficients of dense gravel soil; b and h are the width and depth of the foundation, respectively; and fa0 is the bearing capacity of the gravelly soil foundation.
The bearing capacity of the gravel soil with depth and width corrections of 1,354 kPa (abutment base) and 1,762 kPa (anchorage base) can be used to determine the bearing safety of the gravel soil foundation under the condition that considers depth and width correction.
(3) Deformation stability
The allowable horizontal deformation of the anchorage should not be greater than 0.0001 times the main span, while the horizontal deformation should not be >80 mm. The vertical deformation should not be greater than 0.0002 times the main span, while the vertical deformation of this project is not >160 mm.
4 SAFETY EVALUATION OF THE ANCHORAGE BASED ON THE SIMPLIFIED MECHANICAL MODEL
The coordinate system 0 point of the simplified mechanical model is the geometric center of the horizontal projection of the bottom surface. The weight of the anchorage G is approximately 1,072,207.0 kN, and its action point coordinates are (−2.5, 0.0). The design load P of a single cable is 214,000.0 kN. The horizontal angle at the top of the cable abutment is 22.23°, with action point coordinates of (14.2, 34.0). The pile load of the approach bridge P20 is 9,777.0 kN, with action point coordinates of (−14.8, 0.0). The pile load of the approach bridge P21 is 24,334.0 kN, with action point coordinates of (26.7, 0.0). The simplified diagram of forces acting on the gravity anchor blocks on the Ruili bank is shown in Figure 2.
[image: Figure 2]FIGURE 2 | Simplified diagram of forces acting on gravity anchor blocks on Ruili bank.
The forces and their parameters in Figure 2 are inserted into Formula 1, Formula 2, Formula 3, Formula 4, Formula 5, Formula 6. The anti-sliding stability coefficient, anti-overturning stability coefficient, and base stress of the anchorage structure are listed in Table 2. The foundation force analysis is simplified, as shown in Figure 3. The forces and their parameters in Figure 3 are inserted into Formula 8 of the elastic mechanical shear strain and Formula 9 of the compression deformation to simply estimate the horizontal displacement and vertical displacement of the foundation. The calculated displacement is smaller than the actual displacement. The safety estimation results of the gravity anchor blocks on Ruili bank based on simplified mechanical models are shown in Table 2. The thickness of gravel soil is 30.0 m.
[image: image]
[image: image]
TABLE 2 | Safety estimation results of the gravity anchor blocks on Ruili bank based on simplified mechanical models.
[image: Table 2][image: Figure 3]FIGURE 3 | Simplified diagram of forces acting on the gravelly soil foundation on Ruili bank.
The calculation of anti-sliding and anti-overturning stability coefficients considers the weight of anchorage, the pile load of the approach bridge, and the cable force in Table 2. The calculation of the base stress only considers the weight of the anchorage in the construction stage, while the calculation of the eccentric bending moment considers all the forces. The calculation of the base stress and eccentric bending moment considers all the forces in the operation stage. Table 2 shows that the anti-overturning stability of the Ruili bank calculated using the simplified mechanical model meets the normative standard. The anti-sliding stability also meets the normative standard. The average and maximum stresses of the base stress are less than the bearing capacity of foundation gravel soil with depth and width correction in the construction and operation stages, and the bearing capacity of the gravel soil foundation is safe. The horizontal and vertical deformations of the anchorage-foundation do not meet the deformation stability standard.
5 SAFETY EVALUATION OF ANCHORAGES BASED ON FINITE ELEMENT NUMERICAL ANALYSIS
According to the terrain survey and anchorage design data, the numerical model size was 200 m from the foundation boundary along the x and y directions respectively, and the z direction is 200 m down from the bottom of the foundation based on the Abaqus calculation software. The numerical model of Ruili bank is shown in Figure 4.
[image: Figure 4]FIGURE 4 | Numerical model of the Ruili bank.
The numerical model was divided into 170,901 elements and 233,400 nodes. The calculation adopted an elastic–plastic constitutive. The calculation parameters are shown in Table 1. The model was surrounded by normal constraints and the bottom was fully constrained.
The simulation of the construction process mainly comprised two parts. 1) The numerical loading test at the full design load, which is the initial geo-stress balance, followed by the excavation of 1–4 layers of soil, application of the anchor and prestress, application of the full large design load, and foundation pit backfill. 2) The numerical overload test, which continues loading at the full design load test until the tensile stress, connectivity of plastic zone, or 20 times the design load appears on the base.
5.1 Design load tests
To evaluate the bearing safety characteristics of gravel soil under the design load, the vertical stress of a single anchor base along the bridge direction axis under natural and saturated parameters is extracted and organized, as shown in Figure 5.
[image: Figure 5]FIGURE 5 | Vertical stress curve of the Ruili bank base floor under the one-time design load condition. (A) The vertical stress in the natural state. (B) The vertical stress in saturated state.
Figure 5 shows that the maximum at the toe of the abutment is 1,072 kPa, which is less than the bearing capacity of foundation gravel soil with a depth and width correction of 1,354 kPa (abutment base) in the natural state. The maximum postmedian anchorage is 970 kPa, which is less than the bearing capacity of foundation gravel soil with a depth and width correction of 1,762 kPa (anchorage base). The maximum at the toe of the abutment is 1,036 kPa, which is less than the bearing capacity of foundation gravel soil with depth and width correction of 1,354 kPa (anchorage base) in the saturated state. The maximum postmedian anchorage is 988 kPa, which is less than the bearing capacity of foundation gravel soil with a depth and width correction of 1,762 kPa (anchorage base). Therefore, the bearing capacity of the foundation gravel soil is safe.
To evaluate the corner dislocation characteristics of the anchorage structure under the design load, the displacement calculation results of the anchorage structure under the final force of the foundation pit excavation, anchorage construction completion, cable hanging, prestress application, backfill foundation pit, and normal use are shown in Figure 6. The maximum and minimum displacements of the Ruili bank anchor at the full design load are shown in Table 3.
[image: Figure 6]FIGURE 6 | Displacement contours of Ruili bank anchors under the one-time design load condition.
TABLE 3 | Maximum and minimum displacement of Ruili bank anchors under the one-time design load condition.
[image: Table 3]According to Figure 6 and Table 3, the maximum horizontal displacement along the bridge appears at the top of the abutment, which is 98.7–107.8 mm. The lateral displacement appears on both sides of the top of the abutment, with a maximum displacement of 5.0–52.3 mm. The maximum vertical displacement appears at the top of the abutment, with a maximum settlement of 11.4–110.3 mm. The maximum horizontal displacement of the anchorage structure is 107.8 mm, which is greater than 80.0 mm; thus, it does not meet the safety standard for horizontal displacement of the structure. The maximum vertical displacement of the anchorage structure is 110.3 mm, less than 160.0 mm, which meets the safety standard for the vertical displacement of the structure.
The normal and tangential forces of the anchorage base are, respectively, used by surface integral and multiplied by the designed concrete-gravel soil friction coefficient of 0.40 to obtain the anti-sliding force. The safety factor against sliding is calculated as follows:
[image: image]
Natural state:
[image: image]
Saturated state:
[image: image]
The anti-sliding stability coefficient of the gravity anchorage of the Ruili bank is 2.05 in the natural state and the anti-sliding stability coefficient is 2.04 in the saturated state under the full design load, which are both greater than the 2.00 in the specification, thus meeting the requirements for anti-sliding stability.
5.2 Overload test

(1) Determination of the ultimate bearing capacity of the anchorage-foundation system
The monitoring point diagram is shown in Figure 7. The ultimate bearing capacity of the anchorage-foundation system was determined by the P–S curve of the load test. The displacement and loading amounts of the different geometric corners of the anchorage structure are drawn in the load–settlement curve as shown in Figure 8. The ultimate bearing capacity at the inflection point of the curve is 3.20 P overload in the natural state and 3.15 P overload in the saturated state, where P is the design load.
[image: Figure 7]FIGURE 7 | Monitoring point diagram.
[image: Figure 8]FIGURE 8 | Load-settlement curve of the monitoring point of the anchorage under overload on Ruili bank.
The connectivity of the plastic zone was taken as a diagnostic criterion for system instability. The plastic zone cloud diagram on the anchorage-foundation axis section under the overload test is shown in Figure 9. Figure 9 and Table 4 show that the plastic zone is connected at a load of 3.20–3.75 P, and that the maximum plastic strain is multiplied in the natural state. The plastic zone is connected at the load of 3.15 P–3.30 P, and plastic strain increased dramatically in the saturated state. The ultimate bearing capacity obtained by plastic strain is 3.20 P load in the natural state and 3.15 P load in the saturated state.
[image: Figure 9]FIGURE 9 | Plastic zone cloud diagram of the anchorage axis section of the Ruili bank under overload conditions.
TABLE 4 | Maximum equivalent plastic strain of the Ruili bank under overload conditions.
[image: Table 4]As an important index of safety evaluation of gravity anchors, the vertical stress of the basement axis under overload is shown in Figure 10. Figure 10 shows that most of the base stress is tensile stress under the action of 3.20 P overloading in the natural state. The maximum vertical stress of the abutment base is 1.07 MPa under the action of 1 P overloading, 1.38 MPa under 1.5 P overloading, 1.43 MPa under 2.0 P overloading, and 1.73 MPa under 2.5 P overloading. Most of the base stress is tensile stress under the action of 3.15 P overloading in the natural state. The maximum vertical stress of the abutment base is 1.04 MPa under the action of 1 P overloading, 1.52 MPa under 1.5 P overloading, 1.69 MPa under 2.0 P overloading, and 1.84 MPa under 2.5 P overloading. The allowable bearing capacity of the gravel soil foundation with modified abutment depth and width is 1,354 kPa. The ultimate overload of the foundation with the maximum stress value of 1,450 kPa exceeding the bearing capacity of 1,354 kPa is 3.5 P, which is larger than the overload of 1.5 P revealed by the finite element based on the bearing capacity. Through the specification calculation, the ultimate overload of the maximum base exceeding the foundation bearing capacity of 1,354 kPa is 3.5 P, which is larger than the load of 1.5 P obtained by the finite element based on the bearing capacity.
[image: Figure 10]FIGURE 10 | Vertical stress curves of the Ruili bank base floor under overload conditions.
The ultimate bearing capacities of the anchor rock systems in the Ruili bank are 3.20 P in the natural state and 3.15 P in the saturation state. When the bearing capacity is less than the critical value, the structure is safe, and the base tensile stress zone can be controlled. According to Formula 6, the tensile stress zone appears on the substrate when the load is 2.0–2.5 P, which is smaller than the finite element results.
(2) Safety evaluation of the gravity anchor block in the limit state
The maximum vertical stress appears at the toe of the abutment, which is also the maximum stress position under eccentric action. When the load exceeds 1.5 P, the maximum vertical stress is greater than the bearing capacity of foundation gravel soil with a depth and width correction, and the remaining parts are safe. The displacement cloud diagram along the bridge anchor of the Ruili bank in the limit state is shown in Figure 11. The maximum and minimum displacements of the anchors of Ruili bank in the limit state are shown in Table 5.
[image: Figure 11]FIGURE 11 | Displacement cloud diagram along the bridge of anchor of Ruili bank in the limit state.
TABLE 5 | Maximum and minimum displacement of anchors in Ruili bank in the limit state.
[image: Table 5]Figure 11 and Table 5 show a maximum horizontal displacement of the anchorage structure along the bridge of 845.3 mm at the top of the abutment in the limit state, which is >80.0 mm; thus, it does not meet the safety standard for the horizontal displacement of the structure. The lateral displacement occurs on both sides of the top of the abutment, with a maximum displacement of 61.8 mm. The maximum vertical displacement was 150.2 mm at the top of the abutment. This value was <160.0 mm, which met the safety standard for vertical displacement of the structure.
6 PROBLEMS AND IMPROVEMENT MEASURES
6.1 Anti-sliding bearing mechanism
The failure mode of the stepped gravity anchorages is shown in Figure 12. The anchorage base is friction bearing. The abutment base is the stepped shear bearing, which differs from the friction bearing alone considered in the traditional design.
[image: image]
where [image: image] and [image: image] are the vertical force, which is obtained as uniformly distributed stress multiplied by their respective area (kN), c is the cohesion of rock–soil mass with stepped (kPa), φ is the internal friction angle of rock–soil mass with stepped (°), and [image: image] is the undersurface projection area of the abutment. The other parameters are the same as in Formula 3.
[image: Figure 12]FIGURE 12 | Failure mode of gravity anchor-foundation.
6.2 Effect of soil backfilling
After excavation of the anchorage foundation, it is generally backfilled, which causes the upper part of the valve base of the abutment to cover the backfill soil to a certain thickness. The effective weight of the backfill soil [image: image] can be used as a safety margin.
[image: image]
The anti-sliding stability coefficient calculated by the formula method was relatively large, while the finite element result was relatively small as the base stress was only larger in the local part, and most parts were less than the average stress. The stress distribution obtained by the finite element method was closer to the real situation. This demonstrated the need to distinguish the safety standards of the two methods.
6.3 Deformation stability
The deformation results obtained by finite element calculation were smaller than those calculated by simplified Formula 8, Formula 9. This difference may be attributed to the fact that the simplified formula did not consider the lateral restraint of the foundation. The formula method can be used as a valuation method for preliminary design and lack of regional experience. The finite element method can be used as a valuation method in the construction organization design stage.
The structural deformation of the gravel soil foundation of the Ruili bank did not meet the safety control standards; thus, foundation reinforcement is required. The composite foundation treatment method mainly aims to improve the density and overall stiffness of the gravel soil. Considering the uneven distribution of the gravel soil layer and the borehole wall stability of the gravel soil in the construction stage, the root pile should be used for foundation reinforcement. The concrete construction method should be determined according to the on-site situation.
Assuming root pile diameter D of 0.3 mm, the pile is arranged in a square, with a pile spacing twice the pile diameter of 0.60 m fcu which is generally taken as the average value of cubic compressive strength of the indoor reinforced soil standard test block following the standard 90 days of curing, which is considered 3.0 MPa. Ep is generally preferred 100–200fcu, which is considered 100fcu.
[image: image]
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The aforementioned parameters are based on experience, and the specific calculation parameters of the project are based on actual construction. By inserting the modulus of the composite foundation into Formula 8, Formula 9, the horizontal displacement was 44.4 mm (< 80.0 mm), and the vertical deformation was 122.8 mm (<160.0 mm). The bearing capacity and deformation of the gravel soil foundation after composite foundation treatment met the requirements.
The use of the aforementioned improved simplified formula methods conveniently allowed the comprehensive and systematic evaluation of anti-sliding stability and anti-overturning stability coefficients of gravity anchors, in addition to base stress checks, foundation bearing capacity, and deformation stability.
7 CONCLUSION
This study established a corresponding simplified mechanical model of anchorage based on the gravity anchor block project of the Ruili bank of the Banjin Dam suspension bridge. The safety of the anchorage was comprehensively evaluated using the standard method, simplified mechanical model, and finite element method, with the following conclusions:
1) The specifications comprehensively stipulated all aspects of the safety evaluation of the gravity anchors (anti-overturning stability, anti-sliding stability, foundation bearing safety, and deformation stability) but inconsistent calculation methods and models were applied for each index, especially for horizontal deformation. The evaluation of horizontal deformation only recommends the finite element method; however, the operability of the method is greatly limited.
2) The calculation and evaluation methods of anti-overturning stability, anti-sliding stability, base stress control, and deformation stability were established based on the simplified mechanical model according to the original formula of the specification. Compared with the finite element calculation results, the anti-overturning stability coefficient, anti-sliding stability coefficient, horizontal displacement, and vertical displacement obtained by the simplified mechanical model were larger than those of the finite element calculation results, and the maximum and minimum stresses to the foundation were smaller.
3) The improved gravity anchor block safety evaluation index for the physical and mechanical mechanisms was clear, and the calculation was fast. This formula method can be used for the valuation of gravity anchors during preliminary design and in cases lacking regional experience, or as a supplementary benchmark for the finite element method.
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Excavating tunnels in sandy cobble strata carries a high risk of ground collapse caused by instability of the tunnel face. In order to prevent instability at the tunnel face during excavation, this paper focuses on studying the effects of various pre-reinforcement method on the stability of tunnel in the sand-cobble strata. Firstly, pre-reinforcement projects suitable for these tunnels are proposed. Then, using FLAC3D to established numerical models, then simulate the excavation process under six different working conditions: non-reinforced, pre-reinforcement with advance small pipes, pre-reinforcement with pipe-roof, pre-reinforcement with GFRP bolts, pre-reinforcement with advance small pipes and GFRP bolts, and pre-reinforcement with pipe-roof and GFRP blots. The displacement and stress fields of the soil behind and in front of the tunnel face under each condition are obtained. The results show that the use of GFRP bolts for pre-reinforcement can effectively control the deformation of the surrounding rock in front and behind the tunnel face, and pre-reinforcement with advance small pipes or pipe-roof can reduce the settlement of the tunnel crown. Pre-reinforcement by the combination of GFRP bolts with advance small pipes or pipe-roof can better ensure the stability of the tunnel during the excavation process.
Keywords: sandy cobble strata, numerical simulation-, pre-reinforcement techniques, face stability, stone content
1 INTRODUCTION
The sandy cobble stratum is a typical mechanically unstable geological formation (Martí et al., 2008), mainly composed of pebbles, gravels, sands, and a small amount of clay, which are widely distributed in cities such as Beijing, Lanzhou, Chengdu, and Shenyang in China. Tunnels passing through sand-cobble stratum are highly susceptible to disrupting the initial equilibrium state of the formation during excavation, and ground collapse accidents caused by tunnel instability frequently occur in the engineering practice. Without reinforcement measures, existing tunnels in sand-cobble stratum will experience more severe disturbances than those in other geological formations (Liang et al., 2017; Jin et al., 2018; Lin et al., 2021). Therefore, when conducting underground engineering construction in sandy cobble stratum, auxiliary measures such as pre-support or pre-reinforcement should be taken to ensure the stability of the formation and the safety of existing tunnels.
To ensure the stability of the tunnel during excavation, various auxiliary methods have been proposed and applied by many scholars in the industry, including pre-grouting, drift face anchoring, vertical pre-reinforcement technology, pre-grouting, and ground freezing (Lunardi, 2008). Among them, ground pre-grouting and ground freezing methods have been frequently applied to reinforce sandy cobble stratum in recent years and have been proven to be particularly useful in improving the stability of tunnels in sandy cobble stratum during construction (Kang et al., 2021; Mei et al., 2021). Although methods such as ground grouting reinforcement and ground freezing can ensure the stability of the formation during excavation, the construction process is complicated, material waste is serious, and the excavation efficiency is low, which cannot improve the mechanization level of tunnel construction and cannot achieve safe, economic, rapid and efficient construction of tunnels. In this case, a common and economical pre-reinforcement measure is tunnel advance support technology, which can prevent excessive strain during tunnel excavation and maintain the original support capacity of the ground (Shin et al., 2008). Many scholars have conducted research through large-scale field studies (Ocak, 2008; Wang et al., 2016), centrifuge model tests (Hisatake and Ohno, 2008; Juneja et al., 2010; Wong et al., 2012), and numerical simulations (Aksoy and Onargan, 2010; Zhang et al., 2014; Li et al., 2015) to find that the application of pre-support technology greatly improves the stability of the tunnel face.
Although the study of pre-reinforcement technology for tunnels in the sandy cobble stratum is relatively mature, most researchers focus on studying individual reinforcement measures based on the disturbance characteristics of the surrounding rock of existing tunnels (Li et al., 2020; Cao et al., 2021). By analyzing the optimized parameters for various support conditions and conducting numerical simulations of pre-reinforcement methods, they evaluate the reinforcement effect based on the stress and deformation of the surrounding rock and the ground settlement of the tunnel (Yoo and Shin, 2003; Bin et al., 2012; Zhao et al., 2019). However, few researchers have designed multiple pre-reinforcement plans based on engineering geological conditions and project construction characteristics, and compared the comprehensive effects of multiple pre-reinforcement plans. Therefore, various pre-reinforcement measures and their combined comprehensive effects still need further research during the excavation of tunnels in sand-cobble mixed strata.
Based on the complexity of the sand-cobble strata, experimental methods can only provide insights into the mechanical properties of localized sand-cobble mixture. Numerical simulation methods not only enable the establishment of a numerical model for heterogeneous sand-cobble strata, but also allow for the repetition of large-scale numerical experiments. Therefore, numerical simulation methods are better suited for investigating the mechanical properties, deformation characteristics, and stability of sand-cobble strata tunnels (Du et al., 2019). The FLAC3D finite difference software, developed by Itasca, is a continuum mechanics analysis program that can simulate the mechanical properties of various materials such as rock and soil masses, lining, anchor rods, geogrids, etc. It has unique advantages in material elastic-plastic analysis, large deformation analysis, and simulation of construction processes. Some scholars have already used FLAC3D to analyze the stability of tunnels in the sand-cobble mixed strata and obtained good results (Zhang et al., 2019; Cui et al., 2020; Di et al., 2023).
In summary, this study is based on the Da Zhuang tunnel project in Qinghai Province, and designs a pre-reinforcement scheme suitable for tunnel in the sand-cobble mixed stratum based on the geological conditions and construction characteristics of the project. Using the FLAC3D finite difference software, a three-dimensional numerical model is established to investigate the displacement and stress changes of the surrounding rock in front and behind the tunnel face under different working conditions, evaluate the pre-reinforcement effects of different working conditions comprehensively, and propose the optimal pre-reinforcement scheme for the surrounding rock of tunnels in sandy cobble strata. The results can provide valuable experience for similar engineering projects.
2 DESIGN OF PRE-REINFORCEMENT TECHNOLOGY
2.1 Project overview
The Da Zhuang Tunnel is a separated middle tunnel located in Xi Shan gen Village, Dong Gou Township, Hu Thu Tu Autonomous County, Qinghai Province. The left line starts at ZK40+366 and ends at ZK40+960, with a length of 594 m. The right line starts at YK40+454 and ends at YK41+126, with a length of 672 m. Both tunnels have a 2.5% one-way slope. The left tunnel has a burial depth of 45.2 m, and the maximum burial depth of the right tunnel is approximately 44.7 m. The entrance and exit adopt end-wall and cut-bamboo style doors respectively, and there is one pedestrian cross passage in the tunnel. The tunnel is illuminated by electric lighting, naturally ventilated, and equipped with self-retaining drainage system.
The geological conditions of the project mainly consist of sand-cobble stratum, with the cobble strata appearing as gray-yellow soil, moderately dense, and mainly composed of cobble, followed by pebbles. Sand particles and powdery clay are used for filling, and the cobble particle size is uneven with irregular shapes, which has a significant impact on the tunnel. The rock mass of the tunnel body is mostly Quaternary Upper Pleistocene alluvial gravel (slightly muddy cemented), with poor surrounding rock stability and a surrounding rock grade of level V. During construction, arches without support are prone to large-scale collapse, and the stability of the side walls is poor. The geological conditions have an extremely unfavorable impact on the blind excavation construction, and the specific situation is shown in Figure 1.
[image: Figure 1]FIGURE 1 | Sandy cobble stratum.
2.2 Summary of pre-reinforcement technology
The pre-reinforcement technology originated from the application of the New Austrian Tunneling Method in mountainous tunnels (Han, 1987). It is difficult to ensure the stability of the excavation face solely through initial support in mountainous tunnels with poor geological conditions and at the entrance and exit sections with sandy cobble mixed strata. To ensure the stability of the excavation face in weak geological layers, appropriate pre-reinforcement techniques need to be applied to the strata. Pre-reinforcement measures can be classified into strata improvement and pre-support methods based on their reinforcement mechanisms on the surrounding soil. Strata improvement refers to improving the mechanical properties of the excavation face and the surrounding strata by grouting, drainage consolidation, or freezing (Kang et al., 2021; Mei et al., 2021). Pre-support method is based on the surrounding rock conditions, construction methods, progress requirements, mechanical support, and the environment in which the project is located before tunnel excavation. It chooses simpler or integrated auxiliary construction methods to strengthen the strength of tunnel surrounding rock to ensure that the excavation face remains stable during tunnel excavation, and the surrounding rock does not collapse. Due to the complex construction process and high cost of strata improvement, and its difficulty in implementation, most projects tend to choose pre-support methods to reinforce the soil around the tunnel.
The necessity and degree of advanced pre-support and support should be determined according to the stability of the surrounding rock. The instability of the surrounding rock is caused by the inability of the support structure to provide sufficient support force, which cannot effectively constrain and control the plastic deformation, resulting in the instability of the excavation face. Reasonable excavation face support measures and scientifically reasonable tunnel construction methods can limit the excessive deformation of the surrounding rock of the excavation face. Conversely, it can promote large deformations, even in better geological conditions. Therefore, selecting appropriate pre-reinforcement methods is critical to the stability of the tunnel construction process.
2.3 Design of pre-reinforcement methods
Based on the geological conditions where the engineering project is located, the geological environment is relatively complex due to the presence of sand-cobble strata. The self-bearing capacity of the tunnel in sandy cobble mixed strata is relatively low, and during the tunnel excavation process, the soil within a certain range in front of the face will undergo plastic deformation due to disturbance, significantly increasing the risk of rock instability. Therefore, it is necessary to perform pre-reinforcement of the surrounding rock of the tunnel to change its initial state and enhance its self-bearing capacity, thereby improving the stability of the face. Currently, the main pre-reinforcement methods for tunnel in sandy cobble mixed strata include the use of advance small pipes, pipe-roof and GFRP bolt (Peila, 1994; Yoo, 2002; Funatsu et al., 2008). Advance small pipes, as the main technical means of pre-reinforcement, have been widely used in China. The small pipes, made of steel, typically have a diameter of about [image: image], and a length of 2–6 m, and are mainly arranged longitudinally along the tunnel. They are inclined forward and upward at a certain angle outside the contour line of the excavation profile on the arch top, and the exposed end of the pipe body is usually supported on the steel frame behind the excavation face. The pipes must penetrate into the stable soil ahead to form the pre-reinforcement system. The pipe-roof pre-reinforcement method has a similar structural and layout form to the advance small pipes, with the difference being that larger diameter steel pipes are used, typically around [image: image], and with a length of 5–20 m. The pipe-roof method is implemented by driving steel pipes into the upper area of tunnel within a certain range and then injecting grout or pouring concrete into these pipes, thus forming a pre-support structure with higher rigidity in the soil layer, enhancing the bearing capacity of weak surrounding rock, and effectively controlling rock deformation. The anchor rod is the most widely used technology for pre-reinforcement and initial support in rock tunnel construction. It has simple operation, convenient construction, and fast results. Glass fiber bars (DFRP) are commonly used as the material for face anchor rods, which are easy to cut, meet the requirements for pre-reinforcement of the advance core soil, and meet the needs of excavation equipment to excavate soil (Tonon, 2010). In addition, the use of glass fiber reinforced plastic (GFRP) bolts reinforcement can effectively control the deformation of the stratum, significantly improve the overall stability of the tunnel during excavation (Mitarashi et al., 2003), and when combined with the pipe-roof method, it can greatly reduce surrounding rock displacement (Shin et al., 2008).
In summary, based on the engineering background of the Da Zhuang Tunnel in Qinghai Province, this study aims to address the issue of advanced support technology for tunnel in the sand-cobble mixed strata. A three-dimensional numerical model will be established using the finite difference software FLAC3D to simulate the effects of six different pre-reinforcement methods on construction stability, including non-reinforced, pre-reinforcement with advance small pipes, pre-reinforcement with pipe-roof, pre-reinforcement with GFRP bolt, pre-reinforcement with advance small pipes and GFRP bolt, and pre-reinforcement with pipe-roof and GFRP blot. Considering the difficulties in drilling and the risk of collapse during construction in sandy cobble mixed strata, reasonable advanced support measures and their parameters will be determined. By comparing and analyzing the displacement and stress changes of the surrounding rock and the tunnel face under the six working conditions during the construction process, the best pre-reinforcement method for this engineering project will be determined, providing valuable reference for similar projects.
3 NUMERICAL MODELLING OF THE TUNNEL
3.1 Methodology for establishing a cobble database
In numerical simulation studies of tunnels in the sand-cobble strata, it is common practice to treat the strata as homogeneous materials and to use comprehensive mechanical parameters such as deformation modulus, cohesive force, and internal friction angle to investigate stability and ground settlement problems caused by tunnel excavation (Zhang et al., 2013; Huang et al., 2019). However, sand-cobble mixed strata are non-homogeneous materials with a large particle size distribution, and their internal microstructural features have an important influence on the overall mechanical properties. Ignoring the existence of large blocks of rock will lead to inaccurate predictions of the stability and deformation of tunnels in sandy cobble stratum during construction. Therefore, to accurately simulate sand-cobble mixture in actual engineering projects, it is necessary to construct a rock model with a similar particle size distribution and randomly shaped rocks. To characterize the true shape characteristics of the rock, this study first analyzes the shape features of actual rock from a quantitative perspective and then uses the discrete Fourier transform to reconstruct a block model and establish a cobble database. The Fourier descriptors have been proven to be able to well describe the real shape of large blocks of rock and generate blocks with specific shapes (Mollon and Zhao, 2012).
To begin, it is necessary to study the shape characteristics of actual rock blocks. In previous studies, Barrett (1980) proposed three shape descriptors (as shown in Figure 2) that can be used to fully describe the shape characteristics of rock blocks, namely, the Form, Roundness and Surface texture. Referring to existing methods (Hentschel and Page, 2003), the form described by flatness (OP) and sphericity (SP), while roundness is described by angularity (AP), concavity (AC), and shape factor (SF). The roughness of the rock is described by the roughness (RO) index. The representation of the above indicators is shown in Figure 3, and can be expressed as:
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[image: Figure 2]FIGURE 2 | Block-shaped information representation symbolization.
[image: Figure 3]FIGURE 3 | Block-shaped information representation symbolization.
Where, [image: image] is the maximum values of the rock, [image: image] is the minimum values, [image: image] represents the maximum radius of the inscribed circle of the block, [image: image] and represents the minimum radius of the circumscribed circle of the block. [image: image] denotes the perimeter of the ellipse with the same area as the rock block, while [image: image] and [image: image] respectively represent the perimeter and area of the minimum circumscribed convex polygon of the rock block. [image: image] denote the area of the rock and [image: image] denote the perimeter of the rock.
Once the metrics that describe specific shapes of the blocks have been obtained, the block model can be reconstructed using Fourier transform. As shown in Figures 4A, B, the contour of the block can be transformed into a discrete signal. Firstly, the contour of the block [image: image] shown in Figure 4A is divided into m segments based on the center point [image: image] at equal angles [image: image], [image: image], [image: image]., [image: image]. [image: image]. The intersection between the angle side and the boundary of the rock contour represents a sampling point [image: image]. The distance from [image: image] to the center point [image: image] is [image: image], and the position of each discrete point on the boundary of the block can be represented by the angle [image: image] and the length [image: image], which from the point to the center point.
[image: image]
[image: Figure 4]FIGURE 4 | Transformation of (A) block outlines and (B) discrete signals.
In the Cartesian coordinate system:
[image: image]
After converting the obtained rock block outline into a discrete signal, the rock block model is reconstructed using the discrete Fourier inverse transform. The distance [image: image] from [image: image] to the center point [image: image] can be regarded as a discrete time-domain signal and is expressed in terms of Fourier series:
[image: image]
[image: image]
Where, [image: image] is the average radius of the block. Chosen 128 scattered points to form the outline of the block. Das N. (2007) found that the high-order harmonic frequencies have less impact when the order is greater than [image: image]. Therefore, in this study, the total number of harmonics selected is [image: image]. By polarizing Formula (9) and normalizing it (dividing both sides by [image: image]), we obtain:
[image: image]
Where, [image: image] is the Fourier descriptor, the formula of [image: image] is:
[image: image]
The coefficients [image: image] and [image: image] represent the Fourier coefficients. The Python implementation process for reconstructing the rock based on the discrete Fourier inverse transform is illustrated in Figure 5. Using the above block stone surface shape library, a random model of sandy cobble strata can be generated, and the process for generating the random model is shown in Figure 6.
[image: Figure 5]FIGURE 5 | The process of reconstructing the block model.
[image: Figure 6]FIGURE 6 | Stochastic model generation process for sandy-cobble mixture.
3.2 Numerical simulation
3.2.1 Simulation method
According to the engineering background, the tunnel passes through the sand-cobble stratum, and based on the characteristics of mechanized construction, the stability analysis of surrounding rock under different pre-reinforcement methods is carried out. According to the design requirements, the mechanical construction adopts the core soil method, focusing on the stability of the soil in front of the face. In the numerical simulation, excavation is carried out in steps of 1 m (as shown in Figure 7). The construction steps are as follows: the tunnel is first advanced supported, and the core soil is reserved by excavating the upper step, then concrete is sprayed in a timely manner, followed by the installation of steel supports and timely locking of foot anchor rods, and then the system anchor rods and steel mesh are laid. Afterwards, concrete is sprayed to the design thickness. Then, the core soil is excavated with a lag of 3–5 m, and the lower step excavation is carried out, followed by immediate support after excavation completion. After the lower cross-section support is completed, the bottom plate support is carried out, followed by the tight-fitting of the bottom plate concrete and steel-reinforced concrete lining.
[image: Figure 7]FIGURE 7 | Details of excavation.
3.2.2 Modelling
A numerical model of the tunnel face in sand-cobble strata with various reinforcement measures was established using the finite difference software FLAC3D. The influence of different pre-reinforcement measures on Earth pressure and instability area was investigated. According to the geological survey report of the dependent project, we designed the 3D numerical model of the tunnel in sand-cobble mixed strata shown in Figure 8. The model simplifies the surrounding soil of the tunnel into a binary soil consisting of sand and cobble, and based on the method of establishing a cobble database in Section 3.1, establishes a sand-cobble strata model with a stone content of 10%. The model size is [image: image], adopted with a tunnel depth selected according to the actual situation, and the tunnel excavation section span is 8.3 m with a height of 8.8 m. Ignoring the effect of boundary adjustment, a 3D non-uniform mesh with a grid size of 0.5–2.0 m, all of which are hexahedral grids, was used for the numerical simulation. Note that, the boundary conditions were set as follows: the top surface was a free boundary, while normal constraints were applied to the bottom and side surfaces. The soil and rocks in the model were modeled as solid elements, and the mechanical properties and deformation behavior of the soil matrix were described using the classical Mohr-Coulomb elastoplastic constitutive model. Since the tensile and compressive strengths of the rocks are relatively high, they usually do not undergo failure under the loading of tunnel excavation, so they can be treated as elastic materials. The tunnel lining was simulated using Liner shell elements, which closely followed the tunnel face. The advance small guide tube and pipe shed were simulated using Pile elements, which can simulate bending and shear friction characteristics. Glass fiber anchor rods were modeled using cable anchor rod elements, which can only simulate shear friction characteristics with the soil.
[image: Figure 8]FIGURE 8 | Numerical model.
3.2.3 Material parameters
In order to reflect the physical and mechanical parameters of the surrounding rock of the excavation area of the tunnel, the parameters of the superficial soil were determined based on the geological survey report and the specifications (Transportation Department of the People’s Republic of China, 2010), and the material parameters used are shown in Table 1. The parameters of the pre-reinforcement measures were based on similar engineering experiences, and the main supporting parameters are shown in Table 2 and Table 3.
TABLE 1 | Mechanical parameters of the sandy cobble strata.
[image: Table 1]TABLE 2 | Physical and mechanical parameters of pre-reinforced materials.
[image: Table 2]TABLE 3 | Physical parameters of lining.
[image: Table 3]3.3 Simulation working conditions
To further investigate the impact of different pre-reinforcement measures on the excavation stability of sand and gravel formations in tunnels, numerical simulations were performed on a tunnel model with a 10% stone content, under six pre-reinforcement conditions: non-reinforced, pre-reinforcement with advance small pipes, pre-reinforcement with pipe-roof, pre-reinforcement with GFRP bolt, pre-reinforcement with advance small pipes and GFRP bolt, and pre-reinforcement with pipe-roof and GFRP blot. The numerical models of the six pre-reinforcement conditions are shown in Figure 9.
[image: Figure 9]FIGURE 9 | Numerical model of pre-reinforcement for different working conditions of (A) conditions 1, (B) conditions 2, (C) conditions 3, (D) conditions 4, (E) conditions 5 and (F) conditions 6.
Condition 1:. Excavation with no reinforcement of the surrounding geological formation.
Condition 2:. Excavation supported by advance small pipes. The pipe is 6 m in length and has a 2 m overlapping section.
Condition 3:. Excavation supported by pipe-roof. Each pipe segment is 12 m in length and has a 3 m overlapping section.
Condition 4:. Excavation supported by glass fiber reinforced plastic (GFRP) rock bolts. Each bolt is 15 m in length and has a 3 m overlapping section.
Condition 5:. Excavation supported by a combination of advance small pipes and GFRP bolts. The green parts represent GFRP bolts, each of which is 15 m in length with a 3 m overlapping section. The black parts represent the s advance small pipes, which is 6 m in length with a 2 m overlapping section.
Condition 6:. Excavation supported by a combination of pipe-roof and GFRP bolts. The green parts represent GFRP bolts, each of which is 15 m in length with a 3 m overlapping section. The black parts represent the pipe-roof, with each segment being 12 m in length and having a 3 m overlapping section.
3.4 Layout of monitoring points
In previous studies, many scholars analyzed the evolution law of ground deformation during the instability process of sand-cobble strata in tunnel face, and found that the rock in front and behind the tunnel face would undergo deformation. In relatively loose sand-cobble strata, the deformation of the rock in front and behind the tunnel face is more significant (Di et al., 2022). Considering the deformation law of the ground in the instability and failure process of the tunnel, the monitoring points in the numerical experiments were arranged as shown in Figure 10. Three monitoring points were vertically set above the arch crown behind the tunnel face, and five monitoring points were uniformly set vertically at the location of the core soil in front of the tunnel face to be excavated. The distance between each monitoring point was 2.2 m, and one monitoring point was set 1 m above the core soil to be excavated and below the crown. A 20 m measuring line was also set in the excavation area. By analyzing the displacement and stress changes of the monitoring points under different pre-reinforcement projects, the stability of tunnel excavation under different conditions was studied.
[image: Figure 10]FIGURE 10 | Arrangement of monitoring points.
4 NUMERICAL MODELLING RESULTS AND DISCUSSIONS
4.1 Validation for numerical tests
Figure 11 shows the horizontal and vertical displacement contour maps of tunnel in the sandy cobble mixed strata with 10% stone content under Working condition 1. It can be observed that the maximum horizontal displacement occurs at the tunnel face, while the vertical displacement mainly occurs at the tunnel crown and the tunnel invert, where the tunnel crown undergoes settlement and the tunnel invert experiences uplift. The variation in horizontal and vertical displacement of the tunnel surrounding rock and the soil in front of the tunnel face during tunnel excavation is consistent with existing numerical test results (Wang et al., 2020). Therefore, it can be concluded that the numerical model proposed in this study can accurately reflect the deformation characteristics of the tunnel in sandy cobble stratum during excavation.
[image: Figure 11]FIGURE 11 | (A) Horizontal displacement and (B) vertical displacement clouds without reinforcement.
4.2 Displacement analysis
4.2.1 Surrounding rocks deformation under different working conditions
Displacement is the most commonly used, intuitive, and convenient monitoring indicator during underground construction. The effectiveness of tunnel pre-reinforcement measures in controlling the displacement deformation of surrounding rocks can be reflected by monitoring the horizontal displacement of the tunnel face, surface displacement, and settlement displacement of the front and rear arch crowns of the tunnel face. In order to analyze the deformation characteristics of surrounding rocks under different pre-reinforcement schemes and study their impact on the stability of a tunnel in sandy cobble mixed strata, numerical models were established for different pre-reinforcement methods. The overall displacement contour map, vertical displacement contour map, and horizontal displacement contour map of the tunnel excavation under different pre-reinforcement scheme conditions were calculated and presented in Figures 12–14, respectively.
[image: Figure 12]FIGURE 12 | Overall displacement cloud of surrounding rock under various working conditions of (A) conditions 1, (B) conditions 2, (C) conditions 3, (D) conditions 4, (E) conditions 5 and (F) conditions 6.
According to Figure 12, it can be seen that under various working conditions, the deformation of the tunnel surrounding rock mainly occurs at the tunnel surrounding rock and the tunnel face, and the red area is mainly concentrated at the soil in front of the tunnel face. Therefore, the displacement at the soil in front of the tunnel face is the largest. In working conditions 1–3, the red area is mainly concentrated at the center of the tunnel face, and the maximum displacement during the excavation process is located at the center of the tunnel face. Compared with working conditions 1–3, when simulating with working conditions 4–6, the red area is reduced and mainly concentrated below the tunnel face. The displacement of the soil in front of the tunnel face is reduced, and the maximum displacement occurs at the lower part of the tunnel face. From Figure 13, it can be seen that the vertical displacement of the surrounding rock mainly occurs at the top and bottom of the tunnel, the top sinking and the bottom uplifting, and the displacement of the bottom uplifting is greater than the sinking of the top. When there is no reinforcement in the strata, the vertical displacement of the tunnel surrounding rock is relatively large compared to other reinforced measures. When simulating with working conditions 2 and 3, the vertical displacement of the tunnel surrounding rock is reduced. When simulating with working conditions 4–6, the range of maximum vertical displacement of the tunnel surrounding rock is significantly reduced compared to working conditions 1–3. From Figure 14, it can be seen that the horizontal displacement is the largest at the tunnel face, and the displacement of the tunnel surrounding rock is relatively small. Under working conditions 1–3, the horizontal displacement mainly occurs at the center position of the heading face, while under working conditions 4–6, the horizontal displacement mainly occurs below the tunnel face, and the deformation area is significantly reduced compared to working conditions 1–3. It can be found that using advance small pipes and pipe-roof for pre-support can reduce the deformation of the tunnel surrounding rock and the tunnel face. Using GFRP bolts, advance small pipes and GFRP bolts, pipe-roof and GFRP blots for support can achieve better results.
[image: Figure 13]FIGURE 13 | Vertical displacement cloud of surrounding rock under various working conditions of (A) conditions 1, (B) conditions 2, (C) conditions 3, (D) conditions 4, (E) conditions 5 and (F) conditions 6.
[image: Figure 14]FIGURE 14 | Horizontal displacement cloud of surrounding rock under various working conditions of (A) conditions 1, (B) conditions 2, (C) conditions 3, (D) conditions 4, (E) conditions 5 and (F) conditions 6.
4.2.2 Deformation characteristics of the rock in front of the tunnel face
The vertical and horizontal displacement changes of the soil mass in front of the tunnel face are shown in Figure 15A–C and Figure 16A–C, respectively. From Figures 15A, B, it can be observed that under Condition 1, the maximum settlement of the tunnel arch is 30.04 mm, and the maximum uplift of the invert is 38.85 mm. Under Conditions 2 and 3, the maximum settlement of the tunnel arch decreases to 27.82 and 27.32 mm, respectively, while the maximum uplift of the invert remains almost unchanged compared to Condition 1. When the pre-strengthening methods of Conditions 4, 5, and 6 are used, the settlement of the arch decreases to 18.44, 16.33, and 15.99 mm, respectively. Compared with Conditions 1–3, the maximum uplift displacement of the invert decreases to 32.94, 33.37, and 33.56 mm, respectively. As clearly shown in Figure 15C, the vertical displacement of the core soil in front of the tunnel face is reduced when pre-reinforcement methods of Conditions 4–6 are employed.
[image: Figure 15]FIGURE 15 | Change of vertical displacement of (A) D4, (B) D9 and (C) D5∼D9.
[image: Figure 16]FIGURE 16 | Change of horizontal displacement of (A) D5∼D9, (B) D7 and (C) the area to be excavated.
From Figure 16A, the expansion deformation of the tunnel face under different conditions can be clearly observed. When the strata are not reinforced, the expansion displacement of the tunnel face is significant. Under Conditions 2 and 3, there is little improvement in the expansion deformation of the tunnel face compared to Condition 1. The maximum extrusion displacement of the tunnel face under Conditions 1–3 occurs at the center position of the tunnel face. Under Conditions 4–6, the expansion displacement of the tunnel face decreases significantly, and the extrusion deformation of the three conditions is basically the same. At the same time, the location of the maximum deformation of the tunnel face shifts downward. From Figures 16B, C, it can be observed that the horizontal displacement at the midpoint of the core soil in front of the tunnel face is significantly reduced when using glass fiber anchor rods. The horizontal displacement at the center point of the core soil in front of the tunnel face decreases as the distance from the tunnel face increases, with the displacement being greatest at the tunnel face. The experimental results indicate that GFRP blots can effectively control the extrusion deformation of the tunnel face. This is mainly because GFRP blots can improve the shear strength of the core soil to be excavated, which keeps most of the strata near the tunnel face in an elastic stress state, thereby limiting the extrusion expansion deformation of the tunnel face. In addition, GFRP blots have strong bonding properties (Li et al., 2023), which can be used to bond with the soil and apply a restraining force on the soil in front of the tunnel face through the anchoring effect of the anchor rods, thereby suppressing the extrusion deformation of the tunnel face.
4.2.3 Deformation characteristics of the rock behind the tunnel face
The vertical displacement of the soil behind the tunnel face is shown in Figure 17. When the stratum is not reinforced, the maximum settlement occurs in the soil behind the tunnel face. The maximum settlements of the monitoring points [image: image], [image: image], and [image: image] are 18.46mm, 25.48, and 34.64 mm, respectively, and the maximum settlement of the surrounding rock behind the tunnel face decreases with the distance from the crown. As observed from Figure 17, under the conditions of reinforcement in scenarios 2 and 3, the maximum settlement of the surrounding rock behind the tunnel face at each monitoring point decreases, while under the conditions of scenarios 4–6, the maximum settlement of the surrounding rock behind the tunnel face decreases significantly. This is due to the effect of the small guide pipe and the canopy, which bear and transfer the load, promote and form the supporting arch and improve the mechanical parameters of the reinforced rock. Moreover, a cofferdam foundation is usually added in the entrance section of the reinforcement, which extends into a relatively intact and hard rock mass in the tunnel surrounding, forming a stable support structure that can reduce the settlement of the tunnel crown. The GFRP blots also reduce the convergent deformation of the tunnel surrounding rock behind the tunnel face by suppressing the extrusion deformation of the soil in front of the tunnel face.
[image: Figure 17]FIGURE 17 | Change of vertical displacement of (A) D1, (B) D2 and (C) D3.
Based on the analysis of deformation of tunnel surrounding rock and face under different working conditions as mentioned above, it was found that the reinforcement of advance small pipes and pipe-roof can reduce the settlement of the tunnel vault; GFRP blots are superior to advance small pipes and pipe-roof in controlling face deformation; the comprehensive reinforcement method using GFRP blots and advance small pipes or pipe-roof can better ensure the stability of the tunnel during excavation.
4.3 Stress analysis
4.3.1 Surrounding rocks stress under different working conditions
The vertical stress cloud map and horizontal stress cloud map of the tunnel surrounding rock during excavation under different working conditions were obtained through FLAC3D, as shown in Figures 18, 19. Overall, the horizontal stress of the surrounding rock is smaller than the vertical stress, and the horizontal stress and vertical stress of the surrounding rock are distributed relatively evenly. The overlying soil layer of the tunnel surrounding rock decreases vertically with the distance from the tunnel roof. The overlying soil layer close to the tunnel roof has obvious disturbance during the excavation process, while this phenomenon is not so evident for the soil layer far from the roof. Observing the stress at the tunnel face, it can be seen that the stress of the soil in front of the tunnel face is relatively small. The mechanical properties of the surrounding rock at the tunnel face under working conditions 4–6 have been improved due to the effective reinforcement of the GFRP blots in controlling the deformation caused by the excavation of the tunnel face (Chen et al., 2008).
[image: Figure 18]FIGURE 18 | Vertical stress cloud of surrounding rock under various working conditions of (A) conditions 1, (B) conditions 2, (C) conditions 3, (D) conditions 4, (E) conditions 5 and (F) conditions 6.
[image: Figure 19]FIGURE 19 | Horizontal stress cloud of surrounding rock under various working conditionsof (A) conditions 1, (B) conditions 2, (C) conditions 3, (D) conditions 4, (E) conditions 5 and (F) conditions 6.
4.3.2 Stress characteristics of the rock in front of the tunnel face
The changes in vertical and horizontal stress at monitoring points [image: image], [image: image], and [image: image] in the core soil ahead of the tunnel face are shown in Figures 20A, B. It can be observed that, as the depth of the soil increases, the vertical and horizontal stresses in the soil ahead of the tunnel face gradually increase in the range above the tunnel excavation contour. Under the working conditions 2 and 3, there is little difference in the stress changes of the surrounding rocks ahead of the tunnel face compared to the situation without reinforcement. When using working condition 4–6 for pre-reinforcement, the horizontal and vertical stresses at monitoring point [image: image] increase significantly, the increment in horizontal and vertical stresses at monitoring point [image: image] is relatively small, and the stress at monitoring point [image: image] remains basically unchanged. Therefore, it can be concluded that, with the use of glass fiber anchor reinforcement, the stresses in the soil above the core soil ahead of the heading face are relatively large compared to those without reinforcement, while the stresses in the lower part of the core soil remain unchanged compared to those without reinforcement. This is due to the fact that the glass fiber anchor enhances the shear strength of the core rock mass ahead of the excavation, thereby increasing the stress in the soil and improving the stability of the heading face.
[image: Figure 20]FIGURE 20 | Change of vertical stress of (A) D5, (C) D7, (E) D9 and horizontal stress of (B) D5, (D) D7, (F) D9.
4.3.3 Stress characteristics of the rock behind the tunnel face
The stress changes of the surrounding rock behind the palm surface are shown in Figure 21. When the geological strata are not reinforced, the vertical stress of the soil behind the palm surface gradually decreases with increasing depth. When using pre-support methods such as advance small guide pipes or pipe sheds, the vertical stress at monitoring points [image: image] and [image: image] at the arch of the soil behind the palm surface increases, and there is basically no change in vertical stress at [image: image]. When using GFRP blots, a combination of GFRP blots and pipe-roof or a combination of GFRP blots and advance small pipes for pre-support, the vertical stress at each monitoring point behind the tunnel face increases to varying degrees. It can be found that the mechanical properties of the surrounding rock behind the tunnel face can be improved by using pipe-roof, advance small pipes or GFRP blots. Among them, using GFRP blots can not only reduce the support pressure of the tunnel face but also reduce the degree of stress release in the surrounding rock, thereby further reducing the scope of damage, which is consistent with previous research results (Zhang et al., 2022). In the absence of considering economic benefits, using a comprehensive support of advance pipe-roof and GFRP blots or advance small pipes and GFRP blots can better ensure the stability of the tunnel surrounding rock during excavation.
[image: Figure 21]FIGURE 21 | Change of vertical stress of (A) D1, (B) D2 and (C) D3.
5 CONCLUSION
Based on the Da Zhuang tunnel project in Qinghai Province, this paper uses the FLAC3D finite difference software to simulate the tunnel in the sand-cobble mixed strata and analyze the deformation and stress of the tunnel face and surrounding rock under different pre-reinforcement conditions. The following conclusions are drawn:
(1) Without pre-reinforcement, the tunnel in the sandy cobble stratum is prone to rock instability and effective pre-reinforcement measures must be taken based on the site geological conditions. Meanwhile, in addition to the pre-reinforcement around the tunnel, the tunnel face should also be reinforced to ensure construction safety.
(2) All pre-reinforcement measures can control the settlement and failure of surrounding rocks to some extent. However, using only the pipe-roof or advanced small pipes alone is basically ineffective in controlling extrusion deformation and failure at the tunnel face.
(3) Reinforcing the core soil in front of the excavation face with GFRP blots can significantly improve the mechanical performance of the surrounding rock, control the arch failure of the surrounding rock, and reduce the horizontal displacement and surface settlement of the tunnel face and the sinking displacement of the front and rear arches.
(4) Comprehensive reinforcement with pipe-roof and GFRP blots, or advanced small pipes and GFRP blots, can better control the settlement and deformation of the front and rear soil at the tunnel face, reduce the extrusion displacement of the tunnel face, and the pre-reinforcement effect is better than using only glass fiber anchor rods for support.
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To ensure the normal passage of an ascending road during the construction of a pipe-jacking tunnel, trains generally run at low speeds during the construction phase and adopt normal speeds later. Using Jingjiu Road, Xi’an, China, as an engineering case, this study evaluated and predicted the dynamic response of a tunnel structure and soil mass when trains run at low to normal speeds. When the train speed was controlled in the range of 30–60 km/h, the soil deformation change rate around the shallow-buried pipe-jacking tunnel was 0.41%. The maximum tensile stress growth rate of the pipe-jacking tunnel structure was 0.037%, the maximum compressive stress growth rate was 0.128%, and the maximum increase in the stress of the pipe-jacking structure was 1.82%. Thus, the soil and structure of the pipe-jacking tunnel were in a safe-stress state. The results show that the influence of train speed on soil and structural stress is small and can be ignored.
Keywords: train load, large section, oblique shallow buried, pipe jacking tunnel, dynamic response
1 INTRODUCTION
With rapid and large-scale construction of pipe-jacking tunnels in cities where important buildings or traffic lines exist, the engineering route will inevitably be orthogonal and oblique. (Degrande et al., 2006; Zhou et al., 2022; Liu et al., 2023). Ensuring the safe operation of established traffic lines is crucial in urban traffic. Owing to the long construction cycle times of the pipe-jacking tunnel projects, disturbance due to construction activities can be significant, and the repeated vibration load of trains can adversely impact the structure of the pipe-jacking tunnels. Trains usually travel at a low speed when passing through the construction section and regain their normal speed once they exit the construction section. Presently, urban, shallow, buried tunnel construction is still in its early stages in China. To ensure the stability of the upper environment, it is important to study the trains running over shallow, buried tube tunnels and the structural deformations after construction.
Many experts and researchers have studied the soil and structural deformation properties of pipe-jacking tunnels subjected to the influences of train speeds and dynamic loads (Li et al., 2019; Liu et al., 2020). Wenhua et al. (2007) used instruments such as a strong seismoscope and dynamic earth pressure box to perform field tests on the engineering section of the Lianyan Expressway. They analyzed the dynamic response characteristics of pavements and subgrades at different depths for different vehicle types and speed conditions. Based on a three-hole parallel tunnel project where an underpass of a railway trunk line was built, Lun and Yu (2008) studied the dynamic responses of trains running through parallel tunnels at different speeds using ANSYS finite element numerical simulations and determined the changes in the vault pressure as a function of the buried depth and the longitudinal tunnel. To calculate the dynamic responses of the strata of the Guangzhou–Shenzhen–Hong Kong high-speed railway tunnel subject to high-speed trains and analyze the influence of groundwater, Bao et al. (2011) established a three-dimensional numerical model using the FLAC3D software. Yufang (2013) considered a tunnel running through the Beijing–Shanghai high-speed railways as a research object and simulated the dynamic response law of the lining structure of the tunnel at different construction stages subject to the action of train vibration loads. Their results indicated that the tunnel was in the most unfavorable construction position when trains passed through. Xiangqiu et al. (2005) conducted field tests and frequency-response analyses on the dynamic response of the Zhuting tunnel structure of the Beijing–Guangzhou line when the train speed was approximately 80 km/h. They established an analysis model and digital expression of the train vibration load and obtained the vertical displacement, acceleration, and internal force–time history curves of the tunnel lining structure. Dewu and Feng (1997) measured the influence of velocity on the vibration energy and structural vibration acceleration of the Jinjiayan and Zhalanyingzi tunnels when the train speed was approximately 50 km/h. Wang et al. (2022) performed numerical simulations to study the dynamic response characteristics of the bottom part of tunnel structures in water-rich soft strata subjected to heavy-duty train loads. With pore-water pressure and vertical dynamic stress as the evaluation indices, the response rules of the excess pore-water pressure and soil dynamic stress at bedrock were analyzed when subject to 25,000, 27,000, and 30,000 kg trains. Zhu et al. (2020) used the Newmark dynamic time-history analysis of three-dimensional finite element and seed equivalent linear methods to simulate the vibration softening of the subgrade. They performed numerical simulations to evaluate the passage of trains over the railway above a pipe-jacking group and obtained response curves for variables, including the instantaneous vertical displacement of the subgrade and additional dynamic pipe-jacking stress. Their analysis showed that when the pipeline depth was 12 m, the train speed was 100 km/h, and when the train speed was 200 km/h, the maximum vertical dynamic displacement of the two subgrades increased by 1.3 mm. The adjunctive stress/compressive dynamic stress of the pipe-jacking was approximately 0.14 MPa, and the influence of the pipe-jacking group on railway operation was within the allowable range. Yunfeng et al. (2022) showed that when the running speed of a train changes, the dynamic response of each part of the tunnel-reinforcement zone-formation system changes. The finite element method was used to analyze the influence of train speed on the acceleration, dynamic stress, and dynamic displacement of each part of a structure-formation system. Huinan (2022) established a finite element model of the overall track-tunnel-soil system and analyzed the vertical vibration variation of subway trains at 50, 80, and 120 km/h speeds, primarily from the perspectives of time and frequency domains.
Most research on railway tunnels has mainly focused on the influence of train vibration and train speed in deep-buried tunnels (Lipeng, 2013; Song et al., 2019b; Fan et al., 2020; Wang et al., 2022). There are relatively limited studies on the dynamic response of the soil and structure of shallow-buried rectangular pipe-jacking tunnels at oblique intersections. Most of these studies rely on numerical simulations. There are few data cases for field monitoring. Using the engineering case of the Xi’an Jingjiu Road, an underpass of the Longhai Railway line, for our study, we adopted the method of monitoring field test dynamic characteristics and running numerical simulations to predict the dynamic response law and safety of the soil and structures around the tunnel when trains passed at different speeds at oblique intersections during the postconstruction operation, thereby providing a technical reference to ensure the normal operation of the project.
2 ENGINEERING BACKGROUND
The oblique shallow-buried pipe tunnel project of the Xi’an Jingjiu Road, an underpass of the Longhai Railway line, is located at the west side overpass of the Xi ‘an East Railway Station under the railway. Reinforced concrete, an overpass tunnel, a box-interchange structure, a rectangular pipe, and an oblique railway line were used in the project. Additionally, a pipe tunnel with an orthogonal width of 50.5 m and oblique width of 56.45 m was divided into nine sections (1#–9#) from south to north. The fifth prefabricated pipe section was 50.5 m × 10.30 m in size and 1.5 m long. The engineering construction site is geologically complex and rich in groundwater. The bottom part of the structure was located in the saturated soft loess with poor geology (Figures 1, 2). This project had a large section, long top, and soft foundation, and it faced considerable construction challenges.
[image: Figure 1]FIGURE 1 | Schematic and photograph of the oblique interchange of the Xi’an Jingjiu Lu-Longhai railway project.
[image: Figure 2]FIGURE 2 | Plan of the 26.5° oblique interchange of the Xi’an Jingjiu Lu-Longhai Railway.
Based on the actual engineering geological data, the model was divided into six horizontal strata from top to bottom. These included mixed-fill soil, plain-fill soil, ①-loess, ②-loess, paleosol, and ③-loess. The physical and mechanical parameters of each soil layer are listed in Table 1.
TABLE 1 | Physical and mechanical parameters for each layer of the soil.
[image: Table 1]3 DYNAMIC RESPONSE OF THE PIPE-JACKING TUNNEL WHEN TRAINS RUN AT LOW SPEEDS
3.1 Layout of monitoring points
Following the safety regulations issued by the Railway Corporation and China’s Railway Xi’an Bureau Group Co., Ltd. (Tieyun No. 146, 2006), trains pass through construction sections at low speeds to ensure the safety of ascending trains during the construction of a pipe-jacking tunnel. To ensure the normal operation of the upper traffic during pipe jacking construction, the construction project department has stipulated the train speed range to be 30–60 km/h. To study the dynamic response changes of the soil mass around the pipe-jacking tunnel and structure when trains pass through, a train operation site-monitoring scheme was developed based on the actual engineering situation. Seven monitoring sections (JC1–JC7) were set along the train running line, and six measurement points were arranged on the lower side of the steel pillow to monitor the dynamic acceleration and strain of the steel pillow. Figure 3 shows the arrangement of the monitoring points. Point 1 was located in the middle of the rail pillow between the two transverse beams near the lower side of another track, point 2 in the middle of the rail pillow between the two transverse beams, point 3 in the middle of the rail pillow away from the lower side of another track, and point 4 on the side of the rail pillow near the lower side of the other track. Point 5 was located at the lower side of the middle position of the rail pillow on the side of the transverse beam. Point 6 was located at the lower side of the rail pillow on the side of the transverse beam away from the other track (see Figure 4 for onsite monitoring). A vertical acceleration sensor was arranged at each monitoring point. Relevant research showed that the dynamic load of the train is transferred along the structure of the track, sleeper, roadbed, foundation, and tunnel, and it gradually attenuates layer by layer. At the same time, considering the actual project, it is assumed that the bottom of the train sleeper directly contacts the soil mass and that the monitoring equipment components simultaneously contact the soil mass during the field dynamic monitoring. Therefore, it is assumed that the dynamic response variation law of the sleeper at each test point is approximately equivalent to the deformation law of the soil mass around the pipe jacking tunnel.
[image: Figure 3]FIGURE 3 | Schematic of the train-track monitoring point locations.
[image: Figure 4]FIGURE 4 | Field-measured data diagram of a passing train.
3.2 Analysis of field monitoring data
The peak vertical acceleration at each measurement point was monitored onsite when the train passed at a low speed of 45 km/h, and after the train had passed six times, the monitoring data were obtained. Figure 5 shows the vertical acceleration–time history curves for the six monitoring points when the train passed for the first time.
[image: Figure 5]FIGURE 5 | Acceleration–time history curves for all monitoring points. (A) 1 when the train passes, (B) 2 when the train passes, (C) 3 when the train passes, (D) 4 when the train passes, (E) 5 when the train passes, (F) 6 when the train passes.
Figure 6 shows the peak vertical acceleration of the six monitoring points located on the steel pillow when a train passed through it on six occasions at 45 km/h. The observations are as follows: (1) The acceleration–time history curves of each monitoring point fluctuated during the six passes; the peak acceleration values at monitoring points 2 and 5 were relatively large; across all monitoring points, the minimum acceleration was 0.423 m/s2; at 2.083 m/s2, the maximum acceleration was 4.9 times larger than the minimum. (2) Among the monitoring points on the same steel pillow, the vertical acceleration response of point 1 was slightly less than that of point 3, and the response of point 4 was slightly less than that of point 6. The acceleration at points 1 and 4 on the inside of the track is less than that at points 3 and 6 on the outside. The variation law of each monitoring point is assumed to be the soil deformation law. Additionally, we considered that the maximum acceleration of soil deformation was 2.083 m/s2 when the train passed at 45 km/h, indicating that the train influenced soil deformation.
[image: Figure 6]FIGURE 6 | Variations in the peak vertical acceleration of soil deformation at all monitoring points.
4 DYNAMIC RESPONSE OF THE PIPE-JACKING TUNNEL DURING OPERATION
Based on the onsite monitoring of the shallow-buried pipe tunnel project of the Xi’an Jingjiu Road, we estimated the soil deformation law for the case of trains passing at low speeds. The intersection angle between the train track and the jacking pipe axis was 26.5°. To further predict the deformation law of the inclined shallow buried pipe tunnel under the condition of a train running at high speed, a dynamic response analysis was performed using the FLAC3D numerical modeling software. Because the train vibration response was classified as a microvibration, the amplitude of the dynamic response was significantly small. Therefore, a linear elastic finite element model can be used to study the influence of train vibration on buildings and soil mass. For rock and soil mass, the Mohr-Coulomb criterion was selected, and the isotropic elastic model was employed for concrete in pipe-jacking tunnels.
The purpose of this study is to reveal the soil and structural deformation law of the roof tunnel at oblique intersections. Based on an extensive literature review of related studies, we selected several physical quantities, such as the overall surface deformation, vertical deformation, structural stress deformation, and acceleration, to analyze and evaluate the dynamic response. Surface deformation refers to micro- and macro-deformation phenomena such as displacement, settlement, uplift, tilt, deflection, and crack of rock and soil mass (TACGHP 014, Technical Specification of Ground Deformation Monitoring for Geohazard, 2018; Huo et al., 2019). Among them, the overall surface and vertical deformations mainly involve displacement and settlement, which are used to represent the settlement deformation of soil when the train speed changes. The greater the deformation, the more evident the influence of the speed change. Structural stress is the internal force generated in pipe jacking when the pipe jacking structure is deformed while resisting the effect of external causes. The size of structural stress reflects the influence degree of the jacking structure under dynamic load. The greater the structural stress, the more evident the influence of dynamic load. Based on relevant regulations (TB 10002.3. Code for Design of Reinforced Concrete and Prestressed Concrete Structures of Railway Bridges and Culverts, 2005; GB 50010, Code for Design of Concrete Structures, 2010; GB 50868, 2013; Song et al., 2019a), when the train speed was <120 km/h, the height and horizontal displacement of the track, steel pillow, and beam had to be controlled within 8 mm. The tensile and compressive principal stresses of concrete structures following repeated train loads should be consistent with [image: image] and [image: image], where [image: image] is the tensile stress of a concrete lining structure (MPa); [image: image] is the ultimate tensile strength of concrete (MPa); [image: image] is the compressive stress of the concrete lining structure (MPa); and [image: image] is the ultimate compressive strength of concrete (MPa). The acceleration limit of the building was 10.2 m/s2. The structure can suffer damagedamages if its vibration acceleration exceeds this limit.
4.1 Numerical model
To develop the numerical model, a pair of trains were set to run simultaneously at the same speed in opposite directions from the boundary of the model. The trains had an axle weight of 140 kN and a running speed of 45 km/h, the pipe was buried at a depth of 0.5 m below the ground, and the underground water level was recovered at the base of the structure under standard operating conditions of the dynamic model. In addition, dynamic calculation models of different train speeds were established (The operating conditions are shown in Table 2). In the numerical simulation, only the soil weight and train traffic load were considered, and the latter was equal to the simulation load. The influence of the ground overload, equipment load, and groundwater change was not considered in the simulation;, hence the surrounding rock parameters, tunnel structure parameters, and supporting parameters were unchanged.
TABLE 2 | Research conditions for train dynamic characteristics.
[image: Table 2]When FLAC3D was used to establish the soil mass and structural geometry model of the inclined shallow-buried and large-section pipe-jacking tunnel, based on Saint-Venant’s principle (Kai, 2019), owing to the asymmetry between the train lane and the pipe-jacking position, a three-dimensional full-section modeling was required. After many calculations, the results of an inversion analysis were considered. The length, width, and height of the model were determined to be 250, 150, and 30 m, respectively.
The normal displacements around and at the bottom of the model were constrained, and the free-boundary conditions were applied as static boundary conditions at the top of the model. The dynamic boundary conditions were free around the model and static on the top-lane surface. Combined with the three working conditions listed in Table 2, the division of model units of the standard model was dominated by 8-node hexahedrons and supplemented by 4-node tetrahedrons. The model was divided into 93,013 nodes and 145,652 units. The specific geometric model is shown in Figure 7.
[image: Figure 7]FIGURE 7 | Standard model of the oblique shallow-buried pipe tunnel.
4.2 Train load simulations
For these simulations, the train speeds in the study area were provided by the Xi ‘an Railway Group Company; the uniform speeds were 30, 45, and 60 km/h. Referring to the relevant literature (BoLiang et al., 2006; Chang, 2017; Niu et al., 2020; Xiancong et al., 2022), this study adopted the track irregularity method by considering the train dynamic load to maintain vibrations at the top of the model for 5 s and expressing the train vibration load with a fitting function (Eq. 1) containing medium, low, and high-frequency excitation forces. Eq. 2 represents the modified wheelset force of the train on the line.
[image: image]
[image: image]
In Eq. 2, [image: image] is the static load of train wheels; [image: image], [image: image] and [image: image] are vibration loads, which represent the forces generated by the train in the low, medium, and high-frequency ranges, respectively; [image: image] is the superposition coefficient ranging from 1.2 to 1.7; and [image: image] is the dispersion coefficient ranging from 0.6 to 0.9. We considered the sprung mass of the train to be M, its running speed V, and vibration circle frequency [image: image]. This study considered that each train had two bogies and four axles. The maximum axle weight of each train was 14,000 kg, and the resulting stress was evenly distributed on the ground covered by the train. By referring to previous studies (Lei, 2019), the static load of train wheels was the maximum weight of a single bogie (28,000 kg); the gravitational acceleration g was 10.0 m/s2; the unsprung mass was 2,100 kg; and coefficients [image: image] and [image: image] were 1.5 and 0.7, respectively. The train excitation load function [image: image] with respect to time [image: image] at the three set speeds was calculated as follows:
At V = 30 km/h,
[image: image]
At V = 45 km/h,
[image: image]
At V = 60 km/h,
[image: image]
Based on the above equations, the extreme values of the vibration load at different speeds within 0–5 s were obtained (Table 3). Figure 8 shows the vertical vibration load [image: image] as a function of the time interval. The measured [image: image] of the trains at each speed was applied to the track to simulate the excitation of the tube jacking-tunnel structure when the trains passed through the station at a uniform speed.
TABLE 3 | Extreme values of the vibration load at different speeds.
[image: Table 3][image: Figure 8]FIGURE 8 | Vertical vibration load curves of trains as a function of the time interval at different speeds.
4.3 Analysis of the soil displacement response
Figures 9, 10 show the nephograms of the overall and surface vertical displacement of the pipe-jacking tunnel at different speeds. The vertical (downward) deformations of the surface of the model are 13.63, 13.81, and 13.87 mm at different train speeds (V = 30, 45, and 60 km/h, respectively) when the groundwater level rises to the structural basement. The surface deformation of the model gradually increases with train speed, reaching a maximum of 1.81%. Table 4 lists the overall peak vertical displacement of soil and the peak vertical displacement of the ground at different train speeds. The overall peak value of the vertical displacement when the train was running ranged from −12.00 to 0.674 mm, and that of the ground ranged from −11.90 to 0.67 mm. At higher train speeds, the maximum values of the overall and surface vertical displacements were unchanged, while the corresponding minimum values increased by 1.04% and 0.74%, respectively. Thus, train speed had minimal effect on soil deformation.
[image: Figure 9]FIGURE 9 | Model cloud map of the overall vertical deformation at different train speeds. (A) when V = 30 km/h; (B) when V = 45 km/h; (C) when V = 60 km/h.
[image: Figure 10]FIGURE 10 | Model cloud map of the vertical surface deformation at different train speeds. (A) when V = 30 km/h; (B) when V = 45 km/h; (C) when V = 60 km/h.
TABLE 4 | Peak values of the vertical displacement of soil at different train speeds.
[image: Table 4]4.4 Stress response analysis of a pipe-jacking structure
Figures 11, 12 show the overall vertical deformation of the pipe-jacking tunnel structure at different train speeds and the vertical deformation cloud map of section y = 54.25 m. The figures show that as the train speed increased, the vertical deformation of the top-pipe structure fluctuated: -0.77, −0.78, and −0.78 mm, and the vertical deformation increased from −0.76 to −0.76 mm at a growth rate of 0.4%–0.54%.
[image: Figure 11]FIGURE 11 | Nephogram showing the overall vertical deformation of the pipe-jacking tunnel structure at different train speeds. (A) when V = 30 km/h; (B) when V = 45 km/h; (C) when V = 60 km/h.
[image: Figure 12]FIGURE 12 | Cloud map showing the vertical deformation of the pipe-jacking section y = 54.25 m at different train speeds. (A) when V = 30 km/h; (B) when V = 45 km/h; (C) when V = 60 km/h.
Figure 13 shows the cloud map of stress distribution of the pipe-jacking section y = 54.25 m at different train speeds. The pipe-jacking stresses at the three train speeds manifest as tension and pressure principal stress, and they are concentrated primarily in the lower left and lower right corners of the left motor lane and the lower right corner of the right motor lane. The maximum tensile and compressive stresses were 1.06 and 2.18, 1.06 and −2.18, and 1.06 and −2.19 MPa at V = 30, 45, and 60 km/h, respectively. The maximum tensile and compressive stresses grew at a rate of 0.037% and 0.128%, respectively. Thus, train speed had minimal effect on the pipe-jacking stress and structure deformation.
[image: Figure 13]FIGURE 13 | Stress (Pa) distribution cloud map of the pipe-jacking section y = 54.25 m at different train speeds. (A) when V = 30 km/h; (B) when V = 45 km/h; (C) when V = 60 km/h.
The deformation and stress of the pipe-jacking structure showed a minimal increase with train speed, indicating that the dynamic response of the pipe-jacking structure changes insignificantly in the range of 30–60 km/h.
5 ANALYSIS OF THE INFLUENCE LAW OF TRAIN SPEED
To explore soil deformation under train speed variations, eight monitoring points (A–H) were set in the model to monitor the displacement and stress changes in soil mass and pipe jacking during train operations, as shown in Figure 14.
[image: Figure 14]FIGURE 14 | Schematic of monitoring sites.
5.1 Analysis of the influence law of train speed on the dynamic response of soil displacement
The peak deformations of soil and structure points above the pipe-jacking structure were recorded after applying train loads at different speeds. The results are summarized in Table 5.
TABLE 5 | Peak values of soil deformation above pipe jacking at different train speeds.
[image: Table 5]Figures 15, 16 show the vertical deformation of the soil and stress at monitoring point A, respectively, as a function of vibration time at different train speeds. Together with the study results presented in Table 5, we observe that the soil maintained a certain level of displacement settlement and stress, and the vertical deformation law is nearly identical at all three train speeds.
[image: Figure 15]FIGURE 15 | Vertical deformation law of soil in the top section of pipe jacking as a function of vibration time at different train speeds.
[image: Figure 16]FIGURE 16 | Stress at monitoring point A as a function of vibration time at different train speeds.
Figure 17 shows the variation law of each point at two monitoring sections: y = 54.75 and 95.25 m. The vertical displacement of soil at the axis of the top structure in the two monitoring sections is large. The vertical deformation gradually decreases on both sides and has a generally symmetrical distribution. Furthermore, from Table 5, the vertical deformation of the soil layer was the highest above the pipe-jacking axis at each point on the monitoring section, with a change rate of 0.41%. For example, at a train speed of 60 km/h, the peak vertical deformations were 7.92 and 7.44 mm at monitoring points G and H, respectively, and 8.48 and 7.52 mm at points E and F, respectively. Moreover, when the train speed was constant, the distance from the pipe-jacking structure increased. When the train moved horizontally, the vertical displacement of each monitoring point gradually decreased, indicating that the vibration wave generated by the slow-moving train attenuated during horizontal propagation. As the distance from the vibration source increased from 5 to 20 m, the peak values of the soil displacement and deformation decreased, and the maximum attenuation rate reached 93.9% within a distance of 20 m. Comprehensive analysis showed that soil deformation is marginally affected by train speeds in the range of 30–60 km/h.
[image: Figure 17]FIGURE 17 | Vertical deformation curves at the top of the model.
5.2 Analysis of the influence law of train speed on the dynamic response of pipe jacking
Figure 18 shows the stress on the middle line of the upper part of the pipe-jacking structure (monitoring point B) and its variations as a function of the distance of the pipe-jacking structure. The stress of the entire model increases in tandem at the three train speeds. Thus, the stress at monitoring point B is minimally affected by changes in train speed.
[image: Figure 18]FIGURE 18 | Stress variation law of model monitoring point B at different train speeds.
Figure 19 shows the stress at monitoring point B at different train speeds. The soil stress above the pipe-jacking structure fluctuates due to the vibrations induced by the moving train, the fluctuations being stronger at higher train speeds. The results of the analysis are as follows: (1) the changes in train speed have little effect on the stress–time history curve of the pipe-jacking structure, and (2) the peak stress increases with train speed; however, the increase is small.
[image: Figure 19]FIGURE 19 | Stress at monitoring point B as a function of vibration time at different train speeds.
5.3 Numerical simulations of train long-term action and verification analysis of allowable values
5.3.1 Comparative analysis of the soil displacement response
As discussed in Section 3.2, the variation law of each monitoring point is approximately equivalent to the soil deformation law around the pipe-jacking tunnel, and the maximum soil deformation acceleration is 2.08 m/s2 when the speed of the train is 45 km/h.
Based on the numerical simulation results discussed in Section 5.1, the vertical deformation law of soil mass at the top of the pipe-jacking structure was obtained as a function of vibration time at different train speeds (Figure 16). We observed that the deformation of the soil mass varied with train speed. The acceleration curve of soil deformation at different train speeds was obtained using the quadratic derivation of the displacement change (Figure 20). The average value of vertical acceleration during 45 km/h operation was calculated to be 1.92 m/s2, which is close to the measured value of 2.083 m/s2 with a deviation of 8.49%. This confirms the effectiveness of numerical simulations and field-measured data analyses. Furthermore, the peak acceleration of the building was <10.2 m/s2, indicating that the soil deformation was within the allowable range (TB 10002.3. Code for Design of Reinforced Concrete and Prestressed Concrete Structures of Railway Bridges and Culverts, 2005).
[image: Figure 20]FIGURE 20 | Temporal variations in the vertical acceleration of soil deformation at different speeds.
5.3.2 Comparative analysis of the structural response of the pipe-jacking tunnel
The pipe-jacking tunnel in Jingjiu Road underrunning the Longhai Railway line has a concrete strength of C50 and an impermeability grade of P8. As discussed in Section 4, the limiting values of tensile and compressive stresses of the pipe-jacking tunnel structure at repeated train loads were 2.17 and 18.425 MPa, respectively. In the analysis of the influence of train speed on dynamic response, the maximum tensile and compressive stresses of the pipe-jacking structure were 1.0699 and 2.1913 MPa, respectively, at 60 km/h speed. For train speeds in the range of 30–60 km/h, the structural stress of the pipe-jacking tunnel was within the design requirements, and the structure was in a safe-stress state.
6 CONCLUSION AND DISCUSSION
In this study, we monitored the dynamic characteristics of a shallow-buried pipe tunnel at the Longhai Railway line through the Ninth Road in Xi ‘an, China, and performed numerical simulations of the field tests. The dynamic response of the soil and structure around the pipe-jacking tunnel were studied with trains passing at an oblique intersection of 26.5° through the top of the tunnel at different speeds. The study results are as follows.
(1) At different train speeds (30, 45, and 60 km/h), vertical deformation was observed in the soil above the tunnel. Deformation was larger at higher speeds; however, the increase was only 1.04% (less than 10%), indicating that train speed had minimal effect on soil deformation.
(2) For train speeds in the range of 30–60 km/h, the maximum deformation rate of the soil layer above the pipe-jacking axis was 0.41%, and the vertical displacement of soil gradually decreased along the horizontal direction away from the pipe-jacking structure. The maximum attenuation rate was 93.9% within a 20-m distance. The peak acceleration was less than the standard limit value, and soil deformation was within the allowable range.
(3) As the train speed increased from 30 to 60 km/h, the maximum tensile and compressive stresses increased at rates of 0.037% and 0.128%, respectively. The tensile stress was less than the limiting stress of the pipe-jacking structure, and therefore, the structure was in a safe-stress state. Furthermore, speed variations had a negligible effect on the stress of the pipe-jacking structure.
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On the basis of the Zhonghe Tunnel project of the An-Lan Expressway, the objective of this study was to determine the appropriate method of calculating the steel arch load and stress release rate during numerical simulation. First of all, based on the monitoring results of six similar tunnel sections where the surrounding rock exerts pressure on the steel arch, using time functions, the rock pressure time history curve could be fitted, two formulas for calculating stable rock pressure in deep tunnels were compared, and the calculation model suitable for the Zhonghe Tunnel project was constructed. Then, a simulation of the Zhonghe Tunnel was performed using Flac3D, and stress release was simulated using the Mana method. By comparing the surrounding rock characteristic curves and the initial support characteristic curves under different stress release rates, the impact pattern of the stress release rate on the support load was summarized, and an appropriate excavation stress release rate was determined based on the stable rock pressure value calculation. It was found that the Zhonghe Tunnel rock pressure calculation model could better depict the change in rock pressure over time based on the empirical formula and Weibull time function. A prediction of the steel arch load of the Zhonghe Tunnel could be made using this method, and the stress release rate of the numerically simulated rock excavation was determined to be 0.5. This study thus provides a basis for the future internal force analysis and support parameter design of support systems.
Keywords: deep tunnel, soft rock, surrounding rock pressure, time function, stress release rate
1 INTRODUCTION
The tunnel engineering industry plays a vital role in transportation. Recent years have seen tunnel engineering develop vigorously in China’s vast engineering construction projects, which are leading to deeper, longer, and larger tunnels. In the case of deep soft rocks, analyzing the stress characteristics of supporting structures and the pressure distribution in surrounding rock plays a critical role in the safe construction and operation of tunnels.
During the early construction of a deep soft rock tunnel, the steel arch is the main structure supporting its weight. In support design, the load acting on the support is an essential parameter. To reasonably design and construct a tunnel support system, the surrounding rock pressure must be determined first (Sakurai, 1978). A rapid development of rock mechanics theory and practice has been achieved through the continuous efforts of researchers (Liu et al., 2020; Liu et al., 2022; Xue et al., 2023a; Xue et al., 2023b; Liu et al., 2023). At present, the field test, indoor model test, numerical simulation, and limit theory are among the main research methods for determining surrounding rock pressure (Lei et al., 2014). The Platts theory, Caquot formula, Terzaghi theory and formulas recommended in China’s codes for railway and highway tunnels design are commonly used for calculating tunnel rock pressure (JTG 3370. 1-2018, 2018; Shen and Chen, 2015; TB 10003-2016, 2016). Noteworthily, in the complex and diverse environment of rock pressure, many theories have different conditions and scopes for application (Tong, 2020).
Many scholars have studied rock pressure evolution characteristics by means of field measurement and numerical simulation. Sakurai (1978) pointed out that rock pressure generally increases over time, and the change in the pressure is caused by the time-dependent changes in materials’ mechanical properties and also by the advance of the tunnel working face. Three typical stages of surrounding rock pressure evolution were identified by Zhou et al. (2021): rapidly growing, decelerating, and basically stable. The measured data of Tian et al. (2022) showed that surrounding rock pressure evolved with time, and the construction stage would cause the fluctuation of its time history curve, which finally tended to a stable value. Liang et al. (2020) explored the overall distribution characteristics of pressure on rock tunnels by statistically analyzing 71 monitoring sections of 39 tunnels in the past 20 years. The authors believed that the tunnel surrounding rock pressure had an obvious time effect, and its time history curve mainly presented a three-stage feature of “rapid growth—slow growth—gradual stabilizing,” which generally stabilized about 40 days following tunnel excavation.
In order to determine the tunnel rock pressure, a number of factors need to be considered: the depth of burial, the span, the length of the tunnel, and the formation mechanics (Tong, 2021). For this reason, a project similar to the Zhonghe Tunnel was selected by this paper for research. The three-step construction method was employed to build the six tunnels surrounded by grade IV (V) rock. It was buried about 200 m deep with a span of 12–15 m and a height-to-span ratio of about 0.80 (Zhu, 2008; Wang, 2016; Ye et al., 2019; Chen et al., 2020; Han et al., 2021; Wang et al., 2021). This study analyzed the rock pressure distribution of the selected tunnels, calculated the stable pressure value using the normative empirical formula and Platts formula, introduced the logistic and Weibull time functions to fit the time history curve of the measured wall rock pressure, and compared and determined a more suitable fitting formula. Then, the load distribution pattern of the initial support under different excavation stress release rates was simulated by Flac3D, and the stress release rate of the Zhonghe Tunnel was determined according to the theoretically calculated value, thus providing a basis for the subsequent internal force analysis and support parameter design of tunnel structures.
2 A TIME-BASED METHOD OF CALCULATING SURROUNDING ROCK PRESSURE
2.1 A model for calculating the pressure around surrounding rocks
Time functions are a type of dimensionless function with time as the independent variable and the [0, 1] interval as the value range, controlling the curve shape and variation characteristics of the functions through relevant parameters (Dun et al., 2022). Once the research section has achieved stability, q can be used to represent the stability pressure value on tunnel rock, and [image: image] is used to represent a time function; then, the rock pressure in tunnels at a given time t can be expressed by Eq. 1. It can be seen that q determines the convergence value of the pressure curve and has no direct effect on the curve’s change trend.
[image: image]
The time function is often used to predict surface settlement. Common time functions include Knothe (Knothe, 1952), Sroka–Schober (Kwinta et al., 1996), normal distribution (Gonzalez-Nicieza et al., 2007), the Weibull model (Weibull, 1951), logistic model (Verhulst, 1838), and MMF model (Morgan et al., 1975). Among them, the logistic model can fully describe the occurrence, development, maturity, and stable growth process; Weibull models are widely used in many fields due to their ability to adapt to a variety of sample data types (Almalki and Nadarajah, 2014). Therefore, these two commonly used time functions were substituted into Eq. 1 to fit the measured data:
1. Logistic model:
[image: image]
where x0 and p are influencing parameters related to geological mining conditions.
2. Weibull model:
[image: image]
where a and h are model parameters related to the properties of overlying rock and soil layers.
2.2 An analysis of surrounding rock pressure’s stability value
The calculation formulas for the deep single-hole tunnel arch rock pressure are provided in the Highway Tunnel Design Code (JTG/, 2010; Gao et al., 2019) as follows:
1. Empirical formula:
[image: image]
where [image: image] is the equivalent height of the load; [image: image], [image: image], and [image: image] represent the rock mass classifications, unit weight, and the excavation width maximum for tunnels, respectively; [image: image] represents the factors affecting width. As B increases or decreases by 1 m, i is the increase–decrease rate of rock pressure in tunnel, and when B is less than 5 m, [image: image], while when B is greater than 5 m, [image: image].
2. Platts formula:
[image: image]
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Specifically, [image: image] for hard rock; [image: image] for softer rock; [image: image] for loose soil or extremely broken rock; [image: image] for cohesive soil or loess.
Among them, [image: image], [image: image], and [image: image] represent the span of the balance arch in the tunnel, spacing between tunnel excavation, and projected horizontal width of the fracture surface on each side, respectively; [image: image] and [image: image] represent the tunnel excavation height and distance from the fracture surface to the wall foundation, respectively; [image: image] and [image: image] represent the computed friction angle and Platts firmness coefficient around the rock, respectively; [image: image] represents the rock mass’ saturated strength in compression.
According to the Platts formula, rock pressure surrounding the tunnel is primarily determined by its span and height, its cohesion, and its internal friction angle. In empirical calculations, only the excavation span and rock grade are taken into account. There is no consideration of tunnel depth in the formulas above. The depth of tunnels and rock pressure are related in practical engineering.
Based on similar engineering profiles, measurements of surrounding rock pressure at the vault position were collected under conditions of grade IV (V) surrounding rock and step method construction. The constant value after section excavation and support was chosen as the stable rock pressure value. Using the above two formulas, the pressure value of surrounding rock can be determined and then compared to the measured stability value. As can be seen in Table 1, the rock pressure was statistically analyzed.
TABLE 1 | Results of surrounding rock pressure calculation compared.
[image: Table 1]In Table 1, the measured rock pressure is compared with the theoretical calculation results. The result shows that the Platts’ formula calculates rock pressure values that are smaller than the empirical formula calculations. In comparison with the surrounding rock’s pressure stability value, the calculated value of the Platts formula is closer to the measured stability value with a smaller buried depth, and the calculated value of the empirical formula is more consistent with the measured stable value with greater buried depth.
2.3 Model assessment and selection
Six groups of surrounding rock pressure data from five tunnels were selected, and a summary of the tunnels’ basic parameters can be found in Table 2. Firstly, the rock pressure value in comparison to the measured value following stabilization was calculated, and an appropriate calculation formula for the convergence value of the pressure curve was selected. Then, time-dependent changes in rock pressure were fitted using two time functions. The fitting curves are shown in Figure 1.
TABLE 2 | Surrounding rock pressure and time fitting parameters.
[image: Table 2][image: Figure 1]FIGURE 1 | Time functions fitting curve of surrounding rock pressure.
Based on Table 1, the normative empirical formula produces a greater agreement between the measured and calculated rock pressure, so Eq. 4 was selected to calculate q in the model. As can be seen from Figure 1, pressure–time curves around surrounding rocks can be categorized into three types: the “steep increase—gentle” type (see Figures 1A, B), the “slow increase” type (see Figures 1C, D), and the “slow decrease” type (see Figures 1E, F). Both the logistic and Weibull models could well fit the first two types of surrounding rock pressure curves, while the third type (see Figures 1E, F) could only be fitted by the Weibull model; thus, the Weibull model has a wider scope of application. Consequently, Eq. 3 was selected for calculating [image: image] in the model, namely, the model expression is Eq. 9. This model could predict the surrounding rock pressure of similar projects. For the Zhonghe Tunnel, displacement monitoring curves can indicate the type of rock pressure curve around a feature, and then the fitting parameters can be determined by selecting the tunnels with similar burial depth, span, and height–span ratio.
[image: image]
3 DETERMINATION OF STRESS RELEASE RATE
3.1 Project overview
The Zhonghe Tunnel is located near Yanba Town, Hanbin District, Ankang City, Shaanxi Province. It belongs to the fourth section of the An-Lan Expressway, passing through several mountains. The surrounding rocks are classified as grade IV and V. The tunnel burial depths are approximately 300 m, and end-wall entrances and exits are both present. The width of the excavation is 13.6 m, and the height of the excavation is 10.66 m. Excavations were conducted in three steps, with the upper step excavating at about 3.8 m high, the middle step at about 3 m, and the lower step at about 3.86 m. Specifically, the support for the lower step and the inverted arch were excavated at the same step, and the excavation schematic diagram is shown in Figure 2.
[image: Figure 2]FIGURE 2 | Schematic layout of the tunnel excavation with 3 steps.
The mileage section between ZK20+620 and ZK20+820 of the grade IV rock surrounding the Zhonghe Tunnel on the left, with a burial depth of 170 m, was chosen as the object of research. Several mechanical properties were determined by uniaxial testing of the nearby rock (see Table 3). In this section, an I20a steel I-shape + concrete mortar spray layer with a thickness of 26 cm and 42 m feet-lock anchor pipe setting angle of 40° provide the initial lining of the surrounding rock.
TABLE 3 | Parameters of the surrounding rock and the supporting structure.
[image: Table 3]3.2 Model establishment
The model was 120 m × 100 m × 60 m in size, as shown in Figure 3. It was constrained horizontally at the left and right edges and vertically at the bottom, and the vertical stress of 2.45 × 106 Pa was applied to the model’s surface to simulate the self-weight of overlying rock and soil. Mohr–Coulomb was selected for the rock mass calculation model, the steel arch was simulated by using the beam element, the reinforcing mesh + shotcrete was simulated by the liner element, and the secondary lining was simulated by the solid element of the elastic constitutive model. Liner and rock contact surfaces would be generated automatically, which could simulate the shear slip, closed tension, and other interactions between the liner and rock. The normal spring was set between the liner element and the wall rock to simulate the separation and closure of the support. The pressure borne by the normal spring could be regarded as the force acting on the initial support by the wall rock. The numerical simulation parameters of the rock and the supporting structures can be found in Table 3, and the contact surface parameters of the liner element can be found in Table 4.
[image: Figure 3]FIGURE 3 | Numerical model of the Zhonghe tunnel.
TABLE 4 | The contact surface parameters of the liner element.
[image: Table 4]3.3 Data analysis and stress release rate determination
Using a reversed stress release method, the Mana method, this study simulated the stress release process (Abi et al., 2016), as shown in Figure 4, where P0, P*, and Pc represent the self-weight stress, virtual support effect, and stable support load of the primary reinforcement, respectively. Initially, the model’s self-weight stress field was computed (see Figure 4A). Then, the tunnel was excavated, and the unbalanced force of the nodes around the tunnel was extracted to perform the stress release of the virtual support (see Figure 4B). Finally, the initial support was applied (see Figure 4C), the virtual support force was removed (see Figure 4D), and the preliminary support and wall rock interaction were calculated. With a stress release rate of 0.3, the virtual support force was set as 0.7 times the unbalanced force. All monitoring data were collected under one cycle footage. Figure 5 exhibits the characteristic curves of the wall rock and the primary reinforcement without considering the stress release and under different stress release rates. Figure 6 shows the comparison of the simulated and measured values of the vertical displacement of the steel arch roof without considering the stress release and under different stress release rates. Figure 7 shows the comparison of the axial stress of a steel arch under different stress release rates.
[image: Figure 4]FIGURE 4 | Simulation of the stress release process with the Mana method.
[image: Figure 5]FIGURE 5 | Characteristic curves of the surrounding rock and primary lining.
[image: Figure 6]FIGURE 6 | The comparison and verification of radial displacement of a steel arch roof.
[image: Figure 7]FIGURE 7 | Axial stress distribution of steel arch under different stress release rates.
Figure 5 reveals that a steeper characteristic curve for surrounding rock occurs at greater stress release rates, indicating that the faster the rock stress release, the lower the final stress point. The support curves intersected with the wall rock characteristic curves at the same point, and the shapes of the initial support characteristic curves were the same under different stress release rates. The release rates increased as pressure on the initial support decreased. A load of 195 kPa was applied to the initial support without setting a stress release rate; a 0.3 stress release rate resulted in a 180 kPa support load, and a 0.5 stress release rate resulted in a 156 kPa support load, which is close to the rock pressure value of 152.24 kPa calculated by the empirical formula for highway tunnels, and this is the closest match between the vertical displacement of steel arch roofs and the measured value (see Figure 6). Therefore, the stress release rate of 0.5 should be selected for numerical simulation of the Zhonghe Tunnel.
Figure 7 illustrates the point: 1) By using the three-step method to excavate, the axial stress of the arch roof is larger, the lateral walls are smaller, and the invert is the smallest under different stress release rates. 2) There is a stress concentration at the joint point of the step arch feet caused by the step construction and anchor pipe application. 3) A comparison is made between the axial stress of the steel arch under the three stress release conditions. The arch axial stress of the arch roof is 178.44 MPa without stress release. At a 0.5 stress release rate, it decreases to 103.12 MPa, which is more economical and reasonable.
4 CONCLUSION

1. For deep soft rock tunnels, the monitoring data concerning surrounding rock pressure can be well fitted with time functions, of which the Weibull model is more applicable and can better simulate the time history curve of rock pressure with different trends around the rock.
2. A similar project’s rock pressure was measured and statistically analyzed, and the proximity of rock pressure has been calculated using an empirical formula and Platt’s formula as listed in the Highway Tunnel Design Code. The results show that the stable value calculated by the empirical formula matches the measured pressure more closely most of the time, thus verifying the suitability of using the normative empirical formula to estimate the rock pressure surrounding the Zhonghe Tunnel.
3. Simulating the stress release process of the surrounding rock excavation has been achieved using the Mana method. The surrounding rock characteristic curves and support characteristic curves were drawn when the stress was released at different rates, and the effects of the stress release rate on the initial support load have been discussed. Finally, the stress release rate of the Zhonghe Tunnel has been determined according to the calculated pressure and verified by the vertical displacement of a steel arch roof, thereby shedding light on the reasonable load conditions for subsequent numerical simulations of supporting structures.
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Surrounding rock pressure is a crucial parameter in tunnel engineering design, and its calculation is a classic challenge. The surrounding rock pressure is influenced by geostress, but existing calculation methods often do not take into account the effect of geostress. In this paper, finite discrete element method (FDEM) is used to study the design values of tunnel surrounding rock pressure under different geostress fields. Firstly, a set of calibration methods for input parameters of FDEM is summarized based on previous studies. Then, taking a high-speed railway tunnel in IV-level surrounding rock as an example, the excavation-induced failure process of the tunnel under the influence of gravity stress field and geostress field is simulated using the FDEM. By comparing the results with those of the finite element method simulation, the rationality of applying FDEM to the simulation of tunnel excavation is demonstrated. Next, a calculation method of surrounding rock pressure design value based on FDEM is proposed by introducing tunnel displacement criterion, and its validity is verified by comparing with the results of the theoretical formula. Finally, the surrounding rock pressure design values under different geostress are analyzed by using this calculation method. The results show that there are significant differences between the gravity stress field and the geostress field in the maximum principal stress distribution, failure zone form and crack distribution. The geostress directly influences the design value of surrounding rock pressure. As the geostress varies from 4MPa to 12MPa, the corresponding design value increases from 49KPa to 1,288KPa, illustrating a quadratic relationship between them. With the corresponding design support force, the displacement of the surrounding rock is controlled within a reasonable range, ensuring the stability of the tunnel is maintained.




Keywords: FDEM, surrounding rock pressure, design value, state of surrounding rock, geostress




1 Introduction

The surrounding rock pressure is the foundation of tunnel design, construction and operation, and it is also the main factor affecting project costs (Ding et al., 2022; Keawsawasvong et al., 2022). The study of surrounding rock pressure has always been an important research subject in tunnel engineering and one of the most concerned problems in the engineering. However, due to the complexity of geological conditions, variations in construction methods, differing supporting parameters, and spatio-temporal effects, accurately determining the surrounding rock pressure is challenging (Wu et al., 2019; Liu et al., 2022; Zhang et al., 2022; Liu et al., 2023).

Various methods for calculating surrounding rock pressure are commonly used in practice. For example, (1) Q system and RMR system based on surrounding rock classification system comprehensively consider a variety of factors affecting surrounding rock pressure, and are mostly suitable for deep buried rock tunnels, but these methods have strong subjectivity in the value of calculation parameters (Lee et al., 2018). (2) Code for Design of Railway Tunnel (TB10003-2016) provides a formula for calculating surrounding rock pressure of deep-buried tunnels based on landslide statistics. However, this method does not consider the influence of burial depth. (3) The theoretical calculation methods of surrounding rock pressure based on circular tunnel, such as Caquot formula, Fenner formula (Cai, 2002) and Kastner formula (Cheng, 2012), etc., are mostly based on the research of deep buried circular tunnel, without considering the influence of surface load and boundary. In summary, most of the existing calculation methods of surrounding rock pressure have their limitations, and a universal method is needed.

Numerical simulation is a widely used research method in rock mechanics, which includes continuous and discontinuous methods. Many scholars have applied these two methods to study surrounding rock pressure and obtained fruitful results. For instance, the distribution law of surrounding rock pressure under different tunnel sections and different geological environments is studied by continuous method (Zhang et al., 2020; Ding et al., 2021; Qiu et al., 2022). The discontinuous method is used to investigate the influence of discontinuous conditions such as joints and faults on the surrounding rock pressure distribution, and some useful conclusions are obtained (Sun et al., 2018; Xue et al., 2019; Lee et al., 2021). However, the continuity requirement of the deformation equation limits the capability of the continuous method to deal with discontinuous materials such as rocks. Moreover, the discontinuous method has low calculation efficiency and high cost when analyzing actual projects (Liu et al., 2019; Liu et al., 2020). To overcome these limitations, scholar Munjiza proposed the finite discrete element method (FDEM), which combines the advantages of both methods and has shown promising results in simulating the crack initiation and propagation of rock-like brittle materials (Munjiza et al., 1995; Munjiza et al., 1999; Munjiza, 2004). The correctness and effectiveness of FDEM have been confirmed through laboratory and engineering scale simulations. FDEM has been widely applied in various fields including tunnel excavation (Lisjak et al., 2014; Lisjak et al., 2015a) and support (Lisjak et al., 2015b), surrounding rock reinforcement (Liu et al., 2019), slope stability analysis (Zhong et al., 2022), hydraulic fracturing (Yan and Zheng, 2017a; Yan and Zheng, 2017b), rock fracture acoustic emission (Lisjak et al., 2013; Zhao et al., 2015), complex rock block modeling (Yan et al., 2015), uniaxial compression (An et al., 2022), triaxial compression (Song et al., 2022), Brazilian splitting (Zhang et al., 2021), direct shear test (Min et al., 2020), rock thermal failure (Yan and Zheng, 2017c) and blasting failure (Trivino and Mohanty, 2015). However, the application of FDEM in studying surrounding rock pressure is still limited.

Geostress is the original force existing in the rock mass in nature, and also the fundamental force leading to the deformation and failure of underground engineering, which determines the basic mechanical properties of geotechnical mass (Zhang et al., 2018). It is necessary to analyze the stress state of surrounding rock and its influence on the stability of surrounding rock. At the same time, the study of the influence law of geostress on tunnel surrounding rock pressure can provide reference for improving the tunnel support method and analyzing the mechanism of surrounding rock pressure. FDEM has been utilized to investigate the internal force distribution and failure of the surrounding rock after tunnel excavation under different stress states (Han et al., 2021; Deng et al., 2022). However, there are few researchers who have used FDEM to conduct research on the influence of geostress on the surrounding rock pressure design value.

Therefore, based on the FDEM, this paper puts forward the idea of using the surrounding rock pressure design value as the design supporting force to solve the problem that the actual surrounding rock pressure is difficult to determine. Based on the correct calibration of the calculation parameters of FDEM, the excavation failure process of high-speed railway tunnel in IV-level surrounding rock is simulated under the gravity stress field and geostress field. And a method for calculating the surrounding rock pressure design value based on FDEM is proposed by introducing the tunnel displacement criterion, and its validity is verified. Finally, this method is used to analyze the surrounding rock pressure design value under different geostress. This study can provide theoretical basis for the design and construction of tunnel engineering.




2 The fundamentals of FDEM

FDEM discretizes the material into triangular elements of constant strain and incorporates 0-thickness quadrilateral joint elements as bonding agents along the common sides of adjacent triangles (Figure 1). Assuming that the triangular element is always in an elastic strain state without fracture, deformation stress is calculated via the generalized Hooke’s law. Plastic deformation and fracture of the material are determined by the tensile and shear displacements of the joint element. Upon reaching the corresponding limit values, the joint element fails and generates a micro-crack, while the triangular elements on both sides of the joint element transition from a bonding to a contact state. The principle of FDEM is as follows (Munjiza, 2004).




Figure 1 | Meshing principle of FDEM.





2.1 Dynamical equation of FDEM

The dynamic equation of FDEM is solved by applying Newton’s second law, and the equation for the nodes is solved using the Euler method:

 

where,   is the mass matrix of all element nodes in the system.   represents the unbalanced force vector of nodes. The damping matrix   is introduced in order to consume the kinetic energy of the system. According to Formula (1), coordinates and velocities of nodes of triangular elements in each time step are calculated by central difference method, and the formula is as follows:

 

 

where,   represents the total node force,   is the time step, and   is the mass of the node, which is one third of the mass of the element.




2.2 Contact stress of triangular element

Under external loading, contact between triangular elements will occur, resulting in the generation of contact forces. FDEM utilizes a contact force calculation method based on potential, which facilitates the treatment of point-to-point contact problems. The contact stress of the triangle is influenced by both the contact penalty value and the area and shape of the triangles in contact, as illustrated in Figure 2. The formula for calculating contact stress using this method is as follows:




Figure 2 | Contact between active element and passive element. Capital letters indicate different contact relationships.



 

where   denotes the normal contact penalty value,   represents the boundary of the overlapping region between active element   and passive element  , while   and   respectively represent the potential of the two elements. Additionally,   represents the outer normal vector of the overlapping region boundary.




2.3 Stress of triangular element

In FDEM, the strain and stress of the triangular elements are computed using the finite element method. As the triangular constant strain element is employed, stresses within the element remain uniform. Once the stress   of the deformed triangular element is calculated, the equivalent nodal force vector resulting from the element deformation on each side of the triangular element can be determined using the following formula:

 

where   is the outer normal unit vector of the edge of the triangular element,   is the side length of the edge of the element, and 1/2 means to distribute the force equally between the two nodes of the edge.




2.4 Stress of joint element

The quadrilateral joint element is capable of withstanding compressive, tensile, and shear stresses. When the joint is subjected to stretching, compression, or sliding, normal and tangential stresses will arise in the joint element. The stress value is solely dependent on the relative tensile distance  , slip distance  , joint penalty value  , tensile strength  , and shear strength  , as depicted in Figure 3. The specific calculation formula is as follows:




Figure 3 | Failure mode of joint element. (A) Tensile failure. (B) Shear failure. (C) Tensile-shear mixed failure.



(1) In the unyielding state:

 

 

where,   is the normal stress;   is shear stress;   and   are joint tensile and slip amounts at peak stress respectively, specifically,  ,  , and   is the minimum size of the element.

(2) In the yield state:

 

 

in the formula,   is the loss factor and   is the softening coefficient of the material. The relevant value and calculation method are relatively complex, and the specific content can be found in the relevant literature (Yan and Zheng, 2017a).





3 The numerical model



3.1 Engineering context

Wufeng Tunnel is a high-speed railway tunnel with a designed speed of 350km per hour. The length of the left line of the tunnel is 15471m, and the tunnel body mainly passes through Silurian shale and silty sandstone (Figure 4). And the surrounding rock of the left line of the tunnel is mainly IV-level. The lithology of the stratum in which the tunnel is situated is intricate and varied. The tectogenesis of the stratum is also evidently dynamic, while the engineering geological conditions are relatively complex. The construction process may encounter geological issues such as rockfalls and large deformation of soft rock. Furthermore, the mountainous terrain is characterized by substantial undulations, and the burial depth of the tunnel varies significantly, resulting in a complicated geostress environment for the tunnel. Therefore, it is essential to factor in the influence of geostress factors when devising the tunnel’s design and construction plan.




Figure 4 | Geological profile.






3.2 FDEM calculation model of tunnel excavation

A high-speed railway tunnel model with a design speed of 350km/h and a buried depth of 200m in the IV-level surrounding rock is established, as shown in Figure 5. The model size is 135m×160m (width × height), in which the tunnel span is 14.7m and the tunnel section height is 12.23m. The distance between tunnel and model boundary is 5 times the span of tunnel, which is sufficient to eliminate the influence of boundary conditions on model excavation. To reduce the scale of the model and accelerate numerical calculation, the stress boundary was applied on the top surface of the model, making the equivalent buried depth of the tunnel equal to 200m. At the same time, the side of the model is set as the normal displacement constraint boundary, and the bottom surface is set as the full constraint boundary. Tunnel excavation is simplified to the excavation of the whole section at one time. In order to improve the accuracy of the calculation results, mesh refinement was carried out around the excavation section of the tunnel. The mesh size   around the tunnel was set at 0.25m, and   gradually increased to 2.5m from the refinement area to the boundary. Surrounding rock and tunnel were divided by Delaunay triangle with 24,452 nodes and 49,494 elements.




Figure 5 | FDEM model. (A) Tunnel section. (B) Schematic diagram of the model.






3.3 Mechanical parameters

This study primarily focuses on the IV-level surrounding rock. According to the relevant engineering practice, the rock mass is assumed to be a continuous uniform medium. To ensure the research results are widely applicable, this paper refers to the value range of mechanical parameters of surrounding rock provided by Code for Design of Railway Tunnel (TB10003-2016), and utilizes the lower one-third of the value range. Specific mechanical parameters are shown in Table 1.


Table 1 | Values of mechanical parameters of surrounding rock.






3.4 Parameter calibration

Before using FDEM to simulate tunnel excavation, it is necessary to calibrate the calculation parameters. Previous studies pointed out that parameter calibration can be conducted by comparing the results of numerical simulation with those of laboratory uniaxial compression and Brazilian splitting test (Tatone and Grasselli, 2015). When the failure mode, strength value, elastic modulus, Poisson’s ratio and stress-strain curve obtained by simulation are consistent with those obtained by laboratory test or the deviation is within a certain range, It is deemed that this set of input parameters used in the simulation is reasonable. At the same time, this also implies that the final parameter calibration results are not unique, allowing the relevant parameters to have a range of adjustment, within which the simulation results and laboratory results can be well consistent.

The calculation parameters of FDEM can be divided into four categories: (1) calculation control parameters, such as calculation time step  ; (2) triangle element parameters, including elastic modulus  , Poisson’s ratio  , material density  ; (3) Parameters of quadrilateral joint elements, including cohesive force  , internal friction angle  , tensile strength  , Mode I fracture energy   and Mode II fracture energy  ; (4) Contact parameters of triangular element, including normal contact penalty  , tangential contact penalty   and fracture penalty  . Among these parameters, the macroscopic parameters (such as elastic modulus  , Poisson’s ratio  , density  , cohesive force  , internal friction angle  , and tensile strength  ) directly utilize values obtained from laboratory tests (Liu et al., 2019; Deng et al., 2022). The contact parameters define the contact stiffness between finite elements and control the limit distance of embeddedness and slip between elements. By setting a high penalty value, the tip deformation of joint elements and relative displacement between contact pairs can be effectively reduced, thereby improving the calculation accuracy. However, to ensure calculation stability, a small-time step should be selected, which will increase the computational workload dramatically. It has been founded that when   and   are set to 1 times the elastic modulus, and   is set to 100 times the elastic modulus, a good balance between calculation accuracy and cost can be achieved, and the simulation results can be ideally obtained (Yan et al., 2021; Wang et al., 2022). Based on the above parameters, the values of fracture energy   and   are adjusted constantly, and the simulation results are compared with the laboratory and theoretical results. Finally, the input parameters of the tunnel model are determined as shown in Table 2. The numerical model is calculated using MultiFracS, which is a FDEM software developed by Chengzeng Yan (Yan et al., 2021).


Table 2 | Calculation parameters of the tunnel model.







4 Failure process of tunnel after excavation



4.1 Failure process of tunnel after excavation under gravity stress field



4.1.1 Distribution of maximum principal stress

After the excavation of the tunnel, the maximum principal stress of surrounding rock is approximately symmetrical, and the maximum value appears at the vault, inflected arch and side wall. Figure 6A illustrates the distribution of the maximum principal stress of the model after geostress equilibrium. As a whole, the tunnel model is under pressure, and the maximum principal stress is approximately linear along the depth direction. After tunnel excavation, the surrounding rock is affected by excavation unloading effect, and the value of the maximum principal stress around the excavated section is greatly reduced, as shown in Figure 6B. The far end of the excavated section is less affected, and the maximum principal stress does not change. With the continuous action of the excavation disturbance, the stress disturbance area radiates annular from the excavation section. And the stress above and below the tunnel excavation section is symmetrical, as is the stress on the left and right sides, as shown in Figure 6C. At the 20,000th time step after tunnel excavation, the surrounding rock reaches the strength limit, and a crack germinates from the arch foot of the tunnel section. Meanwhile, the crack propagation in turn affects the distribution of the maximum principal stress, resulting in the stress concentration near the crack tip. The stress concentration phenomenon will induce the crack to continue to develop, so that the crack continues to expand to the deep of the rock mass (Figure 6D), and the location of the maximum principal stress concentration also moves to the deep of the rock mass simultaneously. Finally, the model is calculated to be convergent, cracks fully develop and expand, large deformation occurs on both sides of the spandrel, collapse happens at the vault, slight uplift occurs in the inflected arch, and tension areas are formed in the vault and inflected arch (Figure 6E). At this time, the maximum principal stress distribution tends to be stable, and the maximum principal stress is still symmetrically distributed about the center line of tunnel with the phenomenon of stress concentration.




Figure 6 | Nephogram of maximum principal stress of tunnel after excavation under gravity stress field. (A) Geostress equilibrium. (B) 10,000 time steps. (C) 20,000 time steps. (D) 110,000 time steps. (E) 300,000 time steps.






4.1.2 Analysis of deformation process of surrounding rock after excavation

After excavation, the stress of rock mass in the tunnel is released, and the radial compressive stress provided by the rock mass in the cavern disappears, resulting in the surrounding rock to transition from a state of two-direction compressive stress to unidirectional compressive stress. And the stress borne by the rock mass in the cavern is transferred to the surrounding rock, causing the increase of tangential stress in the surrounding rock. In essence, tunnel excavation is a process in which tangential pressure of surrounding rock increases and radial pressure decreases. The surrounding rock breaks when the tangential stress exceeds the compressive strength corresponding to the radial stress. During the failure process after excavation, cracks and spalling occur on both sides of the side wall first, the fracture zone develops along the radial direction, and cracks extend and develop on both sides of the cavern (Figure 7A). Subsequently, the cracks continued to grow at the spandrel and intersected at the vault, resulting in settlement deformation of the vault with significant collapse (Figure 7B). Eventually, the surrounding rock breaks and expands, and the rock mass moves toward the center of the cavern, causing the deformation of the tunnel section and the reduction of the area.




Figure 7 | Deformation process of surrounding rock after excavation. (A) Radial convergent deformation of both side walls. (B) Large spandrel deformation and vault collapse.






4.1.3 Analysis of crack propagation process in surrounding rock

When the tunnel face was excavated, stress concentration occurred at the arch foot of the tunnel, and the crack was first generated at this position (Figure 8A). With the advance of tunnel excavation time, the stress concentration near both sides of the side wall intensifies, and the crack continues to expand to the deeper rock mass until the concentrated stress at the crack tip reaches the ultimate equilibrium state. As the whole surrounding rock is in a state of compression, the vertical geostress is much greater than the horizontal geostress, which makes the cracks mainly expand at the side wall, and the cracks are mainly tensile-shear mixed crack (Figure 9), showing a conjugate cross distribution (Figure 8B). After the shear crack has fully extended, the rock mass on both sides of the side wall gradually loosens and falls off, converging and deforming into the cavern. The broken rock blocks extrude each other, causing them to overturn into the cavern. This results in a decrease in stress in the fracture zone, forming a local tensile stress zone. Subsequently, cracks on both sides of the side wall gradually extended to the vault and intersected, causing the vault to collapse (Figure 8C). After tunnel excavation, the failure zone is mainly distributed in the spandrel, taking on an inverted V shape. Tensile cracks are the primary cracks in the shallow part of the surrounding rock, while shear cracks are the primary cracks in the deep. The conjugate shear angle gradually decreases and annihilates in the deep part.




Figure 8 | Crack propagation process of surrounding rock after excavation under gravity stress field. (A) 30,000 time steps. (B) 90,000 time steps. (C) 300,000 time steps.






Figure 9 | Variation of the number of cracks in surrounding rock after tunnel excavation under gravity stress field.






4.1.4 Comparison of simulation results of FDEM and finite element method

The finite element model with the same mechanical parameters and geometric dimensions as the FDEM model is established to analyze the tunnel stability, in which the surrounding rock adopts the Mohr-Coulomb constitutive model. The plastic zone distribution after tunnel excavation was calculated, and the specific simulation results are presented in Figure 10. By comparing the plastic zone and fracture zone calculated by both methods, it can be observed that the failure location and degree are essentially identical, and the contours of the failure area are in good agreement. This verifies the validity and rationality of FDEM for tunnel stability analysis. Moreover, FDEM successfully simulates the gradual transformation process of the surrounding rock from continuous to discontinuous under the influence of excavation unloading effect. It also reproduces the process of crack germination, propagation, and collapse in the process of tunnel surrounding rock failure after excavation, which is more consistent with the failure mode of tunnel surrounding rock as a discontinuous medium. The simulation results are more realistic, intuitive, and consistent with actual tunnel excavation failure mode.




Figure 10 | Comparison of simulation results of two methods. (A) Plastic zone calculated by finite element method. (B) Fracture zone calculated by FDEM.







4.2 Failure process of tunnel after excavation under geostress field



4.2.1 Simulation scheme for geostress research

The model of a high-speed railway tunnel with a design speed of 350km/h in IV-level surrounding rock is utilized. The ratio of the uniaxial saturated compressive strength ( ) of the rock to the maximum initial geostress ( ) in the vertical axis direction is used to reflect the initial geostress state, in accordance with the evaluation standard of the initial geostress state in the Code for Design of Railway Tunnel (TB10003-2016). Other calculation parameters are held constant, and the   value is varied to 1.5, 3, 4.5, 6, 7.5, and 9, resulting in a total of six working conditions. This is used to simulate three stress states: general stress, high stress, and very high stress.

Based on the engineering geological conditions of the Wufeng Tunnel, Silurian shale has been chosen as the representative rock for the tunnel surrounding rock. The uniaxial saturated compressive strength of the shale has been determined to be 18MPa based on engineering data and serves as the benchmark for calculations. And then the simulated working conditions under various initial geostress are confirmed (Table 3). Since the deep buried tunnel is mainly affected by geostress, gravity is not considered in the model. The application method of initial geostress is shown in Figure 11.


Table 3 | Simulation scheme of initial geostress (lateral pressure coefficient=1,  ).






Figure 11 | Schematic diagram of initial geostress field of tunnel.






4.2.2 Distribution of maximum principal stress

Three different conditions of geostress were chosen for analysis: general  , high  , and very high  . The simulation results are presented in Figure 12. When the geostress is low (Figure 12A), the tunnel’s surrounding rock can maintain a stable state following excavation, and the tension area is limited to within 2 meters near the tunnel section. Meanwhile, the excavation’s disturbance does not propagate deep into the surrounding rock, resulting in a small stress disturbance area. When   (Figure 12B), the surrounding rock collapses, causing the tunnel’s critical stable section to shift deeper. The distribution range of the tension zone increases to twice the tunnel diameter, and the stress disturbance zone caused by excavation forms an obvious evenly-distributed ring. When the geostress reaches a very high state ( , Figure 12C), the collapse range of the surrounding rock is further expanded, and the distribution range of the tension zone extends to three times the diameter of the tunnel. The stress disturbance caused by excavation also spreads to the boundary of the model. In conclusion, under a geostress field with a lateral pressure coefficient of 1, the stress value of the surrounding rock near the excavation section will sharply drop after excavation. The tension zone will appear near the excavation section, and the stress disturbance zone will be distributed annularly around the contour surface of the cavern. Then the surrounding rock stress gradually transition from tensile stress in shallow part to the original stress in deep part of tunnel face. Compared with the simulation results of gravity stress field, the maximum principal stress distribution in geostress field does not exhibit an obvious stress concentration phenomenon.




Figure 12 | Maximum principal stress distribution of the tunnel after excavation under different geostress fields. (A) Rc / σmax = 9. (B) Rc / σmax = 6. (C) Rc / σmax = 3.






4.2.3 Analysis of deformation process of surrounding rock under geostress field

The working condition with high geostress ( ) was selected for analysis, and the simulation results are presented in Figure 13. Following tunnel excavation, failure occurred around the tunnel face, and the overall failure form was circular. Initially, cracking and loosening occurred in the vault, side wall and inflected arch, and the fracture area gradually developed to the depth of surrounding rock (Figure 13A). The volume of rock block produced by shear crack cutting in deep surrounding rock increases gradually. Additionally, the deep crushed rock compresses the shallow rock, making the shallow rock turn over to the cavern (Figure 13B). The large overturning movement of rock blocks and the contact non-occlusion between the blocks make the surrounding rock produce the large deformation of crushing expansion in meter scale. Compared to the failure mode under the gravity stress field, the failure of the surrounding rock under the geostress field is influenced by both horizontal and vertical compressive stresses. There was significant uplift in the inflected arch and extensive collapse in the vault. Moreover, the failure zone of the surrounding rock exhibits no apparent directional preference. These observations suggest that the horizontal geostress plays a critical role in determining both the failure mode and the extent of surrounding rock.




Figure 13 | Displacement nephogram of surrounding rock under high geostress. (A) Surrounding rock begins to break. (B) Inflected arch uplift and vault collapse.






4.2.4 Crack propagation process of surrounding rock after excavation under geostress field

High geostress ( ) is selected for analysis. The simulation results demonstrate that the cracks produced due to tunnel excavation are primarily tensile-shear mixed crack, followed by shear cracks and a small proportion of tensile cracks. The overall distribution pattern of cracks appears to be annular and conjugate, with a higher density of cracks observed near the excavation section and a lower density in the deep surrounding rock. After the tunnel excavation, cracks appear in the shallow part of the surrounding rock due to the action of both vertical and horizontal geostress. These cracks are mainly tensile-shear mixed crack (Figure 14A). Subsequently, the cracks progressively extend to the depth of surrounding rock, with the maximum propagation depth being 30.4 m, approximately twice the tunnel’s equivalent diameter. The cracks observed in the deeper surrounding rock are mainly shear cracks, exhibiting a distinct conjugate distribution pattern (Figure 14B). Eventually, the shear angle of the crack decreases gradually and becomes annihilated along the depth direction, which leads to the cessation of failure of the surrounding rock.




Figure 14 | Crack distribution of surrounding rock under high geostress. (A) 12,000 time steps. (B) 36,000 time steps.






4.2.5 Comparison of tunnel failure conditions after excavation under different geostress fields

Figure 15 illustrates the failure of the surrounding rock after excavation under six different geostress conditions. It is observed that only at a geostress of 2 MPa, the surrounding rock can maintain the stability. Under all other conditions, the tunnel experiences deformations at the meter-level after excavation, and large deformations occur under very high geostress conditions. This emphasizes the critical role of the stress state of the tunnel in maintaining the stability of the surrounding rock. When the geostress is 2 MPa (Figure 15A), the displacement of the surrounding rock after excavation is limited to the millimeter level, indicating robust tunnel stability. It is noteworthy that the maximum displacement of the surrounding rock is concentrated at the vault and inflected arch, whereas the maximum displacement of the tunnel after excavation under the gravity stress field is generated in both sides of the side wall. This is due to the presence of horizontal geostress that alter the stress state of the cavern. Therefore, when the tunnel is located in an engineering rock mass with a significant geostress field, special attention should be paid to the stress on the vault and inflected arch during the design and construction process. As the geostress increases to 4 MPa (Figure 15B), the surrounding rock begins to collapse in the shallow section, with the failure area distributed evenly around the cavern contour, and the maximum failure depth reaching 7.4 m. When the geostress gradually increases to 4.8MPa and 6MPa (high geostress), the failure zone begins to propagate to the depth of the surrounding rock. The deep broken rock began to extrude the shallow rock, forcing the shallow rock to overturn to the cavern. The maximum depth of the corresponding failure zone reaches 16m and 25m respectively (Figures 15C, D). Under very high geostress (Figures 15E, F), the failure zone of surrounding rock further radiates outward, and the maximum depth of the failure zone under 8MPa and 12MPa conditions reaches 31 meters and 42 meters respectively. Meanwhile, the surrounding rock at the excavated section is more broken, and loose and collapsed rock blocks jam the entire tunnel face.




Figure 15 | Failure of the tunnel after excavation under different geostress fields. (A) 2MPa. (B) 4MPa. (C) 4.8MPa. (D) 6MPa. (E) 8MPa. (F) 12MPa.



In general, the IV-level surrounding rock can maintain a certain stability after excavation under general geostress conditions. However, as geostress increases, a failure zone appears around the excavation section and gradually develops deeper into the surrounding rock. At very high geostress conditions, the failure zone can extend more than three times of the tunnel diameter. At this point, the rock generated from collapse completely blocks the cavern, resulting in the overall collapse and destabilization of the tunnel.






5 Influence law of geostress on surrounding rock pressure design value

The determination of surrounding rock pressure is a fundamental problem in tunnel engineering. The calculation theory for this problem has gone through three stages: classical pressure theory, loose media pressure theory, and elastic-plastic pressure theory. Despite numerous achievements made by scholars in this field, the calculation method for surrounding rock pressure still has limitations due to the complexity and randomness of rock mass properties, geostress, boundary conditions, and construction methods. When using the traditional safety factor method for design, only the most unfavorable situation of surrounding rock pressure needs to be found (Xiao, 2020). Therefore, this paper proposes using the design value of surrounding rock pressure as the design support force to solve the problem that the actual surrounding rock pressure is difficult to determine. Additionally, this paper analyzes the impact of geostress on the design value of surrounding rock pressure.



5.1 Calculation method of surrounding rock pressure design value



5.1.1 Calculation principle

Based on the strength reduction method, the FDEM is utilized to determine the required minimum supporting force for maintaining the equilibrium of the failure zone of the surrounding rock at the tunnel vault. Then 1.4 times of the minimum supporting force is taken as the design value of surrounding rock pressure. Figure 16 shows the schematic diagram of the calculation principle of the design value of surrounding rock pressure. The specific steps are as follows:




Figure 16 | Schematic diagram of calculation principle of surrounding rock pressure design value.



(1) A numerical model of FDEM is established. Considering the weakening effect of groundwater, joint surface and other factors on the strength of surrounding rock, the strength of mechanical parameter of surrounding rock is reduced, and the reduction coefficient is generally 1.15 (Xiao, 2020). After the tunnel excavation, the model is calculated to converge, and the crack zone and failure zone of the surrounding rock are computed separately.

(2) The gravity of surrounding rock failure zone within the span of the cavern is calculated, and it is equivalent to the uniform load   along the span direction.

(3) Following the tunnel model described in (1) an excavation simulation is again conducted. Normal supporting force of initial value   is applied to the tunnel section, and the supporting force is gradually adjusted until there is no failure zone around the section. The supporting force is recorded at this point as the minimum supporting force  . Then, the horizontal load is calculated by multiplying the vertical load   with the lateral pressure coefficient.

(4) The design value   of the surrounding rock pressure is determined by multiplying the minimum supporting force with the safety factor k. k is usually greater than 1.4 and can be adjusted based on factors such as the importance of the engineering project and the degree of deformation control required.

In the above steps, the failure zone is identified based on displacement. When the displacement of the surrounding rock near the excavation section reaches a specific value, it is considered locally unstable and the failure zone is formed. The displacement criterion refers to the allowable relative convergence value around the cavern (Table 4) in the Technical Code for Engineering of Ground Anchorages and Shotcrete Support (GB50086-2015). The relative convergence value around the cavern represents the ratio of the measured displacement between two measuring points and the distance between them, or the ratio of the measured displacement of the vault and the span of the tunnel.


Table 4 | The allowable relative convergence value around the cavern.






5.1.2 Calculation of surrounding rock pressure design value

Taking a high-speed railway tunnel with a burial depth of 200m and a design speed of 350km/h in the IV-level surrounding rock as an example, the design value of surrounding rock pressure is calculated. After the tunnel excavation, the equivalent uniform load of gravity of the failure zone in the tunnel vault is calculated as 16kPa. Subsequently, excavation simulation is conducted again, followed by the application of supporting force, and the model is calculated until it converges. Finally, the supporting force is gradually adjusted until the surrounding rock no longer produces a failure zone after excavation.

The simulation results under different supporting forces are shown in Figure 17. When the supporting force is 16kPa (Figure 17A), the simulation results show that when the supporting force is small, the cracks will intersect at the tunnel vault, and the side walls on both sides will converge and deform towards the cavern. The surrounding rock around the cavern will collapse, and the excavation disturbance area will be large. With 25kPa supporting force applied (Figure 17B), the excavation disturbance area decreases significantly. Although cracks still appear at the vault and intersect at the right spandrel, no rock falls off from the rock mass. When the supporting force increases to 54kPa (Figure 17C), the excavation disturbance area is concentrated in a smaller region around the cavern. The cracks in the surrounding rock decreased obviously and mainly concentrated on both sides of the side wall. The cracks do not intersect at the vault, which remains stable, and no rock spalling occurs on both sides of the side wall. The relative convergence value of the tunnel is 0.99%, and the tunnel remains stable. Subsequently, the supporting force continues to increase, but the relative convergence value of the tunnel remains stable at about 1% (Figure 18), meeting the requirements of surrounding rock stability. Therefore, 54kPa is the minimum supporting force required for the high-speed railway tunnel.




Figure 17 | Deformation of cavern with different supporting forces. (A) 16kPa. (B) 25kPa. (C) 54kPa.






Figure 18 | Variation curve of relative convergence value of tunnel under different supporting forces.






5.1.3 Validity verification of calculation results

When the buried depth of the tunnel is no less than 10 ~ 15 times of the tunnel diameter, the formula for calculating the surrounding rock pressure is as follows for surrounding rock that conforms to the Mohr-Coulomb yielding criteria (Cai, 2002).

Vertical uniform load:

 

Horizontal uniform load:

 



where,   is the volumetric weight of surrounding rock;   is the lateral pressure coefficient of surrounding rock;   and   are the adjustment coefficients of surrounding rock pressure at the arch and side of the tunnel respectively; and   is the radius of the tunnel plastic zone at 45° when the supporting force   =0.  ,  , and   represent the initial stress, cohesive force, and internal friction angle of the surrounding rock respectively.   is the included angle with the horizontal axis of the tunnel;   is the radius of tunnel. If the section is not circular, the radius of the outer circle of the tunnel section is taken.   is the distance from the center of the outer circle of the tunnel section to the tunnel excavation face in the direction of 45°.

When applying the aforementioned theoretical formula to resolve the surrounding rock pressure, the outer circle of tunnel section should be taken as the equivalent circular tunnel first. Subsequently, the theoretical solution for the plastic zone of the equivalent circular tunnel is computed, along with the determination of the depth of the plastic zone in the 45° direction. The gravitational force exerted by the surrounding rock within this depth range serves as the fundamental value of the surrounding rock pressure at the top of the tunnel. Ultimately, the approximate value of the surrounding rock pressure is obtained by multiplying the fundamental value by the adjustment coefficient.

The relevant parameters of the tunnel model in Section 5.1.2 are applied to equations (10) and (12), resulting in the calculation of a surrounding rock pressure of 62 kPa at the top of the tunnel. Although slightly higher than the minimum supporting force determined by the FDEM method in Section 5.1.2, the two values are close. The differences in the calculation results between the two methods are primarily attributed to the parameter related to the importance of the tunnel, which is the adjustment coefficient in the theoretical formula, as well as the allowable relative convergence value around the cavern in the FDEM-based calculation method. When the allowable relative convergence value is set to 0.75%, the calculation results from both methods can be equal (Figure 18). Therefore, it is important to select an appropriate allowable relative convergence value based on the significance of the tunnel. This finding further validates the accuracy of the FDEM-based calculation method for determining the design value of surrounding rock pressure. Moreover, it should be noted that the theoretical formula can solely provide the surrounding rock pressure for a circular tunnel in a homogeneous stratum, whereas the FDEM-based approach allows for the determination of the design value of surrounding rock pressure under complex section and surrounding rock conditions.





5.2 Analysis of the design value of surrounding rock pressure under varied geostress



5.2.1 Calculation of design value of surrounding rock pressure under varied geostress

The calculation method, based on FDEM as proposed in Section 5.1, was utilized for the calculations. Table 5 presents the calculation results for the design values of surrounding rock pressure of the high-speed railway tunnel with a design speed of 350km/h in the IV-level surrounding rock, considering various geostress. It should be noted that the safety factor “k” in the table is maintained at 1.4.


Table 5 | Calculation results of design values of surrounding rock pressure under various geostress.






5.2.2 Analysis of calculation results of design values of surrounding rock pressure under varied geostress

Based on the calculation results of the design value of surrounding rock pressure, it is evident that engineering support measures need to be implemented in all five working conditions, except when the geostress is 2MPa, in order to meet the design requirements. As depicted in Figure 19, it can be observed that the equivalent uniform load, the minimum supporting force, and the design value of surrounding rock pressure exhibit a significant increase with the augmentation of geostress. Specifically, when the geostress varies from 2MPa to 12MPa, the corresponding equivalent uniform load ranges from 18KPa to 275KPa, the minimum supporting force escalates from 35KPa to 920KPa, and the design value of surrounding rock pressure rises from 49KPa to 1288KPa. The curve that represents the design value of the surrounding rock pressure in response to geostress approximately conforms to the quadratic function relation. By fitting the formula, the equation   is derived. Notably, all three indicators steadily increase in the general and high geostress stages but sharply increase in the very high geostress stage. Moreover, the curve that illustrates the design value of the surrounding rock pressure shows obvious nonlinearity. This is because under extreme geostress conditions, the tunnel’s surrounding rock generally approaches the limit state. This results in a severe stress-release phenomenon after tunnel excavation, leading to a broad distribution of surrounding rock failure areas. To control the destabilization and collapse of the large-scale failure area, significant supporting force is necessary.




Figure 19 | The variation curves of equivalent uniform load, minimum supporting force, and design values of surrounding rock pressure under different geostress.



Additionally, it should be noted that there is an approximate linear relationship between the minimum supporting force and the equivalent uniform load (Figure 20), and the corresponding fitting formula is  . This supporting force can restrict the deformation of the surrounding rock of the tunnel after excavation to a small scale and ensure the integrity of the tunnel section. This calculation result also proves the correctness and reasonableness of computing the design value of the surrounding rock pressure based on the equivalent uniform load of the surrounding rock gravity in the failure zone within the cavern span.




Figure 20 | The variation curve of design value of surrounding rock pressure with respect to equivalent uniform load.



In summary, geostress directly affects the design value of the surrounding rock pressure of tunnels, particularly under very high geostress. An obvious correlation exists between the minimum supporting force and the equivalent uniform load of the surrounding rock gravity in the failure zone within the cavern span, so the uniform load can be used as the reference value to calculate and verify the final design value of surrounding rock pressure.






6 Conclusion

In this paper, FDEM is utilized to simulate the failure process of a tunnel after excavation under gravity stress field and geostress field. A method for determining the design value of surrounding rock pressure based on FDEM is proposed by introducing the tunnel displacement criterion. This method is then applied to investigate the influence of geostress on the surrounding rock pressure. The main conclusions of this study are as follows:

(1) For calibrating the calculation parameters of FDEM, the following approach is proposed: The macro parameters in FDEM can be acquired directly from laboratory tests. Contact penalty   and   are set as one times the elastic modulus, while fracture penalty   is set as 100 times the elastic modulus. Subsequently, the fracture energy   and   are adjusted iteratively until the reasonable calibration result is obtained. This method ensures the rationality of the calibration parameters while significantly expediting the calibration process.

(2) The failure zone and crack zone of the surrounding rock following tunnel excavation under the gravity stress field are mainly distributed in the spandrel and vault. In the geostress field, the failure zone and crack zone of the surrounding rock are distributed in a ring along the tunnel section. In both scenarios, the predominant type of cracks observed is tensile-shear mixed cracks, with shear cracks primarily concentrated at the far end of the section, while tensile cracks are mainly observed in the shallower portion of the section.

(3) A calculation method for determining the design value of surrounding rock pressure based on FDEM is proposed. This method incorporates a displacement criterion to identify the failure zone, followed by an assessment of the stability of the surrounding rock. The reasonableness of this FDEM-based calculation method is verified by comparing its results with those obtained from the theoretical formula for surrounding rock pressure.

(4) Geostress directly impacts the design value of surrounding rock pressure. These two variables follow a quadratic function relationship, namely  . The design value of surrounding rock pressure and the equivalent uniform load of the surrounding rock gravity of the failure zone within the cavern span exhibit a linear relationship, specifically,  . The equivalent uniform load can serve as a reference value for calculating and verifying the results of the design value of surrounding rock pressure.
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With increasing human activities, regional substrate conditions have undergone significant changes. These changes have resulted in temporal and spatial variations of non-point source pollution sources, which has a significant impact on the quality of the regional soil, surface water, and groundwater environments. This study focused on the human-disturbed Loess Plateau region and used an enhanced potential non-point-source pollution index (PNPI) model to explore the dynamic changes of regional potential non-point-source pollution (PNP) and the associated risk due to land use and land cover change (LUCC) over the past 31 years. The Loess Plateau region is mainly composed of cultivated land, grassland and forest, which together account for 93.5% of the watershed area. From 1990 to 2020, extensive soil and water conservation measures were implemented throughout the Loess Plateau region, resulting in a significant reduction in the non-point source pollution risk. Using the quantile classification method, the study area’s PNP risk values were categorized into five distinct levels. The results revealed a polarization phenomenon of PNP risk in the region, with an increase in non-point source pollution risk in the human-influenced areas and a rapid expansion of the very high-risk area. However, the non-point source pollution risk in the upstream water source area of the watershed reduced over the study period. In recent years, the rapid urbanization of the Loess Plateau region has been the primary reason for the rapid expansion of the very high PNP risk area throughout the watershed. This study highlights the significant impact of LUCC on the dynamic changes in PNP risk within the Loess Plateau region, providing crucial insights into future conservation and urban planning policies aimed at enhancing the ecological health and environmental quality of the region.
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1 Introduction

The Loess Plateau region in China is a unique ecological environment, known for its dramatic landscapes, including the Yellow River and the high mountains of the Tibetan Plateau. However, the poor soil and water resources in the region make it vulnerable to non-point source pollution, which is a major issue (Wang, 2006; Ting, 2010; Sun et al., 2012; Shen et al., 2015; Guo et al., 2022). In recent years, the Chinese government has taken active steps to protect the regional environment because the rapid urbanization of the region has had a significant impact on the quality of both surface water and groundwater within the watershed (Ritter et al., 2002; Zhang et al., 2014; Shen et al., 2015; Yang et al., 2017). As a result, water resource scarcity and pollution have emerged as serious challenges to sustainable development and the well-being of local populations (Shen et al., 2013; Lyu et al., 2019; Tao et al., 2020). While government policies and land managers have effectively controlled many water pollution problems, non-point source pollution still has an impact on environmental quality. Non-point source pollution is complex, widespread, and latent, making governance and control more difficult (Yang et al., 2013; Park et al., 2019).

Non-point source pollution, resulting from the uncontrolled runoff of various contaminants from agricultural land, urban areas, and other sources, is a significant threat to the environment (Cecchi et al., 1982; Puccinelli et al., 2013; Yang et al., 2013). Its destructive impacts include reductions in water quality, accelerated soil erosion, and increased air pollution levels (Lyu et al., 2018). This is a major cause of concern for environmental scientists and policymakers worldwide because it poses a formidable challenge to achieving the sustainable development goals (Xu et al., 2022). Non-point source pollution has been linked to the degradation of natural habitats and biodiversity loss, and has negative impacts on human health (Vörösmarty et al., 2010; Puccinelli et al., 2013; Ouyang et al., 2016; Ge et al., 2022). To address this issue, it is imperative to adopt a comprehensive and integrated approach that considers the unique characteristics of each pollution source and their interactions with the environment. Effective management strategies, such as land-use planning, implementation of best management practices, and the promotion of sustainable agricultural practices, are essential to mitigate the negative impacts of non-point source pollution (Novotny and Chesters, 1981; Mohammadi, 2001; Loague and Corwin, 2005; Gémesi et al., 2011; Yang et al., 2013). To mitigate non-point source pollution and soil erosion in the Loess Plateau, the Chinese government has implemented various projects and initiatives since 1995. These include sustainable agricultural practices since 2001, afforestation since 1999, and sediment control structures since 1995. These measures have been implemented to improve the ecological health and overall environmental quality of the region (Munafò et al., 2005; Zhang, 2008; Wang et al., 2010; Hao and Lu, 2021). These efforts have significantly decreased soil erosion and non-point source pollution, leading to improved water quality, better agricultural productivity, and increased biodiversity. However, quantifying non-point source pollution remains a challenge, because it is highly variable and difficult to predict.

Quantifying non-point source pollution is critical for effective watershed management. There has been significant progress in recent years in measuring and modeling non-point source pollution using methods such as remote sensing, watershed modeling, and field sampling (Munafò et al., 2005; Cotman et al., 2008; Lee et al., 2009; Zhang and Huang, 2011; Geng et al., 2015; Liu et al., 2019; Alnahit et al., 2020; Luo et al., 2022). There are still many challenges in accurately measuring the sources and impacts of non-point source pollution because they are highly variable and difficult to predict (Ouyang et al., 2010). The current methods used to quantify non-point source pollution in watersheds are mostly based on modeling, with the most widely used models being the Soil and Water Assessment Tool, Areal Nonpoint Source Watershed Environment Response Simulation (Borah and Bera, 2004; Cecchi et al., 2005; Sharma and Tiwari, 2019; de Mello et al., 2020; Hou et al., 2022). However, these models have high data volume and accuracy requirements, making them less applicable in areas with a lack of monitoring data (Borah and Bera, 2004; Cecchi et al., 2005). The potential non-point-source pollution index (PNPI) is a geographical information system (GIS)-based watershed non-point source pollution risk assessment tool (Cecchi et al., 2007; Shen et al., 2014), which describes the PNP risk of a region by generalizing the production, degradation, and transportation processes of pollutants, and has received increasing attention from researchers due to its low data requirements (Loague and Corwin, 1996; Gossweiler et al., 2021; Liu et al., 2021; Qian et al., 2021; Xu et al., 2021; Li et al., 2022). Researchers have used the PNPI model to assess the PNP risk in various regions, including the middle of Italy’s Viterbo Province (Cecchi et al., 1982) and typical watersheds in China (Munafò et al., 2005; Fan and Fang, 2020; Li H. L. et al., 2021; Ouyang et al., 2010). However, studies using the PNPI and its incorporation in improved models have mostly focused on evaluating the current situation regarding PNP in small watersheds, with much less research on the evolutionary characteristics of PNP risk in watersheds under the influence of historical land use change (Ierodiaconou et al., 2005; Clément et al., 2017; Li et al., 2020; Li et al., 2022).

The Loess Plateau region is known for having one of the highest population densities in the world, and has unfortunately experienced non-point source pollution due to human activities in the region. This has led to pollution of the water environment throughout the area (Wang, 2006; Ting, 2010; Ai et al., 2015; Shen et al., 2015; Li L. et al., 2021; Shi et al., 2022). The far-reaching effects of this pollution have had a substantial impact on both the environment and health of local inhabitants. With the continuous urbanization, water pollution levels have been rising throughout the region (Shen et al., 2015; Yang et al., 2017; Lyu et al., 2019). This study investigated the temporal and spatial variations of PNP and the risk it presents in the Loess Plateau region, considering the impact of historical LUCC from 1990 to 2020. The results will enable a better understanding of non-point source pollution in the region and enable effective strategies for pollution management and control to formulated. The findings of the study will be critical for implementing effective policies and regulations to mitigate the negative impacts of non-point source pollution. Ultimately, it is hoped that this research will contribute to a more sustainable and equitable future for the inhabitants of the Loess Plateau region, where the natural environment and human populations can thrive in harmony.




2 Materials and methods



2.1 Overview of the study area

The Loess Plateau, also referred to as the Huangtu Plateau, is a region situated in the upper and middle reaches of the Yellow River in China, ranging in latitude from 34°N to 42°N and in longitude from 105°E to 117°E. With an area covering approximately 640,000 km², it constitutes 12.5% of the total area of China (Fu, 2010; Wang et al., 2010; Lyu et al., 2019; Zhang et al., 2020). The vast area of the Loess Plateau in northern and northwestern China encompasses several provinces, including Inner Mongolia, Shanxi, Ningxia, Shaanxi, and Gansu. This area is home to approximately 40 million inhabitants and is characterized by unique geological features, which have significant ecological and environmental implications.

Characterized by its yellow-brown loess soil, steep mountains, and deep valleys, the Loess Plateau has an average elevation of 1000-1500 m. Its temperate continental climate is defined by strong winds, significant temperature differences between day and night, and abundant precipitation. This region is highly significant ecologically and serves as a critical source of water for the Yellow River, hence it has been referred to as the “water tower of the Yellow River.” The Loess Plateau is also renowned for its agricultural significance, with its loess soil proving highly suitable for cultivating crops such as wheat (Ierodiaconou et al., 2005; Li et al., 2020; Li et al., 2022). Figure 1 shows the geographic location of the Loess Plateau in the northwestern region of China. This region remains a critical area for ecological preservation and agricultural development within China.




Figure 1 | Location of the Loess Plateau.






2.2 Research methods



2.2.1 An enhanced PNPI model based on the coefficient of variation decision-making

The PNPI is a widely recognized tool that has been used to quantitatively assess the potential risk of non-point source pollution across various land use types within the Loess Plateau region (Ritter et al., 2002; Shen et al., 2013; Tao et al., 2020). It simplifies the processes of pollutant generation, degradation, and transport into a land cover index (LCI), distance index (DI), and runoff index (ROI), with a spatial distribution. The spatial PNP risk of the watershed can be expressed as a function of these three indexes. The enhanced PNPI model structure is shown in Figure 2.




Figure 2 | Improved PNPI Model Structure.



The PNPI integrates the function expressions of the LCI, DI, and ROI into fixed weights, which are then divided by an expert scoring method (Munafò et al., 2005). This approach lacks objectivity and applicability, making it necessary to adopt an objective weighting method based on the principle of information entropy and the coefficient of variation decision-making to improve the model. Figure 2 shows the new weighting method for the improved PNPI model. Using the enhanced PNPI model, this study simulated the temporal and spatial dynamics of PNP risk in the study area over the past 31 years, considering the influence of land use changes. By combining the results of this model with an analysis of the temporal and spatial changes in land use, this study explored the primary evolutionary characteristics of PNP risk in the Loess Plateau region and identified its dominant factors. To achieve this goal, this study developed an objective and applicable weighting method to enhance the rationality and accuracy of the PNPI model. This enhanced model was then used to investigate the potential risk of non-point source pollution in the study area. The results of this analysis revealed the distribution characteristics and dominant factors controlling the PNP risk in the Loess Plateau region.




2.2.2 Data used

The data used in the PNPI model was primarily composed of spatial and attribute data. The former encompassed digital elevation model (DEM) data, soil types, and land use and land cover change (LUCC) data (Lyu et al., 2019; Yang and Huang, 2021; Shi et al., 2022). The latter included soil permeability and land use attributes. Table 1 presents the data sources required for model calculation.


Table 1 | The satellite data used in the PNPI model.



The soils in the Loess Plateau region are diverse and can be classified into several types based on their physical, chemical, and biological properties (Fu, 2010; Zhang et al., 2020; Li L. et al., 2021; Shi et al., 2022). The Harmonized World Soil Database (HWSD) provides a comprehensive dataset of the distribution of soil types in the region. According to the HWSD, the dominant soil types in the Loess Plateau include Cambisols, Calcisols, and Luvisols, which together account for more than 80% of the total area. Cambisols are mainly distributed in the northwestern and northeastern parts of the plateau, while Calcisols are distributed in the central and southeastern areas. Luvisols are mainly found in the western and southern parts of the plateau. In addition to these dominant soil types, there are also other soil types present in the region, such as Fluvisols, Gleysols, and Vertisols. Fluvisols are distributed along the rivers and streams in the plateau, while Gleysols are found in low-lying areas with poor drainage. Vertisols are mainly distributed in the southern and southeastern parts of the plateau. The HWSD database provides valuable information on the distribution and characteristics of soil types in the Loess Plateau.

The soil permeability classification was based on the HWSD database. The saturated infiltration rate of each soil was determined using the SPAW 6.02 software developed by the US Department of Agriculture. This value was then compared with the hydrological group (HYDGRP) standard of the US National Natural Protection Agency (NRCS) to categorize the soil permeability into one of four groups: A, B, C, or D. The soil hydrological groups in the study area were predominantly B and C. Land use attribute data comprises index values for each land use and the runoff parameters associated with different hydrological groups. These data were acquired from the existing expert rating and parameter system of PNPI. In some cases, field measurements and experimental research were used to supplement the data. Because of the diverse sources of spatial data, varying coordinate systems were used. Consequently, these systems should be projected or transformed to a consistent projection coordinate system to facilitate subsequent calculations. The soil types in the Loess Plateau are shown in Figure 3.




Figure 3 | Soil type map of the Loess Plateau.






2.2.3 The LCI

The LCI denotes the potential pollution load produced by various land use types to the receiving water body. Higher LCI values indicate a greater potential for pollution, and therefore, pose a higher pollution risk. To determine the LCI in this study, the LCI value obtained through expert scoring in the PNPI model was adopted, as detailed in previous studies (Munafò et al., 2005). Experts assigned potential pollutant production scores to different land use types based on their professional knowledge, using a scoring system ranging from 0 to 10. The involvement of more experts in the scoring process, along with a wider research field and lower scoring standard deviation, yielded more reliable results. The LCI values and scoring standard deviations associated with the research area were screened and are presented in Table 2, as per Cecchi and Munafo (Munafò et al., 2005; Cecchi et al., 2007).


Table 2 | The LCI values.






2.2.4 The DI and ROI

The DI was used to generalize the degradation processes occurring along the migration path of the pollution source in the confluence (Cecchi et al., 2007). A higher DI value indicates a shorter confluence distance, closer proximity to the river network, smaller degradation effect, and greater pollution risk. The DI was calculated by equation (1):

 

where DI is the value of the distance index, D is the confluence distance in units of cells, and k is a constant. Referring to Cecchi et al. (Shen et al., 2013; Tao et al., 2020), the value of k was determined as 0.090533.

The ROI is used to generalize the process of pollutant transport and the influence of terrain, soil, and land use on infiltration filtration. A high ROI value indicates lower infiltration filtration intensity, greater pollutant inflow into the receiving water body, and a higher pollution risk. The ROI was calculated by equation (2):

 

 

where ROI is the value of the runoff index, and CROPi is the runoff parameter of the i-th unit on the runoff path after slope correction, which ranges from 0 to 1. When the calculated result of (3) is greater than 1, the value is taken as 1. The value of n corresponds to the number of units on the runoff path, while ROP is the runoff parameter. This study used the runoff coefficient table (Table 3) and slope correction coefficient C provided by Cecchi and Wu (Shen et al., 2013; Tao et al., 2020) for different land use and hydrological groups in the study area.


Table 3 | Runoff coefficients for different land use types [11].






2.2.5 Improvement of the PNPI model

The PNPI was used to comprehensively assess the intensity of the pollution load to rivers and other surface water bodies from the various land use types in the study area. It is a comprehensive function that integrates the LCI, DI, and ROI. However, the original PNPI uses the expert scoring method (Munafò et al., 2005; Cecchi et al., 2007), and the weight is fixed, which results in insufficient objectivity and practicability.

The original PNPI formula is expressed as follows,

 

where PNPI is the potential non-point source pollution index, LCIS is the standardized land use index value, ROIS is the standardized ROI, and DIS is the standardized DI.

To overcome the limitations of the original PNPI model, this study used the coefficient of variation decision-making method to assign weights to variables according to the relative changes of each index, which was not affected by subjective factors and was a more rigorous approach (Cecchi et al., 2007). The weight assigned to each index was optimized by employing the coefficient of variation decision-making method. The following calculations were undertaken:

	1. The coefficient of variation of each index was calculated,



 

where C.V.i is the coefficient of variation of the ith index set, i is the mean of the ith index set, and σi is the standard deviation of the ith index set.

	2. The weights of each index were calculated and the PNPI was obtained,



 

 

where wi is the weight of the ith index set, and wlci, wroi and wdi are the weight coefficients of the LCI, ROI, and DI, respectively. The use of the coefficient of variation decision-making method improved the objectivity and practicability of the PNPI model.






3 Results



3.1 Land use/cover change and spatio-temporal transformation

The Loess Plateau region has undergone significant changes in LUCC in the past 31 years. A statistical analysis of LUCC in the region from 1990 to 2020 was conducted, and regional maps of land use types were obtained for each year. The distribution of land uses for the representative years is shown in Figure 4. Grassland and cropland were the dominant land use types, accounting for approximately 79.8% of the total area. The area of water bodies remained relatively stable from 1990 to 2020. However, the area of cropland and barren land displayed a decreasing trend, with cropland displaying the most significant reduction. In contrast, forest, grassland, and impervious surfaces displayed an increasing trend, with the speed of impervious surface expansion being the most substantial.




Figure 4 | Proportional area of different land uses on the Loess Plateau from 1990 to 2020.



The different land uses in the Loess Plateau region between 1990 and 2020 are presented in Figures 4, 5. They include cropland, forest, grassland, water bodies, barren land, and impervious surfaces. These different land uses provide an insight into how the region has been used over the past three decades. The figures show that the Loess Plateau region has experienced significant changes in land use over the past three decades, with some land uses experiencing declines and others experiencing increases. These changes are likely to have significant impacts on the environment, the local ecosystems, and the livelihoods of people living in the region.




Figure 5 | Land uses in the representative years. [(A) year 1990, (B) year 2000, (C) year 2010 (D) year 2020].



Figures 4, 5 show a decline in cropland over the past 30 years. In 1990, the total area of cropland was 19,539.927 km², which reduced to 17,324.595 km² in 2020, accounting for approximately 3.8% of the region. In contrast, the area of forest and grassland increased slightly over the study period, with forest cover increasing from 7,477.452 km² in 1990 to 9,074.907 km² in 2020 and grassland cover increasing from 28,370.457 km² in 1990 to 29,236.518 km² in 2020. The area of water bodies, barren land, and impervious surfaces remained relatively stable over the three decades, with only minor fluctuations. The area of barren land also increased slightly from 3,176.451 km² in 1990 to 1,687.104 km² in 2020. The area of impervious surfaces increased from 630.918 km² in 1990 to 1,818.351 km² in 2020, accounting for approximately 2.0% of the region.

The changes in land use in the Loess Plateau region of China were likely driven by a combination of factors, including urbanization, economic development, and environmental degradation. The reduction in the area of cropland, forest, and grassland may have negative consequences for the region’s ecosystem services, while the increase in the area of barren land and impervious surfaces may exacerbate environmental problems, such as soil erosion, water scarcity, and non-point source pollution.

The large-scale expansion of impervious surfaces in the downstream and middle-upper stream of the basin resulted in the conversion of grassland, barren land, and cropland to impervious surfaces from 1995 to 2020. In contrast, the establishment of ecological protection and returning farmland to forest projects in the upper stream caused the conversion of shrubland, barren land, and cropland to forest, resulting in an increase of nearly 1597.5 km² of forest in the region. To better understand the intrinsic conversion relationship of each land use type, a spatial data analysis was performed on the land use spatial data in 1990, 2000, 2010, and 2020, resulting in a land use transfer matrix (Table 4) and a land use conversion map (Figure 6) for the study area during four time periods. Combined with the results of Table 4 and Figure 6, the conversion of cropland to forest and grassland resulted in a slight increase in the area of these two types of land uses from 1990 to 2000. In the subsequent period of 2000 to 2010, the conversion of a large amount of barren land and cropland to impervious surfaces caused the rapid expansion of impervious surfaces. The small decrease in the area of grassland was mainly due to the conversion to cropland, and the small increase of forest was mainly due to the reduction of cropland and grassland from 2015−2020. Finally, the expansion of impervious surfaces from 2015 to 2020 was mainly due to the conversion from cropland.


Table 4 | Land Use Transfer Matrix in the Loess Plateau region (Unit: km²).






Figure 6 | Land use conversion in the Loess Plateau from 1990 to 2020. [(A) 1990-2020 Land use change. (B) 2000-2010 Land use change. (C) 2010-2020 Land use change].



A comprehensive analysis of the LUCC patterns and spatiotemporal transformations of the Loess Plateau region over the past two decades was conducted. The results highlight the significant impact of urbanization and ecological protection policies on LUCC in the region, providing valuable information for decision-makers to manage and utilize the region’s natural resources sustainably.




3.2 Variations in PNP risk

Using the quantile classification method, the PNPI in the Loess Plateau was categorized into five risk levels: very low, low, moderate, high, and very high. Taking 1990 as the reference year, the changes in PNP risk levels in the Loess Plateau from 1990 to 2020 were assessed (Figure 7). The results showed a significant change in the distribution of PNP risk levels, with an increase in high and very high-risk areas downstream of urban areas along the Yellow River. The temporal changes of the proportional area of PNP risk in the Loess Plateau (Table 5) indicated that the very low-risk area remained stable from 1990 to 2020. However, the area of moderate-risk and very high-risk areas decreased, with very high-risk areas decreasing by almost 5.6% in 2020 compared to 1990. In contrast, the region designated as low-risk and moderate-risk expanded progressively over time. Specifically, the low-risk area increased by 6.45% between 1990 and 2005, followed by additional growth of 2% between 1990 and 2020. However, between 2005 and 2020, the low-risk area reduced by nearly 4.2%.




Figure 7 | Distribution of the PNP risk on the Loess Plateau over time. [(A) year 1990, (B) year 2000, (C) year 2010, (D) year 2020].




Table 5 | Proportional Areas of Different Non-Point Source Pollution (PNP) Risk Levels from 1990 to 2020 (Unit: %).



To accurately depict the inherent transformation in the area of each risk level, a comprehensive spatial analysis of the PNPI data from 1990 to 2020 was conducted. The aim was to provide a detailed assessment of the PNP risk distribution over time. The results of the analysis are presented in Figure 8, which shows a PNP risk distribution map, and Figure 9, which shows the proportional area of PNP risk grading. The area under each risk level changed slightly from 1990 to 2020. There was a modest transformation from moderate risk areas to low-risk areas, resulting in a slight increase in the latter category. Similarly, there was a partial shift from very high-risk to high-risk areas, which led to a slight increase in high-risk areas. These changes were consistent over the entire study period and were supported by the statistical analyses.




Figure 8 | Proportional areas of the different PNP risk levels on the Loess Plateau from 1990 to 2020.






Figure 9 | Conversion of PNP risk levels on the Loess Plateau from 1990 to 2020. [(A) 1990-2000 PNP risk levels change, (B) 2000-2010 PNP risk levels change, (C) 2010-2020 PNP risk levels change].



From 1990 to 2000, the area of each risk level experienced relatively minimal changes, except for a considerable increase in the very low-risk area. The observed increase in the very low-risk area was primarily due to the transformation from moderate-risk, high-risk, and very high-risk areas to very low-risk areas. Between 2000 and 2005, the area of each risk level underwent significant changes, with a considerable decrease in very high-risk areas. The observed decrease in the very high-risk area was primarily transformed to moderate and high-risk areas. Additionally, there was a partial increase in the low-risk area, which was attributable to the transformation from moderate-risk areas to low-risk areas. From 2005 to 2010, there was a slight decrease in the number of low-risk areas and an increase in the proportion of very high-risk areas. mainly due to the shift from high-risk areas and low-risk areas to very high-risk areas. Between 2010 and 2015, the area of each level of risk underwent significant changes, while the proportion of very high risk areas decreased, shifting towards high risk areas and low risk areas. Finally, from 2015 to 2020, there was a further change in each level of risk, with an increase in the high-risk area mainly due to the transformation from moderate-risk, very low-risk, low-risk, and high-risk areas to very high-risk areas. These findings provide valuable insights into the dynamic nature of risk level transformations and highlight the importance of the ongoing monitoring and assessment of such areas.

High-risk and very high-risk areas were concentrated in the middle and lower reaches of the Yellow River for much of the study period. From 1990 to 2020, the PNP risk in the Loess Plateau region changed in a polarized manner. Moderate-risk areas in heavily affected urban areas, such as Guanzhong Plain urban agglomeration area (GPUAA) (Figure 7), transformed into high-risk areas, while very high-risk areas expanded radially along the downstream riverbank, increasing by 40%. The increase in very high-risk areas was the result of transformation from a large area of high-risk areas. Additionally, the PNP risk decreased upstream toward the water source area.




3.3 Dynamic characteristics of PNP risk and risk transformation

The dynamic characteristics of PNP risk in the Loess Plateau region were analyzed by considering the LUCC and PNP risks. To accurately capture the spatiotemporal transformation relationships of different risk level areas, a rigorous analysis of the spatial PNPI data transformation process was conducted for three distinct periods:1990−2000, 2000−2010, and 2010−2020. The results obtained from this analysis were expressed as a PNPI risk transfer matrix (Table 6) and PNPI risk transformation diagram (Figure 9), which offered valuable insights into the dynamics of risk transfer and transformation across time and space.


Table 6 | Transfer matrix of PNP risk levels from 1990 to 2020 (Unit: km²).



It was observed that the downstream basin areas of towns and farmland were consistently identified as high-risk and very high-risk areas. Specifically, during the period of 1990−2020, the downstream basin was primarily dominated by irrigated farmland, and the urbanization level was relatively low. The very high PNP risk areas were mainly concentrated in downstream towns and along the riverbanks. Since 2005, the towns in the Loess Plateau have undergone rapid expansion, leading to a corresponding rapid expansion of very high PNP risk areas surrounding these towns. The expansion of towns is considered the main contributing factor for the increase in very high-risk areas.

Additionally, since 1999, ecological protection projects such as returning farmland to forest and afforestation have been implemented in the Loess Plateau (Fu, 2010; Zhang et al., 2020). This has led to the transformation of shrubland, agroforestry land, and arable land into forest, resulting in a year-on-year increase in the forest area. This has ultimately led to a decrease in PNP risk in the upstream basin. The spatial transformation of PNP risk from 1990 to 2020 is shown in Figure 9.





4 Discussion

	The Loess Plateau region is characterized by a dominant land use pattern of grassland, cropland and forest, which are primarily concentrated in the middle and lower reaches of the watershed, accounting for approximately 93.5% of the total watershed area. From 1990 to 2020, there was a significant increase in the area of impervious surfaces in the middle and lower reaches of the watershed, which replaced a substantial portion of the original grassland and cropland. In the upper reaches of the watershed there was a transformation of barren land, grassland, and cultivated land into forest, resulting in an annual increase in forest area of approximately 1600 km² over the 31-year period.

	Over the 31-year period spanning from 1990 to 2020, the Loess Plateau region experienced significant spatiotemporal changes in the risk of non-point source pollution, which exhibited a clear bipolarization trend. Specifically, the risk of PNP in the middle and lower reaches of the watershed and the cultivated land along the river channel, which are highly influenced by human activities, exhibited a notable increase of 40%. This increase was accompanied by a significant expansion of the high-risk area. In contrast, the risk of PNP in the upper reaches of the watershed exhibited a decreasing trend over the same period. These findings indicate the need for targeted management strategies aimed at mitigating the risk of PNP in the middle and lower reaches of the watershed, especially in cultivated areas that are highly influenced by human activities.

	The spatiotemporal changes of PNP risk showed a high degree of consistency with land use patterns, with the high-risk and very high-risk areas mainly concentrated in the urban land in the middle and lower reaches and the cultivated land along the river channel. Low-risk and very low-risk areas were mainly concentrated in forest areas in the upper reaches. The expansion of urban areas in the watershed was the primary reason for the growth of very high-risk PNP areas, while the growth of forest areas was the primary reason for the expansion of low-risk and very low-risk PNP areas.

	From 1990 to 2020, the combination of urbanization development and ecological protection measures had a significant impact on land use changes in the Loess Plateau region. Consequently, the PNP risk faced by the downstream water environment increased year-on-year, while the PNP risk in the upper reaches of the watershed decreased annually.

	In the future, the urban land in the lower reaches and the cultivated land along the river channel should be prioritized as the key management areas for watershed comprehensive management. To mitigate pollution risks, low impact development measures such as vegetation filtration belts and artificial wetlands should be implemented. The implementation of these measures can significantly reduce the NPSP risk and improve the ecological health and environmental quality of the region.

	As a decision support system, the PNPI model has several advantages, including its simplicity, ease of use, minimal data requirements, and production of results that are easy to understand. The model can quickly provide the spatial distribution of PNP and evaluate the environmental impact of different land use plans in areas with limited or no data. However, due to climate conditions, land use intensity, and land use management patterns in different regions, some empirical parameters and weights in the PNPI model may not be universally applicable. They will require adjustments based on the specific characteristics of each region to ensure their universality and applicability. Overall, the PNPI model can effectively evaluate the PNP risk and spatial distribution in the Loess Plateau region, and it has the potential for application in other regions with similar characteristics.

	The present study has shed light on the underlying causes and patterns of non-point source pollution in the Loess Plateau, thereby enabling the development of more effective and sustainable management strategies.



Despite the contributions of this study, some limitations should be acknowledged. For instance, the study area was not analyzed from multiple perspectives. Therefore, future research should be conducted on the Loess Plateau from different angles, such as sustainable agricultural practices, afforestation, and sediment control structures. This will allow for a more comprehensive investigation of measures to control non-point source pollution from various perspectives.




5 Conclusion

This study examined the spatiotemporal changes of PNP risk in the Loess Plateau region over the past 31 years using an improved PNPI model. The Loess Plateau, which is heavily influenced by human activities, was selected as a case study to explore the impact of different historical environmental conditions on PNP risk.

To accurately reflect the actual situation in the watershed, the PNPI model, which was originally developed by Italian researchers to measure PNP, was improved in three aspects: the land use categories were expanded, comparisons of land use categories were made, and the soil types were divided into different permeability levels. This enhanced model could comprehensively evaluate non-point source pollution characteristics in a watershed influenced by human activities. The spatial distribution maps of the LCI, ROI, and DI, as well as the PNPI and qualitative analysis results, were consistent with the actual situation in the Loess Plateau region (Wang et al., 2010; Liang et al., 2015; Li H. L. et al., 2021; Liu et al., 2021; Qian et al., 2021; Li et al., 2022; Shi et al., 2022). Therefore, the model was found to be applicable to the study area.

Our study provides valuable insights into the spatial and temporal distribution of PNP risk. The results of this study could serve as a basis for the development of effective policies and strategies aimed at mitigating the risk of PNP. It is recommended that future studies should further investigate the underlying causes of the observed changes and assess their potential implications on the environment and public health.
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The study of the rainfall infiltration mechanism of unsaturated soil has always been a hot issue in the field of geotechnical engineering. It is worth studying which parameters should be introduced to characterize the infiltration characteristics of unsaturated soil in the calculation and analysis of rainfall infiltration. In this paper, the Fredlund–Xing model was quoted in the SEEP/W module of the Geostudio software, and the transient numerical calculation of rainfall infiltration under the same rainfall duration T and different rainfall intensity I was carried out for a soil column. Three infiltration characteristic parameters were introduced: rainfall infiltration front depth WF, suction reduction depth MRn, and section infiltration rate IR. The variation of these three parameters and rainfall intensity I during rainfall were sorted out and analyzed; it is indicated that WF increases with the extension of rainfall duration. MRn decreases with the increase of suction reduction rate n%, and when the rainfall duration is 24 h, the maximum depth of the soil column affected by rainfall is approximately 35% of the total depth. IR is mainly affected by the rainfall intensity I and the saturation permeability coefficient ks. There is a limit value for the influence of I on WF, MRn, and IR, and the limit rainfall intensity under the calculation conditions in this paper is I = 2.5ks.




Keywords: unsaturated soil, seepage, rainfall infiltration, numerical simulation experimentation, characteristic parameter




1 Introduction

Slope instability and landslide disasters occur frequently. Landslides are harmful, large scale, and difficult to predict. They not only seriously threaten the safety of people’s lives, but also cause certain ecological damage. Many scholars (Anderson and Zhu, 1996; Rahardjo, 1996; Rahardjo et al., 2001; Tsaparas et al., 2002; Rahardjo et al., 2005; Rahardjo et al., 2007; Rahardjo et al., 2008) have summarized and analyzed the causes of many landslide accidents, and found that rainfall infiltration is the most important cause of landslides. For example, the landslide in Huaxian County, Shaanxi Province in 2006 was a typical case of rainfall-induced loess slope instability. Therefore, it is of great significance to study the mechanism of the rainfall infiltration characteristics.

At present, many scholars have carried out a lot of related research. Romano et al. (1998), Corradini et al. (2000), and Cho and Lee (2002) studied the characteristics of rainfall infiltration from the perspectives of soil science, agricultural water, and soil engineering and hydrology. Based on the effective stress principle of unsaturated soil and the double stress strength theory, Zhou et al. (2014) established a nonlinear programming model, and verified the correctness of the proposed model through an example analysis, so that we have a further understanding of the law of soil slope instability under unsaturated unsteady seepage. Wang et al. (2015) found that there was no slope runoff phenomenon through numerical experiments, which was significantly different from the theory of orthogonal infiltration boundary. Moreover, the discrimination mechanism of soil moisture content, infiltration capacity, and slope boundary condition transformation of sandy slope surface calculated according to the orthogonal infiltration boundary theory was not consistent with the actual situation. Wu et al. (2017) conducted a physical model test on the anti-seepage effect of the slope of the unsaturated drainage structure, and found that the drainage-seepage control effect and ecological function of the binary structure were significantly better than that of a single structure. Zeng et al. (2020) found that the infiltration depth of the slope was the largest at the foot of the slope and the smallest at the middle of the slope, and the infiltration rate was the largest at the top of the slope and the smallest at the middle of the slope.

However, so far, no one has summarized the accurate infiltration law characteristics in the whole rainfall process, and the understanding of rainfall infiltration only stays on the qualitative level. Therefore, it is necessary to study the parameters or indicators that could quantitatively describe the characteristics of rainfall infiltration.

In this study, the Fredlund–Xing model is introduced into the software program, and the unsaturated seepage equation is used to calculate the water seepage in the soil. Three rainfall infiltration characteristic parameters are introduced into the data analysis of a rainfall infiltration numerical experiment: infiltration front depth WF, suction reduction depth MRn, and section infiltration rate IR. These three parameters were used to describe the whole infiltration process, which not only is of great significance for the collation and comparative analysis of the large number of data in the numerical simulation of one-dimensional rainfall infiltration, but also can provide new important indicators for the analysis of rainfall infiltration mechanism in practical engineering.




2 Numerical test scheme and infiltration characteristic parameters



2.1 Calculation schemes

In this paper, by using the SEEP/W module in Geostudio2004 developed by the Geo-slope company (Yang, 1992), the finite element numerical calculation of one-dimensional transient saturated–unsaturated seepage for an isotropic homogeneous soil column with a height of 5 m and a width of 0.4 m is carried out, considering rainfall conditions. The influence of the rainfall intensity I and the infiltration characteristic parameters on the infiltration characteristics of unsaturated soil columns is studied.

The underground water level of the soil column model is located at its bottom and does not change during the whole rainfall process. Therefore, a total head boundary with constant 0 is set at the bottom of the soil column. The left and right sides of the soil column are impermeable, and the boundary condition of 0 flow is set at both sides. The surface runoff during rainfall and the evaporation of surface water after rain stop are not be considered in the model test. The seepage calculation and analysis of seven different rainfall intensities with a rainfall duration of 24 h are carried out for the soil column. The design values of rainfall intensity I and soil parameters under each working condition are shown in Table 1.


Table 1 | The summary of parameters used during different series of numerical studies.



In Table 1, the rainfall intensity I is selected according to the multiple of saturated permeability coefficient ks. For example, 0.5×ks indicates that the rainfall intensity I (surface rainwater flow) is equal to 50% of the saturated permeability coefficient of soil. In this way, the permeability coefficient of the soil is linked to the amount of rainfall flow applied. The rainfall time step indicates that the time from the beginning of rainfall is the starting point of timing. The rainfall duration of 24 h indicates that the rainfall stops at 24 h, and 24 h to 240 h indicate the time period after the rainfall stops.

In the finite element calculation, the mesh division of the soil column model, the water head boundary condition, and the flow boundary condition are shown in Figure 1A, and the pore water pressure uw distribution is shown in Figure 1B.




Figure 1 | Finite element, boundary conditions, and initial pore water pressure conditions of the soil column. (A) Finite element mesh and boundary conditions, (B) The pore water pressure uw.



The data calculated by the soil column of each working condition will be extracted and sorted out. The variation rules of volumetric water content, infiltration characteristic parameters, and rainfall intensity in the process of rainfall duration will be analyzed.




2.2 Definition of the rainfall infiltration characteristic parameters

The analysis of the law of the soil column in the rainfall duration introduces three parameters to describe the infiltration characteristics: infiltration front depth WF, suction reduction depth MRn, and section infiltration rate IR. These three parameters are defined in detail as follows.



2.2.1 Infiltration front depth WF

The infiltration front depth WF is defined as the depth from the surface to the position of the soil where the volumetric water content θ begins to change due to rainwater infiltration, which can be determined by the graphical method shown in Figure 2. The depth of the intersection point of the section line of the initial volume water content and the section line of the water content at any time is WF. In other words, WF is the minimum depth at which the volumetric water content of the soil at a certain depth at any time is equal to the initial volumetric water content.




Figure 2 | The schematic diagram of the determination method of the infiltration front depth WF.



WF is a depth index that is greatly affected by the rainfall conditions. In order to discuss this index in a more general case, the author introduces the dimensionless parameter of normalized infiltration front depth WFnor, which can easily describe the infiltration characteristics of the soil column. It can be calculated as Eq. 1:



where WF is the infiltration front depth (m) and WT is groundwater level (m).




2.2.2 Suction reduction depth MRn

While the finite element calculation of seepage is completed, the distribution of pore water pressure uw with depth under different working conditions is extracted for further analysis. The suction reduction depth MRn is defined as the depth at which the soil matric suction (ua − uw)r decreases to the initial matric suction (ua − uw)i during the rainfall process. n% is the matrix suction reduction rate.

In the numerical calculation, five kinds of matric suction reduction rates are set, i.e., n% is 10%, 20%, 30%, 40%, and 90%, respectively. The corresponding suction reduction depths are MR10, MR20, MR30, MR40, and MR90. For example, MR10 means the corresponding soil position when the suction is reduced by 10%, that is, all the matric suction (ua − uw) above this depth has been reduced by 10% compared with the initial matric suction.

MRn is used to describe the distribution law of matric suction reduction of soil column section caused by the rainfall process. As shown in Figure 3, we can determine five suction reduction depths (i.e., MR10, MR20, MR30, MR40, and MR90) by the distribution of pore water pressure with depth. The influence of the whole rainfall process on the matric suction reduction of the soil column can be described according to this figure.




Figure 3 | The schematic diagram of the determination method of the suction reduction depth MRn.



We then introduce a non-dimensional parameter of the normalized suction reduction depth MRnnor to characterize the suction reduction law of the soil column more conveniently. The calculation of MRnnor is as shown in Eq. 2:



where MRn is the suction reduction depth (m) and WT is groundwater level (m).




2.2.3 Section infiltration rate IR

In order to represent the flow velocity of rainwater in the soil column through the Y direction of a certain section, the parameter of section infiltration rate IR is introduced.

The soil column used in the seepage analysis of the model calculation in this paper is divided into seven sections along the horizontal direction, and the variation of the infiltration rate of each section with time is monitored. The height of each section is divided by the depth of the groundwater level, and are normalized to obtain the corresponding normalized height Hnor. The position of IR and its corresponding section normalized height Hnor are calculated for each section, as shown in Figure 4.




Figure 4 | Sketch defining the normalized height Hnor and locations where sectional infiltration rates IR were computed.



The dimensionless parameter of the maximum infiltration rate IRmaxnor of the modeled section is introduced to describe the relative size of the infiltration rate of the soil column. The calculation formula is as shown in Eq. 3:



where IRmax is the section infiltration rate (m/s) and I is the rainfall intensity (mm/h).

After the seepage finite element calculation of the designed different working conditions, the influence of rainfall on the soil is analyzed by using the three defined rainfall infiltration characteristic parameters; the rainfall infiltration characteristics and mechanism of the soil column are described.





2.3 Hydraulic characteristic function used for the calculation

At present, the saturated permeability function and soil–water characteristic curve are mostly used to estimate the permeability function of unsaturated soil.

The SEEP/W module of the finite-element seepage analysis software Geostudio2004 developed by Geo-slope International Ltd (2004) used in this paper contains Fredlund–Xing formula [correction coefficient C(ψ) = 1] (Fredlund and Xing, 1994), as shown in Eq. 4. In this paper, this model (Fredlund et al., 1997) is used to describe the soil–water characteristic curve of unsaturated soil column.



where kwy is the permeability coefficient of water in the y direction (mm/h), q is the flow of rainwater applied on the surface (mm/h), Hw is the total water head (m), m2w is the slope corresponding to the suction at any point in the soil–water characteristic curve, γw is the bulk density of water (kN/m3), and t is the time of rainfall (h).

The transient seepage analysis of unsaturated soil includes two hydraulic characteristic functions (i.e., soil–water characteristic curve and permeability function). The soil–water characteristic curve and permeability function used in this paper are the experimental curve data obtained by Professor Zhang Zhao (2009) according to the prediction method of Fredlund et al. (1994), as shown in Figure 5.




Figure 5 | The soil–water characteristic curve and permeability function used in the numerical test in this paper. (A) Soil–water characteristic curve, (B) Permeability function.







3 Results and analysis



3.1 Results and analysis of WF

Firstly, the distribution curve of the volumetric water content θ of the soil column along its height at each time under different rainfall intensity I is sorted out, as shown in Figure 6.




Figure 6 | The relations between height of the soil column H and volumetric water content θ with time during and after several rainfall events under different rainfall intensities I.



As can be seen from Figure 6, during the continuous rainfall process, the volumetric water content θ gradually increases with time. However, when the rainfall stops (i.e., T = 24 h), the volumetric water content θ at the top of the soil column continues to decrease, while the θ at the bottom of the soil column continues to increase. Even 9 days after the rainfall stops (i.e., T = 240 h), the θ still does not return to the initial state. Analysis shows that with the passage of time, the water continues to penetrate downward gradually under the action of gravity and the matric suction. If the evaporation of water is not considered, the volumetric water content in the soil column will take a long time to return to the initial state.

It also can be seen from Figure 6 that under different rainfall intensities, the infiltration of rainwater in the soil column first increases the volumetric water content θ of the soil near the surface, and the θ section line gradually approaches the groundwater level line. Furthermore, in order to determine the value of WF, the distribution map of the volumetric water content θ along the depth of soil column is drawn, as shown in Figure 7.




Figure 7 | Generalized characterization of infiltration and the ingress of the wetting front into the soil column due to rainfall in terms of depth of wetting front WF.



From Figure 7, we can see that with the extension of rainfall duration, the WF is more and more large. With further analysis, from the beginning to the end of rainfall, the volume water content θ of the soil near the surface is most affected by the rainfall, and that of the soil at a greater depth is less affected. With the time extension, the rain continues to penetrate downward; thus, even if the rainfall stops for a long time, WF continues to increase.




3.2 Results and analysis of MRn

Similarly, the curves of pore water pressure uw at different heights of soil column under different rainfall intensity I and different rainfall time T are sorted out, as shown in Figure 8.




Figure 8 | The relations between height of the soil column H and pore-water pressure uw with time during and after several rainfall events under different rainfall intensities I.



It can be seen from Figure 8 that the pore water pressure uw increases with the extension of rainfall time gradually, and the matrix suction (ua − uw) gradually decreases correspondingly. After the rain stops, the pore water pressure uw at the top of the soil column begins to decrease in the direction of the initial hydrostatic pressure. However, after 10 days of rain stop (i.e., = 240 h), the pore water pressure is still not restored to the initial state, and the pore water pressure at the bottom of the soil column continues to increase slowly, that is, MRn is still increasing. This analysis shows that the downward migration of rainwater in the soil column increases the uw and reduces the (ua − uw). The increase of MRn indicates that the infiltration and suction reduction in the soil column continue after the rain stops. After the rain stops, the uw gradually reduces to the initial hydrostatic pressure, which is the redistribution process of pore water pressure after the rain stops. This phenomenon is consistent with the in situ monitoring law of pore water pressure during rainfall by Rahardjo et al., (2007). The whole movement process is very slow, indicating that the pore water pressure in the soil column needs a long time to restore to the initial water pressure value.

Furthermore, according to the data of Figures 8D–G, the relationship curve of change of the normalized suction reduction depth MRnnor with the suction reduction rate n% under four higher rainfall intensities (i.e., I = 2.5ks, I = 5.0ks,I = 10.0ks, and I = 25.0ks, respectively) is sorted out, as shown in Figure 9.




Figure 9 | Normalized matric suction reduction depth MRnnor versus percent reduction in suction n% under four rainfall intensities I.



Figure 9 shows that the MRnnor of the four rainfall intensities decreases with the increase of n%, which indicates that the shallower the depth in the soil column is, the more obvious the matrix suction reduction. In addition, the four curves show a good exponential function (R2 = 0.9767). The four groups of data can be fitted to a curve, and the curve fitting formula is as Eq. 4. This also reflects that there is a limit of the effect of rainfall intensity I on the reduction of matric suction; that is, MRn has a limit value. Beyond this limit value, the effect of I on the reduction of matric suction is not obvious.



where a and b are the curve fitting parameters, respectively, a = −0.1361, b = 0.664.

Then, the distribution law of suction reduction at different depths of soil column during rainfall is sorted out, as shown in Figure 10.




Figure 10 | Generalized matric suction reduction profile in the soil column after a rainfall event.



According to Figure 10, the suction reduction caused by rainfall is unevenly distributed along the depth of the soil column. Under the condition of 24 h of rainfall duration, the maximum normalized suction reduction depth MNnnor is approximately 0.35; that is, the maximum depth of matrix suction affected by rainfall is approximately 35% of the total depth.




3.3 Results and analysis of IR

In order to analyze the variation of section infiltration rate IR during rainfall, we extracted the relationship curve of section infiltration rate IR with time corresponding to different normalized heights Hnor under condition I = 1.0ks, as shown in Figure 11.




Figure 11 | Section infiltration rate at different elapsed times under different normalized heights Hnor for the soil column.



As can be seen from Figure 11, under each Hnor, the IR at the top of the soil column gradually increased with time during the rainfall process, but after the rain stops, it began to decrease again. The IR at the bottom of the soil column begins to increase again after a long period of rain stop. According to the analysis, the infiltrated rainwater moves slowly from the top of the soil column to the bottom, resulting in a lag in time. Therefore, as the rainfall continues, the IR of the surface gradually increases to the saturated permeability coefficient of the soil. After rain stops, the IR of the soil near the surface (the top of the soil column) decreases to zero, and at this time, the IR of the soil near the bottom of the soil column begins to increase. It can also be seen from Figure 11 that the maximum infiltration rate IRmax at the bottom of the soil column is significantly smaller than that of the top of the soil column. This is because the infiltration of rainwater into the bottom of the soil column becomes much slower due to the reduction of the hydraulic gradient. During the whole process of rainfall, the maximum infiltration rate IRmax near the surface (i.e., Hnor = 1.0) is the largest, and the IRmax decreases with the decrease of Hnor.

The curves in Figure 11 also show that the distribution of IR in the soil column along the depth direction is very uneven. Then, the relationship curves between the normalized height Hnor and the section infiltration rate IR under the conditions of I ≤ 1.0ks and I > 1.0ks are drawn, as shown in Figure 12. In the figure, T1 and T2 are the different moments during the rain, and T1< T2, T3 is a certain moment after the rain stops.




Figure 12 | The relationship curve between the normalized height Hnor and section infiltration rate IR.






3.4 Effect of I on the infiltration characteristic parameters

From the previous article, we can find that when the rainfall intensity I is different, the two parameters of the calculated normalized infiltration front depth WFnor and the normalized suction reduction depth MRnnor are also different. We also sorted out the change of the WFnor and the MRnnor of the soil column under different rainfall intensities I and different times T during the rainfall process, as shown in Figure 13.




Figure 13 | Influence of rainfall intensity I on the normalized infiltration front depth WFnor and normalized matric suction reduction depth MRnnor.



Figure 13A shows the variation of WFnor with the rainfall duration under different rainfall intensities. It can be seen from the figure that WFnor generally increases exponentially with time, and with the increase of rainfall intensity I, the depth of infiltration front WF gradually approaches the depth of groundwater level WT (i.e., WF = WT). In addition, it can be seen that when the rainfall began, the movement of the infiltration front is very rapid, but it gradually slowed down over time, especially after the rain stops, where the movement of the infiltration front became slower. When the rainfall duration is 1 day under different rainfall intensities, the normalized infiltration front depth WFnor under each working condition has a maximum value; that is, the influence depth of rainwater has a limit, and as the rainfall intensity increases, this limit value also increases. When  , the individual curves almost coincide; it can be considered that I = 2.5ks is an eigenvalue.

Figure 13B shows the variation of the depth of normalized suction reduction MRnnor with rainfall intensity I under different suction reduction rates n%. It can be seen from the figure that the matric suction in the soil column is not completely lost after the rainfall: the area where the suction reduction in the soil column is more than 10% only accounts for approximately 35% of the height of the soil column. In other words, from the groundwater level up, the suction reduction of the soil column in the range of approximately 65% height is very small (i.e., the reduction is less than 10%). Therefore, only a small part of the soil column’s shear strength is reduced.

It also can be seen from Figure 13 that the movement speed of the infiltration front increases with the increase of rainfall intensity I. Similarly, the amplitude of suction reduction and the section infiltration rate IR also increase with the increase of I. However, there is a limit to the influence of rainfall intensity on these parameters, that is, I = 2.5ks.

All these phenomena indicate that there is indeed a “special” rainfall intensity when the soil column is affected by rainfall infiltration. In a certain range, increasing the rainfall intensity I will accelerate the infiltration of rainwater in the soil column, but there is a maximum limit (“special”) rainfall intensity. At this time, the influence of I on the infiltration of the soil column reaches the maximum. When I exceeds this value, its effect on the infiltration of the soil column will be less obvious.





4 Conclusions

Based on the one-dimensional seepage theory of saturated–unsaturated soil, this paper studies the one-dimensional rainfall infiltration numerical test of a soil column model under different conditions. By introducing three infiltration characteristic parameters to sort out and analyze the calculation, the following conclusions are obtained:

	The proposed three infiltration characteristic parameters of infiltration front depth WF, suction reduction depth MRn, and section infiltration rate IR can qualitatively and quantitatively describe the infiltration characteristics of the soil column model under rainfall conditions.

	During the rainfall, the volumetric water content θ near the surface first began to increase and gradually moves to the groundwater level, and the infiltration front depth WF increased with the extension of rainfall duration, and even continues to increase for a long time after the rain stops.

	During the rainfall process, the suction reduction depth MRn decreases with the increase of n%; that is, the shallower the depth, the more obvious the suction reduction of the soil matrix. When the rainfall duration is 24 h and the rainfall intensity is different, the normalized suction reduction depth MRnnor is approximately 35% of the total depth.

	During the rainfall process, IR is mainly affected by rainfall intensity I, and the IRmax near the surface decreases with the increase of soil column depth. After the rain stops, IR is mainly affected by the saturated permeability coefficient ks, and the IR increases first and then decreases with the increase of soil column depth, but the IRmax is less than the maximum value during the rainfall process.

	The increase of rainfall intensity I can accelerate the infiltration of soil columns. The faster the WF changes, the greater the change range of MRn and IR. However, there is a limit rainfall intensity value for the influence of rainfall intensity on the infiltration of soil columns. The limit rainfall intensity under the calculation conditions in this paper is I = 2.5ks.
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Tunnel construction in soft soil necessitates a thorough evaluation of soil behavior, embedment depth, ground heaves, and tunnel distortions, especially in earthquake-prone areas. This study presents a numerical parametric investigation of an unconventional tunnel complex formed by combining the closely located twin tunnels. The complex is subjected to varying horizontal ground vibrations, and the influence of lining thickness, embedment depth, and interface conditions on seismic-induced thrusts, shear forces, bending moments, tunnel distortions, and ground heaves is assessed. The applicability of analytical solutions from existing literature for singular tunnels is examined through detailed analyses of different embedment ratios. The study reveals that increased tunnel flexural rigidity leads to higher seismic-induced bending moments in the tunnel complex. Comparison of full-slip and no-slip interface conditions shows that the former exhibits reduced overall tunnel distortions. Furthermore, a comparison is made with a conventional-shaped rectangular tunnel complex. The results indicate that the twin tunnel complex behaves more rigidly under a constant embedment ratio and input motion amplitude. It also results in lower ground heaves and suffers lesser induced lining forces during seismic events, making it a superior performer in comparison. Overall, this research provides valuable insights into the behavior of twin tunnel complexes in soft soil under seismic conditions, showcasing their advantages over conventional shaped tunnels in terms of tunnel distortions, ground heaves, and overall structural response. 
Keywords: twin tunnel complex, soft soil, soil–structure interaction, seismic response, numerical analysis
1 INTRODUCTION
Tunnel construction is becoming the need of urban areas to cater to the higher traffic demands. Underground tunnels provide the benefit of uninterrupted traffic flow in areas where surface construction is not possible while keeping the surrounding area compact. Many cities are now planning and constructing underground tunnels. Apart from the singular tunnel, multiple tunnels including the twin tunnel and triplet tunnel complexes are also under consideration now. However, tunnels require extra attention when planned in an earthquake-prone area. It makes them more vulnerable to excessive settlements, thrusts, and severe damage in case of seismic activity. The condition becomes worse when the tunnels are lying in soft soil and when multiple tunnels lie close to each other. The literature explains that the major earthquakes of the past like the Kobe earthquake (Japan, 1995), the Loma Prieta earthquake (United States, 1989), and Chi-Chi earthquake (Taiwan, 1999) have caused severe damage to underground structures. The damage depends on the type of soil, groundwater condition, embedment depth of the tunnel, lining thickness of the tunnel, amplitude, duration of the earthquake, etc.
In the past, less attention was given to the effects of an earthquake on the tunnels, but the damages caused during major earthquakes have caused researchers to study this aspect as well. Many researchers are now working on the evaluation of the seismic response of tunnels analytically (Hoeg (1968), Wang (1993), Penzien (2000), Bobet (2003), Park et al. (2009), Bobet (2010), experimentally (Adalier et al., 2003; Lanzano, 2009; Lanzano et al., 2010; Bilotta et al., 2014; Ulgen, Saglam, and Ozkan, 2015), and numerically (Hashash et al., 2010; Sandoval and Bobet, 2017; Tsinidis, 2017; Sadiq et al., 2019; Naseem et al., 2020). Sharma and Judd (1991) studied the effect of the type of the soil medium and the embedment of the tunnel on seismic behavior. The study concluded that the tunnels in soft soil are more vulnerable than those in dense soil or rock. Similarly, shallower tunnels suffer more damage than deeper ones. Power et al. (1998) studied the effect of earthquake acceleration on the tunnels and found that the tunnels suffer very little damage for the peak ground acceleration (PGA) of 0.2 g while slight-to-heavy damage for PGA greater than 0.2 g. Penzien (2000), Wang (1993), and Anderson (2008) studied the seismic-induced thrusts and bending moments in tunnels and developed closed-form solutions for rectangular and circular tunnels. Chen et al. (2012) performed the numerical simulation of shake table tests and reported that the most affecting parameters in the case of mountain tunnels are embedment depth, lining thickness, distance from the epicenter, and amplitude of the seismic vibrations. Owen and Scholl (1981) studied the effect of PGA on rock tunnels and concluded that a PGA less than 0.4 g results in very slight damage. Cilingir and Madabhushi (2011c, b, a) performed centrifuge modeling to study the dynamic and post-earthquake behavior of rectangular and circular tunnels in sand and found out that after some vibrations, tunnels achieve dynamic equilibrium after which the earth pressures oscillate at a residual value around the tunnel lining. Yang et al. (2004) performed centrifuge tests to study the internal forces generated in the tunnel lining during the seismic activity. Chen and Shen (2014) recorded the seismic-induced bending moments, while Cao and Huang (2010) installed the strain gages in centrifuge tests to study the strains developed during the dynamic vibrations. Qiu et al. (2017) studied the dynamic behavior and interaction of twin tunnels in loess using centrifuge modeling to evaluate the optimum space and other tunnel parameters. Apart from experiments, numerical modeling has also been used to evaluate the dynamic behavior of tunnels. Tsinidis (2017) performed a detailed numerical parametric study on rectangular tunnels in soft soil to evaluate the forces developed in the tunnel lining, structure–ground interaction, and dynamic earth pressures. Chang, Travasarou, and Chacko (2008) evaluated the liquefaction-induced uplift of immersed tunnels using both centrifuge and numerical analyses. Azadi et al. (2010) numerically studied the uplift and the developed pore pressures of tunnels in liquefiable soils. Patil et al. (2018) performed the parametric numerical study of shallow circular tunnels in soft soils under horizontal ground shaking to evaluate tunnel forces, the effect of vibration’s amplitude, etc. However, all the available literature consists of studies on rectangular and circular tunnels, either singular or in pair located in a close proximity. The seismic behavior of the combined multiple tunnels, leading to unconventional shapes, has not been studied.
This study evaluates the seismic performance of the twin tunnel complex which is an unconventional shape resulting from the combination of two closely located circular tunnels and one of the novel tunnel shapes that have been hypothetically proposed to carry multiple underground railway tracks. This research is divided into different parts. In the first part, the construction arrangement for different configurations of closely spaced multiple tunnels has been studied in terms of the produced ground settlements (Naseem et al., 2019). In the second part, three closely spaced circular tunnels combined into a novel triple tunnel complex have been parametrically estimated and compared to the equivalent rectangular tunnel complex (Naseem et al., 2020). This paper parametrically evaluates the behavior of a twin tunnel complex in soft soil, numerically using finite element (FE) software PLAXIS 2D. The study evaluates the effect of amplitude, embedment depth, and lining thickness on structural distortions, lateral pressures, and seismic-induced lining forces. A comparison is also made with the equivalent conventional-shaped rectangular tunnel complex to identify the better performer between the two.
2 DETAILS OF NUMERICAL MODELING
2.1 Software and constitutive model
This study is carried out using the dynamic module of PLAXIS 2D which is a finite element (FE) software. It is capable of performing analyses on various types of soil types. The constitutive models available include hardening soil (HS), hardening soil with small strains (HSsmall), concrete, and Mohr–Coulomb (MC) (Brinkgreve et al., 2010). This study is performed using the MC model. As it is an elastic-perfectly plastic model, to be able to use it for dynamic analyses, PLAXIS 2D makes use of the modified MC model. The input parameters, i.e., elastic modulus (E) and shear modulus (G), for the model are calculated for each soil layer based on its shear wave velocity (Vs). Apart from this, the variation in the moduli with respect to depth is also taken into account.
Seismic vibrations produce cyclic stresses, developing the hysteric loop with energy dissipation and damping. As the MC model is incapable of capturing this phenomenon, so to cater to this, frequency-dependent Rayleigh viscous damping parameters are incorporated in the model. The equations are given as
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While
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where α and β are the Rayleigh viscous damping coefficients, ω1, and ω2 are the angular frequencies, h is the thickness of the soil layer, Vs represents the shear wave velocity for the respective soil layer, f1, and f2 are the first and second target frequencies, and ξ1 and ξ2 are the respective damping ratios which are taken as 10% for soft soil.
2.2 Soil–tunnel model and boundary conditions
The layered soil system is used in this study. The top layer is silty clay which is followed by very soft silty clay and soft clay, underlain by clay and silty clay–silty sand layers. The soil system is categorized as soft soil type D according to Eurocode 8 (Code, 2005). The detailed geotechnical soil parameters are tabulated in Table 1, while the Vs profile with respect to the depth is given in Figure 1D. The ground conditions are considered fully saturated with the groundwater table (GWT) at the surface. The benefit of using a layered soil profile is to include the effect of variation of Vs along the depth as well as the different soil properties on the tunnel’s C/H ratio. This is the same layered soil as previously used by Huo et al. (2005), Naseem et al. (2020), and Patil et al. (2018).
TABLE 1 | Soil properties used in the study.
[image: Table 1][image: Figure 1]FIGURE 1 | Soil–tunnel geometry (A). Soil layers with the embedded triple tunnel complex (B). Soil column with respect to the depth and type (C). Enlarged twin tunnel complex section, also showing the truncated parts (units in “m”) (D). Shear wave velocity profile with respect to depth (E) Equivalent rectangular tunnel complex with dimensions (units in “m”).
The 2D plane strain numerical model with 15-noded triangular elements is used, with the tunnel lining elements being considered the elastic plate elements. The elastic modulus of the liner (El) is taken as 37 GPa, while the unit weight as 25 KN/m3, and the Poisson’s ratio (υl) as 0.2. The detailed layered soil profile along with the tunnel geometry can be seen in Figures 1A–C. The tunnel width (H) and embedment depth (C) are kept as variables to study the effect of the embedment ratio (C/H) on the overall tunnel seismic behavior. The dimensions of the model are kept at 400 × 75 m. The boundaries of the model are so kept that they do not interfere with the wave propagation. The free-field boundaries are considered at the lateral ends to absorb the incident waves, while the bottom boundary is considered to be fully reflective. The mesh size is selected based on the Kuhlemeyer et al. (1973) equation so that the wave does not pass one element per single time step.
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And
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where Δl is the length of the finite elements and λ is the wavelength, Vs is the least shear wave velocity, and f is the frequency. The time step also plays an important role in the overall accuracy of the results and hence is selected as
[image: image]
where δt is the time step, t is the total time duration of the seismic vibration, and Δt is the sub-step.
2.3 Input seismic motions
The major earthquakes in history are used to evaluate the seismic performance and design the structures in earthquake-prone regions. This study includes three earthquakes from the past. The Kocaeli (Turkey, 1999) earthquake, the Coyote (United States, 1979), and the Kobe (Japan, 1995) earthquake signals are applied to the tunnel–soil system to evaluate the seismic performance. The input motions (IMs) are scaled to the amplitude of 0.4 g for using them in this study. The details of the earthquake records are tabulated in Table 2, while the acceleration–time histories and Fourier amplitudes are given in Figures 2A–C. The normalized spectral acceleration curves plotted with the Eurocode 8 site class A can be seen in Figure 2D.
TABLE 2 | Records of earthquake vibrations.
[image: Table 2][image: Figure 2]FIGURE 2 | Acceleration–time history and the Fourier amplitude of (A) Kocaeli earthquake (1999), (B) Coyote earthquake (1979), and (C) Kobe earthquake (1995). (D) Comparison of the normalized spectral accelerations with the design spectrum of site class A (EC8).
3 VALIDATION MODEL
This research studies an unconventional tunnel complex for which experimental data and specific analytical solutions are not available. To verify that the produced results by PLAXIS 2D are acceptable, a validation study is performed. A circular tunnel of 6 m diameter is considered in the same layered soil profile (Table 1) with no-slip conditions at the soil–structure interface (SSI) and the Kobe earthquake with 0.4 g amplitude is applied to the model. The lining thickness varies from 0.1 to 1 m to have a wide range of flexibility ratios (Table 3). The obtained shear strains from the 1D soil column analysis are converted to the pseudo-static displacements and applied to the soil–tunnel system to compute the lining forces. The calculated numerical values are then compared with the analytical solutions of Wang (1993), Penzien (2000), and Bobet (2010) tabulated in Table 4. The results can be seen in Figures 3A, B, which are in close agreement, hence depicting that the obtained numerical values are accurate. A similar type of a validation study was also conducted by Patil et al. (2018) and Naseem et al. (2020).
TABLE 3 | Tunnel lining thicknesses and induced thrusts and bending moments.
[image: Table 3]TABLE 4 | Analytical solutions to calculate induced thrusts and moments.
[image: Table 4][image: Figure 3]FIGURE 3 | Comparison between numerical and analytical solutions: (A) thrust and (B) bending moment.
4 PARAMETRIC STUDY
In this research, a detailed numerical parametric study is performed to evaluate seismic performance. The effect of variation in lining thickness, C/H ratio, and the amplitude of the seismic vibrations are studied to evaluate the produced ground deformations, tunnel distortions, seismic-induced thrusts, shear forces, and bending moments. An equivalent rectangular tunnel complex (Figure 1E) is also analyzed, and a detailed comparison is then made to evaluate the overall performance.
4.1 Flexibility ratio
The analytical solutions to calculate the flexibility ratio (F) that are available in the literature are for singular tunnels. To find their applicability to the combined circular twin tunnel complex, detailed dynamic analyses are performed by varying the tunnel lining thickness from 0.1 to 1.5 m to calculate the ratio of distortions in free-field (FF) and the tunnel complex. Three C/H ratios, i.e., 0.25, 0.5, and 0.75, are considered for this study. The F is obtained from the ratio of soil deformations (obtained using PLAXIS 2D) and structural deformations (obtained using the structural analyses program). The normalized tunnel distortions are also calculated using the closed-form solutions by Wang (1993), Penzien (2000), and Anderson (2008), and the results from the numerical and analytical methods are compared, which can be seen in Figures 4A–C. From the figures, it can be noticed that there is some minor difference between the numerically and analytically obtained values which is because the numerical analyses are performed taking into consideration the nonlinear behavior of soil, while the analytical solutions are developed considering the linear elastic behavior. The overall results are in good agreement with the analytical solutions; hence, they can be used to calculate the normalized structural distortions and F for the combined circular twin tunnel complex.
[image: Figure 4]FIGURE 4 | Validation of analytical R–F relationships for C/H ratios: (A) 0.25, (B) 0.5, and (C) 0.75.
4.2 Variation in lining thickness
To study the variation in lining thickness, twin tunnel complexes with different lining thicknesses varying from 0.12 to 2 m are seismically analyzed. The range is so selected that it covers both flexible and rigid tunnels. All the other parameters, i.e., the C/H ratio, the amplitude of the IM, and the thickness of the inner structure, are kept constant. The thickness variation in the tunnel is represented in terms of F, and their relationship is represented in Figure 5A. From the figure, it can be observed that the tunnel section of approximately 0.15 m thickness is the critical section having F ≈ 1.
[image: Figure 5]FIGURE 5 | (A) Lining thickness representation in terms of flexibility ratios. (B) Comparison of tunnel distortions for full-slip and no-slip interface conditions.
To study the tunnel distortions, both full-slip (μ = 1) and no-slip (μ = 0) cases are considered. From Figure 5B, it can be seen that the normalized tunnel distortions increase with the flexibility of the tunnel lining, while the same thickness of tunnel lining would undergo more distortions in case of no-slip condition as compared to when the slip is present in between the tunnel–soil interface. The reason is that the full slip allows for easier movements and rotation within the soil, hence reducing the distortions, which are in line with the results obtained by Tsinidis (2017) and Debiasi, Gajo, and Zonta (2013).
The produced ground deformations and seismic-induced forces (thrusts, shear forces, and bending moments) can be seen in Figures 6A–D, respectively. From the surface displacement curve, it can be noticed that the increased thickness of the tunnel lining makes the tunnel behave as rigid and results in lesser ground heave because the tunnel would resist the distortions produced by seismic vibrations, resulting in lesser seismic-induced thrusts (T) and more shear forces (Q) and bending moments (M). As the F ≥ 1, the tunnel behaves almost like the soft soil medium; hence, the induced T and Q get excessively large and the M is reduced to the minimum as the capacity to resist is sufficiently reduced. These results are similar to those obtained by Azadi et al. (2010) and Abdel-Motaal, El-Nahhas, and Khiry (2014). Hence, to increase the tunnel resistance, reinforcement should be increased instead of providing thicker tunnel linings, as recommended by Hashash et al. (2001).
[image: Figure 6]FIGURE 6 | Variation in (A) surface displacements and seismic-induced (B) thrusts, (C) shear force, (D) and bending moments in a combined twin tunnel complex of varying F.
The induced forces in the internal connection members can be seen in Figures 7A, B. From the figures, it can be observed that the induced Q and M in the tunnel lining also have an impact on the forces generated in the internal connecting members. With a decrease in the F of the tunnel, the tunnel lining becomes stiff and more forces are taken up by it, resulting in lesser forces in the internal members, and hence the reduced dimensions of the members. On the contrary, if the tunnel structure is more flexible, the stability of the tunnel complex would be relying more on the internal connecting members as more forces will be generated in the internal connecting members, and hence will lead to the thicker dimensions of the internal members.
[image: Figure 7]FIGURE 7 | Variation in seismic-induced (A) shear forces and (B) bending moments in connecting members of a combined twin tunnel complex of varying F.
4.3 Variation in embedment depth ratio
To study the effect of variation in C/H, the lining thickness, the amplitude of the IM, and the thickness of the inner structure are kept constant. Three C/H ratios, i.e., 0.25, 0.5, and 0.75, are studied in this regard that produced ground deformations, and normalized tunnel distortions are plotted, which can be seen in Figure 8. The figure shows that although negligible but there are lesser structural distortions in case of the C/H ratio of 0.75 for F < 0.5. The reason is that for F ≤ 0.5, the lining thickness is more than the inner connecting members; hence, embedment depth contributes to lesser distortions. As the lining thickness decreases than the inner members, the overburden pressure results in the buckling and collapse of inner structures, and thus results in more structural distortions. This explanation is corroborated by the drastically increasing seismic-induced M, Q, and T beyond the F of 0.5 plotted in Figures 5–7. From the obtained trendlines, it is evident that as the C/H ratio increases, the tunnel behaves more flexibly and undergoes increased tunnel distortions.
[image: Figure 8]FIGURE 8 | Effect of variation in the embedment depth on normalized tunnel deformations.
4.4 Variation in the amplitude of input motion
While keeping the lining thickness, C/H ratio, and thickness of the inner structure constant, the amplitude of input motion (IM) is varied from 0.1 g to 0.5 g. The variation in the settlement trough along the width, maximum produced ground displacements, and seismic-induced lining forces with respect to the amplitude for the three IMs is plotted in Figures 9A–E. From the figures, it can be seen that the increased amplitude of IM results in exponentially increased ground heaves, and also a logarithmic increase in the seismic-induced lining forces. The obtained results show a similar trend as those obtained by Azadi et al. (2010) and Patil et al. (2018).
[image: Figure 9]FIGURE 9 | Comparison of (A) surface displacement troughs to the variation in amplitude (B), maximum ground displacements and seismic-induced maximum (C) thrusts, (D) shear forces, and (E) bending moments with respect to the amplitude of three IMs.
4.5 Residual earth pressures
The residual earth pressures from the dynamic analyses are also calculated, which can be seen plotted along with the normalized tunnel perimeter (given in Figures 10B, C) and the deformed tunnel complex shape in Figure 10A. The figures show that the higher amplitude vibrations result in higher uplift pressures on the tunnel structure. This phenomenon causes the dynamic earth pressure to decrease at the invert (0) and on the crown (0.5) due to the heaving of soil and increase on the side walls (0.25 and 0.75) and the shoulder parts (0.3125 and 0.6875) due to the densification and inward movement of the surrounding soil to fill up the void with the increase in the amplitude of the seismic vibration.
[image: Figure 10]FIGURE 10 | (A) Deformed complex under the seismic vibrations (50 x zoom). (B) Normalized tunnel perimeter for the circular twin and rectangular tunnel complex. (C) Variation in residual earth pressures with respect to the amplitude along with the circular twin tunnel perimeter and comparison with the rectangular tunnel complex.
4.6 Seismic-induced lining forces
The evaluation of seismic-induced T, Q, and M is very important to understand the distribution of forces along the tunnel lining, which helps in the optimum design of the tunnel structure. To evaluate the forces, the circular twin tunnel complex is subjected to the selected acceleration–time histories while keeping the C/H ratio, the thickness of the lining, and internal connection members constant. The detailed T, Q, and M diagrams can be seen in Figures 11A–C.
[image: Figure 11]FIGURE 11 | Seismic-induced (A) thrusts, (B) shear forces, and (C) bending moments in the circular twin tunnel complex.
Apart from this, the variation in the induced forces along with the tunnel perimeter is also plotted for each of the IMs, which can be seen in Figures 12A–C. The figures show that the critical sections are the invert (0 and 1) and the crown (0.5) which suffer the maximum M, while the knee portions (0.125 and 0.875) are other important sections suffering the maximum T.
[image: Figure 12]FIGURE 12 | Variation in seismic-induced (A) thrusts, (B) shear forces, and (C) bending moments along the perimeter of the circular twin tunnel complex and comparison with the rectangular tunnel complex.
4.7 Comparison with the equivalent rectangular tunnel complex
To better understand the seismic performance of the twin tunnel complex, it is compared with the conventional equivalent rectangular tunnel complex (given in Figure 1E).
4.7.1 Comparison of flexibility
The obtained F and the normalized tunnel distortions with respect to the thickness of the tunnel lining are plotted together for both the tunnel complexes, which can be seen in Figures 13A, B, respectively. All the other affecting parameters, i.e., the C/H ratio, IMs, and the thickness of the internal connecting members, are kept constant.
[image: Figure 13]FIGURE 13 | Comparison of lining thickness with the (A) flexibility ratio. (B) Normalized tunnel distortions for circular twin and rectangular tunnel complexes.
From the figures, it can be observed that the critical section of the twin tunnel complex (F = 1) has a lining thickness of approximately 0.15–0.2 m, while the rectangular tunnel complex has a lining thickness of approximately 0.45–0.5 m. It means that the same lining thickness would result in a rigid circular twin tunnel complex as well as a flexible rectangular tunnel complex.
4.7.2 Comparison of produced ground displacements
The variation in surface displacement trough along the section width and maximum displacements for both the tunnel complexes are evaluated with respect to the varying amplitude of IMs by keeping the C/H ratio and the thickness of the internal connecting members constant. The obtained plots can be seen in Figures 14A–D. From the figures, it can be noticed that the circular twin tunnel complex results in lesser ground displacements than the equivalent rectangular tunnel complex.
[image: Figure 14]FIGURE 14 | Comparison of (A) surface displacement troughs along the width and the produced maximum ground displacements with respect to the varying amplitude of (B) Kobe, (C) Coyote, and (D) Kocaeli earthquakes.
From the comparison, it can be noticed that the twin tunnel is rigid between the two for the given lining thickness and produces approximately 1.3 times lesser displacements than the rectangular tunnel complex.
4.7.3 Comparison of residual dynamic earth pressures
The seismic-induced residual earth pressures are compared for both the tunnel complexes by plotting the variation along with the tunnel perimeter, which can be seen in Figure 10C. From the figure, it can be noticed that having the same lining thickness and other parameters, the circular twin tunnel complex undergoes approximately 1.15 times lesser earth pressures than the rectangular tunnel complex.
4.7.4 Comparison of seismic-induced lining forces
The seismic-induced lining forces, i.e., T, Q, and M, are compared in two different ways. One comparison is made in terms of maximum induced forces with respect to the varying tunnel lining thickness and the second in terms of the variation in induced forces along with the tunnel perimeter which can be seen in Figures 12A–C, 15A–C, respectively.
[image: Figure 15]FIGURE 15 | Comparison of the seismic-induced (A) thrusts, (B) shear forces, and (C) bending moments with respect to the lining thickness for the circular twin and rectangular tunnel complexes.
Figures 15A–C show that having the same C/H ratio and lining thickness, the seismic-induced forces (T, Q, and M) in the twin tunnel complex are lesser between the two complexes. From the variation of seismic-induced forces along with the normalized tunnel perimeter shown in Figures 12A–C, it can be noticed that the rectangular tunnel suffers the maximum seismic-induced forces. Furthermore, it can be noticed that the critical section in the circular twin tunnel complex is the invert (0 and 1) and the knee (0.125 and 0.875) which experience the maximum forces, but in the case of the rectangular tunnel complex, the corners and the joint sections are all critical due to larger induced forces.
Keeping the C/H ratio, the amplitude of IM, the thickness of tunnel lining, and the inner connecting members constant, the Tmax in a circular twin tunnel complex is approximately 1.03 times lesser than that of the rectangular tunnel complex. The Qmax induced in the circular twin complex is approximately 1.81 times lesser than that in the rectangular tunnel complex. The Mmax induced in the circular twin complex is approximately 1.64 times lesser than that of the rectangular tunnel complex.
5 LIMITATIONS
This research is a preliminary study that evaluates and compares the seismic behavior of a novel twin tunnel complex with an equivalent rectangular tunnel complex in 2D. The spatial variation in the longitudinal direction along with the feasibility and practical problems associated with the construction of such a complex shape are ignored while performing this study. Hence, the effect of soil variation, presence of a fault, slope variation, etc., in the longitudinal direction should also be studied using 3D modeling for further evaluation of its seismic performance.
6 SUMMARY AND CONCLUSION
Tunnels being an important lifeline structure require an in-depth study when located in an earthquake-prone area to avoid damage during a seismic event. Closely spaced circular twin tunnels combined into a single circular twin tunnel complex result in a novel shape. A detailed numerical study is thus performed on this unconventional tunnel complex shape in the soft soil using three historic major earthquakes to study the effect of lining thickness, embedment depth, and variation in amplitude of seismic vibration on the overall performance. From the obtained results, it is understood that the overall behavior of the tunnel complex depends on both the tunnel lining and the inner connecting members. If the lining thickness is more than the inner structure for F ≤ 0.5, more forces are resisted by the lining than the inner structure. The suffered structural distortions are lesser because the surrounding soil pressure keeps the tunnel complex compact. On the contrary, thinner lining with thicker inner connecting members results in enormous seismic-induced forces in the inner members and hence causes severe distortions. Apart from this, the connection joints of the lining and the inner members are critical sections suffering enormous forces that may result in the collapse of the whole complex and hence need careful consideration during the design. The produced ground heaves, residual dynamic earth pressures, seismic-induced thrusts, shear forces, and bending moments are also compared with those of conventional-shaped rectangular tunnel complex. Based on the study, the following main results are concluded.
1. The increased flexural rigidity of the tunnel lining results in reduced ground heaves while also leading to the increased seismic-induced lining forces.
2. The full-slip interface conditions result in lesser tunnel distortions than the no-slip interface conditions.
3. The increased C/H ratio increases the overall normalized tunnel distortions.
4. The increase in the amplitude of the IM results in an exponential increase of the surface displacements while also leading to a logarithmic increase in the lining forces.
5. The dynamic earth pressures decrease at the invert and crown due to the ground heave and uplift phenomenon but increase at the sides because of the inward soil movement to fill in the void area due to heaving.
6. Keeping the C/H ratio and the amplitude of the IMs constant, the twin tunnel complex behaves rigidly while the rectangular tunnel complex behaves flexibly.
7. The normalized tunnel distortions in the case of a twin tunnel complex are lesser than those in the rectangular tunnel complex.
8. The twin tunnel results in lesser ground heaves and seismic-induced Q and M than the conventional equivalent rectangular tunnel complex. The overall induced T is also minimum in the case of the twin tunnel complex, which makes it a better performer during seismic vibrations.
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To analyze the progressive failure of structural loess slopes due to changes in humidity and loading, this study analyzes the degrees of influence of these changes on slope failure and their relationships with various structural parameters. According to the analysis, the shear failure of the soil gradually develops with the change of the water content. When the water content reaches a 17%, with the development of shear deformation, the shear zone is formed and finally penetrates the soil body. With the increase of the water content, the total displacement of the slope body gradually develops. When the water content reaches 17%, the total displacement of the slope body changes suddenly. This mutation is consistent with the formation of the shear zone. The sudden change of displacement indicates the penetration of the shear zone and the damage and slippage of the slope. With the increase of the soil moisture of the slope, the strain localization phenomenon occurs, the development of strain localization and shear bands increases, the structural damage increases, and the quantitative structural parameters decrease. The quantitative parameters can therefore be used to evaluate the feasibility and rationality of the progressive failure process of homogeneous structural loess slopes.
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1 Introduction

During infrastructure construction in loess regions, numerous loess foundation and slope engineering problems will inevitably be encountered. The concept of slope progressive failure was first proposed by Terzaghi (1936), who believed that slope failure was caused by the strain softening of the soil mass. Skempton (1964) used the slope progressive failure theory to analyze the stability of a slope, and found that the shear strength of the soil at different positions of the over consolidated cohesive soil slope was asynchronous. According to the concept of progressive failure, the strength of the soil mass does not affect the entire sliding surface simultaneously; only when the shear stress increases at a certain point and exceeds the soil strength does shear failure occur. With the development of soil deformation, shear failure gradually transfers to adjacent elements, and the asymptotic failure surface gradually expands. Finally, when the sliding thrust of the entire soil mass exceeds the shear strength of the soil screen, the entire slope slides (Lo and Lee, 1973; Troncone, 2005; Conte, 2010). Via research on the shear strength of clay materials, Lu (1986) found that for a slope body composed of strain-softening materials, the shear strength of the local soil on the sliding surface decreases from the peak strength to the residual strength during soil failure. Liu and Wang (1994) proposed an asymptotic failure analysis model of an infinite-plane slope via slope stability analysis. While the analytical model can simulate the asymptotic failure process of the slope very well, the simulation can only be applied to bedding landslides with a planar slope fracture surface. Tan et al. (2000) simulated the process of slope failure from the toe and top of the slope to the middle via a physical similarity model that considered the proportions of fine sand, gypsum, mica powder, and engine oil. Cheng et al. (2000) established a corresponding slope finite element model by introducing the viscoelastic-plastic constitutive relationship, and analyzed the progressive failure of a rock mass with a high slope. Wang (2000) used a new contact element model to simulate the contact friction state on the sliding surface, and carried out the progressive failure process and stability analysis of the slope. Through examples, it was demonstrated that the stability coefficient of the slope while considering progressive failure was 5–10% less than that without the consideration of progressive failure. Zhang and Zhang (2007), Lu et al. (2021), Lu et al. (2022), Xue et al. (2016), and Shen et al. (2016) also analyzed progressive failure according to the characteristics of the soil strain-softening stage.

Loess is a typical structural soil. Due to the existence of the structure, when the initial structural strength is high, the stress-strain relationship curve of the soil usually presents a softened or weakly softened curve. Before the peak value of the softened stress-strain relationship curve, the shear strength gradually develops with the increase of shear strain. After the peak value occurs, the soil structure is gradually destroyed and the shear strain develops. Finally, the regional stability value of the soil strength is the residual strength. Therefore, the sliding failure of loess slopes is a typical asymptotic failure mode.

There have been many theoretical studies on slope progressive failure. However, for loess, a special soil with a strong structure, the gradual failure analysis theory considering the coupling effect of humidification and overload has not been studied. Under the coupling effect of slope overload and possible wetting, the strength and deformation of yellow soil change with the attenuation of the structure. In the present work, reference is made to the structural constitutive models of humidity and loading (Luo et al., 2015a; Luo et al., 2015b; Luo et al., 2016; Luo and Fang, 2018) established based on the understanding of the mechanism of the structural strength and deformation change of loess. By considering the structural evolution and change law of loess slopes under the conditions of overloading and humidification, the distribution laws of the structural parameters and the slip band in the distribution of structural loss are revealed. The stability analysis of loess slopes provides a theoretical basis for reasonable reinforcement measures. Guiding the construction of infrastructure in loess areas and the exploration of a more practical method for the study of the soil structure are of great significance.




2 Moisture distribution and permeability of loess



2.1 Moisture distribution of loess

The existing structural state of natural loess was formed in semi-arid climates and aeolian sediment environments after a long period of geological deposition. The structural connection of loess reflects comprehensive external and internal influences throughout the entire historical formation process. Furthermore, the existing structural state determines the possible change tendency of the loess structure under a new external environment. The structure of loess is composed of structural units, cements, and pores. Due to the unique geological environmental conditions, loess particles are mainly coarse powder accompanied by some large sand particles. Coarse silt is the main skeleton of loess, and fine silt, clay, and detritus are attached to the surface of sandy soil grains. Together with the solution formed by soluble salt and deposited at the contact point of the grains, they form a cementation connection, which strengthens the structural characteristics of loess. Skeleton particles are an important pillar of the loess structural system, and their morphology represents the force transfer performance and deformation properties of loess under external loads. Their connection forms directly affect the structural strength of the loess itself, and their arrangement directly determines the stability of the entire structural system under external loads.

The structural strength of the structural soil largely depends on the composition and corresponding properties of the intergranular cement. For loess, a special structural soil, the main components of intergranular cement are clay minerals and intergranular calcium carbonate. Due to the special activity of finely dispersed clay minerals and their large specific surface area, they more easily aggregate or adsorb on the surface of larger skeleton particles. This is more conducive to the formation of aggregate particles and clay films in loess, which form a special structural system with different structural strengths as the water content changes. These aggregates mainly include non-water-stable aggregates, water-stable aggregates, water-resistant aggregates, and highly-water-resistant aggregates. The main reason for the structural damage change of loess is the existence of a large number of non-water-stable aggregates, which are formed by the cementation of soluble salt and reversible dry adhesive film, and are destroyed when they encounter water; this is also one of the main reasons for the strong water sensitivity of structural loess.

Therefore, the soil humidity is an important indicator of the engineering properties of loess, and its change has serious impacts. Changes in humidity are mainly due to the rise and fall of the groundwater level and absorption and evaporation caused by rainfall. Generally, loess has a very low natural water content. The natural water content of loess on the tableland and beam where the groundwater is deeply buried usually varies from 6% to 10%, and that of loess on a plain terrace varies from 11% to 21% due to groundwater with a shallow buried depth and high level. In addition, due to the influence of the climate, the moisture content of surface loess varies greatly with the season. In the stratum and buried depth of loess, the change of the moisture content as a humidity indicator will inevitably affect the changes of the compressibility, collapsibility, and shear strength indicators of loess, and will further affect the stability of the loess project site and region. The research of Wang (2008) revealed that under the same slope conditions, the moisture content of a shady slope is higher than that of a sunny slope, but the difference is relatively small after a certain depth range. Moreover, with the increase of the slope of the loess plateau, the water content of the corresponding layers in the soil slope decreases. Furthermore, the seepage generated during rainfall increases with the decrease of the slope.




2.2 Permeability of loess

The factors affecting the permeability of loess include the properties of the soil particles, the shape and grading of the soil particles, the void ratio, the structure, cracks and bedding, according to the research of Xu (2021), Hong et al. (2019), and Liu et al. (2022, 2023). The extant research is far from meeting the needs of engineering practice. Due to spatial constraints, this study does not consider the permeability law of loess, but only describes the general law of loess permeability, which provides the corresponding humidity field for the application of the compression-shear constitutive model under the condition of soil moisture. Previous studies have shown that there are vertical tubular macropores in Q3 loess, which endows the permeability of loess with obvious anisotropy. The vertical permeability is far greater than the horizontal permeability. When loess is soaked and collapses, due to the loss of the structure, the permeability in both directions gradually becomes similar. There is no obvious relationship between the permeability coefficient and the void ratio of loess in the natural state. For loess after disturbance and compaction, the permeability coefficient decreases with the decrease of the void ratio due to the elimination of uneven large pores in the loess. The permeability of Q3 loess is related to its particle composition and structural characteristics, and the permeability of loess in the contact state of coarse particles and overhead is large. During the collapse development of loess, due to the change of the structural state, the permeability coefficient also changes and gradually decreases. In the natural state, the water content of loess is low, and the soil mass is in a three-phase state. When water begins to permeate loess, the permeability coefficient becomes high, gradually decreases with time, and finally approaches stable seepage.





3 Progressive failure of a homogeneous loess slope under humidification



3.1 Numerical model and calculation parameters

In slope stability analysis, the factors that influence the slope stability mainly focus on two aspects, namely (1) the change of the stress or structure state of the slope itself, and (2) the change of the external environment of the slope area, such as excavation, rainfall, overload, etc. In fact, the asymptotic failure of the slope is mainly caused by the following two factors and their coupling effects. First, the internal cause of the progressive instability failure of the slope is the destruction of the internal structure of the slope body and the generation of a plastic failure area under stress conditions, such as humidity and load conditions. The residual energy is fully released, which causes the readjustment of the local stress state of the slope. The elastic region around the plastic region then further develops into a plastic region due to the superposition of residual stress. The soil skeleton structure is further destroyed, and the secondary stable structure is further generated. Second, changes of the hydrogeology and boundary environment of the slope result in the reduction of the mechanical properties of the rock and soil mass within a certain range of the slope, and the local area changes from elastic to plastic. Simultaneously, the stress field adjusts and releases energy, which further expands the plastic failure area. This is also the main reason for the gradual failure of the excavated slope.

Considering the analysis purpose of this study, the change of the stress field of loess slopes caused by excavation and the exertion of the structural strength of slope soil are not considered. Only the asymptotic failure and development mechanism of the slope caused by humidity and load stress after excavation, as well as the exertion characteristics of the strength of the slope soil, are analyzed. Figure 1 presents the model of the slope. The three directions at the bottom are fixed displacement boundary conditions. The displacement in the x-direction is respectively fixed in the two boundary directions, and the displacement in the y-direction is fixed at 1 m.




Figure 1 | The schematic diagram of the model calculation of the slope of unified loess.






3.2 Analysis of the calculation results

To analyze the gradual destruction of the homogeneous loess slope caused by the humidification process, the stability of the loess slope caused by the change of the humidity field under the self-weight condition was analyzed. The moisture content was changed from 10% to shear band formation. Figures 2 and 3 present the nephograms of the shear strain increment and total displacement during the progressive failure of a homogeneous self-weight loess slope under the humidification condition. With the change of the moisture content, the shear failure of the soil mass gradually develops. When the moisture content reaches 17%, with the development of shear deformation, the shear band is formed and finally connected. In Figure 4, with the increase of the soil moisture content, the total displacement of the slope gradually develops. When the moisture content reaches a certain value, the total displacement of the slope suddenly changes, which is consistent with the formation of the shear band. With the change of the displacement, the shear band is cut through and the slope produces destructive sliding. When the stress of the slope is concentrated to a certain extent due to the change of the humidity field of the slope, the plastic region first appears at the foot of the mean loess slope and becomes the initial failure point. The analysis shows that due to the strain localization phenomenon at the slope toe, there is strong stress concentration at this point, at which the local stress concentration exceeds the soil strength of the loess. When the structural strength of the material is high, damage begins and develops, and the plastic deformation also develops simultaneously; thus, a plastic failure zone appears inside the slope. The appearance of the local plastic failure area causes the obvious decrease of the bearing capacity of this area. The stress field of the slope is redistributed, which leads to the destruction of the new primary structure and the generation of a plastic failure area. In this way, during the mutual adjustment and coupling change between the destruction of the primary structure and the generation of the secondary structure, the plastic zone continues to expand until the failure surface and plastic zone are formed. Therefore, it is suggested that the method of “displacement mutation + shear band connection” be used to qualitatively evaluate the stability of loess slopes when determining the slope stability and the position of the slip surface.




Figure 2 | The cloud maps of shear strain under different water contents.






Figure 3 | The cloud maps of displacement under different water contents.






Figure 4 | The relationship between the total displacement and water content of loess slopes.



Figure 5 presents the evolution process of the structural damage of a homogeneous structural loess slope from near to complete instability. Under certain water content conditions, when the slope is close to the local shear zone, the quantitative structural parameters at the shear band of the slope attenuate relative to other areas of the slope due to the development of shear deformation. Moreover, the attenuation trend of the structural parameters of the stress ratio in the slope is consistent with the development of the shear band caused by the strain localization of the slope. In the past, the strength reduction method was generally used to calculate the safety factor of slope stability in the analysis of progressive slope failure. This method was established based on the previously mentioned criteria for slope instability. When slope instability occurs, the corresponding reduction factor is specified as the safety factor of the slope. The safety factor defined by this analysis method has no physical significance, nor can its correlation with different soil properties be established. It can be seen that in the stability analysis of homogeneous structural loess slopes, the progressive failure process of the slope is actually the evolution and development process of structural damage; in other words, the development and change of the quantitative structural parameters of the slope can actually be used as some of the instability criteria for the progressive failure analysis. If it is assumed that the quantitative structural parameters of the slope attenuate to a certain extent during the processes of humidification and loading, the slope can be defined as having suffered from instability and failure. At this time, the quantitative structural parameters corresponding to the local shear zone of the slope are consistent with the safety reserve of the slope, i.e., the stability of the homogeneous structural loess slope can be quantitatively evaluated by the quantitative structural parameters of the slope.




Figure 5 | The cloud maps of the stress ratio structural parameters under different water contents.







4 Progressive failure of a homogeneous loess slope under loading

A homogeneous structural loess slope with an initial moisture content of 0.15 was selected to investigate the progressive failure process of the slope under loading. The load was increased by 20 kPa per section. After the shear band of the slope appeared, the acceleration rate of load application was reduced to investigate the progressive failure evolution process of the slope. The load was uniformly distributed, and the operating distance was 5 m from the slope top.

Figure 6 displays the development and change of the shear strain increment under different top loads under the condition of a 15% water content. The strain increment was found to increase with the increase of the top load of the slope. With the increase of the top load of the slope to 240 kPa, the shear band begins to appear and develop. With its increase to 244 kPa, a shear band forms and runs through the slope. Different from the gradual failure of slopes caused by humidification, the gradual failure of slopes caused by loading begins from the top of the slope, and when the shear band develops to the bottom of the slope, the slope will lose its stability.




Figure 6 | The cloud maps of shear strain under different loads.



Figure 7 shows the development and change process of the total displacement of the slope under the action of the load on the top of the slope. The maximum total displacement of the slope was found to first decrease and then increase, and the areas that appear are different before and after the failure. When the load on the top of the slope is low, the total displacement appears at the top of the slope far away from the free surface. When the slope is close to sliding failure, the maximum displacement preferentially moves on the side of the free surface. At this time, the position at which the maximum displacement occurs is consistent with the position on the slope at which sliding instability failure occurs.




Figure 7 | The cloud maps of total displacement under different loads.



Figure 8 exhibits the cloud maps of the structural parameter changes of the progressive failure of the slope under the action of top loading and a water content of 15%. The change law of the structural parameters was found to be basically consistent with the change law and trend of the shear strain increment of the slope body. After the appearance of the slope shear zone, the structural parameters in the shear zone are close to 1. Different from the humidification model findings, the shear band generated by loading has an obvious zonal feature, i.e., there is a typical slip surface during the sliding process. Under the load on the top of the slope, when the whole slope slides, the top of the slope is partially destroyed.




Figure 8 | The cloud maps of the stress ratio structural parameters under different loads.






5 Conclusion

It was found that when the water content is 10%, the maximum load on the top of the slope reaches 500 kPa. At this time, the value of slope failure appears at the top of the slope, and there is no continuity of the slip surface throughout the entire slope. With the increase of the water content, the load that the slope top can bear decreases correspondingly, and the slope sliding surface begins to move downward. When the water content reaches 15% and the load on the top of the slope reaches 224 kPa, the sliding surface of slope failure begins to penetrate, but it does not pass the toe of the slope. However, with the further increase of the water content, the load on the top of the slope decreases sharply, and the sliding surface of the slope gradually becomes close to the slope toe. When the water content reaches 17.5%, the slope top slips without any load. The following conclusions can be drawn from the findings:

	(1) In previous soil slope stability analysis, it was assumed that the strength of the soil in the assumed sliding surface of the soil slope reaches its peak value simultaneously; in this case, the asymptotic process of slope failure was not considered. The viewpoint that the failure of the slope begins from the slope toe at a certain time and finally develops to the top of the slope to form a slip is one-sided. In theory, the strength of the soil in the slip zone is fully exerted when the slope is subject to sliding failure.

	(2) When the water content is 10%, the attenuation of the structural parameters caused by the top loading of the slope mainly occurs at the top of the slope. Moreover, the attenuation of the structural parameters is mainly caused by loading, which exhibits regional characteristics rather than a zonal distribution during humidification. With the increase of the water content, the attenuation of the structural parameters caused by humidification increases and begins to expand in a band to the slope bottom.

	(3) Under the action of humidity and loading, the attenuation of the structural parameters becomes increasingly more obvious, and the attenuation band is the slip band corresponding to the shear strain increment; this also shows that the structural parameters can be used as some of the criteria for the progressive failure of structural loess slopes.

	(4) For the slope investigated in this study, with the increase of the water content of the slope, the load that the slope top can bear was found to decrease gradually, and the load decreased sharply after the water content reached 17%. This phenomenon provides a certain criterion for the relationship between the magnitude of the slope top surcharge and slope stability in engineering construction.
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The sandy cobble stratum presents a high risk for underground tunnel construction due to its low cohesive properties and susceptibility to loosening and falling. The use of Advanced ductule for grouting reinforcement inevitably results in vibrations, and understanding how these vibrations propagate is crucial in selecting tunnel engineering support schemes and responding to accident risks. Based on a bored tunnel under construction in Xi’an, field vibration propagation characteristics testing were carried out for advanced ductile installation. The time-history response and frequency distribution characteristics of the vibration velocity within the tunnel face under sandy cobble stratum conditions were studied, and the law of vibration propagation attenuation within the tunnel face range was obtained. The results showed that: 1) During the conduit drilling process, the tunnel face mainly experienced vertical vibrations, with the horizontal velocity amplitude accounting for only 15%–20% of the vertical velocity amplitude. At a distance of 1.0 m from the conduit, the vertical velocity amplitude reaches 10.602 mm/s, and the vibration energy concentrates mainly in the frequency range of 150–250 Hz. At a distance of 1.5 m from the conduit, the bidirectional vibration velocity significantly attenuates; 2) The vibration characteristics within the tunnel face can be classified into three primary areas: “Loose and Falling” area, “Significant Vibration” area, and “Vibration Attenuation” area. Loose, falling and significant vibrations occurred mainly within a range of about 1.25 m around the conduit. 3) As the diameter of the conduit decreases, the amplitude of vertical vibration velocity decreases by about 20%. By reducing the design diameter of the advanced ductule in a reasonable manner, it is possible to effectively mitigate the impact of vibration caused by the sandy cobble stratum during installation. This can yield a positive impact, curtailing the occurrence of the tunnel’s collapse phenomenon and ensuring its stability.
Keywords: bored tunnel, sandy cobble stratum, advance conduit, vibration attenuation characteristics, vibration velocity amplitude
1 INTRODUCTION
The sandy cobble stratum is a high risk layer during the construction of underground tunnels, given its loose nature. In the past, collapse accidents occurred frequently during the excavation process of these tunnels, posing a significant danger to the safety of engineering construction. Advanced ductile reinforcement methods are commonly used due to their cost-effectiveness, uncomplicated construction process, and minimal space requirements. Upon completion of the earthwork excavation in a single cycle of tunnel construction, a grid arch is quickly erected. High-pressure air picks are used to form perforations according to the contour line of the Advanced Ductule layout determined by the design, followed by manual insertion of the ductule, ensuring that the exposed length meets the design specifications. The tail of the ductule is welded to the grid arch to ensure stability and structural integrity. However, during the installation of the advanced ductules, vibrations are inevitably generated, leading to the loosening and collapse of the cohesionless sand and gravel layer. This problem commonly occurs in a variety of engineering practices, with collapse depths and heights ranging from tens of centimeters to several meters. This problem can affect the stability of the face and arch of the tunnel, and in severe cases, lead to a counterproductive effect (Zhou et al., 2018; Liu et al., 2020; Di et al., 2022; Qin et al., 2022; Le et al., 2023). At later stages, this problem can only be solved through a large amount of initial support and grouting behind it, which not only affects the safety of tunnel construction, but also increases investment.
Currently, researchers are placing greater emphasis on major technical issues that arise in tunnel excavation in sandy cobble strata, such as surrounding rock pressure (Zhang et al., 2017; Lin et al., 2021; Zhang et al., 2022), support systems (Li et al., 2020; Cheng et al., 2023), grouting reinforcement (Mei et al., 2021), and deformation control (Zhang et al., 2017; Lin et al., 2021). However, when it comes to construction details, relatively little research has been done. This has resulted in a high proportion of engineering accidents due to inadequate implementation of ideal designs. Therefore, some scholars have proposed the prudent use of advanced ductule in these formations. For example (Wu, 2009), conducted systematic field tests on ductules with different diameters, studying maximum drilling depth, conduit failure, and local collapse under three conventional drilling methods for advanced ducts. A design scheme is recommended for advanced ductules with fine diameters, short lengths, and high frequencies, which is more feasible for construction. At present, the most commonly used installation methods for ductules are high pressure air guide holes, pneumatic picks, or a combination of both. High pressure wind drilling is less disruptive to formation and is suitable for pure sand layers; however, it may not solve the problem of large particle size pebbles in sand and gravel layers. The combination of air pick-up and drilling is currently the most popular method used in sand and gravel layers. However, the jacking of the air pick inevitably causes some disturbance to the sandy cobble layers.
Due to the special mechanical properties of the sandy cobble layer, scholars (Guo et al., 2018; Wu et al., 2022; Fang et al., 2023) have conducted several field vibration propagation attenuation tests on environmental vibration problems induced during shield tunnel excavation in the past. However, there has been no systematic study of vibration effects during bored tunnel construction. However, the vibration effect during the formation of ductules in sand and gravel underground tunnels exists objectively, leading to frequent local tunnel collapse accidents. This paper intends to select a tunnel under construction in Xi’an to conduct in-situ vibration monitoring tests, analyze the propagation law of vibration during the drilling process of advanced ductules, and provide a basis for addressing the collapse risk of sand and gravel layers during tunnel implementation.
2 EXPERIMENTAL PROCEDURE
2.1 Geological overview of the test site
This vibration monitoring test is located in Baqiao District, Xi’an City, Shaanxi Province. This tunnel is carried out using the “bending tunneling method”, with an advanced length of 3–5 m on the upper step and a spacing of 0.5 m between the grid arches. The length of excavation per step is consistent with the grid arch space.
Figure 1 shows the geological profile of the test section. The soil layer in the tunnel body is mainly composed of alluvial-proluvial silty clay, sand, and middle pleistocene alluvial gravel. The observed long-term phreatic water level was found to be 25.5 m below the ground surface and below the tunnel base. At the top of the tunnel arch, there is a layer of sand and gravel, that is, about 2 m thick. The soil layer within the tunnel body mainly consists of round gravel, pebbles, and medium sand. Inside the tunnel base, the soil layer is mainly composed of silty clay.
[image: Figure 1]FIGURE 1 | Geological profile of the test section.
Figure 2 shows the particle size distribution curve of the characteristic soil layer at the test section location. The pebble layers on the experimental site appear to have an uneven distribution, with the original rock being mainly composed of granite particles ranging in size from 3 to 7 cm, and the maximum size being 12 cm. About 28% of the particles are larger than 10 cm, including a mix of gravel sand and round gravel, along with some clay filling. The gradation of cobble layer is also uneven, with the original rock mostly consisting of granite particles ranging in size from 0.2 to 2 cm, and a maximum size of 3 cm. In this layer, moderate amounts of gravel, sand, and pebbles are present, along with some clay filling. As for the medium sand layer, it has an uneven quality, with granite being the predominant rock type. The main mineral components of this layer are feldspar and quartz, along with moderate amounts of gravel sand, round gravel, and some clay filling.
[image: Figure 2]FIGURE 2 | Particle size distribution curve of characteristic soil layers at the test section.
2.2 Advanced ductule and installation methods for testing
Taking into account factors such as tunnel operating space, advanced ductile processing and manufacturing capabilities, and slurry diffusion requirements, two sets of ductile diameters and three kinds of lengths of ductile material were prepared for the test. The advanced ductules is produced using φ 32/φ 42 mm steel ductules, which are segmented into lengths of 1.5, 2.0, and 3.0 m. One end is made into a conical shape 300 mm long and sealed using a hot melt machine, as shown in Figure 3A). A joint is provided at the end of the conduit, which is directly connected to the high pressure pneumatic pick. Use a high-pressure impact force to place the leading ductules inside the sand layer, as shown in Figure 3B).
[image: Figure 3]FIGURE 3 | Schematic diagram of using small conduits and installation methods in the experiment.
2.3 Test conditions and monitoring points layout
Supplementary Table S1 presents the experimental conditions for this study, detailing the advanced ductile test. The test was performed under different specifications of ductules, powered by high pressure pneumatic picks. In the event of encountering large diameter pebble layers during installation, and if they cannot be easily driven through, the installation angle of the conduit will be adjusted accordingly. If the conduit cannot be adjusted, the vibration test will be terminated. Once the test is complete, the actual location of the advance conduit into the soil will be marked. The conduit will be pulled out from the inside of the formation, and the length of the conduit will be recorded. In addition, the condition of the conduit body and the characteristics of the sealing section will be observed.
To monitor vibration levels during the installation of advanced ductule, three sets of vibration monitoring points are installed around the installation site with a horizontal separation of 0.5 m between each point. These monitoring points are located along the tunnel face and empty surface as shown in Figure 4, with both horizontal and vertical vibration pick-ups installed at each point. The purpose of recording the horizontal and vertical components of vibration in real time at each monitoring point is to analyze the attenuation and propagation of vibration in the surrounding sand and gravel layer within a radius of 1.5 m of the conduit installation.
[image: Figure 4]FIGURE 4 | Layout of vibration test monitoring points and schematic diagram of implementation points for each working condition.
Figure 5A shows the layout of field vibration monitoring points. The vibration pickup uses 891-II and 941-B speed sensors, which offer ranges of 0.3 and 1.4 m/s, respectively. The frequency response range of the sensors is 0.17–100 Hz. The vibration data acquisition instrument used herein is a dynamic signal acquisition analyzer with a model INV3060A, as shown in Figure 5B. Before installing the vibration pick-up, a pit is hand-dug at the tunnel face, and a wooden board is placed horizontally as a support platform. The vibration pickup is placed above the wood panel to ensure accurate recording of the direction of the vibration component, as shown in Figure 5C. The data collection system is then connected. To verify the correct installation and accurate data transmission, we check the stability of each monitoring point and any changes in the data. If no significant fluctuations or anomalies are observed, we consider the vibration pickup properly connected and the data transmission line accurately established, as shown in Figure 5D.
[image: Figure 5]FIGURE 5 | Schematic diagram of the arrangement, installation, and calibration of vibration pickup measuring points.
3 ANALYSES OF FIELD MEASUREMENTS
3.1 Actual installation depth and ductules body characteristics
Supplementary Table S1 summarizes the actual penetration depth of the conduit across each test condition. There are large diameter pebble layers distributed within the range of conduit installation, which cannot be fully penetrated. During the installation process, the angle is difficult to adjust and cannot avoid the pebble body. Finally, the conduit is continuously installed for about 3 min before terminating the test.
During the installation of the advanced ductules, sand and gravel were loose and fell above the actual installation position and within the free range of the side wall. It can be observed that the structure of the conduit body is basically intact, and the sealing section has undergone severe deformation and damage.
3.2 Characteristics of vibration propagation
Figure 6; Figure 7; Figure 8; Figure 9 shows vertical and horizontal velocity response curves and velocity spectrum characteristics at each vibration monitoring point during TC1 installation.
[image: Figure 6]FIGURE 6 | Vertical velocity frequency distribution characteristics at each vibration monitoring point during TC1 installation.
[image: Figure 7]FIGURE 7 | Vertical velocity time-history curve at each vibration monitoring point during TC1 installation.
[image: Figure 8]FIGURE 8 | Horizontal velocity frequency distribution characteristics at each vibration monitoring point during TC1 installation.
[image: Figure 9]FIGURE 9 | Horizontal velocity time-history response curves at each vibration monitoring point during TC1 installation.
During the implementation of the advanced ductule, the maximum vertical peak velocity was observed at a distance of 1.0 m from the conduit installation point, specifically at monitoring point 2, reaching a velocity of 10.602 mm/s. The vibration energy of the ductules was mainly concentrated in a frequency range of 150–250 Hz. At a distance of 1.5 m from the installation point (monitoring points 3), the vertical peak velocity is reduced to 3.906 mm/s, with most of the vibration energy distributed in the frequency range of 50–150 Hz. Similarly, at Monitoring Point 1, located 0.5 m from the installation point, the vertical peak velocity was found to be 5.077 mm/s, which fell between velocities recorded at Monitoring Points 2 and 3. The dominant vibration frequency at this point was similar to that observed at Monitoring Point 3, but with a reduction in vibration energy compared to Monitoring Point 2.
Combined with the field implementation process, the reason for this law of attenuation of vibration velocity is that within the range of vibration monitoring points 1–2, the vibration energy caused by the installation of advanced ductules dissipated in the form of loose and falling surrounding sand and gravel, thereby reducing the vibration velocity test value.
Compared to vertical vibration, horizontal vibration during installation ductules has a narrow range of numerical values. At a distance of 1.0 m from the installation point (monitoring points 2), the horizontal vibration velocity reaches its maximum, with a velocity amplitude of 2.054 mm/s. This amplitude is 20% of the vertical velocity amplitude at the same monitoring points. At monitoring points 3, located 1.5 m from the installation point, the horizontal velocity amplitude is 0.513 mm/s, which accounts for 15% of the vertical velocity amplitude. These findings suggest that horizontal vibration is less impactful than vertical vibration during the installation of advanced ductule.
The vibration energy of the ductules is mainly concentrated in the frequency bands 0–50 and 125–200 Hz at a distance of 1.0 m from its installation position (monitoring points 2). At a distance of 1.5 m from the ductile installation position (monitoring points 3), horizontal vibration energy is distributed over a wide frequency range of 50–250 Hz, and its velocity amplitude significantly decreases. This test result correlates with the law of vertical velocity attenuation.
3.3 The Influence of ductules diameter on the vibration characteristics
Figures 10, 11 shows the vertical and horizontal velocity spectrum characteristics and velocity time history curve of vibration monitoring points 2 under two different conduit diameter conditions (TC1 and TC4).
[image: Figure 10]FIGURE 10 | Velocity frequency distribution characteristics of vibration monitoring points 2 under two different conduit diameter conditions (TC1 and TC4).
[image: Figure 11]FIGURE 11 | Velocity time-history curve of vibration monitoring points 2 under two different conduit diameter conditions (TC1 and TC4).
During the installation of ductules of different ductules diameters, the sand and gravel layers at the installation site exhibited similar spectral distribution characteristics. Vibration energy was observed to be mainly vertical, with the majority of its frequency concentrated between 150 and 250 Hz. Meanwhile, horizontal vibration energy was found to be mainly distributed in two frequency bands, at 0–50 and 125–200 Hz.
Reducing the diameter of the duct leads to a decrease in its vibration energy. In the frequency range of 150–250 Hz, when the conduit diameter is reduced from φ 42 to φ 32 mm, the corresponding vertical vibration velocity decreases from 1.31 to 0.80 mm/s. The maximum vertical velocity amplitude also decreases from 10.602 to 8.165 mm/s with a reduction ratio of 20%. Horizontal vibration spectrum characteristics remain similar under both conditions with maximum horizontal velocity amplitudes of 2.436 and 2.054 mm/s respectively. These values are within a relative range.
4 DISCUSSION
4.1 Vibration law of ductules installation
During the installation of advanced ductules, the vibration effect caused by the interaction between the structure of the conduit body and the sand and gravel layer of the tunnel, as well as the diffusion and attenuation law within the face range of the tunnel, are prominent problems in identifying the range of loose and collapsed sand and gravel bodies, optimizing support measures for concealed excavation tunnels, and responding to engineering risks.
Figure 12 shows the propagation attenuation characteristics within the tunnel face range. The main statistical objects are velocity amplitudes at each monitoring point under two types of advanced ductile diameter conditions.
[image: Figure 12]FIGURE 12 | Characteristics of velocity amplitude attenuation within the range of the palm during the installation of advanced ductule.
During the installation of advanced ductule, the vertical and horizontal velocity amplitudes within the tunnel face exhibit similar patterns of diffusion attenuation. This is because sand and gravel in the range of 25–75 cm around the location of the advanced ductile installation undergo “loose and fall”, leading to the dissipation of vibration energy. From the test results, it was observed that the amplitude of the vibration velocity has a numerical range. The maximum amplitude of the vertical and horizontal vibration velocity was found to occur at a distance of 1.0 m from the installation position of the ductules (monitoring points 2).
The vibration velocity within the tunnel face decreases significantly as the distance from the installation position of the conduit increases. For example, when comparing Measurement Point 3 with Point 2, there is an attenuation of 50%–60% in its vibration speed. Further, it was observed that as the diameter of the conduit decreases (from φ 42 to φ 32 mm), the amplitude of the bidirectional velocity reduces by about 20% at a distance of 1.0 m (monitoring points 2) from the installation position of the ductules.
To summarize, during the advanced ductile installation process, the range of vibration disturbance within the tunnel face is mainly concentrated within 1.5 m of the installation location in the sandy cobble stratum. Based on the vibration response characteristics obtained from this field monitoring, the center position of adjacent measurement points is used as the regional boundary, the disturbance propagation attenuation characteristics of the sand and gravel layer are classified into three areas: “Loose and Falling” area, “Significant Vibration” area, and “Vibration Attenuation” area. Figure 13 shows the specific division diagram. These findings provide a better understanding of the dynamic characteristics of the advanced ductile installation process and can be used to improve future operation and maintenance practices.
[image: Figure 13]FIGURE 13 | Schematic diagram of disturbance area division for advance ductule installation in sandy cobble stratum.
4.2 Suggestions for engineering measures
By conducting field monitoring vibration characteristics during advanced ductule installation in sandy cobble stratum, the vibration propagation characteristics and attenuation laws within the tunnel face range during the process of using high pressure pneumatic picks for jacking were presented. In order to effectively control the engineering risks of sandy cobble stratum, the following engineering measures and suggestions are proposed:
(1) It is recommended to carefully consider the advanced ductules grouting reinforcement scheme during the design process of the support scheme for the sandy cobble stratum underground excavation tunnel; It is recommended to prioritize the use of low vibration drilling methods such as high-pressure air drilling, and the use of high-pressure air picks for direct jacking is only recommended as an auxiliary measure.
(2) If it is necessary to use it, it is recommended to minimize the diameter and length of the conduit as much as possible to reduce the risk of loosening, falling, or even collapse of the sandy cobble layer caused by disturbance during installation; It is recommended to take cover protection measures for the sand and gravel layer within 1.25 m around the advance conduit;
(3) Before the excavation of bored tunnels, it is necessary to thoroughly investigate the particle size distribution characteristics of sandy cobble layer, and evaluate the feasibility of the advanced ductules installation plan; ensure welding quality, improve the strength of the conduit mouth, and ensure the success rate of the first installation of the advanced ductules.
5 CONCLUSION
In this article, a series of research work was carried out on the time-history response law and velocity spectrum distribution characteristics of vibration velocity in the face of the tunnel by conducting field vibration propagation characteristics testing tests for advanced ductules installation under sandy cobble stratum. The vibration energy diffusion and attenuation law during the advanced ductules installation process was obtained. It has certain reference significance for optimizing the design of excavation support schemes for underground tunnels under such geological conditions. The main conclusions are as follows:
(1) During the design and construction process of underground excavation tunnels in sandy cobble stratum, the drilling plan of advanced ductule should be reasonably matched with the characteristics of the strata. If not properly selected, significant vibration effects will occur, leading to the risk of loosening, falling blocks, and even collapse of the surrounding sandy cobble stratum.
(2) During the installation of advanced ductule, when encountering a large diameter pebble layer, the vibration velocity within the tunnel face area increases significantly, mainly in the vertical direction, with a horizontal velocity amplitude of about 15%–20% of the vertical direction. Before tunnel excavation, the stability of the sandy cobble stratum under vibration should be evaluated according to the specific geological conditions of the site.
(3) During the installation of advanced ductule, the vibration propagation characteristics within the tunnel face can be divided into three main areas: “Loose and Falling” area, “Significant Vibration” area, and “Vibration Attenuation” area. During the excavation and support process of bored tunnels, effective protective measures should be taken to control the loosening and falling of sand and gravel layers within the range of 0–0.75 m around the advance conduit. Sand and gravel layer in the range of 0.75–1.25 m around have a large amplitude of vibration velocity. During the excavation and support process of underground tunnels, it is necessary to minimize the disturbance to the strata within the area. If necessary, reinforcement measures can be taken to maintain the stability of the tunnel face;
(4) Based on the vibration monitoring results under different conduit diameter conditions, it is recommended to reasonably reduce the design diameter of the advanced ductules during the bored tunnel construction process, which has beneficial effects on suppressing the collapse of sandy cobble stratum and maintaining the stability of the tunnel face.
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Soil type Saturated unit weight (kN/m?) Shear strength (kPa) Permeability (m/s) Rayleigh

coefficient

Horizontal  Vertical a B (x107)
1 Silty clay 184 299 55% 107 250 x 10 | 9.660 0776
) Very soft silty clay I 175 274 35%10° 170 x 10 | 3.893 1926
3 Very soft clay 169 198 513x10° | 191x10° | 1771 4238
. | Clay | 18 | 263 | saoxw0c | ssixi0t | L 4301
5 Silty clay-silty sand 181 30 213x10° | 267x10° | 1706 4397
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Earthquake

Station

Magnitude Epicenter
(Mw) distance (Km)

Peak ground
acceleration PGA (g)

Peak ground velocity
PGV (m/s)

Kocaeli, Turkey Arcelik 1999 7.4 17 0218 0177

Coyote, San Juan 1979 57 17.2 0.124 0176
United States Bautista

Kobe, Japan 0 KJMA 1995 69 06 0821 0813
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Parameters

urroun:

Elastic modulus (GPa)

Sprayed concrete

Cement mortar

246 210 210 23 15
Poisson’s ratio 031 025 03 017 013
Unit weight (kN/m*) 21 | 785 76 25 19
Cohesion (MPa) 163 - = = =
Internal friction angle (*) 432 | -
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Materials Thickness (mm) Diameter (mm) Length Ring spacing(m) E (MPa)

‘ Advance small pipes 5 2 6 04 ‘ 210 03

‘ Pipe-roof 8 100 12 04 | 210 0.3
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Tunnel Excavation  Excavation High- Depth Strata Excavation  Measured  Calculated Calculated Regression function orrelation
location ~ span (m)  height (m)  to-  (m) lithology method stability value by value by index

and name span and grade value (kPa) ~ empirical platts R’
ratio formula (kPa) ~formula (kPa)

Yusi Giy, 1220 867 07 170 Mudsone(V) | Threestep 108 12384 10491 P8 (- ) 0872
Anding Tunnel method
(Wang, 2016) P= 1238 (1-e 0 oz
Hanzhong City. 1578 1200 076 3 shist (V) Three-step an 312 18795 M2 - ]| 09111
Liancheng ‘method
Modhunia P31 x (1-e ™) 09094
“Tunnel (Chen
etal, 2020)
Dingsi Ciy, 1238 1015 082 235 State (V) Three-siep w75 25027 1179 5027 (1 - odges) | 0994
wian tunnel method
(Wang et o, 5027 x (1 - 00" 0861
2021)
Qingyang City, 1500 1300 087 20 Lees V) | Theeebench o 1615 15375 615 1 = oprrbrerd | 09962
Zaosheng seven-siep
No Tunnel (Ye excavation R ——, 09962
etal, 2019) method
Chongging City, 1218 959 07 157 iy Three-siep 150 15647 9820 - 0218
Taoshuya mudstone (V)| method ‘
Tunnel (Zhu, P 15647 x (1) 092
2008)
Hanzhong City, 1960 1200 061 450 Shist (V) | Threesiep 175 0369 978 - 05559
Liancheng Reserved core
Mountain carth method P=20369 x (1 - 09670
Tunnel (Han

etal, 2021)
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Parameters E (MPa) v ¢ (MPa) Tensile strength (MPa) Density

Value 3778 032 23 0 1850
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Tunnel name

Depth

Strata lithology

Measured stability

Calculated value by

Calculated value by

(m) and grade value (kPa) platts formula (kPa) empirical formula (kPa)
Daliangmao Tunnel 56 v 75 84.69 14656
ZK81+044
Daliangmao Tunnel 84 v 56 84.69 14656
YK814695
Daliangmao Tunnel 85 v 59 84.69 14656
ZK81+412
Shiaoding Tunnel (Tu, 2019) 144 w 97 7315 12672
Anding Tunnel (Wang, 2016) 170 Y 108 10491 12384
Heizhuangping Tunnel (Zhou, 175 v 903 7728 14239
2022)
Taoshuya Tunnel (Zhu, 2008) 187 w 150 98.20 15647
Qinfeng Tunnel (Li, 2021) 200 v 7747 113.69 17392
Zaosheng No. 3 Tunnel (Ye 220 v 110 153.75 1615
etal, 2019)
Minxian tunnel (Wang et al., 235 v 28 13179 25027
2021)
Liancheng Mountain Tunnel 253 v 31 187.95 34412
(Chen et al,, 2020)
Yangjiaping Tunnel (Li et al., 350 Y 120 93.89 19296
2017)
Liancheng Mountain Tunnel 450 v 105 99.78 203.69
(Han et al., 2021)
Baoligang Tunnel (Chen, 696 v 128 9462 149.04
2022)
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Lining thickness (m) Flexibility ratio, F Induced force (PLAXIS 2D)

Thrust (KN/m) Moment (KN-m/m)
01 6581 | 348701 23182
02 823 ‘ 394.196 140211
03 244 ‘ 455.218 341718
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05 0526 | 538,358 615677
07 0192 572912 709718
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10 0066 597.106 758,600
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Group name MB value (g/kg) Regression 120 d measured value 120 d calculated value

coefficient

b
MPO 085 00132 0.0035 302 277.0083 09471
MPOS 110 oo 0.0035 204 2759255 | osss
MP1 135 00162 0.0035 297 275.1032 09489
MPL5 170 00132 0.0034 310 284.9003 o3

MP2 200 00142 0.0033 318 292.5402 09487
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Group name  MB value (g/kg)  Slump (mm)  Expansion degree (mm) Working performance

Cohesiveness  Moisture retention  Liquidity

MPO 085 220 500 good excellent excellent
MPO.5 110 210 500 good excellent good

l MP1 135 200 [ 480 excellent excellent | good

| MPL5 170 185 460 cxcellent cxcellent fair
MP2 200 165 420 excellent excellent poor
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Group MP MB (@ cs Water WR i

name  content value (kg - -m” 'm?®)  (kgm?) (kg:m?) (kg:m?) (McPta) ()
(%)
MPO 0 085 410 50 40 0 77 1073 150 6 %66 | 59
M5 o5 110 410 50 40 58 1073 s 6 974 606
MPL 10 135 410 50 40 7.77 769.23 1073 150 6 953 598
wps s 170 410 50 40 nee | s 10m s 6 w5 s
MP2 20 200 410 50 0 155 76146 1073 150 P 557

Note. MP, is mud powder; C is cement; FA, is fly ash; MK, is metakaolin; MS, is manufactured sand; CS, is crushed stone; WR, is water reducer.
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Parameter Soil natural density (kg/m?) Cohesive force (kPa) Internal friction angle ()

Material

Rock formation 2200 75 30

Weak interlayer 2,000 30 15
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Influencing factors Specification of variables

Weak interlayer | Inclination angle () 10, 20, 30, 40, 50, 60, 70, 80
‘ Thickness (@) | 40, 60, 100
‘ Cohesion (kPa) 10,20,30
‘ Internal friction angle (') 10,1525
Slope ‘ Height (m) | 20, 30, 40
\

Angle () 30, 40, 50, 60
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Design value of surrounding
rock pressure (kPa)

Geostress
Ox. Oy (MPa)

Equivalent uniform load (kPa) = Minimum supporting force(kPa)

2 0 0 0

4 18 35 49
‘ 48 37 65 91
‘ 6 56 110 154
t

8 113 320 448

12 275 920 1,288
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Level of The burial depth of the tunnel (m)

surrounding rock

50~300 300~500
i 0.10%~0.30% 0.20%~0.50% ‘ 0.40%~1.20%
v 0.15%~0.50% 0.40%~1.20% ‘ 0.80%~2.00%

A% 0.20%~0.80% 0.60%~1.60% ‘ 1.00%~3.00%
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Geostress state Very high stress High stress General stress
Re/Gmax 15 3 4.5 6 75

Ox, Oy/MPa 12 8 6 48 4
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Parameter Value

Density (kg/m®) 2,100
‘ Elastic modulus (GPa) 2.87
Poisson’s ratio 0.317

Internal friction angle (°) 31
Cohesive force (MPa) 0.367

Tensile strength (MPa) 0.4

Parameter
Mode I fracture energy (J/m?)
Mode II fracture energy (J/m’)
Fracture penalty (GPa)
Normal contact penalty (GPa)
Tangential contact penalty (GPa/m)

Time step size (s)

Value

325
1,250
287
287
2.87

2x10°°
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Model

Level of surrounding rock

v

v

Volumetric
weight
(kN/m?)

20~23

21.00

Elastic
Modulus
(GPa)

Poisson
ratio

0.3~0.35

0.317

Internal friction angle
)

27~39

31.00

Cohesive
force
(MPa)

0.2~0.7

0.367
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