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Editorial on the Research Topic 
Understanding geomaterial instability: physics and mechanics of landslides and seismic events


Geomaterial instability, manifesting as catastrophic events like landslides and seismic activities, induces profound socioeconomic disruptions through the destruction of critical infrastructure and loss of human life. Understanding the underlying physics and mechanics of these failure processes is therefore essential for advancing predictive capabilities and developing effective risk mitigation strategies in vulnerable regions.
Previous studies have substantially advanced the understanding of geomaterial instability across multiple fronts. Notably, Hu Wei’s team [1] identified a metastable state preceding seismic shear failure, uncovering mechanisms of co-seismic weakening and post-seismic healing that refined the classical Newmark sliding-block model [2, 3]. Research under extreme thermo-hydro-mechanical-chemical (THMC) coupled conditions has improved predictions of deformation and failure in deep geological environments, directly supporting the safety assessment of energy reservoirs and subsurface storage projects [4, 5]. Meanwhile, satellite-based InSAR monitoring has been operationalized for large-scale slope stability assessment, providing millimeter-resolution deformation data essential for regional early warning systems [6, 7]. Further contributions include innovative slope stabilization methods using lightweight geofoam [8] and models quantifying freeze-thaw damage in cold regions [9], forming a multifaceted foundation for hazard mitigation. Nevertheless, further research is essential to advance the fundamental understanding of the mechanisms governing geomaterial instability under multi-physical coupling conditions.
This Research Topic seeks to advance our understanding of the fundamental physics and mechanics underlying geomaterial instability, with the goal of clarifying its implications for geohazard mitigation and its significance within broader physical research. The Research Topic currently features 16 papers spanning the fields of geology, physics, mechanics, and engineering, reflecting the key emerging themes and interdisciplinary nature of research in geomaterial instability.
The dynamic responses of foundations and slopes were examined. It was found by Tao and Gao through numerical simulation that the displacements of suction-bucket foundations in saturated sand peak synchronously with peak ground acceleration, and that liquefaction leads to marked settlement and loss of bearing capacity. Likewise, it was shown by Wang and Wen via shaking-table tests that rocky slopes subjected to seismic loading undergo a three-stage failure sequence characterized by crack opening, sliding, and shear failure. Chen et al. demonstrated by limit-equilibrium analysis that non-uniform geosynthetic (anchor) pullout strength reduces the seismic stability margin of slopes, suggesting that the common assumption of uniform strength may overestimate seismic performance.
Several papers investigated novel soil-improvement techniques. For instance, Yan et al. reported that expansive soil stabilized with industrial by-products (CKD+CCS) at a 10% CKD + 9% CCS ratio exhibits substantially increased strength and suppressed swelling. Additionally, an electrochemical stabilization method combining a movable anode with CaCl2 injection was proposed by Han et al. Sang et al. showed that the addition of a low-concentration PVA solution together with plant fibers to sandy soils markedly enhances strength and ductility; and Tao and Gao found that increasing polymer content in polyurethane-reinforced granular materials reduces porosity and permeability, for which a pore-constriction model was advanced to explain the observed effect.
Advances in reinforced structures and embankment systems were also reported. Hu et al. introduced a non-foamed polyurethane-bonded gravel pile material that, relative to ordinary gravel, exhibits higher strength and stiffness while retaining high permeability, making it suitable for rapid construction. Zhao and Zheng found from field data that a well-compacted geogrid-reinforced soil platform beneath pile-supported embankments can significantly reduce lateral displacement of the embankment, with geogrid stiffness and interface friction identified as key controlling factors.
Moreover, seismic-wave propagation and crustal imaging were addressed. Qiu and Zhang developed a model for the reflection and transmission of obliquely incident P-waves at an elastic–saturated-porous interface, and showed that incidence angle, frequency and related parameters substantially influence wave propagation. Hu et al. applied double-difference tomography in the Huoshan region and found that mid-strong earthquake epicenters coincide with gradients in seismic velocity and Poisson’s ratio. Huang et al. used Rayleigh-wave tomography to reveal fault-geometry-controlled differential subsidence and noted that the previously active Sankeshu pull-apart basin is approaching dormancy.
Several studies developed predictive models for fracture and failure processes in geomaterials. Lei et al., using an elastic wellbore model, showed that drilling-induced fractures can evolve into “J”-shaped cracks, providing a basis for their identification; Deng et al. proposed a nonlinear Mohr–Coulomb criterion to describe unloading-induced failure in frozen weakly cemented sandstone; Gu et al. observed that pervasive micro-fissures in deep columnar-jointed basalts lead to rapid post-unloading relaxation and reductions in acoustic velocity; and Liu et al., employing SPH simulations of high-pressure jet grouting, found that tensile failure predominates in the soil under jet action.
We sincerely thank all contributing authors, the anonymous reviewers for their rigorous evaluations, and the editorial staff for their invaluable efforts. It is hoped that this Research Topic will inform and inspire future research and engineering practice in advancing the analysis of geomaterial instability.
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Within the Tan-Lu Fault Zone, the largest active tectonic belt in eastern China, the Anqiu-Juxian Fault exhibits the most recent activity period, evident surface traces, and highest seismic hazard, making it a Holocene active fault. This study utilized the vertical component continuous data observed by 100 short-period temporary stations from August 1–21, 2023, and extracted 1,944 Rayleigh wave group velocity dispersion curves within the period of 0.2–4 s. Using the direct surface wave tomography method, we calculated a high-resolution 3-D shear-wave velocity structure at depths of 0.2–1.25 km within the study area. Our results are summarized as follows: 1) The development of faults F1, F2, and F5 in the Tan-Lu Fault Zone highly correlated with the shear-wave velocity anomalies at depths >0.8 km. Specifically, fault F5 comprised two boundary faults, F5-1 and F5-2, which together controlled a Cenozoic depression covered by a thick, low-velocity sediment layer. 2) The complex velocity structure characteristics in the Suqian area revealed that the influence of faults on the sedimentary layers in the Suqian area was not expressed as an overall uplift or subsidence of the block but rather as differential subsidence. 3) Near Sankeshu, the F5 fault formed a small pull-apart basin. The latest activity in this pull-apart basin has shifted to the fault in the center of the basin, indicating that the pull-apart basin has entered the extinction stage.
Keywords: Tanlu fault zone, Anqiu-Juxian fault, ambient noise tomography, shallow crustal structure, shear-wave velocity

1 INTRODUCTION
The Tan-Lu Fault Zone is the largest active fault zone in eastern China, extending from Luobei in Heilongjiang Province in the north to Guangji in Hubei Province in the south, spanning a length of up to 2,400 km, being an important tectonic boundary. It traverses the eastern part of mainland China, influencing crustal development, tectonic evolution, and seismic activity [1, 2]. Numerous destructive earthquakes have been recorded along the Tan-Lu Fault Zone, such as the Tancheng M8.5 earthquake on 25 July 1668, the Bohai Sea M7.5 earthquake on 13 June 1888, and the Haicheng M7.3 earthquake on 24 February 1975. Based on the tectonic activity characteristics, the Tan-Lu Fault Zone can be divided into four segments from north to south (Figure 1A) 1) the Hegang-Tieling segment, 2) the XiaLiaohe-LaizhouWan segment, 3) the Weifang-Jiashan segment, and 4) the Jiashan-Guangji segment. Among these segments, the Weifang-Jiashan segment is recognized as the most tectonically active [4, 5] and consists of the following five major faults, from east to west: the Shanzuokou-Sihong Fault (F1), the Anqiu-Juxian Fault (F5), the Xinyi-Xindian Fault (F2), the Mohe-Lingcheng Fault (F3), and–the Wangji Fault (F4). Among these faults, fault F5 is the most recently active Holocene fault among the Weifang-Jiashan segment of the Tan-Lu Fault Zone, exhibiting the most evident surface traces and the highest seismic hazard (Figure 1B) [3, 6].
[image: Map illustrating seismic and geological features, with faults marked in black and red lines. Key locations such as Lijiang and Suge are labeled. Colored regions represent different geological areas and fault zones. Insets show detailed views and study sites, with a legend indicating symbols for earthquakes, artificial seismic lines, study areas, and quaternary outcrops.]FIGURE 1 | (A) Topographic map. (B) Fault distribution map of the Weifang–Jiashan segment of the Tanlu fault zone. F1: Shanzuokou-Sihong Fault; F2: Xinyi-Xindian Fault; F3: Mohe-Lingcheng Fault; F4: Jiji-Wangji Fault; F5: Anqiu-Juxian Fault. (C) Tectonic distribution of the Suqian segment of Anqiu-Juxian Fault. The blue box indicates our study area. (Adapted from Zhang et al. (2023)) [3].
The Anqiu M7 earthquake in 70 BCE (before common era) and the Tancheng M8.5 earthquake in 1668 were both associated with fault F5 [4, 7]. The Jiangsu segment of fault F5 is located between fault F1 and fault F2. Based on the spatial distribution and activity period, fault F5 consists of three segments in a north-south direction: the Anqiu, Juxian-Tancheng, and Xinyi-Sihong segments (Figure 1B) [8, 9]. The late Quaternary activity characteristics of fault F5 indicate that a major paleoseismic event has occurred since the Holocene [10, 11]. Several fault profiles were found from Nanmaling Mountain to Chonggang Mountain, these profiles suggest significant Holocene activity along the Jiangsu segment of fault F5, with the most recent activity primarily characterized by thrusting movement, with a maximum displacement of 1 m. Overall, the Quaternary activity of fault F5 was characterized by dextral strike-slip combined with thrusting movement, whereas localized regions were characterized by strike-slip with normal faulting. Since the late Pleistocene, fault F5 has experienced multiple activities, showed significant activity during the Holocene, with seismic activity characterized by high intensity and low frequency [12].
Owing to its complex crustal structure and intense tectonic activity, numerous studies have been conducted on fault F5 by previous researchers. For instance, Xu et al. (2016) performed a shallow seismic exploration of fault F5 to determine its precise localization and development characteristics [13]. However, their study was limited to providing evidence of the existence, exact position, and recent activities of fault F5 in Suqian area without further investigation. Cao et al. (2015) have reported major findings in the precise fault localization and activity research of the Suqian segment of fault F5 through shallow seismic exploration and drilling combined profiling [14]. However, the limited coverage of shallow seismic profiles limits our understanding of continuity and variations in large horizontal strata. Meng et al. (2019) utilized ambient noise tomography to obtain a 3-D S-wave (shear-wave) velocity model for the central-southern section of the Tan-Lu Fault Zone [15]. Although the imaging results included our study area, the resolution of the shallow structures was low. Qin et al. (2020) obtained the shallow primary-wave velocity structure of the Tan-Lu Fault Zone using a first-break wave imaging method [16]; however, their study depth was primarily within 0.8 km, and there is a lack of research in deeper regions. Therefore, high-resolution 3-D S-wave velocity structures for the shallow part of the Suqian segment of fault F5 remain warranted. Consequently, ambient noise tomography was used to investigate the shallow crustal structure of the Suqian segment of fault F5 (Figure 1C).
This ambient noise tomography was first implemented in California, United States, in 2005 [17] and has since been widely accepted and extensively applied by seismologists. Using dispersion data within medium- or long-period ranges can invert the upper mantle and crustal velocity structure to investigate geodynamic processes underlying plate motion, earthquake nucleation, and magma transfer [18–21]. Utilizing dispersion data within short-period ranges can be inverted for high-resolution shear-wave velocity structures near the surface or in shallow parts of the crust, detection of hidden faults, geological disaster assessment, and 3D geological modeling [22–26].
This study used ambient noise data from a short-period dense array deployed in the Suqian segment of fault F5. Our study area ranges from 118.2°E to 118.325°E and 33.815°N to 33.92°N (Figure 1C). We inverted the shallow S-wave velocity structure of the area by applying direct surface wave tomography [19]. By combining the velocity model with the regional tectonic background, we clarified the shallow crustal structure of the Suqian segment of fault F5 and its influence on the sedimentary layers of the Suqian area. Our study findings will facilitate future studies on the extension characteristics of the Suqian segment of fault F5 and aid in assessing seismic hazards.
2 METHODS
In this study, we deployed 100 SmartSolo digital seismic stations with a main frequency of 5 Hz across fault F5. The sampling rate was set at 1000 Hz (dt = 1 ms). Data recording was commenced on 1 August 2023 and concluded on 21 August 2023 covering a total duration of 20 days. The average station spacing was approximately 0.7 km. The station distribution is shown in Figure 2.
[image: Map showing seismic activity in a region with labeled fault lines F1 to F5. Red dashed lines represent faults, and blue triangles mark seismic array stations. An artificial seismic line, QL14, is shown in green. A legend explains symbols, and nearby areas include Laoziheyu, Heiyujiang, Longmenkou, and Nancai. Latitude and longitude coordinates are displayed.]FIGURE 2 | Station distribution in the Suqian area. The blue triangles represent the stations, the pink triangles represent stations G002, G008 and G048; the green line represents the artificial seismic line QL14 (Figure 11).
To increase the signal-to-noise ratio (SNR) and reduce computational time, the raw data from each station were decimated to 10 samples per period. Subsequently, the mean value and trend of the data were removed, then bandpass filtered in the period band 0.2–4 s. Besides, we performed the spectral whitening and temporal normalization before the calculation of cross-correlation in order to avoid the effects of earthquakes [27, 28]. Finally, cross-correlation was conducted to obtain the time-domain cross-correlation functions (CFs) between the two stations for each daily data. Figure 3A illustrates the CFs with SNR >4.5 in the period band of 0.2–4 s, revealing prominent Rayleigh surface-wave signals of 1.4 km/s. Figure 3B shows the normalized amplitudes of the CFs for all station pairs. It can be observed that most values of relative amplitude ratios are between 0.5 and 1, which means the differences in amplitude between positive- and negative-time CFs are insignificant. This indicates there will hardly be any significant bias in surface-wave dispersion measurements [29].
[image: (a) A graph showing seismic intensity with numerous overlapping waves converging at a central point, marked by red dashed lines. (b) A circular heat map with sectors in varying colors from blue to yellow, indicating intensity levels. The map is labeled with "N" at the top and "S" at the bottom, and a color scale on the right.]FIGURE 3 | (A) Cross-correlation functions (CFs) with signal-to-noise ratio (SNR) > 4.5 in the 0.2–4 s period band obtained using the normalized linear stacking method. (B) Azimuthal dependence of the normalized amplitudes of CFs for all station pairs in the 0.2–4 s period band.
We employed a quick tracing method and an image analysis technique to extract the Rayleigh wave group velocity dispersion curves from the Empirical Green’s functions (EGFs) of all station pairs [18]. Two quality control criteria were followed during selection of the dispersion curves to get reasonable dispersion curves, which will be used to invert the S-wave model. Firstly, considering the far-field approximation, we excluded records where the interstation distance was less than twice the wavelength [22]. Secondly, for the inversion results to closely approximate the real conditions, only the dispersion curves with SNR >4.5 was used in this study.
Figure 4A represents the group velocity dispersion curves in the 0.2–4 s period band after quality control, and the dispersion data reveal significant velocity variations. Figures 4B, C represent examples of interstation (G002-G008 and G008-G048) Rayleigh wave group velocity dispersion curves. Within the period band, the group velocity varied from 0.2 km/s to 2.0 km/s, indicating significant medium heterogeneity.
[image: Graph (a) shows multiple overlaid lines depicting velocity against period, with chaotic variation. Graph (b) and (c) display colorized heat maps with red dotted lines highlighting trends, indicating increasing velocity with period.]FIGURE 4 | (A) Group velocity dispersion curves in the 0.2–4s period band. (B) Example of interstation (G002-G008) Rayleigh wave group velocity dispersion curve. (C) Example of interstation (G008-G048) Rayleigh wave group velocity dispersion curve. Red asterisks represent the extracted dispersion points.
This study employed a direct surface-wave tomography method to invert all group velocity dispersion curves for the shear-wave velocity structure [19] without the intermediate inversion step for group or phase velocity maps. This method, widely applied in different regions [30–34], employs the fast-marching method proposed for ray tracing to simulate the actual propagation paths of surface waves [35]. It considers that some ray paths will bend away from great-circle paths in the shallow surface based on the fast-marching method [19]. To obtain an optimal model m, this method minimizes differences between the observed travel-times [image: It seems like there's a mistake or issue with displaying the image or its description. Please try uploading the image again or provide more context so I can assist you properly.] and the predicted travel-times [image: A mathematical expression represented in LaTeX format: a function denoted as \( t_i(\omega) \), indicating a variable \( t \) as a function of \( \omega \), subscripted by \( i \).] calculated from the reference model for all frequencies ω.
[image: The image shows a mathematical formula: δt₁(ω) = t₁ᵠᵦ - t₁(ω) approximates -Σ from k=1 to K of vᵪᵏ δCₖ(ω) / Cₖ²(ω). It is labeled equation (1).]
where [image: Mathematical notation showing the variable \( v_{ik} \).] is the bilinear interpolation coefficients along the ray path associated with the ith travel-time data and [image: Equation showing the symbol delta C subscript k of omega, suggesting a mathematical expression or function related to change or variation in a parameter with respect to angular frequency.] is perturbation of group velocity [image: It seems there is an issue with the image link or display. Please upload the image file directly or provide a proper URL so I can generate the alternate text for you.] at the kth 2-D surface grid point at angular frequency ω. Since this method only inverts for shear-wave velocity, it couples the compressional-wave velocity and density with the shear-wave velocity [36]. Thus, Equation (1) can be further transformed to:
[image: Mathematical equations showing two expressions. The first expression involves a sum over variables, derivatives of functions \(C_r(\omega)\) and \(G_r(\omega)\), and partial derivatives with respect to variables \(z_k\) and \(z_i\). The second expression shows a sum of products involving \(G_m\) and \(m_l\). The equations are marked as equation (2).]
where [image: Please upload the image or provide a URL for me to generate the alt text.] and [image: Please upload the image or provide a URL, and I can help generate the alternate text for it. If you have a caption, you can add that for additional context.] are respectively compressional-wave velocity, mass density, and shear-wave velocity, [image: Partial derivatives of \( C_k(\omega) \) with respect to \( \alpha_k(z) \) and \( \beta_k(z) \).] and [image: Partial derivative notation showing the derivative of \( C_k(\omega) \) with respect to \( \rho_k(z) \).] are the group velocity depth sensitivity kernels to them. [image: It seems there was an error in submitting the image. Please upload the image directly, and I will help generate the alternate text for it.] denotes the 1-D layered reference model at the kth surface grid point on the surface. [image: I'm unable to view or generate alternate text for the image you mentioned. Please upload the image or provide a URL so I can assist you.] and [image: It seems there's some confusion, as no image was uploaded. Please upload the image you'd like me to create alt text for, and I'll be happy to help!] are the scaling factors derived from the empirical relationships [19]. [image: Mathematical expression showing delta beta subscript k, containing variable z subscript j in parentheses.] represents the shear-wave velocity perturbation at the jth depth grid and kth surface grid point. J is the number of grid nodes in the depth direction and M is the total number of grid points in the 3-D model. Equation 2 above gives the final surface wave travel-time perturbation after the discretization of the shear-wave velocity in the depth and horizontal directions.
The average group velocity dispersion curves were used to identify the most reasonable 1D model. We considered it as the initial model to invert the near-surface shear velocity structures. For the inversion grid, the grid interval was 0.0073° along the latitude and 0.0067° along the longitude (which amounts to 18 × 18 grid points). In addition, from 0.2 km to 1.25 km we also placed nine grid points along the depth direction.
Rayleigh wave group velocity values at different periods reflect the characteristics of shear-wave velocity changes within a specific depth range, with the penetration depth increasing as the period lengthens. Therefore, it is necessary to provide sensitivity kernel functions for the group velocities at various depth periods when correlating surface-wave group velocities with S-wave velocities. Figure 5 shows the depth sensitivity kernels for Rayleigh wave group velocities at five periods (0.2, 1.0, 2.0, 3.0, and 4.0 s) and indicates that in the period range of 0.2–4 seconds, our dispersion data can be resolved well down to depths >1.4 km.
[image: Line graph illustrating different sensitivity curves versus depth with varying time intervals: 0.2, 1.0, 2.0, 3.0, and 4.0 seconds. Each curve is color-coded, displaying changes in sensitivity experienced at different depths over time.]FIGURE 5 | Depth sensitivity kernels for group velocity at 0.2, 1.0, 2.0, 3.0, and 4.0 s.
Figure 6 presents the path coverage of group velocity measurements at four selected periods based on the final 3D velocity model. It can be clearly seen that the path number decreases with the increase of the period. And generally speaking, the ray coverage at these periods is relatively good except for some marginal area, indicating that in the most of the study area, this dataset has the capability to resolve the structure of our study area.
[image: Seven black and white plots displaying chaotic attractors with different parameters labeled from (a) to (g). Each plot shows complex, overlapping lines creating abstract shapes, illustrating various periods such as 0.5 and 2.0.]FIGURE 6 | Ray-path coverage for six selected periods (A) 0.5 s, (B) 1.0 s, (C) 2.0 s, (D) 3.0 s, (E) 3.5 s, and (F) 4.0 s. Triangles represent stations, and black lines represent ray paths.
Then a checkerboard resolution test was typically used to evaluate the resolution and errors of data at different depths to test the impact of ray paths and station distribution. This study employed this method to test the reliability of dispersion data, the maximum strength of the shear-wave velocity anomaly was ±50%. With increasing inversion depth, the model resolution gradually decreases (Figure 7). Moreover, Checkerboard models in the middle part of the study area recovered better than the models of the marginal part (Figure 8). Considering that the ray-paths covered more densely in the middle part than in the marginal part of the study area, the checkerboard resolution is generally combined with the ray-path coverage. Owing to the relatively dense data coverage, the velocity anomalies in most of the inversion region can be resolved well.
[image: Two contour plots showing velocity models. Plot (a) has a regular pattern of alternating red and blue vertical bands, indicating velocity differences with distance in kilometers on the X-axis and depth in kilometers on the Y-axis. Plot (b) shows a similar pattern but with wider bands and slight variations. Both plots use a color bar from deep blue to red, representing scaled velocities from -80 to 80.]FIGURE 7 | Checkerboard resolution tests in the vertical direction beneath profile AA’ (Figure 2). (A) Initial model, (B) Recovered model.
[image: Eight contour plots illustrate wind variability across different months in Bangladesh. Each plot shows patterns of wind speed and direction using color gradients, with red indicating high values and blue indicating low values. The columns are labeled "November," "December," "January," and "February," and the rows are labeled "October," "November," and "December." The plots depict seasonal changes in wind patterns.]FIGURE 8 | Checkerboard resolution tests of the inversion at depth of (A) 0.20 (B) 0.35, (C) 0.50, (D) 0.65, (E) 0.80, (F) 0.95, (G) 1.1, and (H) 1.25 km.
Finally, we used the group dispersion data in the inversion. Regularization parameters were carefully selected through a trade-off analysis for the inversion [37]. After inversion, the root-mean-square (RMS) residual value decreased from 2.0 s to 1.27 s and remained stable (Figure 9). In the first two iterations, the RMS rapidly reduced. Then it decreased slowly and converged after the 10th iteration, showing that after multiple iterations, the inversion results converged to a stable state.
[image: A line graph shows the root mean square error (RMSE) decreasing over a span of ten iterations on the x-axis. RMSE values on the y-axis start at 2, quickly drop to around 1.5 by the second iteration, and gradually decrease further to stabilize near 1.2 by the tenth iteration. The overall trend indicates improvement with more iterations.]FIGURE 9 | Variation of the RMS value of surface-wave travel-time residuals through the iterations.
3 RESULTS
The S-wave model at different depths is shown in Figure 10. The velocity structure exhibited significant lateral heterogeneity in the study area, with variations in velocity structure at various depths. At a depth of 0.2 km (Figure 10A), the S-wave velocity was generally low, with a spatial distribution showing lower velocities in the eastern area and higher velocities in the western area. In the study area, the depth to the bedrock was approximately 0.28 km, thus the velocity structure at this depth reflected variations in the medium structure of the bottom strata in the Neogene. At 0.35 km depth, velocity anomalies appeared in the study area (Figure 10B), with relatively higher velocities on the west and east sides and a predominance of low velocity anomalies in the middle. Since the depth of 0.2 km is located in the upper part of the bedrock region, the low-velocity anomaly zone in the middle might reflect the development of a fractured zone. At depths >0.65 km (Figures 10D–H), the S-wave velocities showed band-like features, with a west-to-east velocity structure characterized by low-high-low-high-velocity distributions. Based on the development characteristics in the study area, at depths >0.65 km, the high-velocity anomaly in the Daluo region was related to the metamorphic rocks of the Archean-Proterozoic Jiaodong Group (Ar-Pt2), and the band-like high-velocity anomaly in the Heiyuwang-Nancai area was associated with the Mesozoic Wangshi Formation sandstone (K2w).
[image: Series of eight colored contour maps displaying seismic velocity variations. Each map shows distinct red, yellow, green, and blue areas, indicating different velocity amplitudes. The maps are labeled A to H and feature axes with latitude and longitude. Color bar at the bottom represents velocity magnitude in meters per second.]FIGURE 10 | Map view of the shear-wave velocity model at depth of (A) 0.20, (B) 0.35, (C) 0.50, (D) 0.65, (E) 0.80, (F) 0.95, (G) 1.1, and (H) 1.25 km.
4 DISCUSSION
4.1 Spatial distribution and structural characteristics of fault F5
Using ambient noise tomography, recent studies investigating shallow velocity structures have shown that shallow crustal velocity structures typically correlate well with structural units. For instance, in 3-D S-wave velocity structures, the orientation and location of the significant high- and low-velocity anomalies often match faults passing through the study area [38]. Owing to the evident lateral heterogeneity of S-wave velocities within the study area, we inferred that the distribution of velocity anomalies, combined with previous research on fault distribution characteristics in the Suqian area, can be used to determine the orientation and location of faults within the study area. Based on the S-wave velocity distribution characteristics (Figure 10), it can be inferred that fault F1 is distributed along the western boundary of the high-velocity anomaly located in the Longmenkou-Nancai area, and fault F2 is distributed along the eastern boundary of the low-velocity anomaly located in the Laozhuyu area.
A north-south trending low-velocity anomaly zone developed in the Sankeshu area; the eastern and western boundaries of this low-velocity anomaly zone were inferred to be faults F5-1 and F5-2, respectively. This low-velocity anomaly is associated with the fractured zone between the two faults. Overall, at least four faults were identified within the study area, namely F1, F5 (F5-1, F5-2), and F2, generating a series of NNE trends (Figure 10).
To validate the reasonableness of the inferred fault locations, we compared the results of this study with those of previous studies on fault F5. Xu et al. (2016) conducted a shallow seismic exploration along the reflection seismic profile QL14 (Figure 11C) [13]. Fault F5 is composed of multiple-branch faults: fault F5-1 develops at trace number 4150, fault F5-2 develops at trace number 6700, and fault F5-3 develops at trace number 5700. The locations of trace numbers 4150 and 6700 are shown in Figure 10A. By comparing the interpreted locations of faults F5-1 and F5-2 from reflection seismic profile QL14 with the fault locations inferred from the map view of the S-wave velocity model, it was observed that the interpretations of faults F5-1 and F5-2 from these two profiles were consistent. Therefore, we will subsequently conduct a joint discussion of the results from the QL14 profile and the imaging results presented in this paper. As shown in Figure 11C, the F5-1 and F5-2 faults dip towards each other, while the F5-3 fault is nearly vertical. There are evident fault diffraction waves at the interface of the bedrock and overlying strata along the F5-3 fault, which is a clear indicator of active faults on the seismic profile. Additionally, the arcuate characteristics of the reflectors within the fault also strongly indicate significant bending and deformation of the strata due to tectonic activity, further confirming the more intense activity of the F5-3 fault compared to F5-1 and F5-2.
[image: Three panels illustrate a geological model. Panels (a) and (b) show colored contour maps with labeled zones like "Fractured zone," indicating variation in velocity with a color scale. Panel (c) presents a seismic section with fault lines and strata represented by red and blue lines. Depth is indicated on the vertical axis, and distance in kilometers on the horizontal.]FIGURE 11 | Cross-section of the shear-wave velocity model along (A) AA’ and (B) BB’ and (C) the reflection seismic profile QL14. The red lines represent faults F2, F5-1, F5-2 and F5-3 shown in the reflection seismic profile QL14, the green dotted lines represent faults F2, F5-1 and F5-2 shown in Figure 11, the blue dotted lines represent faults F2, F5-1 and F5-2 shown in Figure 11.
To better study the fault zone and its velocity structure characteristics, we showed the vertical resolution beneath two profiles traversing the region from west to east, AA’ and BB’ (Figures 11A, B). The locations of these profiles are shown in Figure 10B. Figure 11A shows that fault F5 is a fault zone composed of two faults, with F5-1 marked as the western boundary and F5-2 marked as the eastern boundary. The fractured zone between F5-1 and F5-2 exhibited a significant low-velocity anomaly. Faults F5-1 and F5-2 likely controlled the Cenozoic depression, which was covered by a thick low-velocity sediment layer. Fault F5 in the study area comprises two faults that dip in opposite directions, with a deep depression in the middle, consistent with a previous understanding of the distribution characteristics of fault F5 in the area [10]. Figure 11C shows that a near-vertical fault F5-3 developed between faults F5-1 and F5-2. However, fault F5-3 is not clearly shown in the AA’ and BB’ profiles, possibly owing to the poor integrity of the rocks within the fractured zone where fault F5-3 is located and the relatively low transverse velocity heterogeneity. In contrast, the lithological and velocity differences on either side of faults F5-1 and F5-2 were more significant, exacerbating the differences in the transverse velocity in the AA’ and BB’ profiles. Hence, the imaging results and the inferred spatial distribution of faults in this study showed a relatively good consistency with those of previous studies. Therefore, subsequent discussions combine the reflection seismic profile QL14 with the imaging results of this study.
The imaging results in this study revealed the development characteristics and spatial distribution of fracture structures within the Neogene (N) and its underlying bedrock (K₂w, Ar). Based on comprehensive shallow seismic exploration results and S-wave velocity imaging, it is found that faults F1, F2, and F5 extended downward to the depth of 1.25 km and below. Faults F5-1 and F5-2 collectively controlled a Cenozoic depression with a thick, low-velocity sediment layer. These two boundary faults may merge into a single fracture at greater depths.
4.2 The control of fault F5 on sediment in the Suqian area
The AA’ profile (Figure 11A) traverses the low-velocity anomaly bodies controlled by faults F2 and F5. The boundary characteristics of these low-velocity anomalies were distinct. The orientations of faults F2, F5-1, and F5-2 are highly consistent with the dip directions of the boundaries, each forming a separate low-velocity anomaly center. Among these, the low-velocity anomaly between faults F5-1 and F5-2 was more pronounced, extending to depths >1.2 km in the crust, whereas the anomalous body near fault F2 extended only to approximately 1 km, indicating relatively shallower burial and a smaller extent. Therefore, local sedimentary centers might develop on either side of fault F2, with a more extensive sedimentary area associated with fault F5, reflecting the significant control of fault F5 on the sedimentary thickness of the strata.
The velocity structure along the profiles AA’ and BB’ is consistent with the horizontal velocity structures, revealing a velocity structure which showed low-high-low-high velocity distributions in west-east direction. This suggests that the control of faults on sedimentary layers in the Suqian area does not manifest as an overall uplift or subsidence of the block but rather as differential subsidence. The alternating activity of faults in the Suqian area has formed a tectonic structure characterized by alternating horsts and grabens. Within fault-controlled zones, the sediment in the shallow layers is highly uneven, which could pose challenges for construction projects, necessitating a more detailed geological survey.
4.3 Discussion on the pull-apart basin centered around Sankeshu
Findings from previous research near the Sankeshu area have indicated that three right-stepping faults compose fault F5, these three faults formed a pull-apart basin which controls the deposition of Neogene and Quaternary strata [13]. Our imaging results indicated that at depths 0.8–1.25 km, the band-like low-velocity anomaly located at Sankeshu diminished with increasing depth. At a depth of 1.25 km, only a portion of the low-velocity anomaly centered around Sankeshu remained (Figure 10H). Combined with our previous conclusion that faults F5-1 and F5-2 control a Cenozoic depression with a thick low-velocity sediment layer, this supports the presence of a pull-apart basin and suggests that the basement of the basin lies below 1.25 km. Furthermore, utilizing the map view of the S-wave model (Figure 10) and the reflection seismic profile (Figure 11C), the scale of the pull-apart basin can be roughly determined, as indicated in Figure 10H. The boundary faults of the pull-apart basin are faults F5-1 and F5-2, which delineate the western and eastern boundaries of the basin, respectively. In contrast, its northern and southern boundaries correspond to the northern and southern extents of the low-velocity anomaly. Since the reflection seismic profile indicated the presence of reflection wave groups below fault F5-1, Fault F5-1 might exert a stronger control over the pull-apart basin, making it the main fault on the eastern edge of the basin. In the early stages, this fault controlled the development of other faults, as well as the formation and evolution of the pull-apart basin.
Fault F5-3 exhibits the highest activity from the reflection seismic profile, whereas faults F5-1 and F5-2 were relatively less active. Based on the positions of these faults within the pull-apart basin and the understanding of similar basins from previous studies [39], we hypothesized that faults F5-1 and F5-2 represent early basin-controlling boundary faults and currently show less activity. In contrast, fault F5-3, located in the central part of the basin, represents a newly developed strike-slip fault, indicating that the recent activity of the pull-apart basin was mainly expressed on this fault, which serves as the main throughgoing fault of this basin.
Given that the extinction of a pull-apart basin commonly manifests as the development of a new strike-slip fault diagonally across the basin [40], we hypothesized that this basin’s latest activity has shifted to the central fault F5-3. This fault, being an extensional-shear strike-slip, effectively diminishes normal faulting activity along the basin boundary faults as well as within the basin, signalling the basin’s late-stage evolution towards extinction. This transition implies a higher seismic hazard potential for central fault F5-3. Structurally, the formation and increased activity of the new fault exacerbate seismic risks. Therefore, it is essential to monitor the activity of fault F5-3 and evaluate its seismic risk. Detailed studies of the geometric characteristics, historical activity, and current stress state of the fault are crucial for developing earthquake disaster prevention and mitigation strategies in the Suqian area.
5 CONCLUSION
This study utilized continuous vertical component ambient noise waveforms recorded by 100 short-period temporary stations to investigate the shallow crustal structure of the upper crust of fault F5 in the Suqian area, China. We obtained a 3-D S-wave velocity model for the 0.2–1.25 km depth range in this region. The following results were obtained:
The velocity structure exhibited strong lateral heterogeneity. The development of faults F1, F2, and F5 shows a high degree of consistency with S-wave velocity anomalies. Fault F5 was composed of two boundary faults F5-1 and F5-2, which together controlled a Cenozoic depression covered by a thick low-velocity sediment layer. These two faults might gradually merge into a single fault in the deeper crust.
On either side of fault F2, localized sedimentary centers have developed. Notably, the sedimentary extent at fault F5 was relatively larger, which reflected the significant control that fault F5 exerts over the sedimentary thickness of the strata. The velocity structures along the profiles AA’ and BB’ displayed a low-high-low-high velocity distribution from west to east across the study area. This pattern indicated that the control exerted by the faults over the sedimentary layers in the Suqian region was not manifesting as an overall uplift or subsidence of the block, but rather as differential subsidence. The alternating activity of faults in the Suqian area has formed a tectonic structure characterized by alternating horsts and grabens.
The boundary faults of the pull-apart basin formed by fault F5 are F5-1 and F5-2. Among these two faults, fault F5-1 served as the primary fault zone on the eastern edge of the basin and has played a dominant role in the development of other faults as well as in the formation and evolution of the entire basin during its early stages, while fault F5-3 exhibited the highest activity and is a newly developing strike-slip fault within the center of the basin. The latest activity of the pull-apart basin has shifted to fault F5-3. We hypothesized that its dextral strike-slip movement has decomposed the normal fault activity of the boundary faults, leading to the basin entering a stage of extinction.
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As one of the world’s most fragile and sensitive ecological regions, Xizang risks significant environmental damage from using traditional materials, including cement and lime, to improve and reinforce loose accumulated sandy soil slopes. To address this issue, this study utilized a low-concentration biodegradable polyvinyl alcohol (PVA) solution combined with sisal fibers (SFs) to stabilize loose accumulated sand in southeastern Xizang. A series of physical, mechanical, and microscopic analyses was conducted to evaluate the properties of the treated sand. The results indicated the following. 1) The stress-strain curves of the improved samples exhibited an elastic-plastic relationship. Failure was observed in two stages. At a strain of 3% or less, the samples demonstrated elastic deformation with a linear increase in stress, whereas the deviator stress increased rapidly and linearly with an increase in axial strain. Once the strain exceeded 3%, the deformation became plastic with a nonlinear increase in the stress-strain relationship, and the growth rate of the deviator stress gradually decreased and leveled off. 2) Under varying confining pressure conditions, the relationship curve between the maximum (σ1-σ3)max∼σ3 for both untreated loose accumulated sandy soil and soil improved with the PVA solution, and the sisal fiber was approximately linear. 3) The SFs created a skeletal-like network that encased the soil particles, and the hydroxyl functional groups in the PVA molecules bonded with both the soil particles and the fiber surface, thereby enhancing the interfacial properties. This interaction resulted in a tighter connection between the soil particles and SFs, which improved the stability of the structure. 4) The incorporation of a PVA solution and SFs significantly enhanced the mechanical strength and deformation resistance of the loose accumulated sandy soil. The optimal ratio for the improved soil was SP = 3% and SL = 15 mm, which increased the cohesion from 24.54 kPa in untreated loose accumulated sandy soil to 196.03 kPa. These findings could be applied in engineering practices to improve and reinforce loose accumulated sandy soil slopes in southeastern Xizang and provide a theoretical basis for such applications.
Keywords: southeastern xizang, loose accumulated sandy soil, polyvinyl alcohol, sisal fiber, triaxial test, mechanism analysis

1 INTRODUCTION
The southeastern region of Xizang is characterized by rugged mountains and intricate valleys, where diverse topographies and highland environments create a complex and unique climate that accelerates rock erosion and weathering. Over time, geological processes have transformed landscapes, resulting in extensive loose accumulation of sandy soil slopes after weathering. Sandy soil, as a typical non-cohesive soil, has a loose structure and low cohesion [1], making it prone to rainfall-induced erosion, which can lead to landslides and debris flows, posing significant threats to the lives and properties of local residents [2–10]. Therefore, research on the improvement and reinforcement of loose accumulated soil is crucial to mitigate landslides and debris flows triggered by rainfall.
As global ecological issues escalate, countries are advancing their environmental protection strategies. Scholars are exploring new high-polymer materials and natural fibers as alternatives to traditional soil reinforcement materials such as cement and lime [11–13]. Polymer-based reinforcement techniques are environmentally friendly, in which polymers facilitate chemical reactions that transform liquid substances into solid forms, thereby binding loose sandy soil into a more robust structure. Polyvinyl alcohol (PVA) is a polymer that enhances soil water stability by forming a gel-soil bonding system with soil particles, thus improving both strength and water stability [14–17]. Cherdsak et al. [18] demonstrated a significant increase in the unconfined compressive strength of soil with the addition of PVA, and Cruz et al. [19] developed a novel biopolymer hydrogel using PVA to enhance soil water retention. Owing to their degradability, renewability, cost-effectiveness, and strong mechanical properties [13, 20–22], natural fibers are a major focus of geotechnical engineering. Various natural fibers, including palm, sisal, bamboo, and areca, have been employed for soil improvement with satisfactory reinforcement results [13, 23, 24]. Sisal fiber (SF) known for its toughness, strength, and resistance to wear and corrosion under harsh conditions is increasingly being applied as a reinforcement material for both inorganic and organic binding agents [25]. The high-strength characteristics of sisal fibers are closely related to their chemical composition and structure. They mainly contain components, such as cellulose, hemicellulose, pectin, and lignin, which together constitute a robust framework for fibers. Cellulose, as the primary structural component, endows sisal fibers with high strength and elasticity, and hemicellulose, pectin, and lignin further enhance their wear and corrosion resistance [26]. For instance, Sharanabasava Patil et al. [27] adopted SFs to enhance coarse aggregates in fly ash-red soil concrete, promoting sustainable concrete development. Song H et al. [28] employed the SFs to reinforce the synthesized aggregates. Aimin Z et al. [29] replaced the traditional steel fibers with mixed SFs to create UHPC materials, utilizing long (12 mm) and short (6 mm) fibers (2% fiber content). Additionally, Ekkachai Y et al. [30] demonstrated that SFs improved the structural performance of reinforced concrete columns, and Lima R P et al. [31] evaluated their effectiveness in enhancing the bending strength of one-way precast concrete slabs after cracking.
The aforementioned studies suggest that both PVA and SFs are eco-friendly materials for soil improvement. However, little research has focused on the mechanisms by which soil, fibers, and polymers interact to enhance loose accumulated sandy soils. This study addressed this gap by employing varying concentrations of PVA solutions and different lengths of SFs to improve sandy soil, quantitatively analyzing their effects on the mechanical properties of the improved soil, and investigating the intrinsic microstructural changes in the reinforced soil. These findings provide a theoretical basis and practical guidance for protecting and reinforcing loose accumulated sandy soil slopes in southeastern Xizang.
2 EXPERIMENTAL OVERVIEW
2.1 Experimental materials
The sandy soil adopted in this experiment was sourced from loose accumulated sandy soil slopes along National Highway 318 in Bomi County, southeastern Xizang (Latitude 30°16′78″, Longitude 94°94′35″), at a sampling depth of approximately 2 m. After the soil samples were retrieved, they were dried in an oven and subjected to sieve analysis according to the “Standard for Geotechnical Testing Methods” (GB/T 50123-2019) [32], resulting in the cumulative particle size distribution curve shown in Figure 1. Additional basic physical properties of the sandy soil are listed in Table 1.
[image: Graph depicting the relationship between grain size and percentage finer by weight, showing a downward-sloping curve from top left to bottom right. An inset image labeled "Used sand" displays a close-up of sand particles.]FIGURE 1 | Grain size distribution curve of test sandy soil.
TABLE 1 | Main physical and mechanical properties of sandy soils.
[image: Table showing various soil parameters: Maximum dry density (ρd max) is 2.13 g/cm³, dry density (ρd) is 1.93 g/cm³, minimum dry density (ρd min) is 1.72 g/cm³, water content (ω) is 1.15%, median grain size (D50) is 0.614 mm, coefficient of uniformity (Cu) is 2.4, and coefficient of curvature (Cc) is 0.9.]The polymer utilized in this experiment was PVA (Figure 2). It is a polyhydroxy polymer valued for its water solubility, barrier properties, and biodegradability, and has the chemical formula [C2H4O]n. It appears as a white, flaky, fibrous, or powdered solid that is odorless and soluble in water at temperatures above 95°C. In the experiment, the PVA solution was prepared by dissolving PVA in boiling water at a specific ratio. PVA has a lower degree of hydrolysis and retains some hydroxyl groups, enhancing its cohesive properties. The reaction process is shown in Equation 1, and the physical parameters are summarized in Table 2.
[image: Chemical equation depicting the hydrolysis of polysaccharides. The reaction shows \((C_6H_{10}O_5)_n\) combined with water \((nH_2O)\) to produce alcohol \((nC_6H_{12}O_6H)\) and hydroxide ions \((OH^-)\).]
where (C2H4O)n represents PVA; H2O represents water molecules; C2H5OH signifies the ethanol; and OH⁻ denotes the hydroxide ions.
[image: Polyvinyl alcohol (PVA) is dissolved in water above ninety-five degrees Celsius to form a solution. The image shows the dissolved PVA solution in a glass beaker, labeled with a PVA to water ratio of twenty to one.]FIGURE 2 | Polyvinyl alcohol solution.
TABLE 2 | Basic physical properties of polyvinyl alcohol.
[image: Table showing four properties: Viscosity is 34.0 to 42.2 millipascal seconds, Volatile matter is 5 percent, Ash content is 0.5 percent, and pH range is 5.0 to 7.0.]The SFs used in this experiment were natural bundled fibers, widely recognized for their advantages, such as low energy consumption, low manufacturing costs, high elasticity, large elastic modulus, acid and base resistance, and rapid water absorption. Considered ideal reinforcement materials for both inorganic and organic binders, their strength increased by 10%–15% in water compared to their dry strength [33]. These fibers were environmentally friendly with a rough surface texture, good dispersion, an average diameter of approximately 0.2 mm, and biodegradability. For the experiment, SFs with lengths of 6 mm, 9 mm, 12 mm, and 15 mm were selected (Figure 3). This study examined the effect of SFs length (SL) on the mechanical properties of reinforced sandy soil, with the SFs content (SF) defined as the ratio of the mass of SFs (md) to the mass of dry sand (ms), calculated using the following Equation 2.
[image: Equation showing \( S_f = \frac{m_d}{m_z} \), labeled as equation (2).]
[image: Four images show clumps of white fibrous material next to a ruler for scale. Image (A) measures 6 millimeters, (B) 9 millimeters, (C) 12 millimeters, and (D) 15 millimeters. Each clump increases in size progressively.]FIGURE 3 | Sisal fiber. (A) SL = 6 mm, (B) SL = 9 mm, (C) SL = 12 mm, (D) SL = 15 mm.
2.2 Experimental instruments
The triaxial shear test was performed using a 6T-type fully automatic triaxial shear apparatus consisting of three main components: a pressure chamber, a pressure volume controller, and a data processing system. The sample parameters were initialized using software, and various sensors automatically collected the data via a data processing system. The equipment used is illustrated in Figure 4. To analyze the microstructural changes in the loose accumulated sandy soil reinforced with SFs and PVA solution, a CX-200PLUS tungsten filament scanning electron microscope (SEM) was employed on the shear-tested samples. This SEM included an electron gun, a sample stage, electron lenses, detectors, an electron scanning system, a control system, a display, and image processing software (Figure 5).
[image: Data control acquisition system setup includes a computer on a desk, a pressure controller, and a pressure chamber beside it. Each component is labeled accordingly.]FIGURE 4 | Fully automatic triaxial shear apparatus.
[image: A laboratory setup featuring an electronic gun positioned on a vacuum surge tank labeled "Coxem." To the right, a computer with a monitor and tower is identified for microstructure image processing and analysis.]FIGURE 5 | SEM scanning electron microscope.
2.3 Experimental procedure
Before the experiment, sandy soil was prepared according to the cumulative curve of the particle size distribution. To ensure a uniform distribution of SFs within the sandy soil, dry sand was thoroughly mixed with the fibers, followed by the addition of water and PVA solution to the mixture. The obtained soil-fiber mixture was compacted into a cylindrical mold in four layers, with each layer scarified using a soil cutter. The final cylindrical samples measured φ39.1 mm × h 80 mm. Triaxial shear tests were conducted using a 6T fully automatic triaxial apparatus, whereas microstructural analysis was performed using a CX-200PLUS tungsten filament scanning electron microscope (SEM). Each sample with identical parameters underwent three independent trials, and the most statistically significant data were selected for analysis. The detailed experimental procedure is as follows.
2.3.1 Triaxial shear test
A total of 25 groups of samples were prepared for this study, consisting of one group of untreated loose accumulated sandy soil and four groups of PVA-treated loose accumulated sandy soil.
The study prepared 4 groups of SFs-treated loose accumulated sandy soil and 16 groups of PVA and SF-reinforced loose accumulated sandy soil. Each group underwent consolidation drained shear testing under confining pressures of 100 kPa, 200 kPa, 300 kPa, and 400 kPa, following the “Standard for Geotechnical Testing Methods” (GB/T 50123—2019). The shear strain rate was set at 0.08 mm/min, and the testing was stopped when the strain (ε) reached 15%. To evaluate the effects of the PVA solution content (SP) and SFs length (SL) on the strength of the reinforced sandy soil, PVA solution contents of 1%, 2%, 3%, and 4% and SFs lengths of 6 mm, 9 mm, 12 mm, and 15 mm were tested, while the SFs content (SF) remained constant at 0.8% (both PVA and fiber contents were percentages of the total sample mass). The initial moisture content was controlled at w = 1.15% and the density at ρd = 1.93 g/cm³, with the untreated sandy soil of the same moisture content and density serving as a control.
2.3.2 Microstructural analysis
To prepare the samples for SEM observation, they were air-dried to remove moisture, volatile substances, and magnetic materials. After drying, internal samples of dimensions 10 mm × 5 mm × 2 mm were extracted for analysis. Because the sandy materials were non-conductive, directly placing them under the electron microscope could cause damage to the electron beam and reduce the edge resolution. To obtain high-quality images, the surfaces of the samples were coated with a metallic layer to minimize electron beam penetration and enhance the edge resolution, thus protecting the sensitive samples. CX-200PLUS SEM was then applied to observe the microstructural characteristics of the loose accumulated sandy soil before and after reinforcement with PVA solution and SFs, with a particular focus on the reinforcement mechanism.
3 TEST RESULTS AND ANALYSIS
3.1 Characteristics of deviator stress and axial strain curves
The deviator stress-strain curves for untreated loose accumulated sandy soil and sandy soil reinforced with PVA solution and SFs were plotted based on the results of triaxial consolidated drained shear tests (CD) (Figure 6).
[image: Twelve line graphs compare the behavior of different datasets with varying parameters. Each graph has plotted lines in blue, green, and red, showing the relationship between x and y axes. The graphs display trends over time or under different conditions, with legends indicating data series. Labels and figure numbers such as \((1) S_p \to \text{{Photons → Others}}\) and \((12) S_p \to \text{{Photons (75 ns)}}\) are present, signifying specific scenarios or simulations.]FIGURE 6 | Deviator stress-strain curves of untreated loose accumulated sandy soil and modified loose accumulated sandy soil with PVA and SFs. Note: SF is the length of sisal fiber, and SP is the content of polyvinyl alcohol. (A) Untreated loose accumulated soil. (B) Modified loose accumulated sandy soil with PAV solution content of 1% and 2%. (C) Modified loose accumulated sandy soil with PAV solution content of 3% and 4%. (D) Modified loose accumulated sandy soil with SFs lengths of 6 mm and 9 mm. (E) Modified loose accumulated sandy soil with SFs lengths of 12 mm and 15 mm. (F) Modified loose accumulated sandy soil with SFs length of 6 mm and PAV solution content of 1% and 2%. (G) Modified loose accumulated sandy soil with SFs length of 6mm and PAV solution content of 3% and 4%. (H) Modified loose accumulated sandy soil with SFs length of 9mm and PAV solution content of 1% and 2%. (I) Modified loose accumulated sandy soil with SFs length of 9 mm and PAV solution content of 3% and 4%. (J) modified loose accumulated sandy soil with SFs length of 12 mm and PAV solution content of 1% and 2%. (K) modified loose accumulated sandy soil with SFs length of 12 mm and PAV solution content of 3% and 4%. (L) Modified loose accumulated sandy soil with SFs length of 15 mm and PAV solution content of 1% and 2%. (M) Modified loose accumulated sandy soil with SFs length of 15 mm and PAV solution content of 3% and 4%View less.
In Figure 6A, the deviator stress-strain curve for the untreated loose accumulated sandy soil demonstrated that under varying confining pressures, the samples primarily exhibited strain softening. Initially, the samples exhibited elastic deformation with a linear increase in the strain. Once the strain exceeded 2%, the curve entered a nonlinear phase, where the rate of increase in the deviator stress gradually decreased, and higher confining pressures required greater axial strain to achieve the peak deviator stress. Figures 6B, C present the deviator stress-strain curves for sandy soil reinforced with a PVA solution, where the samples also demonstrated strain softening. At confining pressures of 100 and 200 kPa, the peak deviator stress fluctuated with increasing PVA solution content. In contrast, at 300 and 400 kPa, it gradually increased with increasing PVA content, whereas the peak values did not exhibit a significant improvement compared with the untreated sandy soil. The post-peak softening phenomenon improved, although the extent of this improvement was relatively modest. Figures 6D,E illustrate the deviator stress-strain curves for the sandy soil reinforced with SFs, increasing the peak deviator stress compared with the untreated sandy soil. However, once the peak strength was reached, the deviator stress decreased sharply. Figures 6F–M depict the deviator stress-strain curves for the sandy soil reinforced with a combination of PVA solution and SFs, revealing an elastic-plastic stress-strain relationship. The failure of these samples occurred in two phases. For strains less than or equal to 3%, the samples exhibited elastic deformation with a linear increase in the deviator stress, whereas beyond 3% strain, they underwent plastic deformation. In this phase, the stress-strain relationship exhibited a nonlinear upward trend with a gradual decrease in the rate of increase in deviator stress, resulting in a plateau. The curves exhibited a clear inflection point and maintained a softening characteristic, indicating a distinct peak in the deviator stress, followed by only slight reductions post-peak.
3.2 Relationship between peak deviator stress and confining pressure
According to the “Standard for Geotechnical Testing Methods” (GB/T 50123—2019), the peak strength was recorded at the moment of peak during the shear process of the sample. If no peak strength was evident, the strength corresponding to ε = 15% was used as the peak strength. Table 3 presents the peak deviator stress for the untreated loose accumulated sandy soil and sandy soil reinforced with the PVA solution and SFs under various confining pressures. The table indicates that the peak deviator stress for the sandy soil reinforced with the combination of PVA solution and SFs increased monotonically with the PVA content and length of the SFs. For the PVA contents of SP = 2% and SP = 3% and the SF length of SL = 15 mm, the peak deviator stresses reached 1,601 kPa, 2023 kPa, 2,721 kPa, and 3,020 kPa under different confining pressures. For SL = 15 mm, the corresponding values were 1,517 kPa, 2,116 kPa, 2,418 kPa, and 3,056 kPa. Compared with the peak deviator stress of the untreated sandy soil (424 kPa, 744 kPa, 1,042 kPa, and 1,390 kPa), these values represented increases of 377%, 271%, 261%, and 217%, and 357%, 284%, 232%, and 219%, respectively. As the confining pressure increased, the peak deviator stress of the samples also increased, whereas the relative increase compared to the untreated sandy soil showed a declining trend.
TABLE 3 | Peak deviator stress of untreated loose accumulated soil and modified loose accumulated sandy soil with PVA solution and SFs.
[image: A table showing test numbers (S-1 to S-25), with columns for \(S_P\) (%), \(S_L\) (mm), and \(S_F\) (%). It includes confining pressures at 100, 200, 300, and 400 kPa. Values vary across tests, with many empty fields for \(S_L\) and \(S_F\). Confining pressures increase across columns.]The data in Table 3 were plotted in the (σ1 - σ3)max ∼ σ3 relationship graph. Figure 7 demonstrates that the (σ1 - σ3)max ∼ σ3 relationship curves for both the untreated sandy soil and the sandy soil reinforced with PVA solution and SFs exhibited a nearly linear relationship, influenced by the soil particle arrangement and aggregation. The fluctuating characteristics of the slope and intercept of the regression equation for the peak deviator stress can be analyzed using linear regression principles based on the least-squares method. The coefficient R2 indicated the correlation between the fitted line and the experimental points, with a value closer to 1 representing a higher degree of fit. Figure 7 reveals that all the fitted lines had determination coefficients R2 higher than 0.958, indicating a high degree of fit that could be used to predict the trends in the peak deviator stress for the untreated loose accumulated sandy soil and the variations in the PVA solution content and SF length under different confining pressures. To represent the relationship between the peak deviator stress changes influenced by both factors simultaneously, a simple linear model was employed, as described by the following Equation 3.
[image: Mathematical equation depicting the maximum difference between sigma one and sigma three, denoted as \((\sigma_1 - \sigma_3)_{\text{max}}\), equals \(a \sigma_y + b\), where \(a\) and \(b\) are constants, and sigma y is another variable.]
where a and b are the parameters associated with the characteristics of untreated loose accumulated sandy soil and sandy soil reinforced with PVA solution and SFs, respectively.
[image: Six graphs labeled A to F display data on the relationship between axial stress (σₐ in MPa) and slope (mₜ), each with distinct datasets represented by colored lines and markers. Each plot includes a legend identifying the line styles and symbols, indicating different experimental conditions or variables. The axes for all graphs are consistent, showing axial stress on the x-axis and slope on the y-axis. The dataset distribution suggests a positive correlation between the variables across different scenarios.]FIGURE 7 | (σ1−σ3)max−σ3 relationship curve of untreated loose accumulated soil and modified loose accumulated sandy soil with PVA and SFs. (A) (σ1−σ3)max−σ3 relationship curve of untreated loose accumulated soil and modified loose accumulated sandy soil with different PVA solution contents (B) (σ1−σ3)max−σ3 relationship curve of untreated loose accumulated soil and modified loose accumulated sandy soil with different lengths of SFs (C) (σ1−σ3)max−σ3 relationship curve of untreated loose accumulated soil and modified loose accumulated sandy soil with SL=6mm and different PVA solution contents (D) (σ1−σ3)max−σ3 relationship curve of untreated loose accumulated soil and modified loose accumulated sandy soil with SL=9mm and different PVA solution contents (E) (σ1−σ3)max−σ3 relationship curve of untreated loose accumulated soil and modified loose accumulated sandy soil with SL=12mm and different PVA solution contents (F) (σ1−σ3)max−σ3 relationship curve of untreated loose accumulated soil and modified loose accumulated sandy soil with SL=15mm and different PVA solution contents.
The relationship between parameters a and b with respect to the concentration of the PVA solution is illustrated using samples with varying concentrations of PVA solution and a SFs length of SL = 15 mm (Figure 8). The results is shown in Equations 3, 4.
[image: Equation for \( a \) is shown as \( a = 0.1804x + 4.056 \).]
[image: Equation displaying \( b = 135.2x + 610.6 \) labeled with number five in parentheses.]
where x is the PVA solution content (%).
[image: Scatterplot showing the relationship between PVA percentage and two parameters, (a) and (b). Parameter (a) is represented by black dots and has a linear trendline with an equation of a = 0.1304x + 3.0546, R² = 0.828. Parameter (b) is represented by red dots with a trendline equation of b = 135.2x + 610.6, R² = 0.391. Two y-axes are present: left for Parameter (a), ranging from 3.6 to 5.0; right for Parameter (b), ranging from 200 to 1200.]FIGURE 8 | Curve fitting for the effect of peak bias stress with different PVA content at SL = 15 mm.
3.3 Shear strength characteristics
Shear strength is a crucial index in geotechnics, represented by shear strength parameters. To elucidate the influence of the PVA solution content and SFs length on these parameters, the cohesion (c) and internal friction angle (φ) values were calculated for both untreated loose accumulated sandy soil and sandy soil reinforced with PVA solution and SFs.
Figure 9 presents a bar chart illustrating the relationship between the shear strength parameters and varying PVA solution content, including the parameters for the untreated loose accumulated sandy soil for comparison. As shown in Figure 9A, incorporating the PVA solution significantly enhanced the cohesion of the samples compared with that of the untreated sandy soil. However, as the PVA content increased, the cohesion decreased. This trend suggested that while excess PVA effectively coated and intertwined the sandy particles, its wet and slippery characteristics during shear caused sliding among the PVA-coated particles, weakening their interconnections and reducing their cohesion. Conversely, Figure 9B illustrates that for the samples compounded with both the PVA solution and SFs, the internal friction angle initially increased with the PVA content but then decreased. The fluctuations in this parameter were relatively small, indicating that the significant changes observed in the cohesion were not reflected in the internal friction angle.
[image: Bar graphs presenting data on the effects of PVA content on cohesion and internal friction angle of improved sand. Graph (A) shows cohesion in kilopascals for various sand sizes and PVA percentages. Graph (B) displays internal friction angles for the same variables. Each graph features six categories distinguished by color and pattern, representing different sand sizes.]FIGURE 9 | Relationship between shear strength parameters and PVA content. (A) relationship between cohesion and PVA content, (B) relationship between internal friction angle and PVA content.
Figure 10 presents a bar chart illustrating the relationship between the shear strength parameters and varying SFs lengths, with untreated sandy soil parameters for comparison. Figure 10A reveals that with a constant PVA solution content, the cohesion of the reinforced sandy soil increased as the length of the SFs increased, peaking at 241.76 kPa for SL = 12 mm (SP = 1%). However, as the SFs length continued to increase, the cohesion decreased, with SL = 15 mm (SP = 1%) showing a cohesion value of 221.34 kPa. These values represented 985% and 901% of the cohesion of untreated sandy soil (24.54 kPa). The cohesion trend for the SL = 12 mm sample exhibited a rapid initial increase that gradually stabilized, in contrast to the trend for the SL = 15 mm sample.
[image: Bar charts comparing cohesion and internal friction angle for different sisal lengths and sand compositions. Chart A shows cohesion values, while Chart B depicts internal friction angles. Both charts compare unimpoved sand with sand treated with varying sisal percentages (1%, 2%, 3%, 5%). Sisal lengths range from 6 mm to 15 mm.]FIGURE 10 | Relationship between shear strength parameters and SFs lengths. (A) relationship between cohesion and SFs length, (B) relationship between internal friction angle and SFs length.
Figure 10B shows that the internal friction angle of the reinforced sandy soil exhibited a waveform pattern as the SFs length increased with minimal overall fluctuation. The changes in the internal friction angles were all less than 4°. This indicated that the PVA solution improved the bonding between the SFs and soil particles, thereby reducing the particle spacing. During shear, this enhanced the interlocking and friction intensity among the soil particles, leading to variations in the internal friction angle.
4 MECHANISM ANALYSIS AND DISCUSSION
4.1 Microscopic mechanism analysis
The mechanism of reinforcing loose accumulated sandy soil using a composite of PVA solution and SFs is illustrated in the schematic diagram in Figure 11. To analyze the microscopic structural characteristics of untreated loose accumulated sandy soil, PVA solution, and SF-reinforced sandy soil, SEM with a tungsten filament (CX-200PLUS) was used (Figure 12). Sandy soil primarily consisted of sand grains that were non-cohesive and relied on particle interlocking and friction for stability. Figure 12A shows that the untreated loose accumulated sandy soil had a loose structure with a wide distribution of pore spaces between the particles. The cohesive PVA solution wrapped around and intertwined the sandy particles, improving their arrangement and facilitating more compact packing, thereby reducing the pore spaces. Figure 12B demonstrates how the PVA solution formed a solidified membrane around the sand grains, tightly bonding them to create a “granular structure” with enhanced strength and shape stability. Loose accumulated sandy soil, characterized by rough, angular particle surfaces, consists of debris that remained in its original position after weathering, leading to certain voids between bonded sand grains. As an ideal reinforcing material with both inorganic and organic binding properties, SFs were randomly distributed among the sandy particles, forming a woven “net” that enveloped the soil and reduced displacement and deformation. Figure 12C presents the SFs filling the spaces between the soil particles intersecting to form a fibrous network binding the grains together. These fibers distributed within the pores restricted radial deformation and enhanced the overall stability of the soil structure. The cohesion provided by the PVA solution synergized with the SFs anchoring effect, resulting in a stable structure that significantly improved the mechanical properties of the loose accumulated sandy soil.
[image: Diagram illustrating the experimental process for coating sand with polyvinyl alcohol (PVA). Top left: materials including sand, sisal fiber, and PVA solution. Top right: equipment setup with data acquisition system and microwave system. Bottom left: soil sample preparation using a pervious stone container. Bottom right: detailed views of the experimental setup, including a sample tray, tweezers, and SEM images of sand, sisal fiber, and coated sand. Chemical equation for the reaction shown.]FIGURE 11 | Schematic diagram of the mechanism of reinforcing sandy soil with PVA and SFs composite. (A) Experimental materials. (B) Triaxial test. (C) SEM experiment. (D) Microscopic analysis.
[image: Four microscopic images display variations in sandy soil compositions. Image (A) shows unimproved sandy soil with visible sand and interstice. Image (B) demonstrates PVA improved sandy soil, highlighting bonding together and sand. Image (C) presents SFs improved sandy soil, showing steel fiber interstice and sand fiber filling. Image (D) illustrates SFs and PVA improved sandy soil with bonding together, steel fiber interstice, and sand fiber.]FIGURE 12 | SEM images of untreated loose accumulated soil and modified loose accumulated sandy soil with PVA solution and SFs. (A) Unimproved sandy soil (B) PVA improved sandy soil (C) SFs improved sandy soil (D) SFs and PVA improved sandy soil.
Figure 12D shows that the soil particles were interconnected through the bonds among themselves, between the soil particles and fibers, and among the fibers. The voids between the sand grains were filled with SFs and the PVA solution. The intertwined SFs were effectively anchored within the adhesive formed by the PVA solution, enhancing the particle cohesion. The exceptional toughness of the SFs allowed them to connect across the fractures like “spider silk,” providing the tensile strength and preventing the deformation of the sandy soil. The PVA solution exhibited strong adhesion to the fiber-containing materials, with hydroxyl functional groups bonding with the surfaces of both the soil particles and fibers, improving the interfacial properties and creating a tighter connection. This enhanced bonding significantly increased the stability of the composite structure formed by the SFs and sandy soil. The incorporation of the PVA solution and SFs formed a stable composite structure, improving the overall stability and safety of the soil matrix. The synergistic effect of the PVA solution and SFs enhanced the mechanical properties of the soil and contributed to its resilience to deformation and failure under load.
4.2 Discussion
Before conducting the experiments, outdoor seeding was performed on the PVA solution and the SF-reinforced loose accumulated sandy soil to ensure the adaptability of the materials to the high-altitude environment without harming the surrounding ecology. This seeding, performed in May during a period of ample rainfall and sufficient sunlight, resulted in the growth of native plants in reinforced sandy soil. The successful growth of these plants indicated that the modified materials were environmentally benign, rendering them suitable for improving and reinforcing the loose slopes in the southeastern Xizang Region (Figure 13).
[image: Series of five images showing the growth of vegetation on improved sandy soil over time: 0 days (bare soil), 7 days (slight green shoots), 14 days (more visible growth), 25 days (denser green coverage), 40 days (lush vegetation).]FIGURE 13 | Outdoor planting in modified sandy soil.
Ma K et al. [34] explored the potential of using polyurethane organic polymer and sisal fiber to improve the mechanical performance of sand. The results indicated a significant increase in the UCS and DTS of the reinforced sand with increasing polymer content, fiber content, and dry density. This study utilized a composite of PVA and SFs to effectively enhance the properties of loose accumulated sandy soils. Notably, when SFs with a length of SL = 15 mm were combined with various PVA solution concentrations, the cohesion exhibited stable fluctuations, with the peak shear strength occurring at the PVA concentrations of SP = 2% and SP = 3%. Examination of the shear behavior of the untreated sandy soil and the modified sandy soil with 15 mm SFs at different PVA concentrations revealed that the failure mode of the samples was dominant, with no shear failure planes identified. Compared with the untreated sandy soil, the modified sandy soil exhibited a significantly reduced failure mode. At a confining pressure of 400 kPa, visible deformation was observed in the modified samples, indicating that the uneven dispersion of SFs during preparation caused aggregation and shear deformation under high confining pressures. Nevertheless, the samples with SL = 15 mm (SP = 3%) exhibited an improved overall stability and less noticeable compressive deformation at different confining pressures (Figure 14).
[image: A grid showing cylindrical samples under varying vertical stresses and mixing percentages. The columns represent different stress levels: 100 kPa, 200 kPa, 300 kPa, and 400 kPa. The rows show different mixing percentages: 0%, 1% with 15 mm, 2% with 15 mm, 3% with 15 mm, and 4% with 15 mm. Changes in deformation and structure are visible as mixing percentage and stress increase.]FIGURE 14 | Specimen drawing after triaxial shear.
In practical engineering applications, both cost-effectiveness and safety stability are crucial. The multiphase and variable nature of geological materials can contribute to their inherent uncertainty, which is why geotechnical engineering lacks the rigor of other disciplines. As a highly practical field that operates on a conceptual design framework, geotechnical engineering relies on robust theories, reasonable experiments, and validation through practical experience as the essential foundations for successful applications.
5 CONCLUSION
Based on the principles of “ecological priority and green development,” this study focused on modifying the loose accumulated sandy soil in southeastern Xizang using a composite of PVA solution and SFs. Various consolidated drained triaxial compression tests were performed under different confining pressures to examine the effects of varying PVA solution concentrations and SFs lengths on the strength characteristics of the modified sandy soil. SEM was employed to analyze the internal structures of the samples after shear testing. The experimental results led to the following conclusions.
	(1) The stress-strain curves of the modified loose accumulated sandy soil, under varying PVA solution concentrations and SFs lengths, exhibited strain-softening behavior, characterized by a distinct peak in the deviator stress. The stress-strain relationship demonstrated elastic-plastic characteristics. The failure of the samples occurred in two main stages. At strains less than or equal to 3%, the samples were in the elastic deformation stage with a linear increase in the deviator stress. As the strain exceeded 3%, the deformation became plastic, and the deviator stress-strain relationship exhibited a nonlinear increase, with the rate of deviator stress growth gradually decreasing and trending towards a smooth decline.
	(2) The incorporation of PVA solution and SFs significantly affected the peak deviator stress of the samples. As the concentration of the PVA solution and length of the SFs increased, the peak deviator stress also increased under a constant confining pressure. The relationship curve between (σ1-σ3)max∼σ3 for both the untreated loose accumulated sandy soil and the modified sandy soil with the PVA solution and SFs approximated a linear trend.
	(3) SEM analysis revealed that the pores between the sand particles were filled with SFs and PVA solution. The interwoven SFs bonded effectively within the adhesive formed by the PVA solution, thereby increasing the cohesion between the particles. The improved toughness of the fibers enabled them to connect both sides of the fracture surface, similar to “spider silk,” providing the tensile strength that mitigated the soil deformation. Additionally, the water-soluble PVA exhibited strong adhesion to both fibers and soil particles. The hydroxyl groups in the PVA molecules bonded with the surfaces of the soil particles and fibers, enhancing the interfacial properties and improving the connection between the SFs and soil particles, which increased the overall structural stability.
	(4) This study analyzed the loose accumulated sandy soil in southeastern Xizang and discovered that composite modification using a PVA solution and SFs was highly effective. The optimal combination for practical engineering reinforcement was a PVA solution concentration of SP = 3% and SFs length of SL = 15 mm. The modified soil exhibited a significant increase in the cohesion, rising from 24.54 kPa in the untreated sandy soil to 196.03 kPa, thus achieving both economic and reinforcement effectiveness.
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The optimization of parameters for the construction of cut off walls using high spray method plays a crucial role in improving the permeability stability of hydraulic structures and ensuring the safe operation of water conservancy projects. However, limited by existing research methods, there is currently a lack of systematic research on the influence of construction parameters on the quality of cut off walls. This study fully considers the characteristics of high-speed slurry jet and soil dynamic failure in numerical simulation of the construction of cut off walls using high spray method. Based on the SPH method, a two-dimensional plane strain model of high-pressure jet grouting was established, and the influence of aperture, grouting pressure, and hole spacing on the failure process of soil and the quality of cut off walls is systematically analyzed. The results show that the soil mainly exhibits tensile failure under the continuous action of high-speed cement slurry during the construction of cut off walls using high spray method. Reducing the aperture and grouting pressure, as well as increasing the hole spacing, are not conducive to forming a continuous and dense impermeable wall. Compared to grouting pressure, the influence of aperture and spacing on the quality of cut off walls is more significant. When the aperture is 0.6 m, the grouting pressure is 32 MPa, and the hole spacing is 0.8 m, the quality of cut off walls is great. Finally, the simulation results of this paper were preliminarily verified by combining the construction of cut off walls using high spray method in the flood control project in Luotang Township, Jiangxi Province, China. The findings can provide reference for optimizing the construction parameters of cut off walls using high spray method.
Keywords: cut off wall, high-pressure jet grouting, SPH method, hole spacing, grouting pressure, hole diameter

1 INTRODUCTION
The optimization of parameters for the construction of cut off walls using high spray method plays a crucial role in improving the permeability stability of hydraulic structures and ensuring the safe operation of water conservancy projects (Brown and Bruggemann, 2002; Wu et al., 2015; Yu et al., 2015; Heidarzadeh et al., 2019; Wang et al., 2021; Cheng et al., 2022). The high-pressure jet grouting method, also known as the high spray method, is a construction technique that uses the impact load generated by high-speed slurry jet to destroy the grouted soil, causing the slurry to mix and solidify with soil particles, thereby forming an impermeable wall. Due to its wide applicability, high wall quality, good controllability, and convenient construction, it has been a main method for the construction of cut off walls (Dai et al., 2020; Li et al., 2023; Zhang et al., 2024). Optimizing the high-pressure jet grouting method and improving the construction quality of cut off walls is a hot topic in the anti-seepage treatment of hydraulic engineering.
Numerous scientific researchers and engineering technicians have conducted extensive research on the grouting materials of high-pressure jet grouting, formation mechanisms of cut off walls, and key technical parameters. For grouting materials, Yang (2010) explored the construction process using cement paste as the main grouting material. Wang et al. (2019) found that the seepage control effect and stability of cut off walls formed by using a new non-aqueous reactive polymer material was better than that of the concrete cut off walls. Wu et al. (2023) compared the seepage resistance of three types of grouting materials: the mixture of polymer and cement, the mixture of geopolymer and cement, and the mixture of terracotta, phosphogypsum and cement, and found that the solidified silty soil with high polymer and cement has the best impermeability performance. For the failure mechanism of soil caused by jet flow, Yang (2008) pointed out that high-pressure jet is the main driving force to diffuse the stratum and recombine the coarse particles in the stratum, which also indicates that grouting pressure directly affects the quality of cut off walls. Guo (2021) found that the soil body under the action of jet mainly exhibits splitting failure mainly through indoor model test, and also analyzed the influence of grouting pressure, but the grouting pressure was small. In terms of key technical parameters, Yang et al. (2021) determined parameters such as the spacing of grouting holes, grouting pressure, and lifting velocity based on experiments, providing a reference for the related engineering construction. Huang (2010) analyzed the influence of factors such as nozzle diameter size and quantity, lifting speed, slurry ratio and density, spacing of holes, and wall layout on the quality of cut off walls. In addition, Liu et al. (2022) proposed a large-diameter drilling spraying integrated high-pressure grouting technology through equipment modification and research and development, breaking through the limitations of traditional small-diameter drilling and forming high-quality cut off walls. This provides valuable experience for the application of high-pressure spraying grouting technology in other anti-seepage projects, and indirectly illustrates that drilling diameter can also significantly affect the construction quality of cut off walls. As can be seen from the above, current research on high-pressure jet grouting mainly focuses on model tests and field tests. Although it can provide some reference for related engineering construction, it also faces problems such as high testing costs, long cycles, and limited research content. More specifically, the construction parameters that affect the quality of cut off walls mainly include aperture, grouting pressure, and hole spacing, but currently limited by research methods, there is a lack of systematic research on these construction parameters. In recent years, the continuous emergence of numerical simulation methods has provided ideas for solving this problem. However, the high spray pressure during the construction of cut off walls, the flow characteristics of slurry jets, the impact failure characteristics of soil, and the particle characteristics of soil pose certain challenges for numerical simulation research. Therefore, to facilitate more systematic research, there is an urgent need to explore a numerical simulation method that can better simulate the slurry jet and its dynamic interaction with soil.
The present study fully considered the characteristics of numerical simulation of cut off walls using high spray method, and established a two-dimensional plane strain model of high-pressure jet grouting based on SPH method. The influence of hole diameter, grouting pressure, and hole spacing on soil failure process and quality of cut off walls was systematically analyzed. Combined with the construction test of cut off walls using high spray method in Luotang Township, Jiangxi Province, China, the simulation results of this article were preliminarily verified. The findings can provide reference for optimizing the construction parameters of cut off walls using high spray method.
2 NUMERICAL MODEL OF HIGH PRESSURE JET GROUTING BASED ON SPH METHOD
In the construction of cut off walls using high spray method, the impact failure process of soil under the action of slurry jet is a typical dynamic process. LS-DYNA has significant advantages in simulating the characteristics of impact failure and has been widely used in multiple fields such as water jet (Zhou et al., 2022), rock blasting (Wei et al., 2009), and projectile penetration (Zhang et al., 2023). It supports multiple numerical methods and algorithms, including SPH method, which is suitable for numerical simulation of the construction of cut off walls using high spray method in this paper.
2.1 Introduction to SPH method
SPH algorithm is a computational method used to simulate fluid dynamics, which does not rely on traditional grid (lattice) methods to solve the motion equations of continuous medium, but expresses the spatial and temporal distribution of physical quantities through the interaction between particles and them (Monaghan, 2005). This makes the SPH algorithm particularly suitable for handling large deformations and free surface flow problems, meeting the numerical simulation requirements of this study. During the calculation process, track the motion of each particle from a perspective of Lagrange. The equations of particle motion are usually discretized based on physical laws such as Newton’s second law of motion and the principle of conservation of mass.
The SPH algorithm utilizes a weight function called a smoothing kernel to estimate the physical quantities of particles and their spatial derivatives. The kernel function determines the strength of the interaction between particles and typically has a finite support domain, with only neighboring particles having an impact on the current particle. Macro variables are obtained by calculating the integral interpolation of discrete points within the domain. The approximate function of the particle is given by Equation 1
[image: Mathematical formula showing an integral: \( f(x) = \int_{\Omega} f(x') W(x - x', h) dx' \).]
where f(x) is a function of the spatial coordinate x, Ω is the support domain for x, x-x′ is the distance between particles, h is the smooth length of SPH particles, smooth length varies with time and space, as shown in Figure 1, W (x-x′) is the kernel function, defined by the auxiliary function θ(x-x′), shown in Equation 2:
[image: Equation showing a mathematical expression for \( W(x - x', h) \) equals a fraction with numerator 1 and denominator \( h(x - x')^d \). It is multiplied by \(\theta(x - x')\), denoted as equation (2).]
where d is the spatial dimension.
[image: Illustration showing a two-dimensional grid of green dots with a blue circle in the center. Inside the circle are red and green dots, centered around a graph with a peak labeled Q. The horizontal axis is labeled W, and an arrow labeled h points from the center to the circle's edge.]FIGURE 1 | Particle approximation method.
In the SPH method, the particle approximation method is used to write continuous integral equations into discrete equations as shown in Equation 3:
[image: The image displays a mathematical equation: \( f(x) = \sum_{i=1}^n \frac{m_i}{\rho_i} \frac{1}{h(x-x')} \theta(x-x') \), with the equation labeled as (3).]
where ρi is the density of particle i, mi is the mass of particle i.
The conservation equations of mass, momentum, and energy in the N-S equation based on the SPH method can be found in the literature (Gingold and Monaghan, 1977).
2.2 High pressure jet grouting model
Referring to the construction process of cut off walls using high spray method, which has a better wall formation effect at present (Liu et al., 2022), a two-hole planar model was established, as shown in Figure 2. The overall dimensions of the model are 4 × 5 m2, and the boreholes are d in diameter and l in spacing. The direction of the grouting hole points in the direction of the preceding grouting hole, which is filled with grout that has not initially set. Fixed constraints were applied around the model. Both soil and slurry were simulated using SPH method.
[image: Diagram showing a section of soil with two labeled holes. The upper hole, marked "grouting hole," is white and connected to a nozzle with distance "d" labeled. The lower hole, marked "grouted hole," is blue with "slurry" labeled nearby. The diagram dimensions are five meters by four meters.]FIGURE 2 | High pressure jet grouting model.
There are two methods for generating SPH particles in LS-DYNA. One is to directly build the model in the post-processing software LS-PrePost. The other is to first create finite elements in software ANSYS and then import them into LS-PrePost to convert them into SPH particles. This study adopted the second method, which facilitates rapid modeling. In addition, to simulate high-pressure jet grouting, infinite slurry was used to achieve a continuous jet flow of slurry from the nozzle. The method for establishing the high-pressure jet grouting model is shown in Figure 3. To better simulate the impact failure phenomenon of soil body, the mesh in the finite element model was uniformly divided with a size of 1 cm, that is, SPH particle nodes were created with a spacing of 1 cm. Excluding the infinite slurry SPH particles, the total number of SPH particles in the model was 144,270. Three nozzles are simultaneously directed spraying, and the three nozzles are located very close to each other. A simplification is made in the 2D numerical simulation, where the slurry is equated from a point jet to a present jet.
[image: Flowchart illustrating a four-step process. Step 1: Generate SPH soil model, involving finite element modeling and SPH particle specification. Step 2: Establish an infinite slurry part, including node creation and slurry definition. Step 3: Apply fixed constraint conditions with node creation for constraints. Step 4: Specify relevant calculation parameters, determining parameters of soil and slurry and defining SPH particle range. Arrows connect each step sequentially.]FIGURE 3 | Method for establishing high pressure jet grouting model.
2.3 Material model and parameters
The materials involved in this study mainly include soil and cement slurry. The constitutive model of soil was selected using the MAT-FHWA_SOIL_TITLE model provided by LS-DYNA. This model is suitable for simulating and analyzing the mechanical behavior of soil and has been widely used in numerical simulations of soil blasting seismic dynamic response, soil impact failure under water jet action, and soil cutting. This model modifies the standard Mohr-Coulomb yield surface to a smooth surface, improving the stability of calculations. The yield equation is expressed by Equation 4
[image: Equation labeled (4) representing force (F) includes variables: \( F = -P \sin \phi + \sqrt{K(0)^{2} + A \text{ HYP}^{2} \sin^{2} \phi} - c \cos \phi \).]
where P is the pressure, φ is the internal friction angle, J2 is the second invariant of the deviatori tensor of stress, K(θ) is the function of tensor plane angle, c is the cohesive force, AHYP is a parameter for the similarity between the modified Mohr-Coulomb yield surface and the standard Mohr-Coulomb yield surface.
The above model simultaneously considers plastic hardening, plastic softening, strain rate effect, and pore water pressure effect. In addition, it also has the function of element or SPH particle failure. The main parameters controlling the soil mechanics behavior of the model include bulk modulus, shear modulus, soil density, moisture content, friction angle, and cohesion. Based on the parameters of soil in reference (Wu et al., 2024) and relevant explanations in the LS-DYNA keyword manual (Livermore Software Technology Corporation, 2003), the main parameters of soil are determined, as shown in Table 1.
TABLE 1 | Parameters of soil.
[image: A table with two columns of physical quantities and values. First column includes RO, NPLOT, SPGRAV, RHOWAT, VN, GAMMAR, INTRMX, K, G, PHIMAX, AHYP, COH with values like 1.95E-06, 3, and 0.52. The second column includes ECCEN, AN, ET, MCONT, PWD1, PWKSK, PWD2, PHIRES, DINT, VDFM, DAMLEV, EPSMAX with values like 0.7, 0, and 0.8.]The properties of cement slurry are very complex, and there is no mature material model available in LS-DYNA. This study uses the combination of the empty material model and the related equation of state to simulate cement slurry, which is commonly used to simulate fluid. Specifically, defining the density of 1.5 g/cm3 and dynamic viscosity of 2 Pa s using the keyword * MATNULL. Referring to the equation of state of the relevant fluid, simulating the properties of cement slurry. It should be noted that the dynamic viscosity of cement slurry will change over time, but considering the continuity of construction, the time interval between the construction of the two grouting hole is relatively short, and the influence of time on the viscosity of cement slurry was ignored in this study.
3 FACTORS AFFECTING THE QUALITY OF CUT OFF WALLS USING HIGH SPRAY METHOD
3.1 Calculation conditions
Research shows that the main factors affecting the quality of cut off walls using high spray method are hole diameter, grouting pressure, and hole spacing. Conventionally, the diameter of grouting hole is less than 0.2 m, and the soil-breaking of high-speed slurry is very limited. In recent years, large-diameter grouting holes have gradually been applied due to their good soil-breaking effect. In this paper, grouting holes with diameters of 0.3 mm, 0.4, 0.5, and 0.6 m were selected to study the influence of diameter on grouting quality. The grouting pressure for high-pressure jet grouting is usually 20–40 MPa. The grouting pressures of 24, 28, 32, and 36 MPa were adopted. In numerical simulation, different grouting pressures were achieved by applying different initial velocities of particles, which were estimated based on the formula of small hole shooting flow. The hole spacing was set to 0.8, 1.0, 1.2, and 1.4 m for analysis. The calculation conditions are listed in Table 2.
TABLE 2 | Calculation conditions.
[image: Table displaying calculation conditions for three scenarios: SCI-1, SCI-2, and SCI-3. SCI-1 has hole diameters of 0.3, 0.4, 0.5, and 0.6 meters, grouting pressure of 32 MPa, and hole spacing of 0.8 meters. SCI-2 uses a 0.6 meter diameter, pressures of 24, 28, 32, and 36 MPa, and 0.8 meter spacing. SCI-3 has a 0.6 meter diameter, 32 MPa pressure, and spacings of 0.8, 1.0, 1.2, and 1.4 meters.]3.2 Analysis of main influencing factors
Figure 4 shows the variation of the slurry zone between adjacent holes using high-pressure jet grouting method with a hole diameter of 0.6 m in the condition SCI-1. The red area in the figure represents the grout and the blue area represents the soil. In the figure, the red area represents the slurry while the blue area represents the soil. It is easy to find that the high-speed sprayed cement slurry did not initially cause failure to the soil after acting on the hole wall, but bounced off the hole wall and fell into the hole. Under the continuous action of high-speed cement slurry, radial cracks appeared around the wall of the grouting hole. This is because that the hole wall was subjected to impact load and tended to expand outwards, generating large tensile stress in the circumferential direction of the hole. At the same time, the hole already filled with slurry were subjected to compression, which also generated a certain amount of annular stress, resulting in some radial cracks. The slurry with a certain velocity entered the radial cracks, causing them to extend towards the front grouted hole. Finally, the grouting hole was connected to the front grouted hole to form a continuous cut off wall.
[image: Diagram showing stages of collision between a smaller white sphere and a larger red sphere on a blue background. Panel A shows the spheres before impact. Panels B to E depict the stages of collision, with the smaller sphere breaking apart and merging into the larger sphere, which deforms and displays fragmentation patterns.]FIGURE 4 | The grouting quality under the hole diameter of 0.6 m in the condition SCI-1. (A) Initial time. (B) 1/5 of the calculation time. (C) 2/5 of the calculation time. (D) 3/5 of the calculation time. (E) Final time.
Figure 5 presents the distribution characteristics of slurry between the two holes under different hole diameter conditions. As shown in Figure 5A, when the hole spacing and grouting pressure remained constant, the soil between the small diameter boreholes was thicker, and the guiding effect of the grouted holes on the cracks was not obvious. The soil around the grouting hole was significantly broken, but the soil between the grouting hole and the grouted hole was difficult to break, and the quality of the cut off wall was poor. In Figures 5A–C, the slurry between the two holes was not connected. As the hole diameter increased, the degree of soil failure between the two holes gradually increased, and the area filled with slurry also gradually increased. When the grouting pressure was 32 MPa and the hole spacing is 0.8 m, the slurry could only penetrate the two holes under the condition of a diameter of 0.6 m. At this point, the cut off wall was relatively continuous. The width of the wall is more likely to meet the design requirements. Based on the principle of equivalent area, the average thickness of the wall is 41 cm, as shown in Figure 5D.
[image: Four-panel image showing simulation results of cardiovascular models labeled A to D. Each panel depicts red and white splatter-like formations on a blue background, with variation in the density and spread of the patterns across the images.]FIGURE 5 | The filling area of slurry under different hole diameter conditions (A) d = 0.3 m (B) d = 0.4 m (C) d = 0.5 m (D) d = 0.6 m.
Figure 6 presents the distribution characteristics of slurry between the two holes under different grouting pressure conditions. Compared with the influence of the hole diameter on the grouting quality in Figure 5, the influence of the grouting pressure is not significant when it varies between 20–40 MPa. When the hole diameter was 0.6 m and the hole spacing was 0.8 m, the slurry in some areas between the two holes was not connected under the conditions of grouting pressure of 24 or 26 MPa. Correspondingly, the quality of the anti-seepage wall was poor. Under the conditions of grouting pressure of 32 or 36 MPa, although there was some soil wrapped in the slurry between the holes, the slurry and soil mixed together to form a dense and continuous wall. The greater the grouting pressure, the larger the width of the zone of slurry between the holes, and the better the wall quality.
[image: Four frames labeled A, B, C, and D show a sequence of red and white organic shapes against a blue background. The shapes appear to be expanding and evolving, with the density of small white speckles decreasing over the sequence.]FIGURE 6 | The filling area of slurry under different grouting pressure conditions. (A) p = 24 MPa. (B) p = 28 MPa. (C) p = 32 MPa. (D) p = 36 MPa.
Figure 7 shows the influence of hole spacing on the grouting quality between the two holes. When the grouting pressure was 32 MPa and the hole diameter was 0.6 m, the slurry area between the holes transitioned from a connected state to a non-connected state. When the hole spacing was 0.8 m, the slurry between the holes was connected, as shown in Figure 7A. When the hole spacing was 1.0, 1.2, and 1.4 m, the slurry was not connected, as shown in Figures 7B–D. As the hole spacing increased, the propagation direction of fractures in the soil under the high-speed slurry gradually deviated from the direction of the inter-hole centerline. Moreover, the larger the hole spacing, the greater the deflection angle, which leads to a gradual decrease in the grouting area between the holes and a deterioration in the quality of the cut off wall.
[image: Four panels labeled A, B, C, and D display red, spiky, organic shapes against a blue background. Each shape varies slightly in texture and form, with noticeable white spots throughout, suggesting a pattern or structure.]FIGURE 7 | The filling area of slurry under different hole spacing conditions. (A) l = 0.8 m (B) l =1.0 m (C) l = 1.2 m (D) l = 1.4 m.
Comparing the distribution of slurry between holes and the average thickness of the wall under different conditions in Figures 5–7, it is found that the influence of hole diameter and spacing on the quality of cut off walls is more significant. Through the above analysis, it can be seen that, if the grouting technology with large diameter and high pressure is used for the construction of cut off walls, the quality of walls is better when the hole diameter is 0.6 m, the grouting pressure is 32 MPa, and the hole spacing is 0.8 m. Reducing the hole diameter and grouting pressure or increasing the hole spacing will lower the quality of cut off walls. Adjusting the hole spacing between holes is an effective method for controlling the quality of cut off walls. The present study provides a method for determining the optimal hole spacing given the hole diameter and grouting pressure, which can provide a reference for optimizing the construction parameters of cut off walls in water conservancy and hydropower projects.
4 FIELD EXPERIMENT
Based on the above analysis, field experiments were conducted to test the construction quality of cut off walls using high spray method, relying on the flood control project in Luotang Township, Jiangxi Province, China. The project is located in the lower reaches of the Suichuan River, a tributary of the Ganjiang River, starting from Songyang Village and ending at Zhaitou Village. It is situated on the left bank of the Suichuan River and has a total length of 8.0 km for river regulation. The foundation of the Songyang embankment in the project location has serious leakage and poor flood resistance, which seriously affects the production and life of the local people and restricts the local economic and social development. Therefore, the main objective of the project is to construct a cut off wall to improve the anti-seepage performance of the embankment foundation.
Through the above numerical simulation, the quality of walls is better when the hole diameter is 0.6 m, the grouting pressure is 32 MPa, and the hole spacing is 0.8 m. These parameters were used in the field for the verification test. The method of combining wall excavation detection with core drilling coefficient detection was adopted for the quality inspection and evaluation of cut off walls. Wall excavation was carried out at intervals of 500 m along the wall axis, with each excavation area measuring 3–5 m in length and 2.5–4.0 m in depth. As shown in Figure 8, the cut off wall in the test section was continuous and intact, with no leak spray. By measuring the width of the cut off wall at different locations, the average thickness of the wall was obtained as 38 cm, which is in good agreement with the corresponding wall thickness of 41 cm under the corresponding conditions obtained from the numerical simulation results.
[image: Two panels labeled A and B show a close-up of a vertical soil profile. Panel A includes a red vertical banner, while Panel B focuses solely on the soil layers with visible stratification. Both images highlight the textures and colors of the soil.]FIGURE 8 | Wall excavation inspection. (A) Test section. (B) Wall appearance.
After 28 days of construction, core holes were drilled at 500 m intervals along the axis of the wall. The core drilled samples of the walls in the test section are shown in Figure 9A. The sample core was intact and the surface was smooth. The coefficient of permeability was tested using a SS-2.5 Penetrometer, as shown in Figure 9B. Two core holes were drilled on site, A and B, and three sample cores were taken from each hole to test the permeability coefficient. The core permeability coefficients were listed in Table 3. The average values of permeability coefficient of hole A and hole B were 8.33 × 10−7 cm/s and 9.12 × 10−7 cm/s, respectively, which are less than the design value (1–9) × 10–6 cm/s. Qualitative excavation test results and qualitative core permeability test results verified the reliability of the above numerical simulation results.
[image: Panel A shows several cylindrical soil samples on the ground, with a whiteboard displaying some text next to them. Panel B displays a metal testing machine with multiple control dials and labels, situated indoors.]FIGURE 9 | Core drilling and permeability coefficient testing equipment. (A) Core drilled samples. (B) SS-2.5 Penetrometer.
TABLE 3 | Core permeability coefficient.
[image: Table showing permeability coefficients for core samples from holes A and B. Hole A cores A-1, A-2, and A-3 have coefficients of 9.31, 7.47, and 8.21 times 10 to the power of negative 7, respectively, with an average of 8.33 times 10 to the power of negative 7. Hole B cores B-1, B-2, and B-3 have coefficients of 9.08, 8.85, and 9.45 times 10 to the power of negative 7, with an average of 9.12 times 10 to the power of negative 7. Both have a design value coefficient less than or equal to 1 to 9 times 10 to the power of negative 6.]5 CONCLUSION
The present study established a two-dimensional plane strain model for the simulation of the construction of cut off walls using the high pressure jet grouting based on the SPH method. The influence of hole diameter, grouting pressure and hole spacing on the process of soil failure and the quality of the wall was analyzed systematically. Combined with the construction test of cut off walls using high spray method in Luotang Township, Jiangxi Province, China, the simulation results of this article were preliminarily verified. The main conclusions are as follows:
	(1) The high-speed sprayed cement slurry will not initially cause failure to the soil after acting on the hole wall, but bounce off the hole wall and fell into the hole. Under the continuous action of high-speed cement slurry, radial cracks will appear around the wall of the grouting hole. The slurry with a certain velocity enters the radial cracks, causing them to extend towards the front grouted hole. The grouting hole will be connected to the front grouted hole to form a continuous cut off wall.
	(2) As the hole spacing increased, the propagation direction of fractures in the soil under the high-speed slurry gradually deviated from the direction of the inter-hole centerline. The influence of hole diameter and spacing on the quality of cut off walls is more significant. Reducing the hole diameter and grouting pressure or increasing the hole spacing will lower the quality of cut off walls. The quality of walls is better when the hole diameter is 0.6 m, the grouting pressure is 32 MPa, and the hole spacing is 0.8 m.
	(3) Relying on the flood control project in Luotang Township, Jiangxi Province, China, the method of combining wall excavation detection with core drilling coefficient detection was adopted for the quality inspection and evaluation of cut off walls. The cut off wall in the test section was continuous and intact, with no leak spray. The average values of permeability coefficient of the two sets of samples are less than the design value. Qualitative excavation test results and qualitative core permeability test results verified the reliability of the above numerical simulation results.
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The Huoshan region, located on the northern margin of the Dabie Orogenic Belt at the junction of the North China Plate and the Yangtze Plate, is one of the most seismically active and concentrated areas in the Dabie Orogenic Belt and adjacent regions. Utilizing the travel time data from 4,427 seismic events observed by 202 stations, we investigated the deep medium structure of the Huoshan region using the double-difference tomography method. The results reveal the medium structure and characteristics of mid-strong earthquake preparation in the region. The crustal medium in the study area exhibits significant lateral heterogeneity. The Dabie Orogenic Belt shows notably high velocity, whereas the North China Plate and the Yangtze Plate display relatively lower velocities. The Tan-Lu Fault Zone exhibits segmentation characteristics; with the crustal medium velocity south of Lujiang being relatively high, north of Jiashan being relatively low, and between Lujiang and Jiashan being intermediate. The epicenters of mid-strong earthquakes are located on the gradient zones of velocity and Poisson’s ratio. The source regions of these earthquakes show significant anomalies of high Poisson’s ratio and low S-wave velocity, which may indicate the presence of fluids. These anomalies possibly reflect the intrusion of deep materials along the fault zone, which could be the driving force for the preparation of mid-strong earthquakes.
Keywords: Huoshan region, seismogenic environment, double-difference tomography, deep fluids, crustal structure

1 INTRODUCTION
The Huoshan region (HSR), located on the northern margin of the Dabie Orogenic Belt (DOB) at the junction of the North China Plate (NCP) and the Yangtze Plate (YP), is one of the most seismically active and concentrated areas within the DOB and its surrounding regions. To date, four earthquakes of magnitude 6 or higher have occurred in Anhui Province, two of which were in the HSR: a magnitude 6 earthquake in 1,652 and a magnitude 6¼ earthquake in 1917. The fine structural characteristics, seismogenic environment, earthquake generation mechanisms, and earthquake prediction in the HSR have long been key areas of focus for researchers.
In recent years, numerous geophysicists have adopted diverse methodologies to deepen scientific inquiry in the HSR. Through the application of magnetotelluric techniques, Cui et al. (2020) [1] elucidated a three-dimensional electrical structure within the deep HSR. By integrating relocated minor earthquake data, they inferred that small seismic events predominantly arise along structurally weakened zones, with frequent shallow seismicity likely associated with fluid presence in the mid-lower crust, suggesting the region’s potential to host moderate to strong earthquakes exceeding magnitude 6. Zhang et al. (2012) [2] employed a multidisciplinary approach combining gravity, magnetics, electromagnetics, and seismology, revealing a deep structural regime along the northern Dabie Mountains characterized by southward subduction of the North China Block and a northward thrust of the North Huaiyang Tectonic Belt (NHTB)—an insight offering profound geological constraints on the collision dynamics between the NCP and South China Plate. Wang et al. (2024) [3] utilized the matched location method to detect small earthquakes in the Huoshan seismic window region, obtaining a more complete earthquake catalog and revealing the relationship between these small earthquakes and the Gushi M3.6 earthquake in 2018 and the Yingcheng M4.9 earthquake in 2019. Ambient noise tomography and body-wave tomography results revealed a widespread low-velocity anomaly in the lower crust to upper mantle beneath the HSR [4–8]. Researchers using double-difference location (LocDD) method have further delineated a concentrated, banded seismic distribution [9, 10], illuminating that the Xiaotian-Mozitan Fault and the Luo’erling-Tudiling Fault jointly govern seismic activity in Huoshan [11]. Focal mechanism analyses yielded fault plane parameters, highlighting a regional stress regime marked by east-west compression and north-south extension [12].
Nonetheless, existing findings remain limited by methodological differences, perspectives, and foundational data variability. Previous large-scale imaging results were limited by the low spatial resolution of the models [5–7, 13], while small-scale imaging primarily focused on the upper crustal velocity structure, lacking constraints on the middle and lower crustal velocity structures [14]. Therefore, conducting detailed studies on the P-wave and S-wave velocity structures and Poisson’s ratio in the HSR could provide important seismological constraints for understanding the deep seismogenic environment of the Huoshan earthquake swarm.
In this study, initial P-wave and S-wave arrival data from 4,427 seismic events spanning January 1998 to December 2021 were collected. Utilizing double-difference tomography (TomoDD) method, we constructed a high-resolution three-dimensional model of P-wave and S-wave velocities and Poisson’s ratio across the HSR, thereby elucidating the region’s crustal medium structure and the characteristics underlying moderate to strong earthquake genesis.
2 GEOLOGICAL BACKGROUND
The study area and its surrounding regions are divided by the NNE-trending Tan-Lu Fault Zone (F1), the near EW-trending Feixi-Hanbaidu Fault (F2), and the NE-trending Huaiyin-Xiangshuikou Fault (F6) into the NCP, the DOB, the YCP, and the Sulu Orogenic Belt. The HSR’s geological setting is distinct, located at the southern edge of the northeastern subsidence zone of the Dabie Mountains, near the Anhui-Hubei border. It also lies at the intersection of the DOB and fault F1.The HSR is segmented by several faults, including the NW-trending fault F2, the Meishan - Longhekou Fault (F3) and the Xiaotian-MoziTan Fault (F4), which intersect with the NE-trending Luo’erling-Tudiling Fault (F5) (Figure 1).
[image: Map showing tectonic plates in a region, including the North China Plate and the Yangtze Plate. Features include major fault zones like the East Kunlun Fault, Tibet Detachment Belt, and Daofu Graben. Terrain is highlighted with elevation differences, with coordinates along the edges.]FIGURE 1 | Geological structure background map. (A) Schematic diagram of the location of the study area, (B) Main structural units in and around the study area. The red rectangular box is the research area of this paper, and the black line represents the fault, F1: Tan-Lu Fault Zone, F2: Feixi-Hanbaidu Fault, F3: Meishan-Longhekou Fault, F4: Xiaotian-Mozitan Fault, F5: Luo’erling-Tudiling Fault, F6: Huaiyin - Xiangshuikou Fault.
Fault F4 serves as a boundary separating the North Dabie Tectonic Belt (NDTB) from the NHTB. This fault is an ancient deep fault zone that has significantly influenced the geomorphology and lithology of the region, with metamorphic rocks predominating to the south and sedimentary rocks to the north. Faults F2 and F3 separate the NHTB and the Lu’an Basin. Fault F2 primarily shows normal fault characteristics, classified as a pre-Quaternary fault, with strong activity during the Mesozoic and early Cenozoic periods. Fault F3 is primarily characterized by extensional tension, with significant tectonic deformation since the Cenozoic era. It mainly exhibits ductile slip activity and is an older fault that remains active today. Fault F5 traverses the NHTB and the Lu’an Basin in a northerly direction, exhibiting strong tectonic activity during the Neotectonic period. The most recent movement of this fault occurred in the Late Pleistocene [15]. Uneven basin-mountain development is observed on both sides of this fault. This unique geological background indicates that the HSR is a tectonic weak point, providing a favorable environment for the generation of tectonic earthquakes. It also suggests that the area is prone to frequent small to mid earthquakes, with large earthquakes being relatively rare [16].
3 DATA AND METHODS
3.1 Double-difference tomography method
The TomoDD method is a technique that simultaneously inverts for velocity structures and earthquake source parameters using both absolute and relative travel-time data [17, 18]. This method extends the LocDD method [19]. In the TomoDD method, the model is parameterized using a three-dimensional regular grid, with ray tracing and theoretical travel-time calculation performed using the pseudo-bending method. The inversion process is solved using the damped least squares algorithm [17, 18, 20]. The inversion results can be evaluated using model resolution experiments [21–23], DWS numerical methods or seismic ray density distribution [24], and checkerboard resolution tests [25, 26].
Considering spatial variations in medium velocity structures, TomoDD method employs absolute travel-time data to mitigate errors associated with the assumption of constant velocities between event pairs and stations, leading to more accurate location results. The velocity structure both within and outside the source region, along with the source locations, are determined using differential and absolute travel-time data, respectively [19]. By integrating relative and absolute travel-time data in a joint inversion, it is possible to obtain a more refined three-dimensional velocity structure and precise earthquake locations [27, 28]. In the inversion process, priority is first given to absolute travel-time data to establish absolute earthquake locations and large-scale velocity structures. Subsequently, emphasis is placed on differential travel-time data to refine the velocity structure within the source region and achieve precise earthquake localization [17, 18].
This study employs regional-scale the TomoDD method to calculate and obtain a more detailed three-dimensional velocity structure and precise earthquake locations within the study area. It further explores the relationships between geological structures, fault systems, and seismic activity in this area.
3.2 Data
The study area for this paper is defined by the coordinates 30.5°N-33.416°N, 115.3°E−118.283°E. To achieve better seismic ray coverage across the study region, the data collection area was expanded to 29.5°N-34.416°N, 114.3°E−119.283°E. A total of 4,427 earthquake events were collected from January 1998 to December 2021, along with the P- wave and S-wave arrival time data from 202 seismic stations within this extended area. To enhance data quality and achieve more accurate velocity structures and earthquake locations, a rigorous selection of seismic phase data was conducted: (1) Earthquake events recorded by at least five stations were selected; (2) The distance between the earthquake and the station was restricted to no more than 800 km; (3) The maximum distance between earthquake pairs was set at 30 km, with a minimum of 10 km; (4) The required number of phases per earthquake pair ranged from 8 to 120; (5) The maximum number of neighbors for each earthquake was limited to 30. Seismic phase data with significant errors were removed based on the fitted travel-time curves [29]. The travel-time curves before and after data filtering are shown in Figures 2, 3. Ultimately, 4,007 effective earthquake events were selected from the initial 4,427 for joint inversion, yielding 52,465 absolute travel-time data points and 616,425 relative travel-time data points.
[image: Two scatter plots show travel time versus hypocenter distance for seismic waves. The left plot represents P-waves, the right for S-waves. Data points cluster along a line, with some deviation. Green lines indicate trend boundaries.]FIGURE 2 | Travel-time curves of original data.
[image: Two graphs comparing travel time versus hypocenter distance in kilometers. The left graph displays the t-distribution of P-waves with data points labeled Pg, Pn, and a trend line. The right graph shows the t-distribution of S-waves with data points labeled Sg, Sn, and a trend line. Both graphs have axes for travel time in seconds and hypocenter distance in kilometers.]FIGURE 3 | Travel-time curves with outliers rejected.
Figure 4 displays the distribution of earthquake events and stations after relocation using the TomoDD method. The majority of the relocated events are concentrated at depths of 5–15 km, predominantly within the upper to middle crust, which has significant tectonic implications. A strong correlation is observed between the distribution of small to mid earthquakes and fault structures. The distribution of seismic ray paths within the study area is shown in Figure 5, demonstrating that the study region has good ray path coverage.
[image: Map showing a geographic area with plotted data points, indicating various locations marked by triangles and black dots. The main map includes a rectangular red boundary with latitudinal and longitudinal lines. A depth scale is visible on the right, ranging from zero to forty. Two scatter plots are positioned at the bottom and right, depicting depth against latitude and longitude, respectively.]FIGURE 4 | Distribution of seismic events and stations after location. The black dots represent the positions of the earthquakes after relocation, the blue triangles indicate the seismic stations, and the red dashed rectangular box outlines the study area.
[image: Map displaying elevation data with contour lines, various colored regions, and blue triangles indicating specific data points. The elevation range is marked from 600 to 2800 meters in the legend on the right. Latitude and longitude coordinates frame the map.]FIGURE 5 | Distribution of earthquake, station and ray path. The black dots represent the positions of the earthquakes after relocation, the blue triangles indicate the seismic stations, the red dashed rectangular box outlines the study area, and the white lines depict the seismic ray paths.
3.3 Selection of the initial model and parameters
Tomographic inversion is highly sensitive to the initial model, making the selection of an appropriate model critical. In this study, we incorporated wide-angle reflection data and performed a comprehensive analysis based on the HQ13 artificial seismic sounding velocity profile, alongside the findings of Huang et al. (2011) [30] and Li et al. (2018) [31], to develop the initial 1D P-wave velocity model. The specific parameters are listed in Table 1, with a P-wave to S-wave velocity ratio set at 1.73. In this paper, the model was parameterized using a horizontal grid spacing of 0.25° × 0.25°, with vertical grid nodes set at the depths defined by the initial velocity model.
TABLE 1 | One-dimensional velocity structure model before and after inversion in the study area.
[image: Table showing depths in kilometers and corresponding P-wave velocities in kilometers per second. Depths: -5, 0, 5, 10, 15, 20, 25, 33.9, 40, 60. Velocities: 1.3, 5.14, 5.87, 5.88, 6.05, 6.32, 6.4, 6.41, 8.06, 8.38.]In the TomoDD method inversion, the solution is derived using the damped least squares algorithm, where smoothing and damping factors are incorporated to reduce the influence of data errors on the inversion results. These factors play a crucial role in controlling the stability of the inversion process [32]. The smoothing factor constrains the model’s slowness, while the damping factor simultaneously constrains both the slowness and the earthquake location parameters. If the smoothing and damping factors are set too low, the solution norm may become excessively large; conversely, if set too high, the data residual norm may increase significantly. In this study, the optimal smoothing and damping factors were determined to be 150 and 500, respectively, using the L-curve method [33, 34].
4 TOMOGRAPHY RESULTS
4.1 Model resolution test analysis
In this study, the reliability of the inversion results was evaluated using the checkerboard resolution test [35, 36]. This method involves introducing perturbations to the velocity values of each grid in the initial velocity model to create a perturbed 3D velocity model. The perturbed model is then used to generate synthetic travel times, which are inverted using the TomoDD method with the initial model as a reference. The extent to which the inversion recovers the perturbed model is then assessed. A successful checkerboard test, characterized by alternating positive and negative velocity anomalies, indicates good resolution and high reliability of the inversion results.
In this study, a 5% positive and negative velocity perturbation was applied for the checkerboard test. The results at various depths are presented in Figures 6, 7. As shown, the P-wave and S-wave models demonstrate good recovery at depths of 5–25 km, with high resolution across most areas, except for the northwest corner, where resolution is lower. At a depth of 33.9 km, the resolution is comparatively lower due to sparse seismic activity and reduced ray density. However, the upper mantle at 40 km depth exhibits higher ray density and resolution, as Pn and Sn waves predominantly travel through the uppermost mantle [37]. Overall, the resolution test results indicate good recovery across most regions and depths, confirming the relative reliability of the inversion results.
[image: Sequence of seven heat maps showing ocean eddies, with colors ranging from red to blue indicating variables such as velocity or temperature changes. Each map is labeled with coordinates. The scale bar at the bottom represents values from negative four to positive four.]FIGURE 6 | P-wave velocity imaging test board. (A) 5 km, (B) 10 km, (C) 15 km, (D) 20 km, (E) 25 km, (F) 33.9 km, (G) 40 km.
[image: Seven heat map panels show variations in a grid pattern using red and blue colors, indicating intensity differences. Each panel is labeled with coordinates and values from -4 to 4. The maps appear to represent changes over different conditions or times, with consistent grid spacing and varying color distributions indicating shifts in data values.]FIGURE 7 | S-wave velocity imaging test board. (A) 5 km, (B) 10 km, (C) 15 km, (D) 20 km, (E) 2 5km, (F) 33.9 km, (G) 40 km.
4.2 Distribution characteristics of velocity and Poisson’s ratio
Figures 8–10 display the P-wave and S-wave velocity imaging results, as well as the Poisson’s ratio imaging results at various depths within the study area. In these figures, red circles represent historical earthquake epicenters, with the size of the circles indicating earthquake magnitude—the larger the circle, the greater the magnitude. Black line segments denote fault lines. The figures reveal significant lateral heterogeneity in the P-wave and S-wave velocity structures and Poisson’s ratio distribution in the crust and upper mantle of the study area. Additionally, the velocity and Poisson’s ratio distributions exhibit segmented characteristics along fault F1.
[image: Seven maps with color gradients display seismic data across geographical coordinates. Each map features red circles indicating earthquake epicenters overlaid on color-coded velocity models. Regions in red denote higher velocities, while blue and green areas indicate lower velocities. Each map uses a color scale for velocity values, and grids show latitude and longitude lines. Labels identify key locations. The maps illustrate regional variations in wave velocity, reflecting geological differences.]FIGURE 8 | P-wave velocity structure imaging results at different depths. ((A) 5 km, (B) 10 km, (C) 15 km, (D) 20 km, (E) 25 km, (F) 33.9 km, (G) 40 km.
[image: Seven colorful geological maps display variations in VS velocities across a specific region, marked with latitude and longitude lines. Areas of interest like Longnan and Tianshui are labeled. Colors range from red to blue, indicating varying speeds.]FIGURE 9 | S-wave velocity structure imaging results at different depths. (A) 5 km, (B) 10 km, (C) 15 km, (D) 20 km, (E) 25 km, (F) 33.9 km, (G) 40 km.
[image: Seven color-coded geographic maps display data across regions marked with latitude and longitude lines, ranging from approximately 32.5N to 37N and 118E to 119E. The maps contain red and blue areas indicating varying data values, with color scales below each map. Several maps show markers at key locations such as Jintan and Maoshan.]FIGURE 10 | Poisson’s ratio structure imaging results at different depths. (A) 5 km, (B) 10 km, (C) 15 km, (D) 20 km, (E) 25 km, (F) 33.9 km, (G) 40 km.
The crust-mantle velocity structures of the DOB, the NCP, and the YP reveal marked lateral heterogeneity. The velocity structure of the middle to upper crust in the study area reveals distinct tectonic features. At depths of 5–10 km (upper crust) (Figures 8A, B), there are pronounced lateral variations in crustal velocity. The DOB displays relatively high velocities, whereas the NCP and the Lower YP exhibit comparatively lower velocities. At depths of 15–25 km (middle to lower crust) (Figures 8C–E, 9C–E), the region of high velocity in the DOB orogen significantly diminishes. Notably, at a depth of 25 km, the S-wave velocity reveals a marked low-velocity zone within the DOB (Figure 9E). Despite this, the overall velocity characteristics in the study area indicate that velocities in the DOB remain higher than those in the NCP and the Lower YP, suggesting a continuity in the velocity structure from the upper to the middle crust.
At depths of 33.9–40 km (lower crust to the upper mantle) (Figures 8F,G, 9F,G), the DOB transitions from a high-velocity to a low-velocity distribution. The NCP displays relatively high-velocity features compared to the DOB [38], which may be associated with significant thinning and disruption of the lithosphere in the eastern North China Craton due to Pacific Plate subduction since the Mesozoic and Cenozoic eras [39]. Besides the marked velocity differences between tectonic blocks, high and low-velocity anomalies are interspersed within the same block. These variations in velocity structures between and within plates suggest that different geological structures have undergone diverse tectonic evolutionary histories.
Fault F1, extending NNE-SSW across the study area, delineates the boundary between the NCP and the YP. The velocity structure from the upper crust to the top of the upper mantle exhibits pronounced lateral heterogeneity along fault F1 and its surrounding areas. The distribution of P-wave and S-wave velocities along the fault demonstrates a segmented pattern. Specifically, crustal velocities south of Lujiang are relatively high, while those north of Jiashan are relatively low, with the region between Lujiang and Jiashan exhibiting intermediate velocities. These results are consistent with findings from He et al. (2021) [7] based on body wave imaging. The observed segmentation of the crustal and mantle velocity structures along fault F1 is likely associated with its multi-phase tectonic activity and the movement of deep-seated materials [40].
Along the F1 (Figures 8, 9), at a depth of 5 km, the segmentation characteristics of P-wave and S-wave velocities are relatively consistent. At depths of 10–15 km, the segmentation of P-wave velocity becomes more pronounced, with relatively high velocities south of Lujiang, intermediate velocities between Lujiang and Jiashan, and relatively low velocities north of Jiashan. In contrast, S-wave velocities show relatively low values in the Feidong to Lujiang segment. At depths of 20–25 km, the velocity is generally higher north of Dingyuan compared to the south. At a depth of 33.9 km, the boundary roughly lies at Feidong, with slightly higher velocities in the Feidong region compared to the south, and more pronounced segmentation in S-wave velocity. At a depth of 40 km, the segmentation of S-wave velocity becomes more distinct, with the segmentation point around Dingyuan, where velocities are slightly higher in the northern segment compared to the south. The inconsistent distribution characteristics of P-wave and S-wave high-velocity anomalies may be related to the physical properties and the state of the medium within the crust [7]. The surface and subsurface structural morphology of fault F1 exhibits vertical spatial variations, indicating the complexity of its deep and shallow tectonic relationships.
Figures 4, 8 reveal that after relocation, the small to mid earthquakes are predominantly concentrated within the HSR, particularly around the intersection of the NW-trending fault F4 and the NE-trending fault F5. Historical seismic activity is primarily aligned along the NE-trending fault F5 in a banded distribution. The frequent and concentrated seismic activity in the HSR is likely closely related to the unique deep-seated structures in the region. Analyzing the underground velocity structure and Poisson’s ratio distribution is an effective method for studying the crustal and mantle medium structures.
The P-wave and S-wave velocities distribution results obtained in this study (Figures 8, 9) reveal significant lateral heterogeneity in the velocity structure of the HSR. At depths of 5–10 km, the NDTB shows high-velocity anomalies in both P-wave and S-wave structures, while the NHTB is located within a transition zone between high and low-velocity anomalies (Figures 8A,B, 9A,B). Faults F4 and F5 transect the high P-wave velocity region (Figures 8A,B, 9A,B), consistent with previous 3D body-wave imaging results [6–8, 13]. At a depth of 10 km, fault F5 is situated within a zone of relatively weak high P-wave velocity between two P-wave high-velocity anomalies (Figure 8B). At 5 km depth, the intersection of faults F4 and F5 is characterized by a weak low S-wave velocity anomaly (Figure 9A), supported by ambient noise tomography results from Li et al. (2023) [14], indicating that the upper crustal fault intersection zone has weak rock physical properties.
At depths of 15–25 km, the high-velocity regions in both the NDTB and the NHTB significantly reduce in size (Figures 8C–E, 9C–E), while the areas of high Poisson’s ratio gradually expand (Figures 10C–E). The P-wave low-velocity anomalies are primarily concentrated at a depth of 25 km (Figure 8E), with S-wave low-velocity anomalies extending upwards to 15 km (Figures 9C–E), aligning well with previous body-wave imaging [6, 8] and ambient noise tomography results [4, 5]. At 15 km, the F5 is situated within a weaker P-wave high-velocity zone between two prominent high-velocity anomalies (Figure 8C).
At depths of 33.9–40 km, the extent of low-velocity regions in both P-wave and S-wave structures increases in the NDTB and the NHTB, consistent with large-scale velocity imaging results [4–6, 8, 41]. Fault F4 lies along a P-wave velocity transitional zone, indicating that this fault likely extends deeply, reaching down to the Moho discontinuity.
Poisson’s ratio is a vital elastic parameter for elucidating the material composition of Earth’s interior, providing an essential basis for understanding earthquake nucleation mechanisms, especially in evaluating the role of crustal fluids in influencing seismic activity [42]. The sensitivity of Poisson’s ratio to chemical composition and the nature and degree of fluid content leads to the association of high Poisson’s ratio and low velocity anomalies (particularly low Vs.) with the presence of fluids such as water or partial molten materials [43]. Poisson’s ratio (σ) for the study region was derived from the calculated P-wave and S-wave velocities using the formula [image: The formula for Poisson's ratio is given as sigma equals one-half times the quantity one minus the square of the ratio of V sub p to V sub s minus one, close quantity, raised to the power of negative one.] [7], with distribution results displayed in Figure 10.
At depths of 5–10 km (Figures 10A, B), high Poisson’s ratio anomalies align NW along fault F4 on either side of the fault intersection, while low Poisson’s ratio anomalies extend NE along fault F5. At a depth of 10 km, east of the fault junction, anomalies in high Poisson’s ratio (Figure 10B), high P-wave velocity (Figure 8B), and low S-wave velocity (Figure 9B) are observed, consistent with previous body-wave imaging results [44].
At depths of 15–25 km (Figures 10C–E), high Poisson’s ratios are prevalent in the NHTB, while the NDTB transitions from high to lower Poisson’s ratios. Fault F4 traverses a marked Poisson’s ratio gradient, effectively delineating the structural boundary. Fault F5 lies on a Poisson’s ratio gradient only at 15 km depth, implying that this fault may not extend to the middle-lower crust.
At depths of 33.9–40 km (Figures 10F, G), fault F4 is situated within a Poisson’s ratio transition zone, suggesting that it acts as a boundary fault separating the NDTB and the NHTB, extending deeply into the Moho [45, 46]. In the northwest sector of the convergence zone between faults F4 and F5, Poisson’s ratio is notably elevated compared to the northeast sector of the junction. The low S-wave velocity structure (Figures 9F, G) and heightened Poisson’s ratio (Figures 10F, G) on the northwest side extend upwards to approximately 15 km depth (Figures 9C–E and 10C, E), suggesting potential fluid involvement in the mid-to-lower crust of this region [47].
5 DISCUSSIONN
5.1 Earthquake, fault and velocity distribution relationship
To more intuitively demonstrate the variation of velocity and Poisson’s ratio structures with depth and their relationship to earthquake distribution, this paper selects three vertical profiles (locations shown in Figure 8A): Profile AA’ is located between the epicenters of the 1,652 Huoshan M6 earthquake and the 1917 Huoshan M6¼ earthquake; Profile BB’ passes through the earthquake cluster at the intersection of faults F4 and F5; and Profile CC’ passes through the epicenter of the 1917 Huoshan M6¼ earthquake. The imaging results of P-wave velocity, S-wave velocity, and Poisson’s ratio along these profiles are presented in Figures 11–13. In these figures, the solid black lines represent the fault projections in the profiles, inferred from the velocity or Poisson’s ratio structures combined with the relocated earthquakes. The red circles indicate the projections of the epicenters of the 1,652 Huoshan M6 earthquake and the 1917 Huoshan M6¼ earthquake on the profiles.
[image: Elevation and geological data visualization shows four panels. Panel (a) is a graph of elevation versus distance. Panel (b) illustrates VP velocity with a color scale from 4.5 to 8.0 km/s. Panel (c) depicts VS velocity ranging from 2.6 to 4.5 km/s. Panel (d) shows sigma values from 0.18 to 0.32. Red circles mark specific data points across panels (b) to (d), indicating focal points or events along the distance axis.]FIGURE 11 | Elevation and imaging results along profile AA’, including P-wave, S-wave velocities, and Poisson’s ratio. (A) Elevation, (B) P-wave velocity, (C) S-wave velocity, (D) Poisson’s ratio.
[image: Graphical data visualization showing four panels. Panel (a) is a line graph depicting elevation with peaks and valleys. Panel (b) presents a cross-sectional view of P-wave velocities in a color gradient from 6.0 to 7.8 km/s at depths up to 40 km. Panel (c) shows S-wave velocities ranging from 3.3 to 4.5 km/s. Panel (d) illustrates a color-coded sigma distribution from 0.18 to 0.25. Labels indicate locations along the x-axis, such as Huochen and Wubei, and red circles labeled F1, F2, F3, F4, and F5 mark specific points in panels (b) and (c).]FIGURE 12 | Elevation and imaging results along profile BB’, including P-wave, S-wave velocities, and Poisson’s ratio. (A) Elevation, (B) P-wave velocity, (C) S-wave velocity, (D) Poisson’s ratio.
[image: Graphical data illustrating geological analysis with three sections. Section (a) shows a line chart of elevation in meters. Section (b) depicts Vₚ seismic velocity variations in color, with depth in kilometers and distance labeled. Section (c) presents Vₛ seismic velocity variations, similarly labeled. All sections include annotations and labels such as locations and specific data points, marked by black lines and circles.]FIGURE 13 | Elevation and imaging results along profile CC’, including P-wave, S-wave velocities, and Poisson’s ratio. (A) Elevation, (B) P-wave velocity, (C) S-wave velocity, (D) Poisson’s ratio.
In the AA′ profile (Figure 11), at depths of 5–25 km, high-velocity anomalies for both P-wave and S-wave, along with a high Poisson’s ratio, are observed beneath the NDTB and the NHTB, located between faults F4 and F5. Conversely, a weak low-velocity anomaly for P-wave and S-wave velocities and a weak low Poisson’s ratio structure are present beneath the NHTB between faults F3 and F5. Additionally, the Lu’an Basin at depths of 5–15 km exhibits low P-wave and S-wave velocities and a low Poisson’s ratio anomaly, indicating that the NCP has likely extended beneath the NHTB, north of fault F5. Earthquakes along the AA’ profile are primarily concentrated at depths of 5–15 km beneath faults F3 and F5, with the fault F3 acting as a boundary separating the high-velocity and high-Poisson’s ratio layers of the orogenic belt in the middle to upper crust from the low-velocity and low-Poisson’s ratio layers of the basin.
In the BB′ profile (Figure 12), the NDTB exhibits high-velocity anomalies for both P-wave and S-wave velocities at depths of 5–25 km, while the NHTB shows weak low-velocity anomalies for both P-wave and S-wave velocities. The Lu’an Basin, at depths of 5–15 km, is characterized by low P-wave and S-wave velocities, indicating that the NCP has extended beneath the NHTB, south of fault F3. At depths of 10–25 km beneath the NHTB, the P-wave velocity is relatively high, the S-wave velocity is relatively low, and the Poisson’s ratio is elevated, suggesting the presence of fluids in this region [48]. This high Poisson’s ratio anomaly is connected to a similar high Poisson’s ratio structure below 25 km depth, indicating that fault F4 likely extends down to the upper mantle [49]. This fault represents a typical zone of crustal weakness, providing a conduit for the upwelling of hot material from the mantle. The BB’ profile shows a concentration of earthquakes, primarily located beneath fault F4, at depths of 5–15 km. This fault acts as a boundary between the NDTB and the NHTB.
In the CC′ profile (Figure 13), high-velocity anomalies for both P-wave and S-wave velocities, along with high Poisson’s ratio structures, are observed beneath the NDTB and the NHTB at depths of 5–25 km. Conversely, at depths of 5–15 km beneath the NCP, low-velocity anomalies for both P-wave and S-wave velocities, along with low Poisson’s ratio anomalies, extend southward to the NHTB near fault F3. This suggests that the NCP has intruded beneath the NHTB, south of fault F3. Earthquakes in the CC’ profile are predominantly concentrated at depths of 5–15 km beneath fault F5. The relocated seismic events are primarily distributed in this depth range, with smaller earthquakes forming a linear distribution in the vertical direction, well-aligned with the fault structures. The high Poisson’s ratio structure beneath fault F4 extends from the lower crust through the upper mantle to the upper crust, indicating that this fault is a deep, major fault cutting through the Moho. Hot mantle material upwells along fault F4, intruding into the middle and upper crust, extending northward beneath fault F3 before tapering off (Figure 13D). The influence of fluid intrusion has resulted in a high concentration of seismic activity within the middle and upper crust between faults F3 and F4 (Figures 4, 13).
In Figures 11–13, the red circles represent the epicenters of the 1,652 Huoshan M6 earthquake and the 1917 Huoshan M6¼ earthquake. While the latitude and longitude of these epicenters can be obtained from historical earthquake catalogs, the focal depths are unknown. Based on the velocity-Poisson’s ratio structure, the relocation results of small to moderate earthquakes, and fault distribution, we infer that the focal depths of these two earthquakes are around 15 km. The inferred hypocenters are located near the gradient zones of velocity and Poisson’s ratio, and closer to structures characterized by high P-wave velocities, low S-wave velocities, and high Poisson’s ratios. This is corroborated by magnetotelluric results showing low resistivity and high conductivity in the mid-crust [1], which may indicate the presence of fluids [48]. These anomalous structures suggest that deep material intrusions along the fault zone may serve as a driving force for moderate to strong earthquake development [50], indicating that the Huoshan seismic area has the deep-seated conditions necessary for generating earthquakes of magnitude 6 or greater.
5.2 Analysis of formation of earthquake swarm and deep seismogenic environment
After earthquake relocation, seismic events are particularly concentrated on the northwest side of the intersection between faults F4 and F5 (Figures 4, 8). Under the influence of near east-west horizontal compression and north-south horizontal extensional regional stress, the rock mass along fault F4 is likely to be highly fractured, forming a tectonically weak zone within the Huoshan Seismic Area. When fault F4 intersects with fault F5, it exploits the pre-existing structural weakness of fault F4, where the fractured zone, influenced by external factors, becomes a region prone to stress release, leading to the concentration of small to mid earthquakes in this area [1]. Small to moderate earthquakes in the region are primarily distributed in the western segment of the intersection between faults F4 and F5. This concentration may be attributed to the gravitational sliding along fault F4 in the NHTB, which predominantly occurs in the western section of the NHTB [46].
Mid to strong earthquakes are primarily located within the tectonically weak zones at fault intersections. For instance, the 1,652 Huoshan M6 earthquake occurred near the intersection of faults F3 and F5, while the 1917 Huoshan M6¼ earthquake was located near the intersection of faults F4 and F5 (Figure 8). The epicenters of these mid to strong earthquakes are situated along zones of velocity and Poisson’s ratio gradients within the middle to upper crust (Figures 11, 13). Additionally, beneath these epicenters, there exists a high Poisson’s ratio structure extending from the middle and upper crust down to the lower crust and upper mantle. This suggests that high-temperature materials from the deep mantle have upwelled along the fault zones into the middle and upper crust. The strong crust-mantle interaction in this region, with the upwelling fluids, may represent the deep tectonic source for the 1,652 Huoshan M6 earthquake and the 1917 Huoshan M6¼ earthquake [50].
The spatial distribution of the Huoshan earthquake swarm is influenced by underlying deep-seated structures, which require corresponding explanations based on deep structural analyses. Previous research indicates that the deep dynamic background of the Huoshan earthquake swarm is closely related to the subduction interactions among the Tibetan Plateau, the NCP, the YP, and the Pacific Plate [51–53].
On one hand, velocity structures and anisotropy studies [54–57] confirm that tectonic movements at the southeastern margin of the Tibetan Plateau exert near east-west compressive stress on the DOB, resulting in the presence of east-west trending low-velocity material and fast wave directions in the upper mantle beneath the DOB. This may provide a source of fluids for the HSR.
On the other hand, the subduction of the YP beneath the NCP has led to the lithospheric thickening of the DOB. During the post-collision phase, this thickened lithosphere may undergo delamination, allowing asthenospheric material to upwell. The interaction between the upwelling mantle and partial melting of the middle and lower crust generates magma, which intrudes into the overlying crust, cooling to form high-velocity bodies in the middle crust [51, 52].
Additionally, high-velocity subducted slab segments lying flat in the transition zone beneath the Huoshan earthquake swarm, similar to those observed under the North China Craton, suggest that the formation of the Huoshan earthquake swarm is closely related to the westward subduction of the ancient Pacific Plate [58]. The combined influence of upwelling fluids from subduction and low-velocity material extruded from the Tibetan Plateau has made the Huoshan earthquake swarm region a convergence point of multiple deep dynamic processes, leading to the development of tectonic weak zones and consequently inducing seismic activity.
6 CONCLUSION
Drawing on arrival-time data for initial P-wave and S-wave from 4,427 seismic events recorded between January 1998 and December 2021, this study applies double-difference tomography to generate refined earthquake relocations, P-wave and S-wave velocity models, and Poisson’s ratio structures. This methodology significantly enhances the precision of earthquake localization and improves the resolution of velocity inversion. The study integrates the characteristics of velocity, Poisson’s ratio distribution, double-difference earthquake location results, and other data to analyze the relationship between regional velocity distribution and geological structures. It also examines the segmented velocity characteristics along fault F1 and investigates the causes of concentrated seismic distribution in the HSR, focusing on the deep seismogenic structures associated with moderate to strong earthquakes. The following results were obtained:
The crustal medium in the study area exhibits significant lateral heterogeneity. The DOB shows notably high velocity values, while the NCP and the YP exhibit relatively low values.
The crustal structure of fault F1 exhibits distinct segmentation, with relatively high velocity values south of Lujian, low values north of Jiashan, and intermediate values in the segment between Lujiang and Jiashan. This segmentation of the crust-mantle structure in fault F1 is related to its multiphase activity and the migration of deep materials.
Relocated seismic events are primarily concentrated in the HSR, particularly around the confluence of the faults F4 and F5. We suggest that, under regional tectonic stress, the active fault F5 exploits the structurally weakened zone created by the earlier fault F4. Deep fluids may migrate upward along these faults, reducing fault strength and encouraging earthquake clustering within this area.
The epicenters of mid-strong earthquakes are located on the gradient zones of velocity and Poisson’s ratio. The source regions of these earthquakes show significant anomalies of high Poisson’s ratio and low S-wave velocity, which may indicate the presence of fluids. These anomalies may indicate the presence of fluids in the earthquake source regions, suggesting that the intrusion of deep materials along the fault could be the driving force behind the generation of mid to strong earthquakes.
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An improved electroosmotic method which involves coupling anode movement with injection of calcium chloride (CaCl2) solution into soils during the electroosmotic process was proposed in this paper. The laboratory-based experimental study was conducted in a custom-designed test set-up to assess the effectiveness of the proposed method. During the electroosmotic process, the drained water, drainage rate, electric current, electric resistance, power consumption, settlement, and penetration resistance were monitored. The experimental study showed that after treatment, the drainage volume was about 3.5 times that of the pure electroosmotic, 1.6 times that of the electroosmotic process with injection only, and 2.4 times that of the electroosmotic process with anode movement only. Further, electrochemical injection coupled with anode movement can significantly reduce the non-uniform electrochemical changes in the treated samples, resulting in a relatively uniform settlement and considerable cementation area throughout the sample. The results demonstrate that using this method can effectively alleviate anode corrosion, double the voltage gradient and mitigate the electric resistance increase, further enhancing electroosmotic treatment efficiency.
Keywords: electroosmotic process, soil improvement, anode movement, injection, cementation area

1 INTRODUCTION
Electroosmosis is a process induced by electricity in which pore water moves from the anode to the cathode along with dissolved electrolytes, resulting in soil drainage and consolidation (Asadi et al., 2013; Pandey et al., 2024). Casagrande (1949) pioneered the use of this phenomenon to strengthen soft soil and improve the geotechnical properties of engineering materials. Since then, several studies followed to explore the characteristics of electroosmotic treatment (Bian et al., 2024; He et al., 2023; Alshawabkeh and Sheahan, 2003).
To enhance the effect of electroosmotic flow, the method of injecting chemical solutions into soil during electroosmotic process was adopted in recent years (Abdullah and Al-Abadi, 2010; Sun et al., 2023). The electroosmotic chemical method takes advantage of the interactions between chemical solutions and soil particles, including cation exchange and particle cementation, under the influence of an electric field (Martin et al., 2019). By using the electroosmotic chemical method one can inject chemical solutions into soft clay and avoid fracturing, making it a suitable approach for improving low permeability soils (Xue et al., 2018). Numerous solutions have been utilized as the injection materials during electroosmotic process, such as NaCl, KCL, CaCl2 (Chien et al., 2009), aluminum ions (Mohamedelhassan and Shang, 2003), NaOH, and Na2SiO3 (Moayedi et al., 2012), Mg(CH3COO)2, AgNO3 and ZnSO4 (Otsuki et al., 2007), and positively charged SiO2@Al2O3 core-shell nanoparticles (NPs) (Zhang et al., 2017). Injecting chemical solutions during electroosmotic process can increase the soil conductivity at the soil-electrode contact and effectively double the electrical potential transmitted to the soil, thereby improving the performance of electroosmotic consolidation (Chien et al., 2011; Chien et al., 2015). However, it also can be observed from previous studies that the improvements are primarily concentrated in the regions of the anode and cathode (Ou et al., 2009; Chien et al., 2010; Asavadorndeja and Glawe, 2005) despite that injecting chemical solutions during the electroosmotic process can effectively enhance the effectiveness of electroosmotic flow and improve soil strength.
In addition to the inhomogeneous effects, problems such as anode corrosion (Shi et al., 2021a; Liu et al., 2014), high energy consumption (Xiao et al., 2021), potential loss due to increasing contact resistivity (Mohamedelhassan and Shang, 2001; Zhuang and Wang, 2007), and formation of gases (Kalumba et al., 2009), also hinder the widespread application of electroosmotic technique in engineering projects. To overcome the aforementioned issues, a number of technical solutions have been proposed and experimentally studied. Lo et al. (1991) implemented electrode polarity reversal to achieve uniform soil strength between the electrodes. However, after the polarity reversal, the electrode interface resistance increases sharply, resulting in current reduction and low energy efficiency (Tao et al., 2014). Xiao et al. (2021) found that electrokinetic geosynthetics (EKG) electrodes can efficiently alleviate anode corrosion and accumulation of gases during the electroosmotic process. Nonetheless, the EKG electrodes exhibit a greater increase in resistance compared to conventional electrodes. Moreover, Asavadorndeja and Glawe (2005) reported an anode depolarization technique that prevents the formation and migration of hydrogen ions, achieving more uniform strength improvements compared to traditional methods. Peng et al. (2013) adopted a method that combines vacuum preloading and electroosmosis, which significantly and uniformly improved soil strength. However, the practical application of vacuum preloading combined with electroosmotic flow is extremely difficult, as the membrane used in vacuum preloading cannot maintain the tightness of the seal under the electric field conditions (Peng et al., 2015).
The main objective of this paper is to develop an improved method for electroosmotic treatment which could effectively expand the improvement area, decrease the extent of anode corrosion, and enhance the efficiency of the electroosmotic process. The improved electroosmotic method combines anode movement technique with injection of calcium chloride (CaCl2) solution into soils during the electroosmotic process. Treatment effect was investigated through monitoring the main characteristics of soft soils including drained water, drainage rate, electric current, electric resistance, power consumption, settlement, and penetration resistance. For comparison, pure electroosmotic process, electroosmotic process with anode movement technique only and electroosmotic process with injection of calcium chloride (CaCl2) only were also studied.
2 EXPERIMENTAL STUDY
2.1 Experimental apparatus
The test apparatus, as is displayed in Figure 1 in detail, was comprised of an electrokinetic cell and a D.C. power supply device. The electrokinetic cell, made of acrylics, holds a dimension of 440 mm in length, 330 mm in width, 140 mm in height and 10 mm in thickness. Similar to the experiment disposition designed by Chien et al. (2010), tubular stainless steel tubes were used as both electrodes (350 mm apart from each other) and the central tube (a tube at the midpoint between the anode and the cathode, 175 mm away from both electrodes), while the holes were drilled along the surface of the tube for injection (anode and central tube) and draining (cathode) during the electroosmotic process. The D.C. power supply device, which can provide an output voltage of up to 60 V and a current of 5 A, was connected to both the anode and cathode tube for electric supply. A number of drainage holes with a diameter of 3 mm were scattered at the bottom of the cell with a spacing of 10 mm from the cathode. The drainage process could be controlled through a drained tube at the end of the cell during the test.
[image: Diagram illustrating an experimental setup for soil testing, featuring a labeled section of soil with a central tube and electrodes for injecting and draining. The setup includes a DC power supply, data acquisition instrument, and drained tubes with holes. A camera is positioned to capture data. A picture of the apparatus is shown in the top right. Voltage probes and dial gauges are marked within the soil, with dimensions indicated.]FIGURE 1 | Schematic configuration of test apparatus.
Five voltage probes were installed on top of the cell to measure the voltage following an organized time interval. In the meantime, the vertical deformation resulting from soil consolidation is monitored by five dial gauges disposed on the top plater. Figure 1 illustrates the specific position of both voltage probes and dial gauges. The measuring cylinder and the multimeter were utilized to monitor of drained water volume and voltage, respectively. In addition, a camera was applied during the electroosmosis tests to investigate the physical behavior of soil-anode interface.
2.2 Materials
The soils used in this study were collected from the Jiangning District of Nanjing, China. The physical properties of the soil were assessed in accordance with the Chinese Standard GB/T 50,123-2019 (Standard for Soil Test Methods) (Chinese Standard GB/T 50123-2019, 2019) and were summarized in Table 1. Based on the Unified Soil Classification System (USCS) (ASTM International Standard D2487-17e1, 2017), the soil was classified as low plasticity clay (CL). Additionally, calcium chloride (CaCl₂) solution was employed as the injection material during the electroosmosis process.
TABLE 1 | Physical properties of the soil.
[image: Table displaying soil properties: Specific gravity is 2.67, Liquid limit is 41.8 percent, Plastic limit is 23.6 percent, Plastic index is 18.2, and USCS classification is CL.]2.3 Test procedure
A specified amount of air-dried soil was first mixed with distilled deionized water using a mechanical mixer to reach a water content of 1.5 times the liquid limit. This mixture was then stored in an airtight container with a sealed lid for 3 days to facilitate moisture equilibration. Subsequently, the prepared soil sample was layered into the electrokinetic cell in five separate layers, allowing for the placement of electrodes and a central tube. A saturated geomembrane was then positioned over the soil surface to create a horizontal flow condition.
A direct current of 30 V was applied to the soil with a voltage gradient of 50 V/m to undertake the electroosmotic process, with each test lasting for 25 h. A total of 140 mL of CaCl2 solution with concentration of 2 mol/L was injected into the anode or the central tube, and water was discharged from the cathode during electroosmotic process. The voltage, current, surface settlement and drained water from the cathode were monitored during the test. The penetrometer resistance of the soil sample was assessed using a specially designed laboratory micro penetrometer, as illustrated in Figure 2. This micro penetrometer featured three dynamometers (I, II, and III) and three probes (A, B, and C). The actual penetration resistance can be obtained by multiplying the recorded reading by the corresponding calibration coefficient, with a measurement accuracy of ±5%. After the experiments, penetrometer resistance values were measured at various locations within the sample, as shown in Figure 2. Data readings were recorded electronically using a digital data logger. A total of four types of test were performed. The procedures for each type of tests are described below.
[image: Diagram showing a grid layout with dimensions of 300 millimeters by 400 millimeters, divided into anode, middle, and cathode sections. Circles indicate penetration resistance, and red crosses show water content samples. Points A, B, and C are marked. An inset shows a close-up of a micro penetrometer.]FIGURE 2 | Plan view of laboratory penetration resistance tests collection locations.
Four electroosmotic tests were denoted as S0, S1, S2 and S3 respectively. As presented in Figure 3, S0 refers to pure electroosmotic flow, S1 refers to electroosmotic flow with simultaneous injection through both the anode (Point A) and central tube (Point B), S2 refers to electroosmotic flow with anode movement (from Point A to B) only, and S3 refers to electroosmotic flow with anode movement (from Point A to B) coupled with injection of CaCl2 solution (through Point A followed by Point B). Specifically, for test S1, 70 mL of CaCl2 solution was firstly injected into the anode (Point A) and central tube (Point B) simultaneously immediately after powering on, and the electroosmotic process will continue for the whole treatment time of 25 h. For test S2, a pure electroosmotic process was first conducted for 12.5 h, after that the anode was pulled out and moved from Point A to Point B, followed by another 12.5 h of electroosmosis. While for test S3, 70 mL of CaCl2 solution was firstly injected into the anode (Point A) immediately after powering on, then the electroosmotic process will last for 12.5 h. After that, the anode was pulled out and moved from Point A to Point B, and another 70 mL of CaCl2 solution was injected into the anode (Point B), then the electroosmotic process will last for another 12.5 h. A detailed schematic diagram of these four tests are tabulated in Figure 3.
[image: Four diagrams compare electroosmotic processes. Top-left (a) shows a process without injection. Top-right (b) shows steps with CaCl₂ solution injection. Bottom-left (c) depicts moving an anode from A to B without injection. Bottom-right (d) shows the same process with injection. Each diagram marks distances and time.]FIGURE 3 | Schematic diagram of the tests: (A) Test S0, (B) Test S1, (C) Test S2, and (D) Test S3.
3 RESULTS AND DISCUSSIONS
3.1 Drained water and drainage rate
Figure 4 illustrates the variation of drained water (mL) during the electroosmotic process. The total volume of the drained water was 295, 609, 432, and 1030 mL for test S0, S1, S2 and S3, respectively. As shown in the figure, the drainage volume for the S3 test was the largest, approximately 3.5 times that of S0 test, 1.6 times that of the S1 test and 2.4 times that of the S2 test. It is worth noting that for S2 and S3 tests, a turning point in the drainage curve is observed around 12.5 h. In the first 12.5 h, the drainage volume was 170 mL for S2 and 496 mL for S3 test. Following this turning point, the drainage volume increased to 262 and 534 mL for S2 and S3 test, respectively.
[image: Line graph showing distilled water volume (mL) over time (hours) for four samples: S0 (purple), S1 (black), S2 (blue), S3 (red). S3 increases the most, reaching about 1200 mL at 25 hours, followed by S1, S2, and S0.]FIGURE 4 | Drained water versus time during tests.
Figure 5 shows the drainage rate (mL/h) vs. time (h) during the electroosmotic process. The initial drainage rate for the four tests was approximately 30 mL/h. During electroosmotic process, the drainage rate of S0 exhibited a continuous decrease until it reached a state of stability. For S1 test, the drainage rate initially increased rapidly and reached a peak drainage rate value of 70.6 mL/h at 2.25 h. This was followed by a slow decrease in the next 13–15 h, after which a stable stage was reached. In comparison, both S2 and S3 curves exhibited a subsequent peak around 12.5 h. For the S3 test, the drainage rate increased from 28.5 to 49.4 mL/h in the first 2.5 h, followed by a gradual decrease and a subsequent peak of 57.2 mL/h was reached around 12.5 h. Conversely, the S2 test showed a continuous decrease in drainage rate from 26.0 to 12.4 mL/h in the first 12.5 h and reached its maximum value of 42 mL/h when the anode was moved, followed by a downward trend thereafter. Yoshida (2000) and Burnotte et al., (2004) showed that with the continuous application of a direct current, the electrical contact resistance between the electrodes (mainly the anode) and the soil is considerably increased, leaving an effective voltage gradient too small for significant electroosmotic dewatering. Therefore, it can be concluded that the increase in drainage rate of S2 and S3 during the subsequent 12.5 h was attributed to the movement of the anode, which effectively doubled the voltage gradient, thereby enhancing the drainage capacity of the soil matrix. In contrast, under the same condition of anode movement, S3 exhibited better drainage performance than S2. This is mainly because the injection of CaCl2 solution during the electroosmotic process in S3 will lead to an increase in electric conductivity and hydration of cation, resulting in a better drainage effect.
[image: Line graph depicting drying rate over time in hours for four samples, S0 to S3. S0 peaks early, showing a rapid decline. S1 has an initial rise, slight dip, and gradual decrease. S2 shows a decrease with minor fluctuations. S3 has a steep initial increase, followed by a decrease and a second peak.]FIGURE 5 | Drainage rate versus time during tests.
3.2 Electric current and electric resistance
Figure 6 illustrate the variation of electric current (A) during the electroosmotic process. As noticed in Figure 6, the electric current in S0 test continuously decreased over time. Additionally, the electric current of S1 showed a rapid increase to more than 0.5 A due to the presence of salt solution, as well as the desorption and mobilization of ions in the soil matrix. Subsequently, the electric current decreased from 0.53 A to 0.06 A and finally a stable stage was reached. The decrease in electric current can be attributed to two reasons: first, a decline in the gradient of ionic concentration and a partial saturation of charge sites within the clay (Yukselen-Aksoy and Reddy, 2012), and second, anode corrosion and the formation of cracks near the anode area, which caused significant voltage loss and further reduced the electric current (Wu et al., 2015; Shi and Zhao, 2020; Shi et al., 2021b). For S2 and S3 tests, the change in electric current curve was similar to that in drainage rate curve, with a subsequent current peak value of 0.21 A for S2 and 0.42 A for S3 around 12.5 h. This observed increments in drainage efficiency and electric current around 12.5 h of S2 and S3 tests were may be due to fact that the anode being moved during the electroosmotic process. As mentioned, the movement of the anode, coupled with the injection of CaCl2 solution can significantly decrease the power loss and double the voltage, thereby leading to a substantial increase in electric current. In addition, the peak value of electric current of S3, which is twice that of S2, is mainly due to the fact that injection of the CaCl2 solutions.
[image: Line graph showing electric current (A) over time (h) for samples S0, S1, S2, and S3. S0 remains nearly flat, S1 peaks around 5 hours then declines, S2 shows moderate rise and falls, while S3 steadily rises after 10 hours.]FIGURE 6 | Electric current versus time during tests.
A plot of electric resistance of the soil with regard to time is presented in Figures 7B–E. To provide a more comprehensive analysis of the electric resistance variations during the electroosmotic process, the changes in electric resistance for Part 1 (the soil adjacent to Point A), Part 2 (soil near the left side of the midline/Point B), Part 3 (the soil near the right side of the midline/Point B), and Part 4 (soil adjacent to Point C) were examined, as depicted in Figure 7A. Overall, the soil sample can be delineated into two main regions by the midline: the upper regions, which include Part 1 and Part 2, and the lower regions, which include Part 3 and Part 4.
[image: Diagram showing a schematic and graphs. The top section illustrates a divided system into four parts: Part 1, Part 2, Part 3, and Part 4, with sections marked anode, middle, and cathode, and points labeled A, B, and C, with voltage probes. Below, four graphs display electric resistance over time for Parts 1 to 4, differentiated into upper and lower regions. Each graph uses different colored lines to indicate various measurements (S1, S2, S3), showing changes and trends over time.]FIGURE 7 | Electric resistance versus time during tests: (A) Schematic diagram of sample segmentation, (B) electric resistance of part 1, (C) electric resistance of part 3, and (D) electric resistance of part 2, and (E) electric resistance of part 4.
As illustrated in Figure 7B, the electric resistance of S0 test rapidly increased over time, reaching a value of 1,200 Ω after 25 h in Part 1. In comparison, the electrical resistance of S1 was obviously lower than that of S0 in the same section. This is attributed to the injection of CaCl2 solution, which markedly increased the total ion concentration within the soil matrix, resulting in an increase of current flow and a corresponding decrease in electric resistance. Comparing S1 and S3 tests in Figure 7B, it also can be observed that under the same treatment condition (electroosmotic process with injection of CaCl2 solution), the electric resistance of both tests remained at a relatively low level (below 60 Ω) in the first period of 12.5 h in Part 1. Subsequently, S1 experienced a significant increase in electric resistance, surging from 55 Ω to more than 300 Ω, while the electroosmotic process of S3 was halted due to the movement of the anode. Observing the electric resistance curves in Figure 7C, it can be noted that the electric resistance of S2 increased progressively after 12.5 h. In contrast, under the same conditions of anode movement, the resistance of S3 initially decreased and then experienced a slight increased, while it consistently remained below 55 Ω. Therefore, it can be concluded that injecting of CaCl2 solution coupled with moving the anode can significantly reduce the growth of electric resistance in Part 3. It is also worth noting that the electric resistance in the S2 and S3 tests was slightly higher than that in S0 and S1 within the regions of Parts 2 and 4, with the increase being generally less than 60 Ω, which is considered within an acceptable range for the tested soils. Clearly, the electric resistance was mainly affected in the regions of Parts 1 and 3 because the soil near the anode was more prone to water loss. In addition, water electrolysis and the impervious boundary led to an increase in gas pressure at the anode-soil interface, leading to significant volume shrinkage and cracks in both the Part 1 and Part 3 regions. These shrinkage cracks and gas accumulations substantially elevated the electric resistance, further reducing the electric current. Therefore, coupling anode movement with the injection of calcium chloride (CaCl2) solution during electroosmotic process can effectively prevent the increase in electric resistance, which further enhance the electroosmotic treatment efficiency.
3.3 Power consumption
High power consumption limits the engineering applications of electroosmosis. To evaluate the power consumption of the three tests, the electrical power consumption during the electroosmotic process and the unit drainage energy consumption were calculated and analyzed.
The electrical power consumption, [image: Please upload the image you would like me to generate the alternate text for.], can be calculated using:
[image: Mathematical equation showing the integral of V times I times t divided by 1000 with respect to t, equals W.]
Where [image: It seems there might have been an issue with the image upload. Please try uploading the image again or provide a URL. You can also add a caption if you want to provide more context.] is the applied vlotage (V), [image: Please upload the image or provide a URL, and I will help you generate the appropriate alt text.] is the electric current as a fuction of time (A), and [image: Please upload the image you would like me to generate alt text for, and I will be happy to assist!] is the processing time (h).
Figure 8 shows the power consumption (kW∙h) vs. time (h) during the electroosmotic process for the three tests. The power consumption after treatment is also presented in Table 2. The final power consumption was 0.05, 0.20, 0.09, and 0.21 kW h for tests S0, S1, S2 and S3, respectively. Analysis of the results from the S1 and S3 tests indicated that moving anode during the electroosmotic process had no significant impact on power consumption. Conversely, the power consumption following the injection of CaCl2 was approximately twice that of the condition without any solution injection. This is mainly because the electroosmotic flow with injection will result in an increase in electric conductivity, thus the power required for the process increases proportionally (Mohamedelhassan and Shang, 2001). Although the power consumed in tests S1 and S3 was slightly greater than that in tests S0 and S2, but the increment is acceptable in the case of the tested soils.
[image: Line graph showing power consumption (kWh) over time (seconds) for four different scenarios labeled S0 to S3. S0 shows minimal change, remaining nearly flat. S1 increases slightly. S2 rises moderately, while S3 has the steepest increase.]FIGURE 8 | Power consumption versus time during tests.
TABLE 2 | Summary of power consumption after treatment.
[image: Table showing power consumption in kilowatt-hours for four test numbers: S0, S1, S2, and S3. The values are 0.05, 0.20, 0.09, and 0.21, respectively.]Figure 9 illustrates the variation of unit drainage power consumption (mL/(W∙h)) with time during treatment. The unit drainage power consumption, η, was obtained by the volume of drained water (mL) by dividing power consumption (W∙h). As shown in the figure, the η of S0 fluctuated around 7 mL/(W∙h) over time, while the η of S1 initially increased rapidly, peaking at 2.25 h with a value of 6.1 mL/(W∙h). This was followed by a gradual decrease in the next 13–15 h and afterwards a stable stage. The changes in η of S2 and S3 in this study was quite different from those of S0 and S1. In the first 12.5 h, the η for S2 and S3 tests exhibited a similar trend, with minor fluctuations around 8 mL/(W∙h) over time. Subsequently, both S2 and S3 experienced a notable reduction in η, with values decreased from 8.0 mL/(W∙h) for S2 and 67 mL/(W∙h) for S3 to 3.4 mL/(W∙h) and 2.3 mL/(W∙h), respectively. In summary, the η values for S2 and S3 were consistently higher than that of S1 test throughout the entire electroosmotic process, indicating that S1 test requires more electrical power to discharge the same volume of water.
[image: Line graph showing four series (S0 in purple, S1 in black, S2 in blue, S3 in red) of unit drainage power consumption over 25 hours. All series start high and generally decrease. S0 fluctuates mildly, S1 drops sharply around 15 hours, S2 has a significant early decrease, and S3 declines steadily. An inset zooms in on the period between 10 and 15 hours, highlighting the fluctuations.]FIGURE 9 | Unit drainage power consumption versus time during tests.
3.4 Settlement
The final settlement measured at five locations, namely 0, 8.75, 17.5, 26.3 and 35 cm after treating vs. the distance from the anode for four different test procedures are presented in Figure 10. It is not surprising that all the settlements of five locations treated by test S0 keep the lowest, which was consistent with the previously observed lowest drained water among the four tests as shown in Figure 4. It can be readily seen that the settlement near Point A induced by test S1 was close to 6 mm, which is almost twice than that induced by S2 and S3, indicating that keeping the anode at Point A is benefit for the increase of final settlement near Point A. However, throughout the testing area, the settlement induced by S3 always keeps the largest except the observed Point A. To be specific, the final settlements measured at 8.75 and 26.3 cm away from Point A induced by S3 are 9 and 8.5 mm, 1.5 times than those induced by S1 and triple than those induced by S2. It can be concluded that moving the anode from Point A to B can certainly improve the settlement distribution throughout the whole treating area, especially for the area between Point A and B as well as Point B and C. It is interesting that the final settlement measured at Point B induced by S2 was lower than that induced by S3 and larger than that induced by S1, which means that the improvement on settlement brought by moving the anode from Point A to B is more drastic than that brought by electroosmotic flow with injection. It should also be admitted that the final settlements measured around cathode (Point C) induced by S1, S2 and S3 were close to each other and show not too much improvement compared with S0.
[image: Line graph showing final settlement in millimeters versus distance from anode in millimeters. Four lines, S0 to S3, represent different data sets. S0 decreases steadily, while S1, S2, and S3 show peaks and troughs. Sections are marked as anode, middle, and cathode along the x-axis.]FIGURE 10 | Final settlement distribution after treatment.
3.5 Penetration resistance
Penetration resistance can describe the strength of soils after electroosmotic treating. Figure 11 shows the contour plots of penetration resistance for the whole treating area after treatment for four tests. The contour plots were generated using Kriging method (Liang et al., 2018), which is a spatial interpolation estimator that is applied to find the best linear unbiased estimate at each location and is determined according to the linear combination of the known values of all sampled locations. The initial penetration resistance for natural samples ranged from 50 to 75 kPa for all the four tests. It is readily seen that Figure 11 can be divided into two categories, i.e., Figures 11A, B present the results for electroosmotic flow without anode moving, while Figures 11C, D present the results for electroosmotic flow with anode moving. It is obvious that the contour lines around Point B induced by S2 and S3 were denser compared with those induced by S1, indicating that moving anode from Point A to B could significantly improve the penetration resistance of soils around Point B. Furthermore, it is apparent that the soils, not only between the anode and the cathode, but also away from the alignment of the anode and the cathode, were significantly improved in S3. It should be noted that the penetration resistance of soils around Point A would be weakened by moving the anode from Point A to B. For example, the peak penetration resistance of soils around Point A treated by S1 was more than 1,400 kPa, while the peak values for S2 and S3 were about 500 kPa and 125 kPa, respectively. However, it has been proved that the area of penetration resistance greater than 100 kPa after treatment could be defined as a cementation area to describe the improvement of electroosmotic treatment, similar to the method used by Chien et al. (2010). It is expected that cementation between soil particles due to the chemical reaction between injected solutions should contribute to a large proportion of the cone resistance when it is greater than 100 kPa. Figure 12 plots the cementation area after treatment for four tests. It was calculated from Figure 12A and c that the cementation area for S0 and S2 were about 18.05% and 26.76% of the whole treating area, respectively. It is also evident that the cementation area in S1 and S3 were larger than that in S0 and S2, accounting for about 62.30% and 63.20% of the total area for S1 and S3, respectively. It is interesting that the cementation area treated by S1 and S3 were very close, the main difference lied in that the cementation area treated by S1 covers most of the area between Point B and C, whereas the cementation area treated by S3 covers most of the area between Point A and B. This is mainly because the injection of CaCl2 solution into Point B was kept during the treatment time for S1, while for S3, CaCl2 solution was injected to Point B only after the abode was moved from Point A to B. This observation indicates that electroosmotic process with anode movement coupled with injection of CaCl2 solution could further improve the homogeneous distribution of the treatment area.
[image: Contour plots illustrating electroosmotic processes. Four panels labeled S0 to S3 show various scenarios: (a) without injection, (b) with injection, (c) with acidic injection at pH 2.5, and (d) complex injection pattern. Contours indicate pressure with grey shading. Red arrows and 'U' mark specific points. Units are in kilopascals.]FIGURE 11 | Penetration resistance contour plot after treatment: (A) S0 (pure electroosmotic flow); (B) S1 (electroosmotic flow with injection of CaCl2 solution); (C) S2 (electroosmotic flow with anode movement); (D) S3 (electroosmotic flow with anode movement coupled with injection of CaCl2 solution).
[image: Four contour plots showing the electroosmotic process. Top left (a) and top right (b) compare processes without and with injection, respectively. Bottom left (c) and bottom right (d) illustrate processes without and with injection using anodic material at 12.5 mA/cm². Each plot includes contour lines and red arrows indicating electroosmotic flow directions.]FIGURE 12 | Comparison of the cementation area after treatment: (A) S0 (pure electroosmotic flow); (B) S1 (electroosmotic flow with injection of CaCl2 solution); (C) S2 (electroosmotic flow with anode movement); (D) S3 (electroosmotic flow with anode movement coupled with injection of CaCl2 solution).
4 CONCLUSION
In this study, the effect of electroosmotic process with and without anode movement was investigated through laboratory tests. For comparison, pure electroosmotic flow and electroosmotic flow with injection of calcium chloride (CaCl2) were also studied. During the tests, drained water, drainage rate, electric current, electric resistance, power consumption, settlement, and penetration resistance were analyzed to investigate drainage and consolidation behaviors. Based on the results of this study, the following conclusions can be drawn:
	(1) The effect of electroosmotic flow can be improved by the injection of CaCl2 solution during electroosmotic process. After electroosmotic flow with injection of CaCl2 solution for a period of 25 h, the total volume of drained water was 609 mL, about 2.06 times that of pure electroosmotic flow without injection. Furthermore, the cementation area after treatment was increased to 62.30% of the entire sample, compared to 18.05% for pure electroosmotic flow.
	(2) After pure electroosmotic process with anode movement, the drained water of soil was increased by 46%, compared to anode without movement. The test result also indicates that the electroosmotic process with anode movement can further improve the homogeneous distribution of the treatment area. In the electroosmotic process, the movement of the anode resulted in an approximate 8.71% increase in the cementation area compared to the anode not moving.
	(3) After electroosmotic process with anode movement coupled with injection of CaCl2 solution, the drainage volume reached up to 1,030 mL, approximately 1.6–3.5 times greater than that of other schemes. Additionally, the corresponding cementation area extended to 63.20%, compared to 18.05% for pure electroosmotic flow and 26.76% for electroosmotic flow with anode movement only.
	(4) The results found that the electroosmotic process with anode movement coupled with injection of CaCl2 solution was superior to other schemes in this study, which may be a potential technique for the improvement of soft clay.
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Polyurethane polymer-reinforced granular material (PPGM) can be used for ground improvement due to its high strength and drainage capacity. However, in engineering practice, clogging may occur that influence the permeability of PPGM. This study makes a laboratory assessment of the permeability of PPGM with and without clogging. It is found that the permeability coefficient of clean PPGM decreases as the content of polyurethane polymer increases, due to the reduction of its porosity and pore constriction size. To account this effect, a modified constriction size formula of PPGM is proposed. With the increase of the extent of clogging, the permeability coefficient of clogged PPGM decreases due to its decrease in the constriction size. A monotonic increase of the permeability coefficient of the mean constriction size of PPGM is found.
Keywords: permeability, polymer, clogging, granular material, constriction size

1 INTRODUCTION
The urban surfaces in eastern China are usually covered by hard materials such as asphalt and concrete that provide convenience for public transportation. However, due to the poor permeability of these materials, negative impacts, such as the blockage of underground water supply [1] and urban flooding due to insufficient drainage of heavy rains [2], etc., can be also brought to the city. Therefore, there is an increasing demand for the development and application of pervious materials in urban construction, so that the precipitation in the city can be retained and infiltrated, sometimes turning flood disasters into reliable water resources when necessary [3]. In the past few decades, a variety of pervious materials have been developed [4–6]. For example, the pervious concrete consisting of internal pores was often used in pavement engineering to mitigate the stormwater runoff as well as the potential loss of groundwater recharge [3, 4]. However, the pervious concrete can be vulnerable to temperature which causes freeze-thaws of water in its internal pores that deteriorates the strength and durability of the pavement. Furthermore, the particulate matter, e.g., fines, can also block the internal pores and significantly reduce its permeability, as discussed in Shan, et al. [7] and Yu, et al. [8]. In addition to the pervious concrete, porous asphalt was also successfully applied in different countries, e.g., Switzerland [9] and Spain [10], for constructing the urban surface. However, such kind of permeable asphalt can be easily corroded by ultraviolet rays in the long run; it is also not resistant to frost due to cracking at low temperatures, which can cause heavy rutting in pavement.
In recent years, granular materials reinforced with polyurethane polymer [11–13] were proposed as an alternative for engineering construction, e.g., railroad foundation and ground improvement that requires a fast drainage of water to avoid potential liquefaction of the base soil caused by dynamic loads. Due to the larger permeable pores among the granular aggregates when compared to the pervious concrete or asphalt, polyurethane polymer-reinforced granular material (PPGM) can have better drainage capacity. Previous studies [12, 14] showed that the inclusion of polyurethane polymer can improve the strength and resilience of the granular material; but, it can also adversely affect the permeability if a high content of polyurethane polymer was used. For better application of the PPGM, further comprehensive studies concerning its permeability performance should be carried out.
This technical note provides a laboratory assessment of the permeability characteristics of PPGM, where the effects of void ratio, content of polyurethane polymer, and clogging on the permeability coefficient of PPGM are investigated.
2 TEST MATERIAL AND TEST PROGRAM
2.1 Test material
The granular material made of crushed basalt was adopted, where it was uniformly graded between the particle sizes of 5 mm−10 mm, as shown in Figure 1. Its minimum and maximum void ratios were measured to be 0.60 and 0.89, respectively. The permeability coefficient of the gravel was 2.26 cm/s. To investigate the effect of clogging on the permeability behaviour of PPGM, a sand with the gradation shown in Figure 1 was also adopted, where it had a coefficient of uniformity of 3.47, a maximum particle size of 5 mm and a minimum particle size of 0.075 mm. In this experiment, non-foamed polyurethane was used, which mainly consists of two components: component A, the adhesive, and component B, the curing agent, which is prone to oxidation reactions in the air. The polyurethane polymer shown in Figure 2A was produced by mixing the polyol (Figure 2B) and polymethylene polyphenyl isocyanate (Figure 2C), based on a volume ratio of 3:2. Then, the polyurethane polymer was poured into the granular material, based on the contents of 3%, 4%, 5% and 6%, respectively, to produce each PPGM sample tested in this study. The detailed sample preparation steps are as follows: (1) Wash the aggregate thoroughly to remove any surface mud, then allow it to dry; (2) Measure the required amounts of aggregate and polyurethane components A and B according to the design mix and sample volume; (3) Mix polyurethane components A and B thoroughly for about 1 min until they are completely blended; (4) Gradually pour the mixed polyurethane in batches onto the aggregate while stirring, and stop mixing once the surface of the mixture is completely coated with the adhesive; (5) Pack the mixture into the mold in two layers, tamping each layer 15 times, and level the top surface. Once the sample reaches a certain strength (generally after 1 day), demold the sample.
[image: Graph comparing particle size distribution of graded sand and crushed basalt, with particle size in millimeters on the x-axis and percentage finer on the y-axis. Graded sand shows a smooth curve, while crushed basalt shows an abrupt increase. Insets display images of sand and crushed basalt for reference.]FIGURE 1 | Gradations of crushed basalt and sand.
[image: Three images showing different liquids in containers. (a) A translucent white liquid being stirred in a plastic bowl. (b) A top view of a clear yellow liquid in a round container. (c) A dark brown liquid in a jar.]FIGURE 2 | (A) Polyurethane polymer, (B) Polyol (C) Polymethylene polyphenyl isocyanate.
2.2 Test program
The porosity of the PPGM samples with different contents ([image: A mathematical notation showing the function \( f \) with a subscript \( c \).]) of polyurethane polymer were tested by volume-based method. The net weight ([image: Please upload the image or provide a URL, and I will help generate the alternate text for it.]) of a PPGM sample was firstly measured; then, it was submerged in into the water and saturated until the air was discharged, after which its weight ([image: Italic lowercase letter "m" followed by a subscript number "2".]) in water was measured again. The porosity ([image: Please upload the image or provide the URL, and I will help generate the alternate text for it.]) of the sample as then calculated as in Equation 1:
[image: Equation showing n equals one minus the fraction where m sub one minus m sub two is the numerator and V sub w is the denominator, labeled as equation one.]
where [image: It seems there is no image attached. Please upload the image or provide a URL, and I will help you generate the alternate text.] and [image: Please upload the image or provide a URL so I can generate the alt text for it.] are the volume of the sample and the density of water, respectively. Table 1 lists the porosity of each sample.
TABLE 1 | Properties of test materials.
[image: Table displaying data for four samples with columns: Sample No., fc (%), n, k of unclogged (cm/s), S35, and Sc. Sample 1: fc 3%, n 40.23%, k 2.00, S35 16.71%, Sc 79.75%. Sample 2: fc 4%, n 36.50%, k 1.94, S35 17.70%, Sc 78.66%. Sample 3: fc 5%, n 32.14%, k 1.88, S35 18.48%, Sc 74.69%. Sample 4: fc 6%, n 27.85%, k 1.62, S35 21.01%, Sc 64.81%.]The permeability of each PPGM sample was tested under constant water head. As the effect of clogging on the permeability of PPGM should be considered, a modified permeability test instrument instead of the traditional one [15], as schematically shown in Figure 3, was used. The samples were placed in a cylindrical PVC pipe with a diameter of 7.5 cm and a height of 20 cm. Due to the open channels of PPGM connected to the side wall of the test instrument, the water can easily flow through these channels along the side wall, resulting in an inaccurate measurement of the permeability coefficient ([image: Please upload the image or provide a URL for me to generate the alternate text.]) of PPGM. To resolve this limitation, all the samples were wrapped with the PE plastic wrapper before being placed into the test instrument. To prevent further leakage along the side wall, the contact surface between the wrapper and the side wall of the test instrument was also sealed with vaseline. Then, the tests under constant water head were carried out on PPGM without clogging. The effect of clogging on the permeability of PPGM was carried out by progressively adding sand on the top of the PPGM in the cylindrical PVC pipe. Firstly, the valve was closed and the water level was kept at the target value shown in Figure 3; Secondly, 5 g sand was evenly added to the top of the sample and rested for 1 min; thirdly, switch on the valve, let water and sand particles infiltrate through the PPGM under constant water level; fourthly, measure the permeability and keep record when the data of permeability is stable; repeat the above process for 35 times ([image: If you'd like to generate alternate text for an image, please upload the image or provide a URL. If you have a specific caption or context, you can include that as well.]) and stop the test. To evaluate the effect of clogging, an index, called the remaining permeability ([image: Please upload the image or provide a URL for me to generate the alt text.]) which measures the remaining capacity for water permeability, is used, as shown in Equation 2:
[image: Formula showing epsilon equals k subscript l divided by k subscript zero, followed by equation number two in parentheses.]
where [image: The image shows the mathematical symbol "k" followed by a subscript zero, often used to represent a wave number or a specific constant in equations.] is the coefficient of permeability (cm/s) of clean PPGM, [image: Equation in LaTeX format displaying the letter "k" with a subscript "i", representing an indexed variable or constant.] is the coefficient of permeability (cm/s) of clogged PPGM after [image: It looks like there was an error in uploading the image. Please try uploading the image again, or provide a URL or description if possible.]-th addition of sand.
[image: Diagram of a soil permeability apparatus showing a vertical setup. A plexiglass sleeve encloses a sample held above a sand storage tank. Water head is indicated at the top, with a PE plastic wrapper around the sample. An outlet connected via a pipe and valve allows for water release from below the sample.]FIGURE 3 | Schematic show of the test instrument.
3 TEST RESULTS
3.1 Permeability behavior of clean PPGM
Figure 4 shows the coefficient of permeability ([image: Please upload the image or provide a URL, and I will generate the alternate text for you.]) of PPGM without clogging. It can be found that k increases with an increase of the porosity while it decreases with an increase in the content of polyurethane polymer. This can be attributed to the block or size reduction of the open channels of PPGM caused by increasing the content of polyurethane polymer, which hinders the flow of water through PPGM.
[image: Two line graphs showing variations in sediment transport capacity, \( k \), in different scenarios. Graph (a) plots \( k \) against porosity \( n \) from 0.2 to 0.5, showing an increasing trend. Graph (b) plots \( k \) against clay fraction \( f_c \% \) from 2 to 8, showing a decreasing trend. Both graphs are labeled with axes \( k \) (in cm/s).]FIGURE 4 | Permeability coefficient of clean PPGM: (A) Influence of porosity; (B) Influence of content of polyurethane polymer.
3.2 Permeability behavior of clean PPGM
Figure 5 shows the variation of the permeability of clogged PPGM after adding sand. It can be found that the permeability of PPGM decreases after adding sand. As the amount of sand increases, the extent of clogging increases which results in the reduction of the remain permeability, [image: Please upload the image you would like me to generate alternate text for.]. Three stages of the reduction of [image: Please upload the image so I can generate the appropriate alt text for you.] can be observed in Figure 5. At first stage, the sand particles infiltrated through the open channels within PPGM and gradually blocked the channels with small constriction size, but most of the channels were still open and the reductions of [image: Please upload the image or provide a URL, and I will help generate alternate text for it.] is moderate. With the further development of clogging, the permeability of PPGM reached the second stage, where sand particles blocked the majority of flowing channels with different constriction sizes, resulting in a rapid reduction of the permeability and the associated [image: Please upload an image or provide a URL for the image so that I can generate the appropriate alt text for you.]. With the addition of more sand, the permeability of PPGM became stable and the third stage was reached. At this stage, the infiltration of sand led to a maximum clogging of PPGM. Table 1 also lists the value of S at the end of each test, i.e., [image: Mathematical expression featuring the symbol "S" with a subscript "35".]. A remarkable reduction of the permeability of PPGM induced by clogging was observed. In the experiment, with the addition of sand into the water, some of the sand entered the internal pores of the specimen along with the water flow, while some accumulated on the surface of the specimen. As the amount of sand gradually increased, the accumulation of sand on the specimen’s surface also increased. Initially, a small amount of sand accumulated, followed by the majority being covered by a sand layer, leaving only the larger constriction size pores as main permeable channels. Eventually, the entire surface of the specimen was covered by the sand layer. In this experiment, as the amount of sand clogging increased, the permeability coefficient of PPGM with different polyurethane contents (porosity) consistently decreased, and eventually stabilized around 0.37 cm/s.
[image: Line graph showing the percentage S (%) on the vertical axis versus N on the horizontal axis. Four datasets represent f values of 3%, 4%, 5%, and 6%, showing a decreasing trend across three stages: Stage I, Stage II, and Stage III. Each dataset declines at varying rates, with distinct markers for each line. The stages are separated by dashed vertical lines at N equals 6 and 30.]FIGURE 5 | Variation of remaining permeability of clogged PPGM with number of times.
To further test the permeability of PPGM after clogging, the sand layers at the surface of the PPGM sample were removed. In this case, the loss of permeability was changed from around 16%–21% to around 75%–80%, as shown in Table 1, where [image: Please upload the image you would like me to generate alternate text for.] indicates the remaining permeability after removing the sand layers at sample surface. This is because the permeability from previous tests takes into account the performances of both the clogged PPGM and the upper sand particles. After removing the cumulated fine particles from the surface of PPGM, the permeability can be partially recovered.
4 DISCUSSIONS
From the above test results, it can be observed that the permeability of PPGM is influenced by its porosity, particle size (or size distribution), content of polyurethane polymer and clogged particles. However, from the micromechanical perspective, it is the pore constriction that affects the permeability [16, 17]. According to Indraratna, et al. [16], the pore constriction size ([image: Italicized capital letter "D" followed by a subscript lowercase "c".]) of a granular material can be calculated as in Equation 3:
[image: Equation showing \(D_x = D_{ob} + P(1 - D_x)(D_{lim} - D_{ob})\) with a reference to equation number three in parentheses.]
where [image: This appears to be an expression in mathematical notation, typically representing a variable or a parameter. Without an accompanying image, it is challenging to provide detailed alt text. If you can upload an image or specify its context, I can offer a more accurate description.] and [image: Please upload the image or provide its URL so I can generate the alternate text.] are the constriction sizes of the densest and loosest samples, respectively. Details for calculating [image: It seems there is no image attached. Please upload the image or provide a URL so I can assist you in generating the alt text.] and [image: Please provide the image or a URL to it, and I can help generate the alternate text for you. If you have any additional context or a caption, feel free to include that as well.] can be found in Indraratna et al. [16], and thus not repeated here for simplicity. [image: Please upload the image or provide a URL for me to generate the alt text.] is the percentage of the constrictions with sizes finer than [image: Represents the symbol for direct current, typically used in electrical contexts to denote a unidirectional flow of electric charge.]; [image: Stylized letter "R" with a subscript "d" in italic font.] is the relative density of the sample. The constriction size distribution (CSD) of the granular material without adding polyurethane polymer can thus be determined by substituting the measured [image: Italic letter "R" with a subscript "d".] into Equation 3. However, in this study, as the content of polyurethane polymer increases, the constriction size of PPGM should decrease. To account for the effect of polyurethane polymer, Equation 3 is modified as in Equation 4:
[image: Mathematical equation showing \(D'_e = (1 - f_c)D_c + (1 - f_a)P(1 - R_a)(D_a - D_c)\). The equation represents a calculation involving variables and coefficients \(f_c\), \(D_c\), \(f_a\), \(P\), \(R_a\), \(D_a\), and \(D_c\).]
where with the increase of [image: Please upload the image or provide a URL so I can generate the alt text for you.], [image: Mathematical notation showing the partial derivative of the function \( f \) with respect to the variable \( c \), represented as \( D_c^f \).] decreases. When [image: Please upload the image or provide a URL for me to generate the alternative text.] = 0, [image: Equation symbol \( D_{c}^{f} \), where \( D \) represents a variable, \( c \) and \( f \) are subscripts and superscripts respectively.] corresponds to the constriction size of clean granular material, whilst [image: Please upload the image or provide a URL so I can generate the alternate text for you.] = 1, resulting in [image: Mathematical expression with bold capital D subscript c superscript f equals zero.], because all the pore constrictions were sealed by the polyurethane polymer.
Figure 6 shows the CSD of PPGM. Obviously, the greater the content of polyurethane polymer, the smaller the constriction sizes, leading to the decrease of permeability. Indraratna, et al. [16] pointed out that the permeability of granular soil had an explicit relationship with the mean constriction size, [image: Formula featuring the characters \( D^m_c \), where \( D \) is a capital letter, \( m \) is a superscript, and \( c \) is a subscript.]. [image: Mathematical notation with a capital letter D, a subscript c, and a superscript m.] can be determined from the CSD curve by using the probability of occurrence between two neighbouring constriction sizes, as shown in Equation 5:
[image: Mathematical formula for D sub c superscript m equals the summation from i equals 1 to n of P sub ci times D sub ci, divided by the summation from i equals 1 to n of P sub ci. Equation number five.]
where [image: Equation with italicized capital letter D, subscript c, and subscript i written in a smaller font.] is the i-th size at the CSD, with the corresponding probability of occurrence ([image: A mathematical expression representing \( P_{ci} \), indicating a probability or parameter where "P" is the main term and "ci" is a subscript.]).
[image: Logarithmic cumulative fine content curves showing the percentage finer versus the particle size (D') in millimeters. The graph includes five data series with different percentages, depicted with various markers. Each curve shows a similar S-shaped pattern, indicating the distribution of particle sizes.]FIGURE 6 | The CSD of PPGM with differentf_c.
Figure 7 shows the variation of the permeability of PPGM with [image: The mathematical expression displays \( D^m_c \), with "D" as the base, "m" as the superscript, and "c" as the subscript.]. It is found that the permeability coefficient of PPGM without clogging increases with the increasing constriction size. Similarly, the permeability coefficient of the clogged PPGM obtained after removing the cumulated fine particles from the sample surface also increases with the increasing constriction size, but the overall values of the permeability coefficient of clogged PPGMs was smaller than the unclogged ones.
[image: Line graph showing \(K\) (cm/s) on the y-axis versus \(D_c^m\) (mm) on the x-axis. Two lines are plotted: one black for "without clogging" rising from 1.8 to 2.1, and one blue for "with clogging" rising from 1.4 to 1.6. Data points are marked with circles and squares, respectively.]FIGURE 7 | Variation of permeability coefficeint with mean constriction size.
5 CONCLUSION
The permeability characteristics of a polyurethane polymer-reinforced granular material (PPGM) with and without clogging was evaluated by laboratory test. The main findings of this study can be summarised as:
	(1) With the increase of the content of polyurethane polymer or the decrease of the porosity, the permeability coefficient of PPGM decreased, due to the block of internal channels for water flow.
	(2) As the extent of clogging increased, the remain permeability ([image: It seems like there was an error with your message and the image was not uploaded correctly. Please try uploading the image again, and feel free to add any context or a caption if needed.]) of PPGM reduced. Three stages of the reduction of S, including the progressive reduction, rapid reduction and stable state, can be observed.
	(3) Clogging would decrease the pore constriction size and thus the permeability of PPGM; an increase of the permeability coefficient with the increasing mean constriction size can be observed.
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Pile supported geogrid-reinforced embankment are widely used to treat soft soil. This paper proposes a novel method for reinforcing foundations using non-foamed polyurethane-bonded gravel (NPBG) porous piles. Through triaxial compression tests, the mechanical properties and strength parameters, such as strength and stiffness, of the polyurethane-bonded gravel material are determined. Finite element numerical simulations are then employed to investigate the bearing characteristics of NPBG porous pile under embankment loads. The experimental results indicate that, under the same confining pressure, the strength and stiffness of the NPBG material are significantly higher than those of plain gravel material, while still retaining large pore characteristics. Increasing the polyurethane content enhances the strength and stiffness of the porous material, but the improvement diminishes as the confining pressure increases. A systematic comparative analysis was conducted on the bearing characteristics of NPBG porous pile versus concrete pile, cement-mixed pile, and gravel pile under embankment in terms of load sharing ratio and settlement deformation. The permeability coefficient and modulus of the pile significantly influence the dissipation rate of excess pore water pressure in the foundation soil. The NPBGP pile exhibited the fastest consolidation speed, effectively controlling total settlement and reducing the proportion of post-construction settlement of the embankment. Compared to concrete pile and cement-mixed pile, the NPBG porous pile has a lower uniform settlement surface height in embankment, making it suitable for low-height embankment accelerated construction projects.
Keywords: non-foamed polyurethane, gravel pile, porous media, settlement, embankment

1 INTRODUCTION
When expressway embankments are built on soft soils, they exert substantial loads over a wide area. Soft clays and other compressible soils frequently experience excessive settlements or fail due to inadequate bearing capacity. A variety of techniques can be used to solve such problems [1]. Pile supported geogrid-reinforced embankment have increasingly been used in the recent years for accelerated construction [2–6]. In this system, piles provide major support for the embankment over soft soils and reduce its settlement. Single or multiple geogrid layer(s) are employed above the piles to enhance the load transfer from soft soils to piles [7–9]. As piles support the majority of the embankment load, soft soils carry reduced pressure, significantly lowering the risk of soil failure and minimizing both total and differential settlements. As a result, accelerated construction becomes possible.
Different pile types can be applied in this system, such as gravel piles [10–12], cement-mixed piles [13–15], and concrete piles [16–18], each exhibiting distinct interaction characteristics with the foundation soil. Gravel piles can replace a portion of the soft soil to enhance bearing capacity, and the porous nature of the pile can create drainage pathways that accelerate soil consolidation. However, since the bearing capacity of gravel piles primarily relies on the constraint provided by the surrounding soil, the total settlement of the foundation remains relatively large when using gravel piles [19]. Cement-mixed piles exhibit significantly higher strength and stiffness compared to gravel piles, while concrete piles offer even greater strength and stiffness, effectively supporting a large portion of the embankment load and helping to reduce total settlement. However, Even with the reduced load on the soft soils, excess pore water pressure would still be generated and then dissipate during and after the construction, and the settlement occurred during the construction of the embankments and increased after the construction. Cement-mixed piles and concrete piles generally lack drainage capability and cannot create drainage pathways in the foundation, resulting in slow drainage consolidation of the foundation soil and often leading to significant post-construction settlement [20]. To achieve both reduced total settlement and post-construction settlement, researchers have found it beneficial to use permeable concrete as the pile material [21–23]. Studies show that permeable concrete piles possess certain strength and stiffness, and compared to stone columns, they enhance both bearing capacity and settlement rate, significantly reducing the development of excess pore pressure in the foundation soil. However, the small and shallow pores characteristic of permeable concrete can lead to clogging, impairing its drainage performance and preventing it from achieving the intended drainage effect [24].
Non-foamed polyurethane-bonded gravel material (NPBG) is formed by mixing non-foamed polyurethane with gravel in a specific proportion. The polyurethane binds the gravel into a cohesive whole while retaining the original interconnected porosity of the gravel particles. This material maintains the excellent permeability of the aggregate gravel while also providing certain strength and stiffness. Researchers have investigated the permeability, thermal stability, strength, stiffness, and durability of NPBG [25, 26], and it has already been applied in pavement engineering [27–29]. However, there is still limited in-depth theoretical research on NPBG, such as the stress-strain relationship considering the effects of confining pressure, particularly the introduction of advanced methods like fractal theory [30] to study the flow characteristics of pore water within the high porosity NPBG porous medium with large pore sizes. Such research will provide important theoretical guidance for the engineering applications of this material.
This study applies the NPBG porous material in the reinforcement of soft soil foundations, proposing a novel NPBG porous pile technology that integrates high bearing capacity with good drainage capability. First, the mechanical properties of NPBG material are investigated through triaxial compression tests to explore the effects of polyurethane content and confining pressure. Subsequently, finite element numerical simulations are conducted to investigate the bearing characteristics of NPBG porous piles under embankment loads. A systematic comparative analysis is performed on the load distribution and settlement deformation characteristics of NPBG piles in relation to concrete piles, cement-mixed piles, and gravel piles. This analysis assesses the applicability of NPBG porous piles in pile supported geogrid-reinforced embankments, providing a reference for their application in practical engineering.
2 EXPERIMENT ON POLYURETHANE BONDED GRAVEL POROUS MATERIAL
2.1 Materials
2.1.1 Gravel
The gravel used in this study is basalt, with a particle size of 5–10 mm and angular shape. The specific gravity of the gravel is 2.74, the maximum porosity ratio is 0.89, and the minimum porosity ratio is 0.60.
2.1.2 Non-foam polyurethane
The non-foamed polyurethane is composed of two non-water-reactive monomers: polyol (component A) and polyisocyanurate (component B). Among them, polyol includes polyether polyol, polyester polyol, and polyether-ester. The reaction is initiated with either amine catalyst or metal salt catalyst. The components A and B are mixed in a 3:2 ratio, thoroughly stirred until a white homogenous mixture is formed, and the mixture is homogeneous.
2.2 Sample preparation
To obtain the mechanical properties of NPBG, it is necessary to be cast into a 200 mm high and 100 mm diameter specimen. The gravel used in this study has a dry density of 1.56 g/cm3 and the corresponding relative compaction ratio is 0.45. Not all coarse-grained soils can be directly tested due to their susceptibility to size effects [31]. In this test, the maximum diameter of the gravel particles in the specimen was no more than 1/10 of the specimen diameter, to reduce the effects of size effects.
Non-foamed polyurethane fully adhered to and completely encapsulated the particles of dried gravel after it was sufficiently mixed with the gravel. Part of the polyurethane slurry filled the voids on the particles due to its fluidity. To ensure that the NPBG materials retain a large amount of voids, we will investigate the improvement of gravel properties under low content levels of polyurethane. Three samples were prepared, each with a polyurethane content (Wp) of 2%, 4%, and 6% (defined as the ratio of polyurethane mass to gravel mass). The samples were left in the mold for 3 days after filling and then continue to cure until 7 days before conducting subsequent tests. The step-by-step procedure for preparing the NPBG samples is as follows:
	① Wash and dry the surface of the gravel, and then;
	② Lubricate the inner wall of the mold with petroleum jelly, and place a transparent plastic sheet tightly against the inner wall of the mold;
	③ Weigh the required amount of gravel and pour it into a mixing container;
	④ According to the gravel mass, take the designed polyurethane content of component A and component B, mix them together and stir for about 1 min, until the mixture becomes white in color;
	⑤ After the polyurethane is prepared, pour it into the gravel evenly in two batches, and start mixing from the time when the surface of the gravel is completely enveloped by the polyurethane liquid. Stop stirring when the surface of the gravel is completely encapsulated;
	⑥ Fill the mold with the NPBG mixture in four layers, and level the top surface of the sample before it is left to stand for 3 days.

The specimens after removal from the mold are shown in Figure 1. It can be observed that the polyurethane binds the crushed stones into an integrated whole. Pure gravel specimens were also prepared as a comparison. Pure gravel specimens were filled into the pressure chamber of the testing instrument in four layers, ensuring the relative compaction ratio of 0.45.
[image: Three cylindrical asphalt core samples stand upright on a wooden surface. Each sample has a blue label with white text. They are composed of compacted aggregate material.]FIGURE 1 | NPBG samples.
2.3 Experiment procedure
The tests were conducted using consolidated drained tests. All samples were encased in a 0.5 mm thick rubber membrane to prevent damage during the test, which could lead to test failure. Before applying axial load, the samples were saturated and a predetermined confining pressure was applied while opening the drainage valve until the samples were consolidated. Four different confining pressures were selected for the tests: 50 kPa, 100 kPa, 200 kPa, and 300 kPa. The axial load was applied at an axial strain rate of 0.2%/min to prevent excessive pore pressure generation during shearing. The tests were terminated when the axial strain of the samples reached 15%. The volume change of the samples was determined by measuring the amount of water expelled from or absorbed into the pressure chamber.
2.4 Mechanical characteristics of NPBG
Figure 2 shows the deviatoric stress-axial strain ([image: Mathematical expression showing the variable \( q \) with a subscript \( -\epsilon_a \).]) and volumetric strain-axial strain ([image: Mathematical expression showing the difference between two variables: epsilon subscript v and epsilon subscript a, represented as εᵥ - εₐ.]) relationship curves for NPBG samples with different polyurethane contents (2%, 4%, 6%) under various confining pressures [image: Please upload the image or provide the URL, and I can help generate the alternate text for it.]. The deviatoric stress is denoted as [image: The mathematical equation shows \( q = \sigma_1 - \sigma_3 \).]. For a more intuitive comparison, the figure also includes the result curves for pure gravel samples without added polyurethane. The meaning of the curve numbers in the figure is as follows: for example, S2-50 indicates that the sample has a polyurethane content of 2% and was tested under a confining pressure of 50 kPa.
[image: Three sets of graphs compare stress-strain relationships in materials at different temperatures: (A) 25 to 150 degrees Celsius, (B) 150 to 400 degrees Celsius, and (C) 25 to 400 degrees Celsius. Each set has two graphs. The left graph shows decreases in peak stress values as axial strain increases, while the right graph displays cyclic softening and hardening. Color-coded lines represent temperature ranges.]FIGURE 2 | (A) The deviatoric stress-axial strain and volumetric strain-axial strain relationship curves for samples with polyurethane contents 2% under various confining pressures. (B) The deviatoric stress-axial strain and volumetric strain-axial strain relationship curves for samples with polyurethane contents 4% under various confining pressures. (C) The deviatoric stress-axial strain and volumetric strain-axial strain relationship curves for samples with polyurethane contents 6% under various confining pressures.
From the figure, it can be observed that with the increase in confining pressure, the deviatoric stress of the pure gravel samples increases under the same axial strain. At the two lower confining pressures, the samples exhibit less pronounced peak deviatoric stresses, whereas at the two higher confining pressures, no peak stress is observed, showing strain hardening behavior. From the volumetric strain curves, under the two lower confining pressures, the samples initially exhibit volume contraction with increasing axial strain, followed by volume expansion. When the confining pressure increases (≥200 kPa), the samples exhibit shear contraction. This indicates that the confining pressure significantly affects the shear characteristics of the gravel. At lower confining pressures, the resistance to shear forces primarily relies on the interlocking and frictional forces between gravel particles. As the external shear force gradually increases and overcomes the interlocking effect, leading to particle movement, the deviatoric stress reaches its peak. Following this, with an increase in strain, gravel particles begin to slide and rotate under shear forces, and the friction generated during particle movement becomes the main source of resistance to shear forces. At higher confining pressures, the gravel particles experience greater lateral confinement, and the voids between particles gradually decrease. During shear, the friction between particles continues to play a primary role in resisting shear forces, resulting in the deviatoric stress consistently showing a trend of gradual increase with increasing strain.
The NPBG samples exhibit a clear peak in deviatoric stress, showing pronounced strain softening regardless of the polyurethane content and confining pressure conditions. This phenomenon is primarily attributed to the bonding effect of polyurethane, which creates a cohesive strength similar to cohesion between gravel particles. A greater shear force is required to overcome the bonding and interlocking effects between the gravel particles. After reaching the peak deviatoric stress, particle movement gradually occurs, and thereafter, resistance to shear forces relies mainly on the friction between the gravel particles, eventually stabilizing as strain increases. Under different polyurethane contents and confining pressures, the axial strain corresponding to the peak deviatoric stress is approximately 2.1%. This indicates that the bonding force caused by polyurethane curing is a major factor influencing the increase in shear strength, primarily depending on the strength of the chemical reaction products of polyurethane. Changes in the thickness of the adhesive layer on the gravel surface and the uniformity of contact points between particles due to variations in polyurethane content significantly affect the magnitude of the peak deviatoric stress, but have little impact on the strain value at which the peak occurs. At the same polyurethane content, the peak value increases with the confining pressure. Additionally, there are significant differences in volumetric changes. Only when the polyurethane content is 2% and the confining pressure is 300 kPa do the samples exhibit a tendency for the volume to transition from contraction to expansion during shearing, followed by increased contraction, ultimately resulting in volume contraction. The remaining NPBG samples all undergo volume expansion, and at the same polyurethane content, the amount of expansion decreases with increasing confining pressure.
Observing samples with different polyurethane contents, it can be seen that the sample with a 4% content exhibits a relatively smooth curve near the peak deviatoric stress point, primarily due to the influence of the polyurethane bonding effect. At higher contents, the bonding effect is strong, and the sample maintains good integrity. After failure, the sample gradually fractures along the shear band, causing a rapid decrease in strength. At lower contents, the bonding effect is generally weaker. As the shear band forms, the bonds between gravel particles continuously fail, and the sample’s integrity is compromised, unable to maintain its original strength. However, at a 4% content, due to the inconsistency in the shape and size of the gravel particles, the bonding effect is also uneven. The weaker bonds near the shear band fail first, while the better bonds between particles remain intact, forming “gravel bonded blocks.” These blocks typically consist of several gravel particles, have a larger volume, and are less likely to move, which to some extent slows down the failure process of the sample, allowing it to maintain a high strength for some time after reaching the peak deviatoric stress.
To more clearly analyze the effect of polyurethane content on stress-strain behavior, the deviatoric stress-axial strain curves and volumetric strain-axial strain curves of samples under the same confining pressure were plotted, as shown in Figure 3. From the figure, it can be seen that under constant confining pressure, the strength of the samples increases with the increase of polyurethane content; especially when the polyurethane content increases from 4% to 6%, the peak deviatoric stress of the samples increases significantly. In the volumetric strain curves, as the polyurethane content increases from 2% to 6%, the volumetric expansion of the samples gradually increases. Additionally, it can be observed that when the polyurethane content is 2%, the volumetric change trend of the samples is most similar to that of the pure gravel samples. As mentioned earlier, at this content, the gravel particles in the samples disengage due to the failure of polyurethane bonding, and as axial compression increases, the number of detached particles gradually increases. Therefore, in the later stage of compression, the state of the samples is more similar to that of pure gravel samples. It is analyzed that the gravel particles can exhibit interlocking or rotational movement when subjected to shear. The former causes the particles to become more closely packed, resulting in a decrease in sample volume, while the latter has the opposite effect. The confining pressure can suppress the second type of movement. Under higher confining pressures, the gravel becomes more tightly packed, preventing an increase in sample volume. This also explains why the S2-300 sample ultimately exhibits volumetric contraction.
[image: Four panels, labeled A to D, present graphs depicting stress-strain relationships. Each panel contains two graphs: on the left, deformation stress versus axial strain, and on the right, modulus reduction versus axial strain. Different colored lines represent varying conditions, with legends included in each graph. The panels illustrate distinct behaviors under similar conditions specified by the legends.]FIGURE 3 | (A) The deviatoric stress-axial strain curves and volumetric strain-axial strain curves of samples under the Perimeter pressure 50 kPa. (B) The deviatoric stress-axial strain curves and volumetric strain-axial strain curves of samples under the Perimeter pressure 100 kPa. (C) The deviatoric stress-axial strain curves and volumetric strain-axial strain curves of samples under the Perimeter pressure 200 kPa. (D) The deviatoric stress-axial strain curves and volumetric strain-axial strain curves of samples under the Perimeter pressure 300 kPa.
Cohesion and internal friction angle are parameters that represent the shear strength of a material, which can be obtained by plotting the Mohr-Coulomb strength envelope. Figure 4 organizes the Mohr circles and strength envelopes for each group of samples at failure. It can be seen that the envelopes of the failure Mohr circles are essentially straight lines. Therefore, for NBPG materials, their strength can still be described using the Mohr-Coulomb strength criterion, and the strength parameters do not change with varying confining pressures.
[image: Four graphs labeled A, B, C, and D show plots of shear strength versus normal stress in kilopascals (kPa). Each graph features curves with varying shapes and colors, suggesting different stress relationships. The overall layout contrasts the differences in shear strength across different normal stress levels.]FIGURE 4 | (A) The Mohr circles and strength envelopes for gravel of samples at failure. (B) The Mohr circles and strength envelopes for polyurethane contents 2% of samples at failure. (C) The Mohr circles and strength envelopes for polyurethane contents 4% of samples at failure. (D) The Mohr circles and strength envelopes for polyurethane contents 6% of samples at failure.
The effect of polyurethane content on strength parameters is shown in Figure 5. It can be observed that, compared to pure gravel samples, the cohesion of NPBG increases to varying degrees with the increase in polyurethane content. At a content of 2%, the bonding effect is already significant; when the content increases from 4% to 6%, the cohesion significantly improves, indicating that the 6% polyurethane mixture has the best bonding efficiency. Pure gravel samples also exhibit a small apparent cohesion. Generally, the cohesion of non-cohesive soil is considered to be zero, but the apparent cohesion in gravel is due to the interlocking force generated by the interlocking and embedding of gravel particles under axial load compression, which is fundamentally different from the cohesion of cohesive soil. Furthermore, the internal friction angle of NPBG is also higher than that of pure gravel, although the increase is smaller. As the polyurethane content increases from 2% to 6%, the internal friction angle gradually decreases. The internal friction angle decreases with the increase in polyurethane content, primarily because as the polyurethane content increases, the thickness of the polyurethane covering on the surface of the gravel gradually increases, making the surface smoother and more even. This, to some extent, reduces the interlocking and friction between the gravel particles.
[image: Two line graphs show effects of polyurethane content on soil properties. Graph A depicts cohesion increasing sharply with higher polyurethane percentages, reaching about 800 kPa at 6%. Graph B shows the internal friction angle peaking at around 41 degrees at 2% polyurethane and then decreasing.]FIGURE 5 | (A) The effect of polyurethane content on cohesion. (B) The effect of polyurethane content on internal friction.
3 NUMERICAL MODELLING
3.1 Details of the selected case history
To validate the finite element numerical model, this study utilizes an engineering example of a reinforced embankment project as reported by Liu et al. [32]. The cross-sectional diagram of the embankment and soil layers is depicted in Figure 6A. The distribution of soil layers on the site, from top to bottom, includes: 1.5 m of coarse-grained fill soil, 2.3 m of silty clay, 10.2 m of silty clay with silt and sludge, 2 m of loam, and 9 m of sandy silt. The groundwater level is located 1.5 m below the ground surface. The top width of the embankment is 35 m, with a slope ratio (ratio of vertical height to horizontal width) of 1:1.5. The embankment is to be filled to a height of 5.6 m within 55 days, with the graded loading curve shown in Figure 6B. Fly ash is the primary material for embankment filling, and a layer of crushed stone bedding, 0.5 m thick, is placed between the embankment fill and the subgrade soil. In the center of the bedding layer, a geogrid is installed with a strength of 90 kN/m and a maximum allowable strain of 8%. The piles used are cast-in-situ concrete thin-walled pipe piles arranged in a square pattern with a spacing of 3 m. The area replacement ratio is approximately 8.7%. The piles have an outer diameter of 1 m, a wall thickness of 120 mm, and a length of 16 m, with the pile ends placed on the sandy loam layer.
[image: Diagram (A) shows a cross-section of an embankment fill with gravel columns placed in layers of sandy soil, clay, and loess. A graph (B) depicts embankment fill height in kilonewtons over time in days, showing a steep increase from 0 to about 60 days, then leveling off.]FIGURE 6 | (A) The cross-sectional diagram of the embankment. (B) The graded loading curve of the embankment.
The observation of the pile-supported reinforced embankment utilized a series of instruments including settlement plates, soil pressure cells, and pore pressure gauges. These instruments monitored the settlement of the embankment surface at pile tops and between piles, as well as vertical pressures. Changes in pore water pressures at various depths in the foundation were also recorded. The monitoring began from the start of embankment construction and continued for 180 days.
3.2 Three-dimensional numerical modeling
The study is based on three-dimensional finite element modeling of a pile-supported reinforced embankment test using ABAQUS software, analyzing the load-bearing characteristics of pile-soil interaction during the embankment filling process. Considering the symmetry of the cross-section in this case, half of the embankment along the transverse section and one row of piles along the longitudinal direction with half of their surrounding soil were modeled to establish a three-dimensional half-embankment model. The finite element mesh division of the model is shown in Figure 7. The model assumes a foundation depth of 25 m with a rigid impermeable layer assumed below. To mitigate boundary effects, the total width of the analysis area is set to 77.7 m, which is three times the half-width of the embankment base width.
[image: Computer-generated 3D model of a cantilever retaining wall, showing a side and top view. The structure consists of interlocking blocks forming a right angle, displayed on a grid with axis indicators.]FIGURE 7 | The finite element mesh division of the model.
In the FEM model, materials with good drainage capability (e.g., coarse granular fill soil), non-draining materials (e.g., concrete), and materials above the groundwater level that do not require consideration of permeability (embankment fill soil, stone bedding layer) are simulated using 8-node solid elements (C3D8) without considering pore pressure degrees of freedom. The remaining foundation soils are modeled using 8-node coupled solid-fluid elements (C3D8P) to account for stress-pore pressure coupling effects. The geogrid material is simulated using 4-node 3D membrane elements (M3D4). Three types of mesh sizes were used for comparative calculations: a coarse mesh (approximately 25,000 elements), a medium mesh (approximately 50,000 elements), and a fine mesh (approximately 75,000 elements). The relative error of the calculation results was less than 1.4%. Therefore, the medium mesh model was ultimately chosen for the subsequent calculations and analyses in this paper.
3.3 Material models and parameters
In the computational model, the concrete piles are simulated using a linear elastic constitutive model with an elastic modulus of 20 GPa and a Poisson’s ratio of 0.2. The interface between piles and soil is modeled using zero-thickness contact elements. The geogrid is also assumed to be a linear elastic material capable of resisting only tension, with a tensile stiffness of 1,180 kN/m and a Poisson’s ratio of 0.3. Despite the simplified soil model having limitations, the ideal elastoplastic Mohr-Coulomb model has been successfully applied in many geotechnical studies [33]. The Mohr-Coulomb model can approximate soil behavior similarly to advanced soil models [34]. Therefore, the embankment fill, stone bedding layer, and various layers of subsoil are all simulated using this model. Parameters for each material are summarized in Table 1, with a shear dilation angle set at 0.1°.
TABLE 1 | Soil parameters in FEM numerical model.
[image: Table listing soil properties for various soil layers, including embankment fill, crushed stone bedding, coarse granular fill soil, silty clay, silty clay with silt and sludge, loam, and sandy silt. Properties detailed are weight density in kilonewtons per cubic meter, elastic modulus in megapascals, Poisson’s ratio, cohesion in kilopascals, internal friction angle in degrees, and permeability in meters per day. Permeability is not provided for the first three layers.]3.4 Verification of numerical modeling
The comparison between field-measured settlement values and numerical simulation results for the surface settlement variation of composite foundations is shown in Figure 8. Here, [image: It seems there's no image provided. Please upload the image or provide a URL, and I will help generate the alternate text for it.] represents the settlement of the soil surface between piles, and [image: It seems there was an issue with your image upload. Please try again, ensuring the image file is attached. If you have any additional context or a caption, feel free to include that as well.] denotes the settlement at pile tops. From the figure, it can be observed that the computed settlements at pile tops and between piles generally follow the trend of the measured values. The numerical simulation results of this study closely approximate the measured results, with differences in settlement at pile tops and between piles at the end of the observation period (180 days) being 3.4% and 2.6%, respectively. Comparing with Liu’s computed results, the differences in pile and soil settlements are 8.3% and 8.9%, respectively, showing relatively close agreement.
[image: A graph showing settlement over time with multiple data series, each represented by different symbols and colors. The legend identifies measured and computed results for both pile tops and soil surfaces between piles. The x-axis shows time in days, and the y-axis indicates settlement in millimeters. Data points decrease significantly at first, then stabilize over time.]FIGURE 8 | The comparison between field-measured settlement values and numerical simulation results for the surface settlement variation of composite foundations.
The comparison between field-measured soil pressure values and numerical simulation results for the surface of the foundation is shown in Table 2. According to the table, at the end of embankment construction, the computed soil pressure at pile tops in this study is slightly higher than the measured values by 1.2%, and slightly lower than Liu’s computed results by 0.3%. Meanwhile, at the surface between piles, there is a larger discrepancy between the computed soil pressure values of this study and the measured values, possibly due to some tilting of the soil pressure box between piles during the filling process, resulting in deviations from the actual conditions. Comparing with Liu’s computed values shows an error of only 4.0%, indicating relatively close agreement. Therefore, the model calculations in this study are in good agreement with the field measurements, indicating that the numerical model can simulate the actual engineering conditions fairly accurately. The model design is rational, and it exhibits good reliability.
TABLE 2 | The comparison between field-measured soil pressure values and numerical simulation results for the surface of the composite foundation.
[image: Table comparing soil pressure values in kilopascals (kPa). For soil surface between piles: field-measured 31.4, Liu's computed 58.1, calculated in paper 55.8. For pile top: field-measured 583.6, Liu's computed 592.6, calculated in paper 590.8.]3.5 Comparative modelling procedure
To analyze the working characteristics of NPBG porous piles under the embankment, the aforementioned modeling method was used to establish finite element models for concrete piles, polyurethane gravel piles, cement-mixed piles, and gravel piles. The performance of these four types of piles was compared in terms of ground surface settlement, stress state of piles and soil, and changes in excess pore water pressure in the foundation soil. The study analyzed the role of non-foamed polyurethane gravel piles in foundation reinforcement, highlighting their high bearing capacity and good drainage properties. For better comparative analysis, the external dimensions and arrangement of the four types of piles were kept the same: the solid pile diameter was 0.65 m, the pile spacing was 1.95 m, and other parameters such as foundation soil and embankment characteristics were consistent with the original numerical model.
The material parameters of the four types of pile bodies are shown in Table 3. The material parameters for the concrete piles are consistent with those mentioned earlier. NPBG with 6% polyurethane content and gravel without polyurethane are selected as the pile body materials for NPBG porous piles and gravel piles, respectively, and these material parameters are determined based on the triaxial test results mentioned above/. The modulus parameters of the NPBG porous pile were determined based on the stress-strain test results of NPBG with 6% polyurethane content under a confining pressure of 100 kPa, specifically using the tangent modulus, and the permeability coefficient of the NPBG porous pile is based on parameters measured in permeability tests [35]. The material parameters for the cement-mixed piles are determined with reference to the literature by Zhu [36]. From the table, it can be observed that compared to concrete piles, the strength and stiffness of the polyurethane gravel piles, cement-mixed piles, and gravel piles are significantly lower. Therefore, it cannot be assumed that these piles remain in an elastic state throughout the loading process, and the Mohr-Coulomb model is adopted for simulation. Additionally, these three types of piles have certain drainage capabilities, so 8-node stress-pore pressure coupled solid elements (C3D8P) are used for simulation. The embankment construction process is the same as described earlier. After the embankment is completed, the foundation soils enter the consolidation phase. Consolidation is considered complete, and the foundation settlement is stabilized when the excess pore water pressure is less than 1 kPa.
TABLE 3 | Pile parameters.
[image: Table showing properties of different pile types: Concrete, NPBG, Cement-mixed, and Gravel. It includes weight density (kN/m³), elastic modulus (MPa), Poisson's ratio, cohesion (kPa), internal friction angle (degrees), dilatancy angle (degrees), and permeability (m/day). For instance, a concrete pile has a weight density of 25 kN/m³, elastic modulus of 20,000 MPa, and permeability of 3.28 m/day.]4 RESULTS
4.1 Excess pore water pressure
Considering the low permeability coefficient and the weak, easily deformable nature of the silty clay layer, significant excess pore water pressure is expected to accumulate within this soil layer. The excess pore water pressure values are compared at the surface of this layer (at a depth of 4.7 m in the foundation) and at a deeper level (at a depth of 12.1 m in the foundation). Additionally, the changes in excess pore water pressure within the soil layer at the pile tip (at a depth of 20 m in the foundation) are analyzed, a depth beyond the length of the piles.
Figure 9 shows the variation curves of excess pore water pressure at different depths in the subsoil under the middle of the embankment. It can be seen that the excess pore water pressure variations along the depth are different for various piles. From the depth of 4.7 m–12.1 m to 20 m, the peak excess pore water pressure in the concrete pile reinforced foundation gradually increases, while in the cement-mixed pile reinforced foundation, the excess pore water pressure first increases and then decreases.
[image: Three graphs labeled A, B, and C display excess pore water pressure ratio over time for different pile types: concrete, NPBFC, cement-soil mixing, and gravel piles. The x-axis shows time in seconds, and the y-axis shows pressure ratio in kPa. Each graph shows distinct curves for each pile type, with concrete and NPBFC piles exhibiting higher initial pressure ratios that decrease over time compared to cement-soil mixing and gravel piles.]FIGURE 9 | (A) The variation curves of excess pore water pressure at 4.7 m in the subsoil under the middle of the embankment. (B) The variation curves of excess pore water pressure at 12.1 m in the subsoil under the middle of the embankment. (C) The variation curves of excess pore water pressure at 20 m in the subsoil under the middle of the embankment.
Concrete piles are impermeable, so the pore water in the soil needs to be discharged from the surface of the foundation soil. At a depth of 4.7 m, the drainage path is short, and the excess pore water pressure dissipates quickly. Correspondingly, at a depth of 12.1 m, the drainage path is longer, and the peak excess pore water pressure increases compared to that at 4.7 m. Additionally, due to the high stiffness of concrete piles, more embankment load is transmitted through the piles to the soil layer at the pile tip, resulting in a higher excess pore water pressure at a depth of 20 m.
In contrast, in the cement-mixed pile reinforced foundation, the soil between the piles bears more of the upper load, generating higher excess pore water pressure at a depth of 12.1 m, while lower excess pore water pressure occurs in the soil layer at the pile tip. Moreover, due to the higher permeability coefficient of the soil at the pile tip, the pore water pressure dissipates relatively quickly, resulting in the maximum excess pore water pressure appearing in the deeper soil between the piles.
The load-bearing behavior of the soil in the NPBG porous pile reinforced foundation is similar to that in the cement-mixed pile reinforced foundation. However, the NPBG porous piles have good drainage capability, allowing pore water to be discharged horizontally through the pile body within the pile length range. As a result, the peak excess pore water pressures at depths of 4.7 m and 12.1 m are both very low. However, at a depth of 20 m, beyond the pile length, the drainage distance increases, and the peak excess pore water pressure slightly increases.
The situation is different for the gravel pile reinforced foundation. In the bearing layer area, the distribution of excess pore water pressure along the depth is similar to that of the NPBG porous pile reinforced foundation. However, unlike the latter, gravel piles are discrete material piles with lower stiffness, leading to a higher load-bearing capacity of the soil between the piles. Therefore, the peak excess pore water pressure in the soil between the piles is significantly higher. Due to the difficulty of transmitting the upper load to the deeper foundation, the excess pore water pressure in the soil layer at a depth of 20 m is significantly reduced compared to that in the soil between the piles.
It can also be observed from the figure that after the construction is completed, the dissipation of excess pore water pressure is a relatively slow process in the cement-mixed pile reinforced foundation and the concrete pile reinforced foundation, whereas in the NPBG porous pile reinforced foundation and the gravel pile reinforced foundation, the dissipation occurs more rapidly. This difference is mainly influenced by the drainage capacity of the piles.
Figure 10 shows the variation curves of excess pore water pressure with depth at the toe of the slope. Compared with the excess pore water pressure in the foundation soil at the center of the road, it is not difficult to find that the peak values of excess pore water pressure at various depths at the toe of the slope in both the concrete pile reinforced foundation and the cement-mixed pile reinforced foundation are significantly reduced. This is because the foundation soil at the toe of the slope is subjected to much smaller embankment loads compared to the center of the road. However, in the NPBG porous pile reinforced foundation and the gravel pile reinforced foundation, the excess pore water pressure slightly increases, but the dissipation rate of pore pressure slows down.
[image: Three graphs labeled (A), (B), and (C) display the average angle at repose over time (T), comparing concrete piles, NPGB piles, concrete-soil mixing piles, and gravel piles. Each graph shows similar trends with distinct lines for each pile type, indicating variations in stability and performance over time.]FIGURE 10 | (A) Variation curve of excess pore water pressure at 4.7 m depth of foundation soil at the foot of slope. (B) Variation curve of excess pore water pressure at 12.1 m depth of foundation soil at the foot of slope. (C) Variation curve of excess pore water pressure at 20 m depth of foundation soil at the foot of slope.
The analysis suggests that the foundation soil at the toe of the slope is simultaneously subjected to both vertical and lateral forces, causing the soil to move outward from the embankment and increase the distance between the soil and the piles. This effectively lengthens the drainage path, weakening the effect of the pile’s drainage capacity on the soil, making it more difficult for the excess pore water pressure to dissipate. For the NPBG porous pile composite foundation, the excess pore water pressure in the foundation remains at a relatively low level, having little impact on the consolidation time. In contrast, for the gravel pile reinforced foundation, the consolidation time of the foundation soil at the toe of the slope is significantly extended.
The above analysis indicates that the presence of piles with good drainage capacity in the reinforced foundation can effectively promote the dissipation of excess pore water pressure throughout the foundation soil, thereby accelerating the consolidation of the foundation. However, if the piles have low stiffness (such as gravel piles), it can result in the accumulation of larger excess pore water pressures in the foundation, which also slows down the overall consolidation process of the foundation. Only when the piles in the reinforced foundation possess both sufficient stiffness and good drainage capacity can the time required for the reinforced foundation to complete consolidation be most effectively shortened.
According to Rowe’s research [37], if an embankment is constructed too quickly on a soft clay foundation, the soil may lose strength due to the accumulation of large excess pore water pressure. Therefore, the embankment construction rate should be controlled within a certain range to avoid insufficient bearing capacity of the foundation soil. For this purpose, a reference indicator, the pore water pressure coefficient Bm, is proposed. It is defined as the ratio of the maximum increment of excess pore water pressure to the increment of vertical total stress. The closer this coefficient is to zero, the better the stability of the foundation during embankment construction. Conversely, the larger the coefficient, the poorer the stability of the foundation. In this study, the maximum excess pore water pressure occurs around the time the embankment construction is completed. The increment of vertical total stress is taken as the vertical stress at the surface of the soil between the piles when the construction is finished. The pore water pressure coefficients corresponding to the four types of reinforced foundations are shown in Table 4.
TABLE 4 | Pore water pressure coefficients.
[image: Table comparing different pile types with values for maximum increment of excess pore water pressure, increment of vertical total stress, and pore water pressure coefficient. Concrete piles show 13.4 kPa, 24.4 kPa, and 0.55 respectively. NPBG piles show 1.0 kPa, 42.6 kPa, and 0.02. Cement-mixed piles show 53.0 kPa, 57.6 kPa, and 0.92. Gravel piles show 4.0 kPa, 108.3 kPa, and 0.04.]As shown in the table, the pore water pressure coefficients in the concrete pile reinforced foundation and the cement-mixed pile reinforced foundation are at a very high level, especially for the cement-mixed pile reinforced foundation, where the coefficient approaches 1. This indicates that most of the upper load is converted into excess pore water pressure, with a smaller proportion of the load borne by the soil skeleton, which is likely to cause instability in the reinforced foundation. In contrast, the pore water pressure coefficients in the NPBG porous pile reinforced foundation and the gravel pile reinforced foundation are 0.02 and 0.04, respectively, values close to 0. This indicates that the pore pressure can dissipate promptly and that the additional upper load has largely been converted into effective stress within the soil. Thus, if the embankment construction speed is fast, the likelihood of bearing capacity failure is much higher for the concrete pile reinforced foundation and the cement-mixed pile reinforced foundation compared to the NPBG porous pile reinforced foundation and the gravel pile reinforced foundation. From the perspective of the pore water pressure coefficient, a longer construction period should be designed for the former two to ensure the stability of the reinforced foundation. Conversely, even with a continuous embankment construction plan, the pore water pressure coefficient for the latter two can remain very low, making the likelihood of bearing capacity failure quite small. Therefore, for projects requiring continuous embankment construction or with short construction periods, using NPBG porous piles for foundation treatment offers significant advantages over using concrete piles, cement-mixed piles, and gravel piles.
4.2 Settlement
Figures 11A,B show the settlement curves over time for the pile and the soil between piles at the surface of the reinforced foundation. From the figures, it can be seen that during construction, the settlement of both the pile top and the soil surface between piles increases rapidly due to the gradually increasing embankment load. After construction is completed and the embankment load no longer increases, the settlements of the pile top and the soil surface between piles in the NPBG porous pile reinforced foundation and the gravel pile reinforced foundation also almost stop increasing. In the concrete pile reinforced foundation and the cement-mixed pile reinforced foundation, the settlements of the pile top and the soil surface between piles slow down with the consolidation of the foundation soil and eventually stabilize. This indicates that the foundation soils in the NPBG porous pile reinforced foundation and the gravel pile reinforced foundation consolidate quickly, while the concrete pile reinforced foundation and the cement-mixed pile reinforced foundation require a longer consolidation period to achieve settlement stability. Furthermore, regardless of whether it is the settlement at the pile top or the soil surface between piles, the final settlement amounts in ascending order are: concrete pile, NPBG porous pile, cement-mixed pile, and gravel pile. This shows that under the same embankment load, the stiffness of the pile is the main factor determining the final settlement amount of the foundation.
[image: Three graphs show data on pile performance. Graphs (A) and (B) depict settlement (millimeters) over time (days) for four pile types: concrete, NP8PG, cement-soil mixing, and gravel. Graph (C) shows consolidation degree (percentage) over time (days) for the same pile types, displaying varied consolidation behavior.]FIGURE 11 | (A) The settlement curves over time for the pile. (B) The settlement curves over time for the soil between piles at the surface. (C) The variation of consolidation degree of the foundation surface with time.
The Figure 11C shows the variation of consolidation degree of the foundation surface with time, providing a more intuitive comparison of the settlement process of reinforced foundations. The consolidation degree is defined as the ratio of settlement at a certain moment to the final settlement of the foundation surface. The results indicate that due to the lack of drainage capability or weak drainage capability of the concrete pile and cement-mixed pile, these two types of reinforced foundations exhibit lower consolidation degrees at any given moment. In contrast, the NPBG porous pile and gravel pile, which have good drainage capability, show higher consolidation degrees at any given moment. This also demonstrates that the drainage capability of pile bodies in reinforced foundations significantly influences the consolidation speed of the reinforced foundations.
Post-construction settlement refers to the settlement of the embankment from the end of construction until stabilization, which is an important criterion in road embankment design. Excessive post-construction settlement can adversely affect the normal operation of the road. The calculated results of post-construction settlement in this study are shown in Table 5, where the post-construction settlement ratio is defined as the ratio of settlement at the central top of the embankment to the total settlement. Based on the table, it is evident that the embankment supported by NPBG porous piles not only has relatively smaller total settlement at the top of the embankment but also exhibits significantly lower post-construction settlement and post-construction settlement ratio compared to the other three types. While the embankment supported by concrete piles shows the smallest total settlement, its post-construction settlement ratio is relatively high. The embankment supported by gravel piles has the largest total settlement, although its post-construction settlement ratio is smaller, the numerical value is larger. The embankment supported by cement-mixed piles has a much larger post-construction settlement and post-construction settlement ratio than the other three types. These results indicate that when the pile has good permeability, more than 95% of the embankment’s settlement occurs during construction, which is beneficial for controlling post-construction settlement. Conversely, when the pile has weaker or no permeability, a significant portion of settlement occurs after construction, requiring a longer period for consolidation settlement to stabilize.
TABLE 5 | The calculated results of post-construction settlement.
[image: Table comparing different pile types: Concrete, NPBG, Cement-mixed, and Gravel. It shows total settlement in millimeters, post-construction settlement in millimeters, and post-construction settlement ratio in percentages. Values vary per pile type.]Therefore, when piles in reinforced foundations have certain stiffness but poor or weak drainage capabilities (such as concrete piles and cement-mixed piles), it is advantageous for reducing total settlement of the foundation. However, the consolidation rate of the foundation is slower, leading to relatively higher post-construction settlement of the embankment and delaying the time for the embankment to be put into use. On the other hand, when piles in reinforced foundations have good drainage capabilities but lower stiffness (such as gravel piles), the consolidation rate of the foundation is faster, resulting in relatively smaller post-construction settlement of the embankment. However, the total settlement of the foundation increases significantly, often requiring additional fill material to achieve the desired height, thereby increasing construction costs.
However, NPBG porous piles combine certain stiffness with excellent drainage capabilities. Using this type of pile to handle the foundation can effectively control total settlement of the foundation while significantly reducing post-construction settlement of the embankment. This approach has a notable impact on shortening embankment construction time, reducing costs, and ensuring the normal use of the embankment.
4.3 Pile-soil stress and soil arching effect
Figures 12A,B depict the variation of stress at pile tops and at the surface of the pile-intermediate soil with time, respectively. During the embankment filling process, as the embankment load increases, both the stress at pile tops and at the surface of the pile-intermediate soil gradually increase, with the stress at pile tops increasing much faster than that at the surface of the pile-intermediate soil. After construction is completed, in the concrete pile reinforced foundation and cement-mixed pile reinforced foundation, the stress at pile tops continues to increase but with a smaller rate of increase, while the stress at the surface of the pile-intermediate soil shows a decreasing trend, eventually stabilizing. In contrast, in the NPBG porous pile reinforced foundation and gravel pile reinforced foundation, both the stress at pile tops and at the surface of the pile-intermediate soil remain almost unchanged. From the stable state, it can be concluded that for piles with higher stiffness, the stress at pile tops is higher and the stress at the surface of the pile-intermediate soil is lower. Conversely, for piles with lower stiffness, the stress at pile tops is lower and the stress at the surface of the pile-intermediate soil is higher.
[image: Four images depict stress and displacement analyses of different pile types.   (A) Graph showing stress over time for concrete, HWD-concrete, composite steel, and gravel piles, with varying stress levels.  (B) Similar graph focusing on two pile types, highlighting their stress patterns.  (C) Graph illustrating displacement patterns for the same pile types, showcasing differences in response over time.  (D) Visualization of von Mises stress distribution in a cross-section of piles, with a color gradient indicating stress levels from low to high.]FIGURE 12 | (A) The variation of stress at pile tops with time. (B) The variation of stress at the surface of the pile-intermediate soil with time. (C) The differential settlement caused by the varying stiffness between piles and soil modulus. (D) Stress concentration at the top of the pile.
After construction is completed, the decrease in stress at the soil-pile interface can be attributed to the arching effect in soil. Generally, when soil experiences uneven deformation, there exists a shear friction between regions with different deformation extents. This shear friction tends to resist further movement in areas with larger deformations while promoting greater deformation in regions with lesser deformations. Therefore, the differential settlement caused by the varying stiffness between piles and soil modulus is attributed to the arching effect, as illustrated in Figure 12C.
The occurrence of differential settlement causes a downward displacement tendency of the embankment fill above the soil between piles compared to the fill above the pile tops. The embankment fill has a certain shear strength, which results in downward shear stresses acting on the fill above the piles. Through these shear stresses, a portion of the embankment load above the soil between piles transfers to the piles themselves, thereby redistributing the embankment load between piles and the soil between them. This redistribution reduces the load carried by the soil between piles and increases the load carried by the piles, as depicted in Figure 12D. After construction, as the soil continues to consolidate, the settlement of the soil between piles increases, amplifying the differential settlement between piles and soil. This promotes the development of soil arching effects within the embankment, explaining why the stress at the soil-pile interface above the soil between piles gradually decreases after construction in concrete pile reinforced foundations and cement mixed pile reinforced foundations. As discussed earlier, in polyurethane gravel pile reinforced foundations and gravel pile reinforced foundations, the settlement of the foundation soil mainly occurs during the embankment construction period. This indicates that the soil between piles consolidates rapidly during this period, promptly transferring a portion of the load it bears to the pile tops, thus reducing the potential for foundation soil damage.
Figure 13A shows the variation of the pile-to-soil stress ratio in foundations over time. From the information in the figure, it can be seen that due to the soil arching effect, as the height of the embankment increases, the differential settlement between the piles and soil also increases, leading to a gradual increase in the pile-to-soil stress ratio for concrete pile reinforced foundations, NPBG porous pile reinforced foundations, and cement mixed pile reinforced foundations.
[image: Four graphs labeled (A) to (D) compare different pile types: concrete, NPG, cement-soil mixing, and gravel. (A) shows a settlement vs. load curve, (B) presents a time vs. settlement curve, (C) illustrates a load vs. displacement graph, and (D) depicts a time vs. negative skin friction graph. Each graph displays distinct curves for the pile types with varying performance characteristics, highlighting differences in load handling and displacement over time.]FIGURE 13 | (A) The variation of the pile-to-soil stress ratio over time. (B) The variation of additional stress over time for the soil at the pile end (at a depth of 20 meters). (C) The variation of settlement over time for the soil at the pile end (at a depth of 20 meters). (D) The variation curve of the stress reduction coefficient over time.
However, for gravel pile reinforced foundations, the pile-to-soil stress ratio gradually increases before the embankment height reaches 1.1 m. After the embankment height exceeds 1.1 m, the pile-to-soil stress ratio first decreases rapidly and then gradually stabilizes. This is because the strength of the gravel piles is relatively low, and when the upper load reaches a certain value, the piles are unable to bear additional loads, causing some of the load to transfer to the soil.
After the construction is completed, the pile-to-soil stress ratio continues to increase and eventually stabilizes for concrete pile reinforced foundations and cement mixed pile reinforced foundations. In contrast, the pile-to-soil stress ratio for NPBG porous pile reinforced foundations and gravel pile reinforced foundations remains relatively unchanged.
Figures 13B,C illustrate the variation of additional stress and settlement over time for the soil at the pile end (at a depth of 20 m). It can be observed that at this depth, the NPBG porous pile reinforced foundation experiences the highest additional stress and the most significant settlement. The concrete pile reinforced foundation shows slightly lower values for both, while the gravel pile reinforced foundation has the lowest values. In the cement-mixed pile reinforced foundation, both values are slightly higher than those in the gravel pile reinforced foundation. This indicates that in the NPBG porous pile reinforced foundation, more embankment load can be transmitted through the piles to the relatively firm soil layer at the pile end, resulting in greater settlement of the pile end soil. Consequently, this reduces the load borne by the soil in the reinforced area, leading to less compression of the soil layers in the reinforced zone and manifesting as smaller differential settlement between the piles and soil on the surface of the foundation.
The degree of development of the soil arching effect is a crucial issue in the design of pile-supported reinforced embankments. This study uses the stress reduction coefficient as an indicator to evaluate the strength of the soil arching effect [32]. The expression for the stress reduction coefficient is shown in Equation 1:
[image: Equation showing \( S_y = \frac{P_s}{\gamma H_e} \), labeled as equation (1).]
where [image: Please upload the image or provide a URL so I can generate the alternate text for it.] is the stress reduction coefficient; [image: It seems there was no image uploaded. Please try again by uploading the image or providing a URL. Additionally, you can include a caption for more context.] is the stress on the soil between the piles; [image: Please upload the image or provide a URL for me to generate the alternate text.] is the unit weight of the embankment fill material; [image: Stylized letter "H" with a subscript "e," likely representing the chemical symbol for helium.] is the height of the embankment fill.
The value of the stress reduction coefficient generally ranges from 0 to 1. When [image: Please upload the image or provide a URL for me to generate the alt text.] = 0, it indicates that all the embankment load is borne by the piles. Conversely, when [image: Please upload the image or provide a URL, and I will generate the alt text for you.] = 1, it indicates that no soil arching effect has occurred in the embankment fill, and the pressure on the soil surface between the piles equals the embankment load. Figure 13D compares the variation of the stress reduction coefficient over time for the four types of pile reinforced foundations.
From the figure, it can be seen that the stress reduction coefficient shows varying degrees of decrease at the beginning of the construction, indicating that the soil arching effect starts to act when the differential settlement between the piles and the soil is still small. As mentioned earlier, the NPBG porous pile reinforced foundation exhibits low excess pore pressure values that dissipate quickly post-construction, leading to rapid soil consolidation and stabilization of pile-soil differential settlement. Therefore, compared to the cement-mixed pile reinforced foundation, the stress reduction coefficient for the NPBG porous pile reinforced foundation decreases more rapidly during construction and remains almost unchanged after embankment filling is completed, reaching 0.41.
In contrast, the cement-mixed pile reinforced foundation has a slower soil consolidation rate. As the embankment load increases, the pore water in the soil cannot be discharged promptly, causing a slower transfer of the load from the soil to the piles. The stress reduction coefficient fluctuates around 0.62. After construction is completed, with the gradual dissipation of excess pore pressure, the differential settlement between the piles and the soil continues to increase, leading to a continuous decrease in the coefficient value.
The concrete pile has high stiffness and good load transfer capability, resulting in the reinforced soil bearing less load and developing differential settlement quickly. However, the post-construction consolidation rate of the soil is also slow, resulting in a significant reduction in the stress reduction coefficient both during and after construction. The stress reduction coefficient of the gravel pile reinforced foundation shows a different trend compared to the previous three. It first decreases to 0.95, then increases to 1.05 as the embankment height reaches 1.1 m, and remains stable after construction is completed.
This analysis suggests that the stress reduction coefficient remaining around 1 indicates that the soil arching effect is hardly working, which corresponds to the minimal pile-soil differential settlement (less than 1 mm). When the coefficient exceeds 1, it suggests that due to the uneven settlement of the foundation surface, the settlement is usually greatest in the center and decreases towards the sides. This uneven settlement causes the embankment load not to act vertically on the foundation surface. The load on the adjacent fill material tends to transfer towards the center of the foundation, thereby underestimating the embankment load at that location and resulting in a coefficient value greater than 1.
4.4 Equal settlement plain in embankment
Due to the soil arching effect within the embankment fill, the settlement at the same elevation within the embankment is not uniform. The settlement of the fill within the pile top area is less than that within the pile-interpile soil area, and this phenomenon becomes more pronounced closer to the base of the embankment. As the height of the embankment fill increases, the differential settlement within different positions of the embankment gradually decreases until, at a certain height, there is no differential settlement within the plane. This plane is referred to as the equal settlement plane within the embankment. In engineering design, it is required that the height of the equal settlement plane be lower than the fill height of the embankment; otherwise, the surface will be uneven and unusable.
As shown in Figure 14, from the base of the embankment (z = 25 m) upward, the differential settlement on the same horizontal plane gradually decreases. For the embankment supported by concrete piles, the equal settlement plane is approximately 3.5 m above the base of the embankment. For the embankment supported by NPBG porous piles, the equal settlement plane is about 2 m above the base, while for the embankment supported by cement-mixed piles, it is approximately 5.3 m above the base. The ratios of the equal settlement plane height to the clear spacing between piles are 2.7, 1.5, and 4.1, respectively. In comparison, the use of NPBG porous piles to treat the foundation has a significant effect on reducing the height of the equal settlement plane, which indicates a promising application in projects requiring the construction of low embankments.
[image: Three line graphs labeled A, B, and C compare seepage flow against distance from the middle of an embankment. Graph A shows data for P equals zero point five meters, two point five meters, and seven point five meters. Graph B displays results for P equals two meters, five meters, and seven point five meters. Graph C includes results for P equals 10 meters, 20 meters, and 30 meters. Each graph shows distinct flow patterns, with the blue line generally representing higher seepage flow across all graphs.]FIGURE 14 | (A) Plane settlement at different heights within the embankment supported by concrete piles. (B) Plane settlement at different heights within the embankment supported by NPBG porous piles. (C) Plane settlement at different heights within the embankment supported by cement-soil mixing piles.
4.5 Tension force of geogrid
Figure 15A illustrates the tensile force of the geogrid in the four types of pile reinforced foundations. As shown in the figure, the concrete piles, NPBG porous piles, and cement-mixed piles are bonded material piles with high pile stiffness. Therefore, the maximum geogrid tensile force appears at the edge of the pile, influenced by both the differential settlement between the pile and soil and the deformation of the embankment. For embankments supported by concrete piles and NPBG porous piles, the lateral displacement at the toe of the embankment is relatively small, being 49.0 mm and 47.2 mm, respectively. As a result, the tensile force in the geogrid above the center of the soil between the piles is close to zero. However, the differential settlement between the pile and soil is slightly larger in the concrete pile reinforced foundation, resulting in higher tensile force in the geogrid above the pile. In the cement-mixed pile reinforced foundation, the differential settlement between the pile and soil is significant, and the lateral displacement at the toe of the embankment is also large, measuring 79.3 mm. Consequently, the tensile force in the geogrid above the pile is the highest, and there is also a small tensile force in the geogrid above the center of the soil between the piles. The gravel piles are granular material piles and are prone to deformation. Hence, the maximum geogrid tensile force appears above the center of the pile. Although the differential settlement between the pile and soil is small, the lateral displacement at the toe of the embankment is the largest, approximately 98.9 mm. Therefore, the distribution of the geogrid tensile force is relatively uniform, and the tensile force values are at a lower level.
[image: A series of five graphs labeled A to E display various data analyses related to embankment studies. Graph A shows slope angles with lines representing convex and concave pile arrangements. Graphs B, C, and D present vertical stresses measured in kilopascals, comparing "below" and "above" embankment conditions across different scenarios. Graph E illustrates a nearly flat line comparing vertical stresses "below" and "above" for a specified condition. Each graph includes a legend identifying the data lines.]FIGURE 15 | (A) Tensile force of the geogrid. (B) Vertical stresses above and below geogrids in the embankment supported by concrete piles. (C) Vertical stresses above and below geogrids in the embankment supported by NPBG porous piles. (D) Vertical stresses above and below geogrids in the embankment supported by cement-soil mixing piles. (E) Vertical stresses above and below geogrids in the embankment supported by gravel piles.
Figures 15B–E shows the vertical stress conditions above and below the geogrid in the four types of pile reinforced foundations. From the figure, it can be seen that the inclusion of the geogrid results in different vertical stress states above and below it. The stress state above the geogrid is mainly caused by the soil arching effect, while the stress below is influenced not only by the soil arching effect but also by the vertical component of the tensile force in the geogrid. This reflects the membrane effect on the vertical stress, which requires some vertical deformation of the reinforcement material to develop. In Figures 15B–E, which represent the three bonded material pile reinforced foundations, the maximum stress above the geogrid occurs near the center of the pile, while below the geogrid, it shifts towards the edge of the pile. This is consistent with the previous description that the maximum tensile force in the geogrid appears at the edge of the pile. Therefore, with the action of the geogrid, the embankment load is more transferred from the soil between the piles to the piles, and it acts relatively uniformly on the top surface of the piles. For the gravel pile reinforced foundation, a similar pattern is observed, but because the modulus difference between the gravel pile and the foundation soil is not significant, the differential settlement between the pile and soil is small, making the membrane effect less pronounced. Hence, the vertical stress states above and below the geogrid are relatively similar. Comparing the vertical stress at point K on the geogrid (above the pile), the difference in vertical stress between the top and bottom of the geogrid at this point for concrete piles, NPBG porous piles, cement-mixed piles, and gravel piles are 107.2 kPa, 72.0 kPa, 70.9 kPa, and 10.6 kPa, respectively. It can be observed that although the differential settlement between the pile and soil in the NPBG porous pile reinforced foundation is small, resulting in a smaller tensile force in the geogrid, the membrane effect is still significant. Therefore, geogrids with lower tensile strength can be used, reducing construction costs.
5 CONCLUSION
This paper investigates the application characteristics of NPBG porous new materials in soft soil reinforced pile foundations. Through triaxial compression tests, the stress-strain characteristics and strength parameters of NPBG porous materials were obtained. The effects of polyurethane content, confining pressure, and other factors on the stress-strain characteristics, shear strength, internal friction angle, and cohesion of NPBG were explored. Subsequently, three-dimensional finite element numerical models of four types of pile reinforced foundations—concrete piles, NPBG porous piles, cement-mixed piles, and gravel piles—were established under embankments. The differences among the four pile types were compared in terms of excess pore water pressure, settlement, pile-soil stress, and geogrid stress. The bearing characteristics of the NPBG porous pile were elaborated, with main conclusions as follows:
	(1) The triaxial test results show that the stress-strain curve of NPBG porous material exhibits softening characteristics, with the deviator stress reaching its peak at an axial strain of approximately 2.1%. Under shear stress, the material generally shows volumetric expansion. With constant confining pressure, the strength of the sample increases as the polyurethane content increases. The cohesion of NPBG porous material significantly improves with the increase in polyurethane content, although the internal friction angle does not show a noticeable enhancement.
	(2) The numerical calculation results indicate that the stiffness and permeability of the piles in foundations significantly affect the dissipation rate of excess pore water pressure in the foundation soil. Compared with concrete piles, cement-mixed piles, and gravel piles, using non-foamed polyurethane gravel piles, which have a combination of certain stiffness and good drainage capability, results in faster consolidation and more efficient dissipation of excess pore water pressure. This improves the stability of the foundation during embankment construction.
	(3) The stiffness of the piles determines the total settlement of the foundation, with a higher pile modulus resulting in less foundation settlement. However, the post-construction settlement of the embankment is influenced by both the stiffness and permeability of the piles. Using NPBG porous piles with good permeability allows 95% of the total settlement to occur during the construction period, significantly reducing post-construction settlement. Additionally, when the piles have a higher modulus, the proportion of post-construction settlement is further reduced.
	(4) The higher the stiffness of the piles, the greater the pile-soil stress ratio in the foundation, making the soil arching effect more pronounced. However, if the pile strength is insufficient during the loading process, the stress ratio will decrease. The good permeability of NPBG porous piles allows the soil between the piles to share more of the overlying embankment load in a short time, reducing the differential settlement between the piles and the soil. This results in a lower height of the equal settlement plane within the embankment and smaller tensile forces in the geogrid within the cushion layer.
	(5) The NPBG porous pile has good stiffness and excellent permeability. Therefore, in the foundation, the NPBG porous pile not only serves as reinforcement but also functions as a drainage channel. This gives the NPBG porous pile reinforced foundation faster consolidation and smaller post-construction settlement, making it highly advantageous for embankment projects involving continuous or rapid filling, as well as low embankment projects.
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Geosynthetic-reinforced pile-supported embankments have seen widespread adoption worldwide in recent years due to their cost-effectiveness and construction efficiency. In this system, the conventional pile cap is replaced by the geogrid-reinforced soil platform (GRSP), which enhances horizontal load transfer to stabilize the embankment. This study investigates the influences of GRSP on the behavior of pile-supported embankments through field testing and numerical computation. The measured results of field testing indicate that a well-compacted GRSP reduces the lateral displacement of the embankment and changes the development of pressures acting on pile and soil. Numerical analysis demonstrates that both soil arching and tensioned membrane effects effectively transfer loads from the soil to the piles, with the tensioned membrane effect typically being more prominent. The characteristics of the GRSP have a significant impact on both effects, with elastic modulus, tensile stiffness, and friction angle being the three most crucial parameters for reducing embankment settlement.
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1 INTRODUCTION
A large number of highway embankments are constructed on soft soil, and the geosynthetic-reinforced pile-supported embankments have been increasingly adopted all over the world in the recent years (Liu et al., 2007; 2015; Xing et al., 2014; Esmaeili et al., 2018; Wu et al., 2022; Du et al., 2024) owing to their high cost effectiveness and construction efficiency. In this system, piles (i.e., concrete pile, deep mix column, and stone pile) reinforce the soft soil vertically and are important to impart the loads from the embankment to deeper firm soil (Pham et al., 2004; Stewart et al., 2004; Huang et al., 2009). The geosynthetic-reinforced soil platform (GRSP) enhances horizontal load transfer to stabilize the embankment, and the conventional pile cap is replaced by GRSP, allowing the load between piles to be partially transferred to the pile head (Han J. and Gabr M. A., 2002; Briançon and Simon, 2012; Rowe and Liu, 2015). The GRSP consists of a single or multiple geosynthetic layers (such as geogrid) and soil, with the cohesionless soil being commonly used in practice due to drainage and consolidation of foundation soil under embankment loading. Since the piles bear the majority of the embankment load, the stress on the foundation soil is substantially reduced, leading to a decrease in both vertical and lateral displacements of the embankment. Consequently, this approach allows for the construction of higher embankments on soft soil. The behavior of geosynthetic-reinforced pile-supported embankment was investigated by model experiments (Blanc et al., 2013; Okyay et al., 2014; Rui et al., 2019; Shen et al., 2020), full-scale field tests (Briançon and Simon, 2012; Zhou et al., 2016; van Eekelen et al., 2020; Terqueux et al., 2023), and numerical simulations (Huang and Han, 2010; Borges and Marques, 2011; Rowe and Liu, 2015; Badakhshan et al., 2020; Ghosh et al., 2021; Khosrojerdi et al., 2018). The performance of load transfer from soft soil to piles has been widely acknowledged as the soil arching effect in embankments (Terzaghi, 1943). Apart from the model proposed by Terzaghi (1936), various methods have been introduced to model the soil arching effect (Xu et al., 2018; Yan et al., 2022; Zhang et al., 2022). However, these models generally ignored the influence of the GRSP and the supporting effect of the foundation soil between piles. In addition to the soil arching effect, the tensioned membrane or stiffened platform effect of the GRSP and the stiffness difference between the pile and soil in foundation are load transfer mechanisms (Han J. and Gabr M. A., 2002). Based on the load transfer mechanisms revealed by field or laboratory testing, many design methods have been proposed, but some of them yield quite different results, especially in the tension force of geosynthetics in the GRSP and the stress reduction ratio (Stewart and Filz, 2005; Chen et al., 2010; Rowe and Liu, 2015).
Several studies have addressed the GRSP, primarily focusing on the role of geosynthetics within the system. Analyses have examined how the stiffness of geosynthetics affects the performance of pile-supported embankments, revealing that geosynthetic properties within the GRSP can significantly influence embankment behavior (e.g., settlement and soil arching) and foundation performance (e.g., load transfer efficiency from the soil to pile and differential settlement between the pile and soil) (Han and Gabr, 2002; Huang and Han, 2010).The distribution of tensile force and strain of geosynthetics was obtained via numerical computation and field testing, revealing that the maximum strain and tensile force occur at the edge of pile heads after the completion of the embankment construction (Han J. and Gabr M. A., 2002; Liu et al., 2007; Huang et al., 2009). Furthermore, the effects of multiple layers of geosynthetic reinforcement on the performance of the pile-supported embankment were discussed via field testing and numerical analysis (Briançon and Simon, 2012; Rowe and Liu, 2015). In addition to the effect of geosynthetics in GRSP, the soil in GRSP also influences the load mechanism. As a result of the penetration of the pile head into the GRSP soil (i.e., gravel), the GRSP soil partially moves to the soil surface surrounding the pile, ensuring that the upper loads act on the foundation soil continuously. The contact surface force between geosynthetics and soil in GRSP is influenced by the tensile force in geosynthetics. In summary, the characteristics of the GRSP have significant influences on the load transfer mechanism of the embankment and foundation.
The objective of this study is to report the influences of GRSP on the performance of the pile-supported embankment, and the effect of the compaction of GRSP materials is studied by comparative field testing. Moreover, based on field testing, parametric studies of GRSP materials, including both soil and geogrid, are conducted via the finite-element analysis. The performances of the pile-supported embankment investigated using the numerical analysis include the stress concentration ratio of pile to soil, soil arching effect, tensioned membrane effect, differential settlement of pile and soil, settlement of the embankment surface, and height of the plane of equal settlement in the embankment and its settlement.
2 FULL-SCALE FIELD TEST
2.1 Site conditions
The site is located in a suburb of Jiangsu province, China. The soil profile is as follows: there is a 2.0-m-thick loam overlying an 8.4-m-thick deposit of fluidal plastic muddy clay; this deposit overlies soft, plastic, sandy loam of approximately 3.2 m thick. A sandy clay layer of approximately 7.4 m thick lies beneath the soft sandy loam, followed by a deeper layer of medium-density silty sand of approximately 10.8 m thick. The ground water level was 1.2 m high. The soil properties are listed in Table 1.
TABLE 1 | Soil properties.
[image: Table displaying different soil layers with their respective thickness in meters, status, and shear resistance in kilopascals. Loam is 2.0 m thick, plastic status, with 17.4 kPa shear resistance. Muddy clay is 8.4 m, fluidal plastic, 16.5 kPa. Sandy loam is 3.2 m, soft plastic, 23.3 kPa. Sandy clay is 7.4 m, plastic, 31.4 kPa. Silty sand is 10.8 m, medium dense, 39.2 kPa.]2.2 Geogrid-reinforced pile-supported highway embankment
The highway embankment is 5.7 m high and 249 m long with a crown width of 35 m. The side slope is 1V: 1.5H. The filling material mainly consists of pulverized fuel ash and clay with the cohesion of 10 kPa, the angle of friction of 26°, and the average unit weight of 18.5 kN/m3. The cross-sectional view of the testing embankment and the locations of instruments are illustrated in Figure 1.
[image: Sectional and plan view diagrams of Pile A with labeled dimensions and components. The section view shows the embankment and pile layout. The plan view depicts pile arrangement labeled E1 to E6 with dimensions. Soil layers are indicated: muddy clay, sandy loam, sandy clay, and silty sand. Components like geogrid of GRSR and surface settlement plates are included.]FIGURE 1 | Cross-section of the instrumented embankment.
The embankment is supported by Cast-in situ concrete large-diameter pipe (PCC) pile (Liu et al., 2007). The minimum compressive strength of the concrete is 15 MPa. The pipe piles are 16 m in length, the outer diameter of each pile is 1.0 m, and the thickness of the concrete annulus is 120 mm. The pipe piles are arranged in a square pattern at a spacing of approximately three times the pile diameter (3.3 m) from the center to the center of the adjacent piles. The replacement ratio, defined as the percent coverage of the pile annular area over the total foundation area, is 3.1%. A 0.5-m-thick gravel layer is placed on the top of piles, in which two layers of a biaxial polypropylene geogrid are sandwiched. One layer of the geogrid is placed in the middle of the gravel layer, and the other is placed on the top of the gravel layer. The gravel and geogrid form the composite-reinforced bearing layer between the embankment and pile-reinforced foundation, and the composite-reinforced bearing layer is named GRSP, which is shown in Figure 1. The tensile strength in the longitudinal and latitudinal directions of the geogrid is 90 kN/m, and the natural dry density and the maximum dry density of platform gravel are 1.43 kN/m3 and 1.87 kN/m3, respectively. The details of the geogrid-reinforced platform construction are as follows:
First,, a 0.25-m layer of gravel is placed on top of the piles for platform construction, followed by compaction. Next, the first layer of the geogrid is installed. A second 0.25-m layer of gravel is then placed using two different methods for placement: i) spreading and compacting the gravel from the platform center toward both sides using a 4-ton vibratory compactor to achieve a compaction degree of over 90% and ii) placing the gravel from one side to the other without compaction. Finally, the second geogrid layer is installed atop the gravel. These two construction methods for the geogrid-reinforced platform lead to different gravel densities and interaction forces between the geogrid and gravel before embankment filling. The first method (with compaction) produces a higher gravel strength and greater contact force between the geogrid and gravel than the second method (without compaction). For both construction methods, the geogrid was wrapped and anchored back into the platform or embankment over 5 m long at the edges of the embankment.
In order to monitor the performance of the embankment during construction, various instruments were installed in situ (Figure 1). The installed instruments are detailed as follows: i) earth pressure cells were used to measure the vertical loads shared by piles and the surrounding soil. Cells measuring load directly on the pile were installed at the pile heads, with a measuring range of 0–1.0 MPa. Additional cells measuring the load carried by the soils were fixed on the surface of the surrounding soil beneath the GRSP (Figure 1) and measured using portable readout equipment. ii) Four settlement plates were installed at the pile head level, both near the shoulder of the embankment and in the center. One was on the top of the pile, and the other was in the surrounding soil in the middle of the pile spacing. The vertical settlements were monitored using digital level gauges. iii) A vertical inclinometer, 25 m in length, was installed at the embankment toe. All the instruments were installed after the completion of pile construction but before building GRSP and embankment. The field monitoring started with the construction of GRSP and lasted approximately 5 months after the completion of the embankment.
3 NUMERICAL MODEL CALIBRATION AND PARAMETRIC STUDY
In order to investigate the influences of GRSP parameters on the performance of the pile-supported embankment, a 2D axisymmetric model was used to simulate the single pile and the surrounding soil with the finite element software PLAXIS. The constitutive models, simulation of construction, and modeling procedures are described below.
The embankment fill, gravel of GRSP, and foundation soils are modeled as linearly elastic, perfectly plastic materials obeying the Mohr–Coulomb failure criteria. The Mohr–Coulomb model requires five parameters: effective cohesion, inner friction angle, dilatancy angle, effective Young’s modulus, and Poisson’s ratio, as outlined in Table 2. These parameters were derived from the geotechnical investigation report for Yancheng, Jiangsu Province, with the dilatancy angle assumed to be 0°. The pile is modeled as an isotropic linear elastic material with a Young’s modulus of 20 GPa and a Poisson’s ratio of 0.2. The geogrid in GRSP is modeled as a geogrid element incorporated into the software, which can sustain axial tensile force only, and the tensile stiffness of geogrid is 1,125 kN/m. Furthermore, the interface yield stress is also determined by the Mohr–Coulomb failure criteria, and a reduction factor of 0.7 is applied to the pile–soil contact face and geogrid–gravel contact face, based on the shear strength of GRSP gravel and foundation soil.
TABLE 2 | Parameters for FEM analysis.
[image: Table showing soil properties for different materials: Embankment, Loam, Muddy Clay, Sandy Loam, Sandy Clay, Silty Sand, and Gravel. Columns include unit weight (γ kN/m³), effective cohesion (c' kPa), effective friction angle (φ' degrees), Young’s modulus (E MPa), and Poisson's ratio (ν). Each material has specific values listed. Note explains that γ is unit weight, c' is cohesion, φ' is friction angle, E is modulus, and ν is Poisson's ratio.]The modeling procedure consists of two main steps: to construct initial soil stress field and to model six-staged embankment construction. The staged embankment construction includes six filling steps to the top of the embankment in simulation.
The parametric study on the characteristics of the GRSP was carried out, and the baseline case is the field testing mentioned above. The values of all influencing factors are listed in Table 3. In addition, one parameter was deviated from the baseline case at one time to explore the influences of the specific factor. The variation ranges of all the factors cover the typical range in practice.
TABLE 3 | Values of influencing factors of GRSP used.
[image: Table showing parameters and values for Gravel and Geogrid in GRSP. For Gravel: Elastic modulus ranges from 15 to 100 MPa, Thickness from 10 to 50 cm, Inner friction angle from 10 to 40 degrees. For Geogrid: Tensile stiffness ranges from 600 to 2,250 kN/m, Layers and placement include configurations from 1 to 3. Values marked with an asterisk are used in the baseline case.]4 MEASURED AND COMPUTED RESULTS
4.1 Performance of the geogrid-reinforced soil platform pile-supported embankment
The settlements of the pile and soil are illustrated in Figure 2A. Settlement plates measured the settlements. With the increase in the embankment height, the settlements of both the pile and soil increase, with the similar settlement trends. At the beginning of the embankment filling, the settlements of the pile and soil are quite small, and the settlement rate increases slowly, especially for the pile settlement. As the embankment reaches 2.5–3.0 m high, the settlement rate increases obviously, and the settlement rate of soil is larger than that of piles. The filling height of each step has a significant effect on the settlement rate (i.e., embankment height from 3.7 m to 5.7 m). Following the completion of embankment construction, settlement due to the gradual dissipation of excess pore water pressure accumulated during construction that continued for several months.
[image: Three line graphs labeled A, B, and C show soil mechanics data over time. Graph A displays embankment height and settlement in days. Graph B shows measured vs. computed pore pressure with embankment height over days. Graph C illustrates vertical stress with embankment height versus time in days. Data points and trends are distinct, with each graph showing changes over approximately 350 days.]FIGURE 2 | (A) Measured settlement of the pile head and soil surface. (B) Measured and computed differential settlement of the pile head and soil surface. (C) Measured and computed pressure acted on the pile head and soil surface.
Figures 2B, C show the differential settlement and stress ratio of the pile and soil, respectively. The differential settlement obtained by subtracting the pile settlement from the foundation soil surface settlement reflects the deformation of GRSP. The stress ratio of pile to soil, defined as vertical stress acting on the pile head to that on the soil surface, was measured by earth pressure cells. The stress ratio reflects the load redistribution between the pile and soil due to deformation of the GRSP. At the beginning of embankment construction (H < 1 m), the settlement of the surrounding soil is small under the low embankment height. Consequently, the vertical stresses of the pile head and soil surface are almost identical, and the vertical stress concentration at the pile head is not obvious. When the embankment is higher than 1 m, soil settlement increases and capacity develops. In terms of the distinct difference of moduli of pile concrete and soil, the settlement of the pile is smaller, resulting in the pile–soil differential settlement. During this period, the effect of the GRSP is induced. The geogrid in the GRSP works as tensile nets between piles, transferring loads from soils to the piles through the tensile force in the geogrid and the friction force between the geogrid and platform gravel. With the embankment up to approximately 3.7 m high, the vertical stress on the soil surface increases slightly, whereas the pile–soil differential settlement and the vertical stress on the pile head increase significantly. During the following construction, the vertical stress on the soil surface and the pile–soil differential settlement is almost unchangeable, whereas the vertical stress on the pile head still increases remarkably. The vertical stress on the pile head became stable after the completion of embankment construction, and the stable stress ratio of the pile and soil is 16.5, with the final pile–soil differential settlement of 114 mm.
According to the whole response process of the pile and soil in the construction of the embankment, including settlement and vertical stress, the GRSP plays an important role among the pile, foundation soil, and embankment filling. When the embankment height is less than 1 m, stresses on the pile and soil increase subtly, yet the pile–soil differential settlement is noticeable, which mainly results from the settlement of soil, and the existence of GRSP gravel keeps the surrounding soil carrying the load in the surface subsidence stage. When the embankment height reaches 3.7 m and the tensile force in the geogrid is stimulated gradually due to the increasing pile–soil differential settlement, the stiffness of the geogrid in GRSP limits the load applied on the soil surface and transfers the corresponding load to the pile head, which was reflected from the slight increase in soil stress and the prominent increase in pile stress. When the embankment was built from 3.7 m to 5.7 m, the pile and soil settle as an entirety and pile–soil differential settlement is nearly identical, revealing the stability of the interaction of pile and soil. The additional load at this stage is almost completely carried by pile-supported GRSP, as indicated by the slight increase in soil stress and prominent increase in pile stress, and the continuing soil settlement is mainly caused by the settlement of the pile. The comparison results of the pile–soil differential settlement and the vertical stresses on the pile head and soil surface are illustrated in Figures 2B, C, and the computed results are in a good agreement with the measured values.
Figure 3A displays the development processes of the stress ratio of pile to soil with different GRSP construction methods. The GRSP construction method has a significant influence on the developing mode of the stress ratio of the pile to soil and small influence on the final value of the stress ratio of the pile to soil, which is 17.0 and 16.5, respectively. The stress ratio of the pile to soil with the first type of the GRSP construction method is always larger than that of the second method, and the difference in the stress ratio of pile to soil between the two methods decreases in the whole construction process. With well-compacted GRSP (Method 1), the geogrid tensile force increases distinctly at the early stage and increases slowly at the later stage of embankment construction, owing to the plasticity of the geogrid under large tensile forces. In this study, the main method used for compacting the soil platform on the site is vibratory compaction, with engineering requirements stipulating that the compaction degree must exceed 90%. In contrast, the geogrid tensile force nearly linearly increases for the un-compacted GRSP case (Method 2) during construction.
[image: Two line graphs compare self-propelled combustion fronts in CRISP construction over time. Graph A shows the distance of flame front from the fuel center, with and without compaction. Graph B indicates the self-propagational combustion rate, also with and without compaction. Both graphs demonstrate that compaction increases effectiveness over 300 days.]FIGURE 3 | (A) Measured stress concentration of the pile and soil with different GRSPs. (B) Measured lateral displacement of the ground surface at the embankment toe.
Figure 3B shows the influences of the GRSP construction method on the horizontal displacement on the foundation surface at the embankment toe. It can be seen that during construction, the horizontal displacement is generally smaller for the well-compacted GRSP compared to the un-compacted GRSP. With the well-compacted GRSP, the final ground surface lateral displacements at the embankment toe are smaller, and the values of lateral displacement are 17.5 mm and 22.5 mm for the embankment with the compacted and un-compacted GRSP, respectively. The larger compaction of GRSP soil benefits both the reduction of embankment horizontal displacement and stability of embankment.
4.2 Load transfer mechanism of geogrid-reinforced compacted
The interactions among piles, foundation soil, embankment fill, and GRSP are schematically explained in Figure 4. Owing to the large stiffness difference between piles and foundation soil, the embankment fill between piles has a tendency to move downward under the self-weight of fill. The movement is partially constrained by the shear resistance ([image: Please upload the image so I can generate the appropriate alt text for you.]) from the fill overlying the piles. The shear resistance transfers the stresses in the embankment, which results in the reduction of the pressure ([image: I'm unable to view or generate alternate text for the image directly from that input. Please describe the image or upload it for assistance.]) acting on the surface of the GRSP between piles and the increase in the pressure ([image: Lowercase Greek letter sigma with subscript "a, p".]) acting on the surface of GRSP overlying piles. This load transfer mechanism is titled the “soil arching effect” (Terzaghi, 1943). The inner differential settlement in the embankment induced by the differential settlement between the pile and soil varies at different levels of embankment height. To a certain height ([image: It seems that you've tried to upload an image or reference one, but it didn't come through. Please try uploading the image again or provide a URL if available. If there's any context or caption you'd like to share, feel free to include it.]), the inner differential settlement is absent due to the shear resistance ([image: It seems there is no image uploaded. Please try uploading the image again, or provide a URL if it is online. If you have a specific caption or context, feel free to include that as well.]) from the fill overlying the piles, and a plane of equal settlement (PES) exists (Terzaghi, 1936). In addition to the effect of geosynthetics in GRSP, the soil in GRSP has influences on the load mechanism as well. As a result of the penetration of the pile head into the GRSP soil (i.e., gravel), the GRSP soil partially transfers to the surrounding soil of pile, ensuring that upper loads act on the foundation soil, and the contact surface force between geosynthetics and soil in GRSP is influenced, which affects the tensile force in geosynthetics. In summary, the characteristics of GRSP have significant influences on the load transfer mechanism, including stress concentration on the pile head, soil arching effect of the embankment, tensioned membrane of geosynthetics, and differential settlement between piles and soil. The effects of GRSP modulus, thickness, shear resistance, and geosynthetic stiffness, layers, and placement will be investigated.
[image: Cross-sectional diagram of a geosynthetic-reinforced embankment on piles. It shows the embankment load distribution with labeled components: embankment height (H_e), pile spacing, geogrid, and geogrid-reinforced platform. Arrows indicate load direction and pressure distribution, including pressures q, σ_s, σ_ws, σ_rc, and σ_sc.]FIGURE 4 | Load transfer mechanisms of GRSP in the pile-supported embankment.
Based on the load transfer mechanism, several coefficients are introduced to discuss the effects of GRSP on the soil arching effect of the embankment, tensioned membrane effect of geosynthetics, and stress concentration of pile, including i) the stress concentration ratio of the pile head to the soil surface ([image: Please upload the image for which you need the alternate text, and I will help you generate it.]), which reflects the final load-sharing proportion between the pile and soil due to the soil arching, tensioned membrane effect, and penetration resistance of GRSP; ii) the degree of the soil arching effect ([image: Please upload the image or provide a URL so I can generate the alternate text for you.]), which reflects the stress reduction at the bottom of the embankment fill between piles due to soil arching; iii) the degree of composite effects of soil arching and tensioned membrane ([image: The image shows a mathematical expression with the Greek letter rho, subscripted with "a, m".]), which reflects the stress reduction at the foundation soil surface due to both soil arching and tensioned membrane effects; iv) the degree of the tensioned membrane ([image: It seems there was an error with the image processing. Please upload the image directly or provide a URL, and I will help generate the alternate text.]), which reflects the stress reduction at the foundation soil surface due to the tensioned membrane effect.
The stress concentration ratio of the pile head to the soil surface is defined as Equation 1
[image: Formula shows "n" equal to the ratio of \(\sigma_{\text{amp}}\) over \(\sigma_{\text{ams}}\), labeled as equation (1).]
where [image: Greek lowercase letter sigma with subscripts "am" and "p" in italics.] is the applied pressure on the pile head and [image: Greek letter sigma with subscript "am,s".] is the applied pressure on the soil surface between piles.
The degree of the soil arching effect is given by Equation 2 (as proposed in (McNulty, 1965))
[image: Equation showing rho subscript a equals a subscript s over gamma subscript f H subscript f plus q subscript 0, labeled as equation two.]
where [image: It seems like there was a mix-up with how the image was shared. Please upload the image using the upload function or provide a valid URL link to it.] is the soil arching ratio; [image: It seems there was an error in uploading your image. Please try again by ensuring the file is correctly uploaded or provide a URL link.] = 0 represents the complete soil arching effect, while [image: Please upload the image so I can generate the alternate text for you.] = 1 represents no soil arching; [image: Symbol representing the standard deviation, denoted by the Greek letter sigma, with subscript "a, s".] is the applied pressure on the top of the trapdoor in Terzaghi or McNulty’s studies (the GRSP surface between piles in this study); [image: Please upload the image or provide a URL so I can generate the alt text for you.] is the unit weight of the embankment fill; [image: It seems like you've included a mathematical symbol or variable instead of an image. If you'd like to upload an image, please try again, and I can help generate the alternate text for it.] is the height of the embankment; and [image: Please upload the image or provide a URL for me to generate the alternate text.] is the surcharge on the embankment. Furthermore, the degree of load transfer from soil to pile through the soil arching effect can be quantified with (1-[image: Please upload the image or provide the URL so I can generate the alternate text for it.]).
The degree of composite effects of soil arching and tensioned membrane is given by Equation 3
[image: The formula shows \(\rho_{am} = \frac{\sigma_{ams}}{\gamma_f H_f + \gamma_c H_c + q_0}\) with the equation labeled as number \(3\).]
where [image: Mathematical expression featuring the Greek letter rho with subscripts a and m.] is the composite effect ratio of soil arching and tensioned membrane; [image: A Greek letter rho (ρ) followed by subscripts a and m, indicating a variable or symbol commonly used in scientific or mathematical contexts.] = 0 represents the load carried by piles completely, while [image: It appears you have a mathematical equation or symbol, but I cannot generate alt text from that specific format. If you have an image to upload or describe, please do so, and I can help create appropriate alt text.] = 1 represents no soil arching and tensioned membrane effects; [image: It seems like there was an issue with your image upload. Could you please try uploading the image again or providing a URL? If you have a description or context for the image, that would also be helpful.] is the unit weight of GRSP soil; [image: Please upload the image or provide a URL so I can generate the alternate text for you.] is the thickness of GRSP. Furthermore, the degree of load transfer from soil to pile through the soil arching and tensioned membrane effects can be quantified with (1-[image: Mathematical notation showing the Greek letter rho (ρ), subscripted by "a" and "m".]).
The degree of tensioned membrane is defined as Equation 4
[image: Mathematical equation representing pressure, where \( P_m = P_a - P_{a.m} \). The number 4 is denoted in parentheses, possibly indicating an equation reference.]
where [image: Text displaying the Greek letter "rho" with a subscript "m."] is the tensioned membrane ratio, which can quantify the degree of load transfer from the soil to pile through the tension membrane effect and [image: It seems you have not uploaded an image. Please upload the image or provide a URL, and I can help generate the alternate text for you.] = 1 represents the complete tensioned membrane effect, while [image: Please upload the image or provide a URL, and I will generate the alternate text for you.] = 0 represents no tensioned membrane effect.
4.3 Influences of the GRSP modulus on stresses and settlements of pile and soil
4.3.1 Influences of the GRSP modulus on stresses
The degree of the stress concentration from soil to pile is typically evaluated with the stress concentration ratio of the pile head to soil surface (n). The higher the n, the additional loads are transferred to the pile from soil. As shown in Figure 5A, n increases with the increase in the elastic modulus of the GRSP material. As the elastic modulus increases from 15 MPa to 100 MPa, n increases from 10.1 to 18.6. As the elastic modulus of the GRSP increases, its deformation resistance improves, allowing more load to be effectively transferred to the piles, with the GRSP functioning as a deformed beam between the piles.
[image: Three graphs illustrate the relationship between the elastic modulus of cemented rockfill and various factors. Graph (A) shows an upward trend in the vertical stress ratio of piles and soil from 10 to 110 MPa. Graph (B) depicts the upper surface settlement of cemented soil at different densities, marked as ρₐ, ρₘ, and ρₙ, across the same range. Graph (C) features trends in the height of piled embankments and differential settlements of piles and soil, with all variables declining as the elastic modulus increases from 10 to 110 MPa.]FIGURE 5 | (A) Influence of the elastic modulus of GRSP on the stress concentration ratio of pile to soil ([image: Please upload the image or provide the URL, and I will generate the alternate text for you.]). (B) Influence of the elastic modulus of GRSP on the effects of soil arching and tensioned membrane. (C) Influence of the elastic modulus of GRSP on embankment settlements.
Except for the stress concentration ratio, the load transfer mechanisms are affected at different degrees owing to the variety of the GRSP modulus, as presented in Figure 5B. With the increase in the GRSP material modulus, the soil arching ratio ([image: Please upload the image or provide a URL for the image you would like me to describe.]) and tensioned membrane ratio ([image: Please upload the image or provide a URL for me to generate the alternate text.]) increase, while the composite soil arching and tensioned membrane ratio ([image: Mathematical expression showing the Greek letter rho with subscripts a and m, indicating a specific variable or parameter in a formula or equation.]) decrease. As the elastic modulus increases from 15 MPa to 100 MPa, [image: It looks like you've referenced an equation but haven't uploaded an image. Please upload the image you want described, and I'll be happy to assist with the alternate text.] increases from 0.75 to 0.84, [image: Please upload the image or provide a URL for me to generate the alt text.] increases from 0.33 to 0.58, and [image: The image displays the mathematical expression for the density symbol rho with subscripts a and m.] decreases from 0.42 to 0.25. The increase in [image: Please upload the image or provide a URL so I can generate the alternate text for you.] reflects the weakening of the soil arching effect in the embankment, which results in less loads transferred to the pile, but the corresponding increase in [image: Please upload the image or provide a URL for it. That way, I can help generate the alt text for it.] implies the enhancement of the tensioned membrane effect of GRSP, which leads to additional loads transferred to the pile. The two opposite tendencies mutually affect the load transfer between the pile and soil. Then, the decrease in [image: The text shows the Greek letter rho, subscripted with "a" and "m".] also shows the composite effect of soil arching, and tensioned membrane is strengthened, which results in the increase in pile–soil stress concentration ratio and loads acted on pile, as mentioned above. Therefore, the increase in the GRSP modulus helps to transfer additional loads to pile heads. Furthermore, the influence of the GRSP modulus on the tensioned membrane effect is more notable than that on the soil arching effect. The increases in [image: It seems like there was a mix-up. I can generate alternate text for images if you upload them here or provide a link. Please try that, and I will assist you further.] and [image: It seems there is no image attached. Please upload the image, and I can generate the alternate text for you.] are 77.1% and 12%, respectively, as the elastic modulus increases from 15 MPa to 100 MPa.
4.3.2 Influences of the GRSP modulus on settlements
As shown in Figure 5C, the elastic modulus of GRSP affects the settlements of the pile and soil, including the differential settlement of the pile and soil, the settlement of the embankment surface, the height of the plane of equal settlement (PES) [image: Please upload the image or provide a URL for it.] in the embankment, and the settlement of PES. The settlement results of different moduli are normalized based on the case of the GRSP modulus of 15 MPa. All the settlements decrease with the increase in the GRSP modulus. Due to the increase in the GRSP modulus, the deformation of GRSP decreases, causing reduction in pile–soil differential settlement. The decrease in the differential settlement of pile and soil is prominent, and the maximum reduction is estimated to be 24% within the variation range of the GRSP modulus. The settlements of the embankment surface and PES also decrease, with the maximum reductions of 9.2% and 9.8%, respectively. The influence of the GRSP modulus on the height of PES [image: It seems there was an issue with the image upload or display. Please try uploading the image again or provide a URL if it's available online.] is relatively small, especially when it exceeds 25 MPa, with a maximum reduction of 5.1% in this analysis. The lowering of the height of PES [image: Mathematical notation showing the letter "h" with a subscript "s".] demonstrates the decrease in the inner differential settlement in the embankment and the weakening of the soil arching effect, as illustrated in Figure 5B.
4.4 Influences of GRSP thickness on stresses and settlements of pile and soil
4.4.1 Influences of GRSP thickness on stresses
Figure 6A presents the stress concentration ratio of the pile head to the soil surface versus the thickness of GRSP. Clearly, the stress concentration ratio of pile to soil linearly increases with an increase in the thickness of GRSP in this analysis. In other words, the stress concentration ratio of pile to soil increases with an increase in the thickness of GRSP. This result can be explained that when the GRSP is thicker, the deformation resistance of GRSP can be strengthened, which is similar to the increase in the GRSP modulus mentioned above, and more stresses can be transferred to piles through GRSP. As the thickness increases from 10 cm to 50 cm, the stress concentration ratio increases by 46.5% from 9.1 to 13.4.
[image: Three line graphs show different relationships involving GRSP thickness. (A) Shear contraction of soil behind abutment increases with thickness. (B) Degree of effect of soil mixing and traditional excavation on settlement slightly varies with thickness. (C) Settlement-related variables decrease with increasing thickness of GRSP.]FIGURE 6 | (A) Influence of the thickness of GRSP on the stress concentration ratio of pile to soil ([image: Please upload the image or provide a URL so I can generate the alt text for you.]). (B) Influence of the thickness of GRSP on the effects of soil arching and tensioned membrane. (C) Influence of the thickness of GRSP on embankment settlements.
The different degrees of effects of soil arching and tensioned membrane are plotted against the GRSP thickness in Figure 6B. Consistent with the stress concentration ratio, the thicker the GRSP, the higher the soil arching ratio ([image: It seems there was an error with displaying the image. Could you please try uploading it again or check the link?]) and tensioned membrane ratio ([image: Please upload the image or provide a link to it so I can generate the alternate text for you.]). However, the composite soil arching and tensioned membrane ratio ([image: The image displays the mathematical symbol \(\rho_{a,m}\), which typically represents a specific parameter or variable within mathematical equations or physics-related contexts.]) decreases with an increase in GRSP thickness. As the GRSP thickness increases from 10 cm to 50 cm, ρa increases from 0.69 to 0.79; ρm increases from 0.11 to 0.44, and [image: Formula with a Greek letter rho (ρ) followed by the subscript "a, m".] decreases from 0.40 to 0.35. The increase in [image: It seems there was no image uploaded. Please try uploading the image again or provide a URL.] reflects the decreases in the soil arching effect in the embankment, which causes less loads transferred to the pile, but the correlating increase in [image: Please upload the image or provide a URL so I can generate the alt text for you.] shows the enhancement of the tensioned membrane effect of GRSP, which results in additional loads transferred to the pile. The two opposite tendencies affect the load transfer between the pile and soil together. The ultimate adjustments of soil arching and tensioned membrane induce additional loads applied to piles, which is reflected by the decrease in [image: Greek letter rho with subscript a, m, depicted in italic font.]. Therefore, the increase in GRSP thickness benefits in transfer of additional loads to pile heads. Moreover, [image: Please upload the image or provide a URL for me to analyze and create the alternate text.], [image: Please upload the image or provide a URL for me to generate the alternate text.], and [image: Greek letter rho with subscripts a and m.] nearly linearly vary with the increase in GRSP thickness, and the influence on the tensioned membrane effect is more pronounceable than that on the soil arching effect. The increases in [image: It seems like there was an error in the request. To provide an alternate text, please upload an image or provide a description or URL. If you have any questions about this process, feel free to ask!] and [image: It seems like there's a formatting issue or missing image in your request. Please upload the image or provide a URL, and I will generate the alt text for it.] are 0.33 and 0.10, respectively, as the elastic modulus increases from 10 cm to 50 cm.
4.4.2 Influence of GRSP thickness on settlements
Figure 6C demonstrates the influence of GRSP thickness on the settlements of pile and soil, including the differential settlement of pile and soil, the settlement of the embankment surface, the height of the plane of equal settlement (PES) [image: The image shows the italicized lowercase letter "h" followed by a subscript "s".] in the embankment, and the settlement of PES. The settlement results of different thicknesses are normalized based on the case of 10-cm-thick GRSP. With the increase in GRSP thickness, the settlements of pile and soil all decrease at different rates. The influence on the height of PES [image: It seems like you mentioned something that might be a piece of text or an element rather than an image. If you have an image you would like me to describe, please upload it or provide a link, and I will be happy to help with the alt text.] is greater than that of the other settlements, with a maximum reduction of 20.9% within the variation range of the GRSP thickness in this analysis. The enhanced deformation resistance of GRSP resulting from the increase of thickness causes the reduction of [image: It seems like there is a symbol representing a mathematical variable or function, possibly related to height or a similar concept, denoted as \( h_s \). Please provide the image file or a URL to generate specific alt text.] and the improvement of the stress concentration ratio of pile and soil, as discussed in the previous section. The lowering of the height of PES [image: It seems there is no image attached or the URL is missing. Please upload the image or provide the URL, and I can help generate the alt text for it.] demonstrates the reduction in inner differential settlement in the embankment and the weakening of soil arching effect, as illustrated in Figure 6B. Additionally, on account of the different varying rates of the height of PES [image: It seems there's an error since no image is provided. Please upload the image or provide a URL, and I'll help generate the alternate text for it.] and soil arching ratio [image: It seems like there was an error while uploading the image. Could you try uploading it again? Once uploaded, I can help generate the alternate text for it.] within the varying range of the GRSP thickness, the increasing compression of GRSP with the increase in the thickness also plays an important role on the reduction rate of [image: It seems there's no image attached. Please upload the image or provide a URL for me to generate the alt text.]. The differential settlement of pile and soil also decreases with the increase in the GRSP thickness, with a maximum reduction of 10% in this analysis. The influence of the GRSP modulus on the settlement of the embankment surface and the settlement of PES is relatively small, with the maximum reductions of 5.7% and 6.8%, respectively.
4.5 Influence of GRSP shear resistance on stresses and settlements of pile and soil
4.5.1 Influence of GRSP shear resistance on stresses
The shear resistance of the GRSP material (i.e., friction angle and cohesion) is expected to affect the performance of the pile and soil. In practical applications, gravel or sand is commonly used as the GRSP material due to its effectiveness in dissipating excess pore water pressure within the soil. Consequently, the variation in cohesion is minimal, and the effect of GRSP material cohesion is disregarded in this analysis. However, the influence of the friction angle of the GRSP material is analyzed as below.
As shown in Figure 7A, the friction angle of the GRSP material influences the stress concentration ratio of the pile head to the soil surface. Noticeably, the stress concentration ratio of pile to soil linearly increases with an increase in the friction angle of the GRSP material. In other words, it is effective to increase the stress concentration ratio of pile to soil when the friction angle of the GRSP material increases. The results can be explained by the fact that the larger friction angle induced the higher shear resistance and more loads were transferred to the pile head from soil, which is the same as that of the increase in GRSP modulus or thickness. When the friction angle increases from 10°to 40°, the stress concentration ratio increases from 10.1 to 14.7.
[image: (A) Line graph showing the relationship between stress concentration ratio (n_f) and friction angle of GRSP (φ) ranging from 0 to 40 degrees. Stress concentration ratio increases as the friction angle rises. (B) Line graph depicting three curves (ρ_a, ρ_α, ρ_a/ρ_α) against friction angle of GRSP. ρ_a rises, ρ_α remains stable, and ρ_a/ρ_α declines slightly as the angle increases. (C) Line graph illustrating height of PES and settlements of PES and embankment surface versus friction angle of GRSP. Height decreases with increasing angle, while settlements show declining trends with angle.]FIGURE 7 | (A) Influence of friction angles of GRSP on the stress concentration ratio of pile to soil ([image: Please upload the image or provide a URL so I can generate the alt text for it.]). (B) Influence of friction angles of GRSP on the effects of soil arching and tensioned membrane. (C) Influence of friction angles of GRSP on embankment settlements.
The different degrees of effects of soil arching and tensioned membrane versus friction angle are illustrated in Figure 7B. Consistent with the stress concentration ratio, with the increase in the friction angle, both the soil arching ratio ([image: It appears you meant to upload an image or provide a URL. Please try uploading the image again, and I can assist you with generating the alt text.]) and the tensioned membrane ratio ([image: It seems there is no image provided. Please upload the image or provide a URL so I can help generate the alternate text for it.]) also increase. Nevertheless, the increased friction angle induces the decrease in composite soil arching and tensioned membrane ratio ([image: I'm unable to view or describe the image as it seems the image was not attached properly. Please try uploading the image again or provide a URL to the image.]). As the GRSP friction angle increases from 10° to 40°, [image: It seems there was an issue with the image upload. Please try uploading the image again or provide more context or a description so I can assist you better.] increases from 0.77 to 0.79, [image: Please upload the image or provide a URL for it, and I will generate the alternate text for you.] increases from 0.03 to 0.50, and [image: The expression shows the Greek letter rho (ρ) followed by subscripts "a, m".] decreases from 0.43 to 0.34. The increase in [image: It seems like there is no image uploaded. Please provide the image or a URL, and I will generate the alt text for you.] reflects the decrease in the soil arching effect, which causes less loads transferred to the pile, but the correlating increase in [image: Please upload the image or provide a URL so I can help generate the alt text for it.] shows the enhancement of the tensioned membrane effect of GRSP, which results in additional loads transferred to the pile. The two opposite tendencies affect the load transferring between the pile and soil, and the final adjustment of the two effects induced additional loads applied on the pile, which is reflected by the decrease in [image: Greek letter rho, subscript a and m.]. Hence, the increase in the GRSP friction angle displays the benefit for transferring additional loads to the pile. Furthermore, the influence on the tensioned membrane effect is more noticeable than that on the soil arching effect. The increases in [image: Please upload an image or provide a link to it, and I can help generate the alternate text for you.] and [image: Please upload the image or provide a URL so I can generate the appropriate alt text for you.] are approximately 0.47 and 0.02, respectively, as the angle friction increases from 10° to 40°.
As shown in Figure 7C, the friction angle of the GRSP material has effects on the settlements of the pile and soil, including the differential settlement of the pile and soil, the settlement of the embankment surface, the height of the plane of equal settlement (PES) [image: It seems there was an error in your request, and the image was not uploaded. Please try uploading the image again or provide a URL. If there is a caption or specific context, feel free to include it for more tailored alt text.] in the embankment, and the settlement of PES. The settlement results of different friction angles are normalized based on the case of the 10° GRSP friction angle. All the settlements decrease with the increase in the friction angle of GRSP. Due to the increase in the GRSP friction angle, the shear resistance of GRSP increases, causing the reduction in the shear deformation of GRSP and the pile–soil differential settlement. The decrease in the differential settlement of pile and soil is apparent, with the maximum reduction estimated at 12.2% within the variation range of the GRSP friction angle. The settlements of embankment surface and PES also decrease, with the maximum reductions of 6.18% and 6.15%, respectively. The reduction in the height of PES [image: It seems like there was an error in your input. Please provide an image or describe its content so I can help generate the alternate text.] is maximum 6.19% in this analysis, and the influence is even smaller as the friction angle of GRSP exceeds 15°. The lowering of the height of PES [image: It seems like there was an error with the image. Please try uploading the image again, and I will help create the alternate text for it.] presented the decrease in inner differential settlement in embankment, which is consistent with the weakening of the soil arching effect, as illustrated in Figure 7B.
4.6 Influence of geogrid tensile stiffness on stresses and settlement of pile and soil
4.6.1 Influence of geogrid tensile stiffness on stresses
Figure 8A demonstrates the stress concentration ratio of the pile head and soil surface versus the tensile stiffness of the geogrid. Clearly, the stress concentration ratio of the pile to soil increased significantly with an increase in the tensile stiffness of the geogrid in GRSP. In other words, the stress concentration ratio of the pile to soil can be improved by increasing the tensile stiffness of the geogrid. This result is in good agreement with the findings obtained by Han and Gabr (2002). It can be explained that when the tensile stiffness of the geogrid is higher, the deformation resistance of the GRSP is enhanced. This effect is similar to the impact of other physical or mechanical parameters of the GRSP mentioned earlier, such as increased elastic modulus, thickness, and shear resistance, enabling greater load transfer to the piles through the GRSP between them. As the tensile stiffness increases from 300 kN/m to 2,250 kN/m, the stress concentration ratio increases by 58.9% from 10.4 to 16.5.
[image: Graphical data depicting the relationship between geogrid stiffness and various factors. Panel A shows the stress concentration ratio of pile heads and soil surface increasing with higher geogrid stiffness. Panel B illustrates the influence of stiffness on factors \( P_{zz} \), \( P_{yy} \), and \( P_{xx} \), with differing trends. Panel C displays a decrease in settlement discrepancies, including settlement of soil surface, top of GPS, and bottom of GPS, as geogrid stiffness increases. Geogrid stiffness is measured in kilonewtons per meter across all panels.]FIGURE 8 | (A) Influence of tensile stiffness of the geogrid on the stress concentration ratio of pile to soil ([image: Please upload the image or provide a URL so I can generate the alternate text for you.]). (B) Influence of tensile stiffness of the geogrid on the effects of soil arching and tensioned membrane. (C) Influence of tensile stiffness of the geogrid on embankment settlements.
The influences of geogrid tensile stiffness on the effects of soil arching and tensioned membrane are plotted in Figure 8B. Consistent with the stress concentration ratio, the higher the tensile stiffness of the geogrid, the larger the soil arching ratio ([image: It seems there was a misunderstanding. To generate alt text, please upload the image or provide a URL. If you have any questions about alt text, feel free to ask!]) and tensioned membrane ratio ([image: It seems there was an input error with your image upload. Please try uploading the image again or provide a URL. If there's a caption or specific context you'd like to add, feel free to include it.]). However, the composite soil arching and tensioned membrane ratio ([image: Sorry, I cannot assist with that. If you have an image you need alt text for, please upload it or provide a URL.]) decreases with an increase in the geogrid tensile stiffness. As the geogrid tensile stiffness increases from 300 kN/m to 2,250 kN/m, [image: Please upload the image or provide a URL to it for me to generate the alternate text.] increases from 0.73 to 0.83, [image: It seems there was an error with uploading the image. Please try again, ensuring the image file is attached. If you have a description or context for the image, feel free to include it.] increases from 0.32 to 0.48, and [image: Mathematical notation depicting rho subscript a comma m.] decreases from 0.40 to 0.32. The increase in [image: Please upload the image or provide a URL for me to generate the alternate text.] reflects the weakening of the soil arching effect in the embankment, causing less loads to be transferred to the pile, but the correlating increase in [image: Please upload the image or provide a URL so I can generate the alternate text.] showed the enhancement of the tensioned membrane effect of GRSP, resulting in additional loads being transferred to the pile. The two opposite tendencies affected the load transfer between the pile and soil mutually. The crucial adjustment of soil arching and tensioned membrane induces additional loads applied on the pile, which is reflected by the decrease in [image: The text shows the Greek letter rho with subscripts "a" and "m", formatted in italics.]. Therefore, the increase in geogrid tensile stiffness greatly benefits the transfer of additional loads to pile heads. Moreover, the [image: Please upload the image or provide a URL so I can generate the alternate text for it.], ρm, and [image: Mathematical notation showing the Greek letter rho with subscripts "a" and "m."] vary at different rates, and the influence on the tensioned membrane effect was more pronounceable than that on the soil arching effect. The increases in [image: Please upload an image or provide a URL for me to generate the alt text.] and [image: Please upload the image or provide a URL, and I will help you with the alternate text.] are approximately 0.17 and 0.1, respectively, as the geogrid tensile stiffness increases from 300 kN/m to 2,250 kN/m.
4.6.2 Influence of geogrid tensile stiffness on settlements
As illustrated in Figure 8C, the tensile stiffness of the geogrid also has an influence on the settlements of pile and soil, including the differential settlement of pile and soil, the settlement of the embankment surface, the height of the plane of equal settlement (PES) [image: It seems there's no image provided. Please upload the image or provide a URL, and I'll help generate the alternate text for it.] in the embankment, and the settlement of PES. The settlement results of different tensile stiffness are normalized based on the case of 300 kN/m tensile stiffness of the geogrid. All the settlements decrease with the increase in the geogrid tensile stiffness. Due to the increase in tensile stiffness, the deformation resistance of GRSP increases, which induces the reduction of the deformation of GRSP and the pile–soil differential settlement. The decrease in the differential settlement of pile and soil is significant, with the maximum reduction estimated to be 50.5% within the variation range of the geogrid tensile stiffness. The settlements of embankment surface and PES also decrease, with the maximum reductions of 6.9% and 5.7%, respectively. The reduction of the height of PES [image: It seems like there might be a rendering issue with your image. Please upload the image file or provide a URL, and I'll be happy to help generate the alternate text for you.] is maximum 8.1% in this analysis. The lowering of the height of PES [image: Please provide the image by uploading it or sharing a URL.] shows the decrease in the inner differential settlement in the embankment and agrees well with the weakening of the soil arching effect as discussed earlier.
4.7 Influences of geogrid layers and placement on stresses and settlements of pile and soil
4.7.1 Influence of geogrid layers and placement on stresses
Figure 9A presents the stress concentration ratio of the pile head to the soil surface versus the geogrid layers and placement. The stress concentration ratio of the pile to soil increases with the increase in the geogrid layers and the lowering placement of the geogrid in GRSP. In other words, the stress concentration ratio of the pile to soil is strengthened by increasing the layers of the geogrid and lowering the placement elevation of the geogrid in GRSP. These results can be explained by the fact that when the geogrid layers increase or the placement elevation of geogrid reduce, the deformation resistance of GRSP under pile penetration is strengthened, which was similar to the increase in the geogrid tensile stiffness, and additional loads can be transferred to piles through GRSP between piles. As the geogrid layers increase from single layer to triple layers, the stress concentration ratio increases by 11% from 12.8 to 14.2. When one of the geogrid layers is shifted from the top of GRSP to the bottom in the double layer cases, the stress concentration ratio increases slightly from 13.3 to 13.6 at an approximately 2.2% increasing rate.
[image: A set of three bar charts labeled A, B, and C. Chart A displays treatment-related responses in cultured cells across various dose schedules, with graded bars increasing in sequence for treatment conditions S, G, D, and H. Chart B compares the degree of radiosensitivity enhancement using images of proteins and cytoplasm, with multiple patterned bars for conditions G, D, and S. Chart C shows increasing mean optical density values of proteins for different treatment methods, with sets of patterned bars depicting the conditions H, R, S, and P, highlighting the enhanced impact of combination methods compared to single treatments.]FIGURE 9 | (A) Influence of layer and placement of the geogrid in GRSP on the stress concentration ratio of pile to soil ([image: Please upload the image you want me to generate alt text for.]). (B) Influence of the layer and placement of the geogrid in GRSP on the effects of soil arching and tensioned membrane. (C) Influence of the layer and placement of the geogrid in GRSP on embankment settlements.
The different degrees of effects of soil arching and tensioned membrane versus geogrid layers and placement are illustrated in Figure 9B. Consistent with the stress concentration ratio, the more the geogrid layers, the larger the soil arching ratio ([image: Please upload the image so I can help you create the alternate text for it.]) and tensioned membrane ratio ([image: It seems like there's a misunderstanding. To provide alt text, I need an image. You can upload the image directly or provide a URL for it. Let me know if you need guidance on how to do that!]). However, the composite soil arching and tensioned membrane ratio ([image: Greek letter rho with subscripts "a" and "m".]) decreases with an increase in geogrid layers. As the geogrid layers increase from single layer to triple layers, the increase in [image: Please upload the image or provide a URL. If you have a caption or any additional context, feel free to include it as well.] is slight from 0.77 to 0.78, [image: It seems there was a mistake in your input, as it resembles a symbolic representation rather than an image. Please upload the image file or provide a URL for the image you would like described, and I will be happy to generate the alternate text for it.] increases distinctly from 0.26 to 0.45, and [image: Stylized Greek letter rho with subscript "a, m."] decreases from 0.42 to 0.34. The slight increase in [image: It seems like you referenced a variable or equation, but did not provide an image. Please upload the image you want described or provide a URL.] reflects the weakening of the soil arching effect in the embankment owing to the increase in geogrid layers, whereas the corresponding increase in [image: Please upload the image or provide a URL for me to generate the alternate text.] shows the enhancement of the tensioned membrane effect of GRSP, which results in additional loads transferred to the pile. With the mutual effects of soil arching and tensioned membrane, the additional loads are transferred to piles, which were reflected by the decrease in [image: The image depicts a mathematical notation: the Greek letter rho (ρ) with subscripts 'a' and 'm'.] directly. Therefore, the increase in geogrid layers benefits the transfer of the loads to pile heads. Moreover, the placement of the geogrid with the same layers influences the soil arching and tensioned membrane as well at a certain degree. As one of the geogrid layer is shifted from the top of GRSP to the bottom in the double layer cases, [image: Please upload the image or provide a URL, and I will generate the alternate text for you.] inappreciably increases from 0.787 to 0.788, [image: Please upload the image you want me to generate alt text for. If you have any specific context or caption for it, feel free to include that as well.] increases distinctly from 0.44 to 0.45, and [image: A mathematical variable represented by the Greek letter rho (ρ) with subscripts "a" and "m".] decreases from 0.65 to 0.64 in this analysis. Hence, the influences of the placement of the geogrid on the effects of soil arching and tensioned membrane are practically ignorable.
4.7.2 Influence of geogrid layers and placement on settlements of pile and soil
As shown in Figure 9C, the layers and placement of the geogrid in GRSP affect the settlements of pile and soil, including the differential settlement of the pile and soil, the settlement of the embankment surface, the height of the plane of equal settlement (PES) [image: It seems like there is no image attached. Please try uploading the image again or provide a URL for it.] in the embankment, and the settlement of the PES. The settlement results of different layer quantity and placement are normalized based on the case of the single layer of the geogrid in the middle of GRSP. All the settlements decrease at different degrees, with the increase in the quantity of the geogrid layer. Due to the increase in geogrid layers, the deformation resistance of GRSP increases, resulting in the reduction in the deformation of GRSP and the pile–soil differential settlement. The decrease in the differential settlement of the pile and soil is apparent, with the maximum reduction estimated to be 9.0% within the variation range of the geogrid in this analysis. The settlements of the embankment surface and PES also decrease slightly, with the maximum reductions of 0.91% and 0.88%, respectively. The reduction in the height of PES [image: It seems there was an error and the image did not upload. Please try uploading the image again or provide a URL. If there is any specific detail you want to mention as context, feel free to include it.] is maximum 3.2% in this analysis. The lowering of the height of PES [image: It seems there was an error with displaying the image. Please try uploading the image file directly or provide a URL.] results in the reduction of inner differential settlement in the embankment, which is consistent with the weakening of the soil arching effect, as illustrated in Figure 9B. As for the influences of geogrid placement, the settlements of soil and piles are affected negligibly. As one of the geogrid layer is shifted from the top of GRSP to the bottom in the double layer cases, the pile–soil differential settlement slightly decreases from 0.95 to 0.93, the height of PES [image: It seems there was an issue with image upload or URL provision. Please try uploading the image again or provide a URL. Optionally, you can add a caption for additional context.] decreases inappreciably from 0.98 to 0.97, and the settlements of the embankment surface and PES are almost unchanged, which are approximately 0.995 and 0.994, respectively.
5 DISCUSSION
The influences of various factors of GRSP on the stress concentration ratio of pile to soil, soil arching effect, tensioned membrane effect, differential settlement of pile and soil, settlement of embankment surface, and height of PES in embankment and its settlement are summarized below.
According to the definitions of the composite ratio of soil arching and tensioned membrane effects ([image: The image shows the Greek letter rho with subscripts "a" and "m," typically used in mathematical or scientific contexts to represent variables or parameters.]), the degree of load transfer from soil to pile through the two effects can be quantified with (1-[image: A mathematical expression showing the Greek letter rho with subscripts "a" and "m" in a slightly italicized style.]). In the 22 cases of numerical computations, the values of 1-[image: The image depicts the mathematical notation "ρ_{a,m}", which typically represents a variable or parameter related to specific indices 'a' and 'm'.] are approximately 0.55–0.75, which reflects that most load of the embankment is transferred to the piles, and the soil arching and tensioned membrane effects are effective and efficient to reduce the load applied on ground soil. However, the parametric studies also reveal that the major role of load transfer is varied in different cases. Similarly to (1-[image: The text shows the Greek letter "rho" followed by a subscript containing "a" and "m".]), the degree of load transfer through the soil arching effect and tensioned membrane effect can be quantified with (1-[image: It seems like there is a mistake in the input. Please upload the image or provide a URL for it, and I will generate the alternate text for you.]) and [image: It seems there was an error in uploading the image. Please try uploading the image again, and I'll be happy to help with the alt text.], respectively. Figure 10 presents the degree of load transfer through the tensioned membrane effect [image: Please upload the image or provide the URL so I can generate appropriate alt text for it.] versus the degree of load transfer through the soil arching effect (1-[image: It seems like there might be a misunderstanding. To generate alternate text, please upload an image or provide a URL to the image you want described.]), and the straight line in figure means the equivalent efficiency of the two effects in load transfer. Clearly, the tensioned membrane effect of GRSP mostly plays the principal role in the transfer of load from soil to piles in the 22 computation cases. The degrees of load transfer through the soil arching effect are approximately 20%–25% mostly, and the degrees of load transfer through the tensioned membrane effect are mainly larger than 30%, with some cases exceeding 50%. However, in the five cases located to the right of the straight line, it is observed that smaller friction angles and reduced GRSP thickness emphasize the dominant role of the soil arching effect in load transfer. Overall, except in the scenarios characterized by smaller friction angles and thinner GRSP layers, the tensioned membrane effect of the GRSP generally plays a more significant role in transferring loads from the embankment soil to the piles.
[image: Scatter plot showing the relationship between the degree of load transfer through tensioned membrane effect and soil arching effect. Open circles represent tensioned membrane effect dominance, and closed circles represent soil arching effect dominance. The plot highlights various GRSP thicknesses (30 mm, 30 cm, and 30 cm) and friction angles (15 degrees, 10 degrees) with data points primarily clustered along the diagonal line.]FIGURE 10 | Load transfer degrees with the effects of soil arching and tensioned membrane.
Various factors of the GRSP, including elastic modulus, thickness, friction angle, tensile stiffness, and the number of geogrid layers, all have positive effects. Increasing these factors facilitates greater load transfer from the soil to the piles and reduces embankment settlement. However, increases in various GRSP factors lead to different load transfer processes. For example, the increase in these influencing factors shows negative effects on soil arching and positive effects on the tensioned membrane effect. The influencing degree of each influencing factor has been introduced to evaluate the variation degree of investigated performance parameters, such as the stress concentration ratio of pile and soil, soil arching effect, tensioned membrane effect, differential settlement of pile and soil, settlement of embankment surface, and the height of PES in the embankment and its settlement. The influencing degree is defined as the ratio of the maximum variation of the performance parameter to the mean value of the performance parameter. As an example, the stress concentration ratios of pile to soil for the GRSP elastic modulus equal to 15, 20, 25, 30, 50, and 100 MPa are 10.1, 11.7, 12.1, 13.5, 14.7, and 18.6, respectively. The maximum variation of the stress concentration ratio of pile to soil within the variation range in this analysis is 18.6–10.1 = 8.5, and the mean value of the stress concentration ratio of the pile and soil is (10.1+11.7+12.1+13.5+14.7+18.6)/6 = 13.45. Hence, the degree of influence of the GRSP elastic modulus on the stress concentration ratio of the pile to soil is calculated as (8.5/13.45)×100% = 63.2%. The calculated degree of influence for each factor on each investigated performance parameter is listed in Table 4.
TABLE 4 | Degrees of influencing factors.
[image: Table displaying various GRSP factors with corresponding values under columns labeled \(n\), \(\rho_a\), \(\rho_m\), \(\rho_{a,m}\), \(S_d\), \(S_e\), \(h_s\), and \(S_{PES}\). Factors include modulus, thickness, friction angle, tensile stiffness, layers, and placement of the geogrid, with detailed values in each category. A note explains the meaning of each symbol, such as stress concentration ratio, soil arching ratio, and settlement measures.]According to the results shown in Table 4, the elastic modulus of GRSP has significant influences on the performance of the pile-supported embankment, especially on the stress concentration ratio of pile to soil, the composite soil arching and tensioned membrane ratio, the settlement of the embankment surface, and PES. The thickness of GRSP affected the height of PES and tensioned membrane ratio notably, compared to other factors, and the influence of the larger compression value for thicker GRSP should be taken into account. The friction angle of the GRSP material influences the tensioned membrane ratio significantly as well. The tensile stiffness of the geogrid has a significant impact on the soil arching ratio and the differential settlement of soil and pile. The influence of the geogrid layer on the tensioned membrane ratio is noticeable. The influence of geogrid placement on the performance of the pile-supported embankment is practically negligible. The settlement of the embankment surface and the stress concentration ratio of pile to soil are the important controlling indexes in practice; thus, the elastic modulus, tensile stiffness, and friction angle can be considered the three most important design parameters among the discussed influencing factors.
6 CONCLUSION
Based on the field monitoring and numerical parametric studies on the influences of GRSP on the performances of pile-supported embankment, the following conclusions can be drawn:
	(1) By comparing field observation results of the embankment sections with different GRSPs, it is found that the compaction of the GRSP material affects the developing process of the stress concentration ratio of pile to soil, as well as the lateral displacement of the embankment. If the GRSP material is well compacted, the stress concentration ratio of the pile to soil increases distinctly at the early stage of embankment construction, and the lateral displacement becomes smaller compared to the un-compacted case.
	(2) In reference to the definition of the soil arching ratio ([image: Please upload an image or provide a URL so that I can generate the appropriate alt text.]), the composite ratio of soil arching and tensioned membrane ([image: I'm sorry, I can't generate a description of this image. Please upload the image file or provide a URL for me to assist with alt text creation.]) and the tensioned membrane ratio of GRSP ([image: It seems like there might have been an error in the input or image upload. If you could upload the image or provide a link to it, I'd be happy to help generate the alternate text for you.]) are introduced to quantify the loading effect of GRSP, according to the load transfer mechanisms of the pile-supported embankment.
	(3) A number of factors of GRSP influence not only the results of load transfer between pile and soil (i.e., the stress concentration ratio of pile to soil and the settlement of embankment surface) but also the process of load transfer (i.e., soil arching ratio, tensioned membrane ratio, and the differential settlement of pile and soil). The soil arching and tensioned membrane effects effectively reduce the load applied on the ground soil, with the tensioned membrane effect of GRSP typically playing a predominant role in transferring loads from soil to piles compared to the soil arching effect.
	(4) With an increase in the GRSP factor (elastic modulus, thickness, friction angle, tensile stiffness, and layers of the geogrid), the load transferred to piles increases, and all the corresponding settlements decrease at different degrees. However, the soil arching effect in the embankment and the tensioned membrane effect in the GRSP exhibit opposite trends: the soil arching effect is diminished, while the tensioned membrane effect is enhanced.
	(5) Using embankment surface settlement and the stress concentration ratio between piles and soil as key control indices, the elastic modulus, tensile stiffness, and friction angle of the GRSP are identified as the three most critical design parameters. Specifically, based on our case studies, we recommend using materials with higher elastic modulus and greater friction angles, such as well-compacted sand or gravel, as the soil platform. Additionally, incorporating high-strength geogrids as reinforcement in the GRSP is advised to effectively reduce the overall settlement of the embankment. However, beyond these three parameters, the placement of geogrids within the GRSP has a negligible impact on the performance of the pile-supported embankment.
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Introduction: In the excavation engineering of tunnels and mines in the western cold region, the unloading failure zone is mainly caused by stress release. This study aimed to investigate the deformation and failure mechanism of frozen weakly cemented sandstone (FWCS) when the initial principal stress σ3 was 3, 6, or 10 MPa.Methods: A conventional triaxial compression test and a triaxial unloading test with an unloading rate of 0.05 MPa/s were carried out. Based on the experimental data and mathematical analysis methods, the non-linear criterion was constructed and analyzed. The microfracture characteristics of the damaged surface were studied by scanning electron microscopy (SEM).Results: The results show that compared with conventional triaxial compression and room temperature triaxial compression tests, the strength and plastic deformation characteristics of FWCS during unloading were significantly weakened, with transverse deformation and volume strain increased, showing obvious dilatancy characteristics. Unloading reduced the cohesion of FWCS, increased the internal friction angle, and increased the risk of rock failure. Macroscopic and microscopic analysis revealed the failure mechanism of FWCS. The unloading stress ratio was introduced to establish relationships. A non-linear criterion based on the Mohr–Coulomb strength criterion was established, with the power function strength criterion being more accurate in describing the failure of FWCS.Discussion: This study provides valuable insights into the mechanical properties and failure mechanism of FWCS under unloading conditions, which is beneficial for the excavation engineering of tunnels and mines in the western cold region.Keywords: frozen weakly cemented sandstone, loading-unloading, confining pressure unloading, failure mechanism, strength criterion
1 INTRODUCTION
Weakly cemented soft rock (WCSR) is a general name for a type of soft rock widely distributed in Western China. There are many types of WCSRs, which have different mechanical properties, but they have common characteristics such as poor cementation, low strength, easy disintegration in water, susceptibility to softening, and extremely unstable mechanical properties (Chen et al., 2018; You et al., 2018; Hadi and Ali, 2018). Their extremely weak mechanical characteristics pose many challenges to engineering practices, and it is easy to induce engineering disasters if they are not properly mitigated (Cai and Zou, 2020; Liu J. S. et al., 2020; Lyu et al., 2019). Artificial freezing is widely utilized for the reinforcement of weakly cemented strata, which can improve strength, deformation resistance, and impermeability (Bai et al., 2020; Wang L. et al., 2020). The excavation and support of frozen rock mass is actually a process of loading and unloading, and the stress state of rock mass changes (Vazaios et al., 2019; Li et al., 2019). When disturbed by underground excavation, WCSR is unloaded, and its strength characteristics are obviously different from those of rock under loading conditions. If the research results on the strength of WCSR unloading are not accurately distinguished, potential risks may arise in guiding weakly consolidated soft rock engineering involving excavation and unloading, potentially leading to accidents and disasters. Therefore, it is highly significant to investigate the loading and unloading mechanical properties of WCSR and establish a failure criterion for the design and stability analysis of underground engineering involving weakly cemented rock.
In recent years, some scholars have studied the loading–unloading mechanical characteristics of frozen weakly cemented soft rock (FWCSR). Shan et al. (2016) pointed out that the ultimate strength of FWCSR under confining pressure unloading before the peak is lower than the peak strength in conventional triaxial tests; the lower the temperature, the smaller the deformation of the specimen caused by confining pressure unloading. Tensile failure is dominant in the specimen at the same time, and confining pressure unloading accelerates the axial compression and lateral expansion of the rock. Furthermore, the lateral expansion is much larger than the axial compression, which is positively correlated with the initial confining pressure (Dong et al., 2018). The ultimate bearing strength of rock under confining pressure unloading is positively related to the unloading rate, and brittle failure occurs at a high unloading rate, while plastic failure characteristics, including creep deformation, are observed at a low unloading rate, presenting an overall splitting failure form. With a decrease in the freezing temperature, the number of acoustic emission (AE) counts decreases, and the peak of AE energy increases. The peak of AE energy is positively correlated with the initial confining pressure and unloading rate (Liu, 2020; Liu et al., 2021). Other scholars have studied the mechanical properties of FWCSR using the cyclic loading–unloading tests, and the results show the energy-driven unloading process significantly affects the stress–strain evolution and failure characteristics of frozen soft rock. The peak strength increases under low confining pressure and decreases under high confining pressure. The elastic modulus first increases and then decreases with an increase in deviatoric stress (Li et al., 2018).
At present, the research on the loading–unloading mechanical properties of WCSR at room temperature is relatively sufficient (Zhao G. Y. et al., 2015; Fan et al., 2018; Wang et al., 2021); however, the loading–unloading mechanical properties of FWCSR are not sufficient, and the meso-failure mechanisms are not clear. Accordingly, several scholars have conducted qualitative analyses of mineral composition, micro-structure, and disintegration mechanisms of rocks using techniques including X-ray diffraction, scanning electron microscopy (SEM), and other microscopic observation methods. Research suggests that lithology, crystal structure, grain morphology, cement type, and clay mineral content are the key factors influencing the mechanical properties and failure mechanisms of rock (Zhao et al., 2023). Current research primarily aims to elucidate the microscopic influence of porosity on the strength of FWCSR (Qu et al., 2023). In our previous studies on the failure mechanisms of FWCSR (Liu et al., 2023; Lyu et al., 2024), we have identified a correlation between macroscopic failure characteristics and the development of microscopic fracture patterns. However, the macro and micro failure mechanisms of FWCSR under the unloading path are unclear and require further study.
Rock strength criterion has strong specificity. The strength criterion between different rocks is seriously affected by diagenesis, stress state, and internal structure (Yang et al., 2019), and only by constructing the strength criterion under the unloading path can the ultimate stress state of rock failure be better described. Many scholars have investigated different types of rocks. They pointed out that the non-linear Mohr strength criterion can be used as the strength criterion of rock failure in conventional triaxial loading–unloading tests (Wang et al., 2010; Zhao Y. C. et al., 2015; Zhou, 2020), and the linear Mohr–Coulomb strength criterion can be used as the strength criterion of rock failure in true triaxial loading–unloading tests (Liu S. et al., 2020; Feng et al., 2021; Lu et al., 2021). However, the current research mainly focuses on common rocks, and few reports present the research on the strength criterion of WCSR. Research on the strength criterion of FWCSR under loading–unloading tests is scarce, leading to a lack of applicable strength criterion for rock failure in engineering practice.
In this paper, the triaxial unloading test of FWCS is carried out, the stress–strain evolution under unloading conditions is obtained, and its mechanical characteristics are analyzed. The meso-failure mechanism of rock is analyzed using the FEI Quanta 450 field emission scanning electron microscope. Based on the experimental data, three non-linear strength criteria of FWCS are established, and the strength criterion is evaluated using the ordinary least squares. It is expected that the findings of this study can provide theoretical guidance for underground engineering in frozen weakly cemented strata.
2 TEST OVERVIEW
2.1 Specimen preparation
The weakly cemented sandstone specimens used in this paper were taken from the same area of weakly cemented strata in Mengcun, Xi’an. They are symmetrical, no cracks, fewer impurities, and good integrity. The specimen is a cylinder of Φ50 mm × 100 mm. The non-parallelism of the two ends of the specimen is controlled within 0.05 mm, the diameter error is not more than 0.3 mm, and the angle between the normal line of the end face and the axis of the specimen is not more than 0.25° (GB/T 50266-99, 2013).
2.2 Test scheme
First, the sandstone specimens were placed in the DWX low-temperature freezing test chamber at −10°C for 48 h and then taken out for the next test step. The TAW-2000 constant temperature triaxial test system is selected to conduct the test, as shown in Figure 1. The initial confining pressures of triaxial unloading (σ3, σ2=σ3) were set at three levels: 3, 6, and 10 MPa. In addition, the conventional triaxial test is also conducted with the same confining pressures (3, 6, and 10 MPa) and loading rates for comparative analysis.
[image: Triaxial compression testing setup in a laboratory includes a thermostatic circulation system with labeled components such as a circulating channel and solenoid valve. Equipment and pathways are interconnected for testing purposes.]FIGURE 1 | TAW-2000 low temperature triaxial test system.
During the excavation of artificial frozen ground, stress redistribution leads to an increase in circumferential stress and a decrease in radial stress. Based on this, the triaxial unloading test program is designed, which mainly comprises three stages: (1) increase the confining pressure σ3 to the predetermined value (3, 6 ,and 10 MPa) with a loading rate of 0.05 MPa/s; (2) increase the axial pressure σ1 to 70∼80% of the peak strength with a loading rate of 0.02 mm/min through displacement control (the strength is greater than the uniaxial compressive strength); and (3) decline the confining pressure with a rate of 0.05 MPa/s and increase the axial pressure with a rate of 0.02 mm/min through displacement control until sample failure. The stress path diagram is shown in Figure 2.
[image: A graph depicting stress over time shows a black line rising, then leveling off, followed by a sharp decline. The y-axis represents stress in megapascals, ranging from 0.7 to 0.8 times a reference stress. A blue line intersects, indicating unloading. The x-axis represents time.]FIGURE 2 | Stress path diagram.
The thermostatic circulation system was turned on to maintain the temperature at −10°C during the test. After the test, FEI Quanta 450 Field Emission Scanning Electron Microscope was used to scan the meso-structure of the FWCS fracture surface. Subsequently, the meso-structure of rock specimens was observed and analyzed.
3 TEST RESULTS AND ANALYSIS
3.1 Stress–strain curve and analysis
The stress–strain (axial, lateral, and bulk) curves of FWCS subjected to various initial confining pressures are depicted in Figure 3 during conventional triaxial compression tests.
[image: Graph showing stress-strain relationships for different pressures: 3 MPa, 6 MPa, and 10 MPa. Each pressure has multiple curves indicated by different line styles. The x-axis represents strain, and the y-axis shows stress in megavolt-amperes per cubic millimeter (MV/mm²). Curves exhibit a peak followed by a decline, with higher pressures displaying increased peak stress values.]FIGURE 3 | Conventional triaxial compressive stress–strain curve of FWCS.
Under various confining pressures, the stress–strain curves of FWCS manifest distinct elastic–plastic phases. As the confining pressure increases, the elastic stage gradually shortens, while the plastic stage gradually prolongs. Correspondingly, the principal stress difference increases when the volume strain of the rock sample changes from compression to expansion. The turning point stress difference increases from 50 MPa at an initial confining pressure of 3 MPa to 68 MPa at a confining pressure of 10 MPa. Under low confining pressure, the dilatancy of FWCS is notable. Under high confining pressure, the expansion phenomenon is relatively minor. This is because microfractures are more prone to develop in weakly consolidated sandstones with lower confining pressure, leading to an increase in volume. However, at higher confining pressure, the development of microcracks is restricted, resulting in a relatively small expansion phenomenon. With the growth of confining pressure, the yield strength of weakly cemented sandstone gradually decreases, and the yield strain gradually increases. The elastic modulus and Poisson’s ratio of FWCS also vary under different confining pressures.
Triaxial unloading deviatoric stress–strain (axial, lateral, and volumetric) curves of FWCS with different initial confining pressures are shown in Figure 4.
[image: Graph showing stress-strain curves at 3 MPa, 6 MPa, and 10 MPa, depicted in black, red, and blue respectively. The x-axis represents strain percentage, while the y-axis indicates stress in megapascal (MPa). Curves show deformation behavior up to an inflection point marked in the graph, highlighted by a yellow arrow.]FIGURE 4 | Triaxial unloading deviatoric stress–strain curve of FWCS.
FWCS, under various confining pressures, exhibits distinct brittle failure characteristics. As the test proceeds, the axial and lateral strain increase, and the body strain shifts from positive to negative. Before unloading, sandstone undergoes an elastic–plastic stage, during which the main fracture is gradually closed and compressed, and the secondary fracture forms in the plastic stage. The lateral strain increases rapidly, and the bulk strain decreases. The higher the confining pressure is, the more pronounced the inhibitory effect on secondary cracks becomes. At the onset of unloading, axial, lateral, and volumetric strains all present different “inflection points,” with those of lateral strain and volumetric strain being more evident. The lateral and bulk strain curves are relatively prominent, and the lower the confining pressure, the more conspicuous the decrease. Additionally, the lateral deformation of the rock sample increases rapidly at the beginning of confining pressure relief, and the bearing capacity of the rock sample decreases sharply when its strength exceeds the peak value of the principal stress difference. Taking the initial confining pressure of 6 MPa as an example, when the peak value of the principal stress difference is exceeded, the principal stress difference decreases directly from 48 MPa to 13 MPa, and the corresponding lateral strain value increases from −0.5% to −1.8%. The volume strain value increases from −0.4% to −2.6%, and the dilatation characteristics of rock samples are notable, indicating that the confining pressure relief of the unloading shaft before the peak accelerates the deformation and failure of rock samples. With axial loading and unloading of the confining pressure, the deviational stress gradually increases and reaches the ultimate bearing strength, the higher the initial confining pressure, the greater the ultimate bearing strength. Subsequently, the stress decreases significantly, the deviational stress decreases rapidly, the rock sample softens rapidly, the bearing capacity decreases rapidly, and the expansion volume continues to increase. After the peak strain, the rock sample loses its bearing capacity. The higher the residual confining pressure, the greater the inhibitory effect on the propagation of secondary cracks, the smaller the peak strain, and the greater the residual strength.
The stress–strain (axial and bulk) curves of conventional triaxial compression tests and triaxial unloading confining pressures of FWCS under different initial confining pressures are shown in Figure 5.
[image: Two graphs depicting stress-strain relationships under different pressures (3 MPa, 6 MPa, and 10 MPa) for conventional triaxial and triaxial unloading tests. Graph (a) shows strain versus deviatoric stress, while graph (b) displays axial strain versus deviator stress, both featuring curves in black, red, and blue for different pressures.]FIGURE 5 | Stress–strain (axial and bulk) curves of conventional triaxial compression tests and triaxial unloading confining pressures: (A) Stress–strain (bulk) curve and (B) stress–strain (axial) curve.
The stress–strain (axial) curve of FWCS under the conventional triaxial compression test and triaxial unloading test at different initial confining pressures shows a consistent trend during the initial densification stage.
Under conventional triaxial conditions, with increases in the initial confining pressure, the axial strain values increase, respectively, from 0.38%, 0.47%, 0.55%–0.52%, 0.69%, and 0.77%. The volume strain values increase, respectively, from −0.75%, −0.2%, −0.15% to −3.68%, −3.25%, and −3.1%. Additionally, with the increase in axial stress, the stress–strain relationship of the rock turns non-linear, and the axial curve begins to bulge and tends to be horizontal. The main reason for non-linear deformation is the formation and development of micro-cracks in the rock. Meanwhile, the lateral strain increases rapidly and dominates, causing the rock to expand.
Under the triaxial unloading confining pressure condition, the strain curve of the rock sample exhibits a stress decrease with a small amplitude, and the axial strain of the rock sample does not vary significantly. This occurs because when the confining pressure is released, the control mode switches to maintain displacement, which, in turn, reduces the axial pressure and the principal stress difference of the rock sample. The lower the initial confining pressure, the more pronounced the stress decrease in the stress–strain curve. During the unloading stage, as the confining pressure continuously decreases, the deviatoric stress increases again. Although the axial strain remains essentially unchanged, a slight reduction in the confining pressure leads to a rapid increase in the volumetric strain. The confining pressure continues to decrease until the rock sample exceeds the peak point. At this stage, the bearing capacity of the rock sample decreases rapidly, the rock sample expands vigorously along the unloading direction, the rock sample strain surges, and the axial strain values increase, respectively, from 0.33%, 0.43%, 0.35%–0.72%, 1%, and 0.6%. The volumetric strain values increase, respectively, from −0.25%, −0.5%, 0.1% to −4.4%, −2.75%, and −2.25%. The rock samples expanded sharply along the unloading direction, and the brittle failure characteristics were more pronounced than those of conventional loading tests. When the peak strain is reached, the rock sample loses its bearing capacity.
3.2 Analysis of the failure strength characteristics of triaxial unloading
According to the above analysis, in the loading state, the stress of the rock gradually increases to its peak strength and failure occurs, while in the unloading process, the deviational stress of the rock does not reach its peak strength. In order to quantitatively analyze the influence of triaxial unloading on the strength characteristics of FWCS, Mohr-Coulomb strength criterion was used to determine the strength parameters, and the obtained results were shown in Table 1. Among them, the peak strength level of rock failure during unloading is expressed by the ultimate bearing strength σp.
TABLE 1 | Conventional triaxial compression test and triaxial unloading confining pressure strength characteristic value of FWCS.
[image: A table compares stress states in conventional triaxial and triaxial unloading tests. It lists peak, unloading, failure, and residual stresses in megapascal, cohesive force in megapascal, and internal friction angle in degrees. Conventional triaxial has higher peak stresses and cohesive force, while triaxial unloading shows lower values but a higher internal friction angle of forty-one compared to thirty-nine.]It can be observed from the data in Table 1 that the strength of FWCS along three axial confining paths under different initial confining pressures shows an obvious confining effect. The confining amounts under 3 MPa, 6 MPa, and 10 MPa confining pressures are 53.6%, 44.2%, and 44.9%, respectively. According to the state of residual stress, the residual stress of the rock sample under the triaxial unloading path is the smallest, which indicates that the plastic deformation of the rock sample under this path is larger..
Compared with the conventional triaxial compression tests, the cohesion of the triaxial unloading rock sample decreases by approximately 27%, while the internal friction angle increases by approximately 5.1%. The greater the cohesion, the stronger the tensile resistance of the rock; the greater the internal friction angle, the stronger the shear resistance of the rock and, the more stable the rock.
3.3 Analysis of the deformation characteristics of triaxial unloading
In order to quantitatively analyze the deformation characteristics of rock samples under triaxial loading, the axial and volumetric strain data of each initial confining pressure of FWCS under different stress paths are shown in Table 2.
TABLE 2 | Deformation parameters under various stress paths of FWCS.
[image: Table comparing conventional triaxial and triaxial unloading tests. It shows peak stress in megapascals and strain percentages at unloading and failure. Conventional triaxial peak stresses are 55.29, 66.11, and 78.53, with strains at failure of 0.46, 0.57, and 0.61 percent ε₁, respectively. Triaxial unloading peak stresses are 43.5, 58.1, and 78.0, with strains at unloading of 0.28, 0.30, and 0.36 percent ε₁, and failure strains of 0.33, 0.42, and 0.38 percent ε₁, respectively.]It can be observed from Table 2 that the axial and lateral strains of rock samples under the unloading stress path are smaller than those under the loading stress path, indicating a reduction in the deformation resistance of rocks. Moreover, it is observed that as the initial confining pressure decreases, the axial strain of rock samples during conventional triaxial failure increases, while the lateral strain during both triaxial unloading and conventional triaxial failure decreases. In terms of triaxial unloading, it is noted that the applied peak axial stress does not reach the ultimate strength capacity of rocks. Additionally, lower initial confining pressures result in smaller applied peak axial stresses and reduced susceptibility to failure for rock samples. As confinement progresses, internal cracks within rock samples fully develop, leading to larger lateral strains.
3.4 Macro-meso failure mechanism of weakly cemented sandstone under triaxial unloading
3.4.1 Macro-failure characteristics
The failure characteristics of rock have an obvious correlation with the stress path, and the failure forms of different stress paths are different. The macro-failure patterns of weakly cemented sandstone in triaxial unloading and conventional triaxial are shown in Figure 6.
[image: Four grayscale images of concrete samples with red lines marking paths of visible cracks. Labels on the samples are: (a) "S-10 2", "S-10", "S-10 1"; (b) "S-X", "S-X", "S-X B". Each image shows a distinct pattern of crack propagation.]FIGURE 6 | Macro-failure characteristics of FWCS: (A) conventional triaxial and (B) triaxial unloading.
As shown in Figure 6, there is a main fracture and no incomplete fracture on the surface of the specimen in the triaxial unloading test. The rock specimen exhibits shear failure as the dominant mode, with the shear characteristics being more obvious. When the initial confining pressure is 3 MPa, the main fracture penetrates both ends of the rock specimen. As the initial confining pressure increases, the main fracture no longer penetrates both ends of the rock specimen, and the left and right parts of the main fracture surface are obviously dislocated. Similar to the conventional triaxial test, a large amount of rock powder and a small amount of rock fragments are attached to the main fracture surface, but the rock powder and rock fragments in the triaxial unloading test are more than those in the conventional triaxial test. The higher the initial confining pressure, the more rock powder and rock fragments on the fracture surface. The reason for this phenomenon is that during the continuous axial loading process, the confining pressure decreases, which is equivalent to the lateral tension applied to the rock specimen; as the lateral inhibition to the rock specimen weakens, the friction between particles decreases, making it easier for the particles on the fracture surface to fall off. Furthermore, the expansion phenomenon gradually intensifies as the lateral inhibition weakens. Similar to the conventional triaxial test, the angle between the main fracture surface and the axis of the rock specimen increases with the initial confining pressure. However, under the same initial confining pressure, the angle between the main fracture surface and the axis of the rock specimen in the triaxial unloading test is smaller than that in the conventional triaxial test, and the brittle failure characteristics of rock in the triaxial unloading test are more pronounced than those observed in the conventional triaxial test.
In the triaxial unloading test, the corresponding maximum principal stress σ1 increases continuously, and the minimum principal stress σ3 decreases continuously due to continuous axial loading and lateral unloading. According to the Mohr–Coulomb yield criterion, the center of Mohr’s circle is (σ1+σ3)/2, and the radius is (σ1-σ3)/2. As shown in Figure 7, because the unloading rate of the confining pressure is less than the axial loading rate, the center of Mohr’s circle gradually shifts to the right. However, the radius of Mohr’s circle increases rapidly. Thus, the yield limit is reached quickly, and the rock specimen showed brittle tensile-shear failure. The higher the initial confining pressure, the greater the residual confining pressure and the stronger the inhibition effect on the lateral deformation of the rock specimen. Therefore, the higher the initial confining pressure, the less obvious the tensile failure characteristics of the rock specimens.
[image: Graph illustrating stress-strain behavior with concentric semicircles representing loading and unloading states. A red line indicates the conventional limit state, and a blue line shows the unloading limit state. Axes are labeled with \(\sigma\) and \(\tau\).]FIGURE 7 | Triaxial unloading stress state diagram.
3.4.2 Meso-failure characteristics
The deformation and failure of rock materials are products of microcrack evolution (Wang S. et al., 2020). From the point of view of fracture mechanics, the formation of macroscopic failure surfaces of rock is mainly due to the drive of external load and the generation and expansion of internal cracks and their interaction. The meso-fracture morphology can qualitatively reflect the meso-failure mechanism of rock (Fu et al., 2022; Wu et al., 2020; Niu et al., 2021). Typical fractures under different paths are shown in Figure 8.
[image: Four-panel composite depicting micrograph images of rock samples under different confining pressures. (a) Shows images at pressures of 3, 6, and 10 MPa with intergranular and transgranular fractures highlighted. (b) Displays images with pressures of 3, 6, and 10 MPa, indicating features like main cracks, shear steps, and pores. Yellow and red circles mark the features, with varying magnifications displayed.]FIGURE 8 | Meso-fracture morphology of FWCS: (A) conventional triaxial and (B) triaxial unloading.
As shown in Figure 8, the meso-fracture morphology of triaxial unloading and conventional triaxial have some similarities, showing areas that are locally flat and locally rough, and because of the existence of the primary pores, cracks, and the shear slide friction of the rock specimen, some particles fall off and break, creating local unevenness and causing the rock particles to attach to the surface.
For triaxial unloading, when the initial confining pressure is 3 MPa, the meso-fracture of FWCS is mainly intergranular, with localized transgranular fractures. Because of the low confining pressure, the pores inside the rock are relatively large, resulting in shear slip cracks, with shear failure characteristics being obvious. Shedding particles and debris are present in the main crack, and a few cracks are perpendicular to the main crack, indicating that tensile failure in the main crack is accompanied by shear failure during unloading. When the initial confining pressure is 6 MPa, many intergranular fractures are randomly distributed around the main crack; these intergranular fractures only produce cracks due to the longitudinal adhesion of some particles. Some particles fall off and fill the main crack due to the weak longitudinal bonding force between particles, and there are transgranular fractures in some places. The tensile failure characteristics still exist. When the initial confining pressure is 10 MPa, intergranular fractures are clearly visible, higher pressure aggravates the particles falling off. A transgranular fracture refers to a fracture mode in which the crack spreads through the grain inside the crystal in the form of tearing. A intergranular fracture is a type of the fracture mode in which the crack expands along the grain boundary when the material is fractured. Several cracks are perpendicular to the main fracture surface, indicating that during unloading, tensile failure within the main fracture surface transitions to shear failure. This further confirms a shear-dominated, shear-tensile combined failure mechanism. Under low magnification, a “Basin” structure appears locally, with numerous pieces of debris of different sizes. Under high magnification, a step pattern can be clearly observed, the width of the main crack increases, corresponding to the dislocation of the fracture surface, while secondary cracks are not developed, and the tensile failure characteristics are not obvious.
With an increase in the initial confining pressure, the tensile failure characteristics of rock specimens gradually weaken. The transgranular failure effect also gradually weakens except for the main crack, and the amount of rock debris and rock particles increase gradually. In addition, there are some differences between triaxial unloading and conventional triaxial tests. Under the same (initial) confining pressure, the size of debris and particles attached to the conventional triaxial meso-surface is smaller than that in the triaxial unloading test. As the confining pressure decreases, the interlocking and cementation strength between particles weakens, making it more prone to large rock debris spalling. Furthermore, no main cracks are found on the conventional triaxial meso-surface, while unloading causes the meso-structure to be more prone to large-scale, connected failures.
Combined with the macro-failure analysis, the rock samples under triaxial unloading show a tensile-shear failure form under low initial confining pressure in a macro-view, which gradually transforms into shear-tensile failure as the confining pressure increases. This indicates that the shear failure is closely related to the transgranular fracture of rock, while the tensile failure is closely related to the intergranular fracture. After unloading to a certain extent, when the shear-tensile stress in the rock sample exceeds the maximum tensile stress that the rock particle bonding and the ice crystal itself and the contact surface can withstand, cracks commence and spread gradually. At this point, lateral deformation increases rapidly, which eventually leads to the brittle failure of the rock sample. The mesoscopic rock debris corresponds to the rock powder and fragments found on the macro-fracture surface.
4 TRIAXIAL UNLOADING STRENGTH CHARACTERISTICS AND CRITERION OF FROZEN WEAKLY CEMENTED SANDSTONE
4.1 Triaxial unloading strength characteristics of frozen weakly cemented sandstone
The stress value of FWCS is shown in Table 3.
TABLE 3 | Stress value of FWCS.
[image: Table showing stress data in megapascals (MPa) across four columns: Peak stress, Unloading stress, Failure stress, and Residual stress. Rows display values for different stress components (\(σ_p\), \(σ_3\), \(σ_1\), \(σ_u\)), with values ranging from 3 to 78 MPa.]As shown in Table 3, σu < σp, which proves that confining pressure unloading reduces the bearing capacity of rock, making rock specimens more susceptible to destruction (Hu et al., 2022); this defines the unloading stress ratio λi. This is shown in Equation 1.
[image: Mathematical equation: \(\lambda_i = \frac{\sigma_{ilu}}{\sigma_{ilc}} \times 100\% \, (i = 1, 3)\).]
where λi, σi|u, and σi|c are the unloading stress ratio, principal stress of triaxial unloading of rock failure, and principal stress of conventional triaxial of rock failure, respectively; when subscript i is 1, it represents the maximum principal stress, and when i is 3, it represents the minimum principal stress. The unloading stress ratio under different initial confining pressures can be obtained, as shown in Table 4.
TABLE 4 | Unloading stress ratio of FWCS.
[image: Table showing unloading stress ratios for different initial confining pressures in megapascals (MPa). At pressures of 3, 6, and 10 MPa, lambda 1 values are 87.66%, 82.17%, and 74.01%, respectively. Lambda 3 values are 46.33%, 55.83%, and 55.10%, respectively.]The data in Table 4 are plotted and fitted to obtain Figure 9.
[image: Graph showing the relationship between initial confining pressure (MPa) on the x-axis and lambda values (%) on the y-axis. Two curves, \( \lambda_1 \) in black and \( \lambda_2 \) in red, represent different fitting curves. The black curve decreases linearly, while the red curve has an exponential fit, leveling off. Mathematical equations for each curve's fit are displayed, with \( R^2 \) values indicating goodness of fit.]FIGURE 9 | Unloading stress ratio of FWCS.
It can be observed that there is an exponential function relationship between the initial confining pressure and the unloading stress ratio. According to the fitting relationship, as the initial confining pressure increases, the maximum principal stress of unloading decreases, and the minimum principal stress ratio of unloading increases.
For FWCS, the following relationship exists.
[image: Mathematical expression showing two equations for stress calculations with \( \sigma_{1i} \) and \( \sigma_{3lr} \) in terms of variables and constants, including exponential functions and specific coefficients.]
Extending Equation 2 to other types of FWCSR, we obtain
[image: Mathematical expressions with two equations. Top equation: \(\sigma_{11} = \sigma_{f} [A \exp (\sigma_{m} / B) + C]\). Bottom equation: \(\sigma_{11f} = \sigma_{11i} [D \exp (-\sigma_{11i} / E) + F]\). Labeled as equation three.]
In Equations 2, 3, σu is the ultimate triaxial unloading bearing strength; σp is the peak strength of conventional triaxial loading; σ3|r and σ3|i are triaxial unloading residual confining pressure and initial confining pressure, respectively; A, B, C, D, E, and F are the parameters related to the test, respectively.
4.2 Triaxial unloading strength criterion of frozen weakly cemented sandstone
Assuming that the maximum principal stress is σi1 and the corresponding minimum principal stress is σi3 when rock failure occurs, the abscissa of the center and the radius of any Mohr’s circle are as follows in Equation 4:
[image: Mathematical equations show \( M_i = (\sigma_{11} + \sigma_{33}) / 2 \) and \( R_i = (\sigma_{11} - \sigma_{33}) / 2 \), labeled as equation four.]
where Mi and Ri are the abscissa of the center and the radius of any Mohr’s circle, respectively. Two Mohr’s circles and their common tangent should be drawn as shown in Figure 10.
[image: Diagram depicting Mohr’s circle for stress analysis, showing two circles with radii \( R_j \) and \( R_k \), centered along the \(\sigma\) axis. The line \( L' \) intersects both circles, and angle \(\theta\) is highlighted. Points \( P_j(X_j,Y_j) \) and \( P_k(X_k,Y_k) \) are indicated on the circles. The axes represent \(\tau\) and \(\sigma\).]FIGURE 10 | Common tangent and tangent point coordinates of arbitrary two Mohr’s circles.
In Figure 10, Pj (Xj, Yj) and Pk (Xk, Yk) are tangent points on any two non-nested Mohr’s circles and L′ is the common tangent. According to the geometric relationship, Equation 5 can be written as follows:
[image: Mathematical equations showing two sets of expressions: X sub j equals M sub j minus R sub j sine theta, Y sub j equals R sub j cosine theta, and X sub k equals M sub k minus R sub k sine theta, Y sub k equals R sub k cosine theta.]
Among them,
[image: The equation shown is: sine theta equals R subscript k minus R subscript l divided by M subscript k minus M subscript l, labeled as equation six.]
Equation 5 can be written as
[image: Mathematical equations defining variables \( X_j, Y_j, X_k, Y_k \) with trigonometric and arithmetic expressions involving variables \( M_j, M_k, R_j, R_k, R_i \). Equations utilize functions such as cosine and arcsine. Numbered as equation (7).]
Combining Equations 6, 7, in the case of obtaining two groups of maximum and minimum principal stresses when rock specimens are destructed, the inclination angle, tangent point coordinates, and the expression of common tangent line can be obtained. Assuming that there are k (k ≥ 2) groups of Mohr’s circles, the number of common tangent points on any two Mohr’s circles can be obtained as shown in Equation 8.
[image: It seems you referenced an image, but there might be a problem with the upload. If you tried to include an image, please upload it again. If you provide a description or context, I can help generate suitable alt text.]
where N and C are the number of common tangent points on any two Mohr’s circles and combination operation symbol, respectively. Assuming the fitting relationship of the strength envelope for the triaxial unloading test of the FWCS is an n-order polynomial, it can be expressed as the Equation 9
[image: Mathematical formula displaying a polynomial function \( \Psi(X) = \zeta_0 + \zeta_1 X + \zeta_2 X^2 + \cdots + \zeta_n X^n \), represented as a sum \( \sum_{j=0}^{n} \zeta_j X^n \).]
where ψ represents the shear stress τ, X represents the principal stress σ, and ζi (i=1, 2, 3, … , n) is the regression coefficient. According to the least-squares principle (Zeng, 2018),
[image: A mathematical formula representing a function \( J(\zeta_0, \zeta_1, \zeta_2, \ldots, \zeta_n) \) is given. It includes a double summation: the outer summation from \( j = 1 \) to \( N \) and the inner summation from \( i = 0 \) to \( n \) of \( (\zeta^i - y_i) \). The equation is labeled as equation (10).]
Solving partial derivative of Equation 10,
[image: The image shows a partial derivative equation involving a function J, represented as ∂J/∂xᵢ. It includes a summation over N and n terms with variables x and y, and equates to zero for indices i from zero to n.]
Let
[image: Mathematical equations for two variables \(a\) and \(b\). The first equation is \( l_{ab} = \sum_{j=1}^{N} y_{j} x_{j}^{a+b} \). The second equation is \( q_{a} = \sum_{j=1}^{N} y_{j} x_{j}^{a} \). Here, \(a\) and \(b\) range from 0 to \(n\).]
Combining Equations 11, 12, it is expressed in the matrix form as follows:
[image: Matrix equation involving vectors and matrices. The vector \( \zeta \) on the left is represented as a column of values \(\zeta_0, \zeta_1, \ldots, \zeta_n\) equal to the matrix product of two matrices on the right. The first matrix contains values \( q_0, q_1, \ldots, q_n \) in a column. The second matrix is an inverse matrix containing values \( l_{00}, l_{01}, \ldots, l_{0m}; l_{10}, l_{11}, \ldots, l_{1m} \) down to \( l_{n0}, l_{n1}, \ldots, l_{nm} \). Equation number (13) is referenced.]
The envelope curve of any n-order polynomial can be fitted by Equation 13. Based on the data in Table 1, all the tangent points of Mohr’s circles of the three sets of rock specimens are calculated as follows:
[image: A three-by-two matrix containing six coordinate pairs: (6.72, 12.82), (6.43, 12.53), (10.06, 16.15), (9.70, 15.78), (13.87, 20.12), and (13.42, 19.66). Labeled with equation number fourteen on the right.]
For the triaxial unloading test of FWCS, the non-linear Mohr–Coulomb strength criterion such as power function type, parabolic function type, and logarithmic function type are used for fitting.
4.2.1 Power function strength criterion
The fitting expression of the single parameter power function strength criterion can be expressed as the Equation 15 (Zhang and Yu, 2020)
[image: Mathematical equation displaying a function \( \Psi(x) = \zeta_{n} + \zeta x^{103.5} \).]
Let X0.75=K; after the linear transformation of the matrix (Equation 14), ζ0 = 2.69 and ζ1 = 2.41 can be obtained according to the method described in Section 4.2. So, the power function strength criterion expression can be expressed as the Equation 16
[image: It appears that you included a formula, but no image was uploaded. Please provide an image file or a URL, and I will help you generate the alternate text.]
4.2.2 Parabolic function strength criterion
Referring to the single parameter parabolic strength criterion (Bieniawski, 1974), the fitting expression of the parabolic function strength criterion can be expressed as the Equation 17
[image: It seems you uploaded text instead of an image. If you meant to provide an image, please upload it, and I can help generate the alternate text for it.]
After the linear transformation of the matrix (Equation 14), ζ0 = −7.359, ζ1 = 1.175, and ζ2 = −0.00598 can be obtained according to the method described in Section 4.2. Thus, the parabolic function strength criterion expression can be expressed as the Equation 18
[image: Certainly! Please upload the image or provide a URL, and I will generate the alt text for you.]
4.2.3 Logarithmic function strength criterion
The fitting expression of the logarithmic function strength criterion can be expressed as the Equation 19 (Shi et al., 2015)
[image: Mathematical formula displaying \(\psi(X) = \zeta_0 + \zeta \ln X\), with equation number 19.]
Let lnX = W, after the linear transformation of the matrix (14), ζ0 = −5.99 and ζ1 = 9.80 can be obtained according to the method described in Section 4.2. Thus, the logarithmic function strength criterion expression can be expressed as the Equation 20
[image: It seems like you've provided a mathematical expression instead of an image. Please upload an image file or provide a URL for me to generate alternate text.]
4.2.4 Strength criterion evaluation
The standard deviation SD of the fitting envelope is used to evaluate the error of the strength criterion. The standard deviation calculation formula can be expressed as the Equation 21
[image: Standard deviation formula with the square root of the sum of squared differences between actual values \(Y_i\) and predicted values \(\hat{Y}_i\), divided by the number of observations \(N\).]
where Yj, Ŷj, and N are the vertical ordinate of the tangent point of common tangent, the vertical ordinate corresponding to the abscissa of the tangent point in each strength criterion fitting curve, and the total number of tangent points, respectively. To determine the reliability of the test data, the mean square error Ŝ of all tangent points on any Mohr’s circle can be calculated as follows in Equation 22:
[image: Equation for standard error of the estimate, represented as S-hat. It equals the square root of the sum of squared differences between actual values (Y sub i) and predicted values (Y-hat sub i), divided by n, where n is the number of observations. The equation is numbered 22.]
where Yi, Ŷi, and n are the vertical ordinate of the tangent point of common tangent, the vertical ordinate corresponding to the abscissa of the tangent point in each strength criterion fitting curve, and the total number of tangent points on any Mohr’s circle, respectively. The test data are proved reliable if Ŝ<1.8 SD (Guo et al., 2020). The standard deviation SD and mean square error Ŝ of the non-linear strength criterion fitting curve are shown in Table 5.
TABLE 5 | Standard deviation and mean square deviation of non-linear strength criterion fitting curve.
[image: Table displaying strength criteria with values for three functions at different stress levels in MPa (megapascals). For 3 MPa: Power (0.089), Parabolic (0.195), Logarithmic (0.170). For 6 MPa: Power (0.156), Parabolic (0.205), Logarithmic (0.728). For 10 MPa: Power (0.089), Parabolic (0.213), Logarithmic (0.219). Standard deviation values are: Power (0.116), Parabolic (0.204), Logarithmic (0.450).]It can be observed from Table 5 that three non-linear strength criteria satisfy Ŝ <1.8 SD, which proves that the test data are very reliable. In the case of confining pressure of 3 MPa, the mean square error of the logarithmic function is slightly smaller than that of parabolic function. In other cases, given standard deviation or mean square error, the power function is the smallest, the parabolic function is the second, and the logarithmic function is the largest, which indicates that the power function strength criterion is the best criterion for the triaxial unloading failure of FWCS.
5 CONCLUSION
In this paper, the triaxial unloading test is carried out with FWCS as the research object. The stress–strain evolution of FWCS under triaxial unloading is clarified, and the macro-meso failure mechanism of FWCS under triaxial unloading is revealed. The strength criterion of FWCS is constructed and optimized by the least squares method, and the following conclusions are obtained:
	(1) The axial, lateral, and volumetric strains bend to different degrees because of confining pressure unloading. The stress–strain curve is no longer smooth, and the lateral expansion and volume expansion are obvious. The larger the initial confining pressure, the smaller the peak strain, and the greater the ultimate bearing strength and residual strength. Compared with the conventional loading peak strength, the higher the initial confining pressure, the greater the difference between the ultimate bearing strength and the peak strength.
	(2) The meso-failure of the specimen is mainly characterized by intergranular and transgranular fractures, with the intergranular fracture being dominant, and there are a lot of particles and rock debris on the meso-fracture surface. The lower the initial confining pressure, the more obvious the transgranular fracture and the tensile characteristics. With an increase in the initial confining pressure, transgranular fractures gradually decreased, tensile characteristics weakened, and debris and particles on the meso-fracture surface gradually increased. Under the condition of low initial confining pressure, the mesoscopic tensile failure characteristics make the specimen show tensile-shear failure, and the main fracture penetrates both ends of the rock specimen. With an increase in the initial confining pressure, the mesoscopic tensile characteristics weaken, so the macro-failure of the rock gradually transforms into shear-tensile failure, and rock debris and particles are macroscopically manifested as rock powder and rock fragments.
	(3) With an increase in the initial confining pressure, the unloading maximum principal stress ratio decreases and the unloading minimum principal stress ratio increases. The relations between σu, σp, σ3|i, and σ3|r are constructed, and the applicability of the power function, parabolic function, and logarithmic function strength criterion for triaxial unloading of FWCS is analyzed. The results show that the power function strength criterion can best reflect the triaxial unloading mechanical properties of frozen weakly cemented sandstone.
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Seismic stability of soil slopes is a critical issue within engineering geology, with a particular emphasis on understanding how geosynthetic strength indicators influence the stability of reinforced slopes. This paper employs the limit equilibrium method, in conjunction with the log spiral curve model, to evaluate the seismic stability of reinforced soil slopes considering varying pullout strength indicators. The proposed method is verified by comparing with a same case in the corresponding reference. Then, effects of the non-uniform pullout strength distribution on the seismic reinforcement of slopes is revealed theoretically by changing parameters such as slope angles, friction angles of fill soils, and design length of geosynthetics. The results indicated that when lengths of the geosynthetics are reduced, the seismic yield accelerations calculated using the ultimate bearing capacity is significantly smaller than that obtained using the ultimate pullout strength. It is suggested that the nonuniform pullout strength distribution should be taken into consideration to ensure the stability of slopes under seismic actions. Additionally, this study provides new perspectives and methods for the theoretical study and engineering application of geosynthetic reinforcement techniques.
Keywords: soil slopes, seismic stability, limit equilibrium method, pullout strength of geosynthetics, log spiral curve model

1 INTRODUCTION
The seismic stability of soil slopes is a critical concern in geotechnical earthquake engineering. Among the various techniques for stabilizing slopes, soil reinforcement, particularly with geosynthetics, is widely recognized as a cost-effective and efficient method [1–5]. Consequently, understanding the behavior of reinforced soil slopes under seismic loading is essential for improving design and performance.
Research conducted post the 1999 Chi-Chi earthquake highlighted that reinforced soil structures outperformed those without reinforcement. Subsequent evaluations of seismic designs have been conducted through earthquake case studies and laboratory tests [6, 7]. Research by Perez and Holtz [8] revealed that reinforcement spacing, and length significantly influence the yield acceleration of reinforced slopes, while [9] identified embankment density and reinforcement stiffness as key factors in seismic performance. Laboratory studies showed that reinforced soil slopes exhibit higher natural frequencies than unreinforced slopes [10]. Hazari et al. [11] further confirmed, through laboratory and numerical studies, that soil reinforcement reduces both deformations and acceleration response, with geogrids being identified as one of the best reinforcements for slope stabilization [12]. Further, shaking table tests by Huang et al. [13] underscored the critical importance of reinforcement tensile strength in determining yield acceleration, while Zeng et al. [14] conducted large-scale tests to analyze pullout forces and methods to enhance geogrid reinforcement performance.
Yazdandoust [15] determined the equivalent seismic coefficients for pseudo-static analysis of reinforced soil structures based on shaking table tests, comparing them with current specifications. Patra and Shahu [16] conducted a pseudo-static analysis of a reinforced soil wall, examining the effects of horizontal seismic coefficients, backfill properties, and wall geometry. Sarbishei and Fakher [17] proposed a new dynamic model using the pseudo-static method and the horizontal slice method, estimating acceleration distribution along the wall height by applying the principle of minimum potential energy. To address the limitations of the pseudo-static method, Steedman and Zeng [18] introduced the pseudo-dynamic method in 1990, offering a more accurate representation of earthquake dynamics. Basha and Babu [19] applied this method to optimize the design of reinforced soil structures under bi-directional sinusoidal waves. Yan et al. [20] used the pseudo-dynamic method with limit analysis to assess the stability of reinforced soil slopes during earthquakes, incorporating dynamic variations in anchor cable axial forces, which yielded a larger dynamic safety coefficient and smaller variation compared to methods that ignore these variations. Ruan and Sun [21] employed the pseudo-dynamic method to calculate the safety factor for reinforced soil walls under seismic conditions.
Many reinforced soil slopes have failed under earthquake-induced vibrations in recent years, with pullout failures being particularly common [22, 23]. Current specifications [24, 25] often do not account for the impact of pullout failures on the internal stability of reinforced soil slopes. Moreover, the distribution of reinforcement pullout resistance during seismic events is non-uniform, complicating stability evaluations. This paper introduces a seismic stability evaluation method for reinforced soil slopes, incorporating the limit equilibrium and log-spiral failure mechanisms and accounting for varying pullout resistance indices. Case studies validate the proposed method, and the effects of reinforcement arrangement, pullout strength distribution, and total pullout resistance on seismic yield acceleration and overall stability are analyzed.
2 REINFORCEMENT EVALUATION METHOD AND VERIFICATION
The limit equilibrium method posits that soil behaves as an ideal rigid-plastic material, verifying its assumptions against a defined failure surface. In the assessment calculations for reinforced soil slopes, it is assumed that both the soil and geosynthetics reach a limit state. This international mainstream method is widely used in engineering applications due to its ease in establishing calculation models and considering the resistance strength provided by each layer of geosynthetics. Here, a rotational failure mechanism is adopted, assuming that the slope sliding surface is a logarithmic spiral curve. Based on the limit equilibrium method, the soil slope reinforced with geosynthetics satisfies the moment equilibrium condition for the sliding body. In Figure 1, a calculation model for geosynthetic-reinforced slopes is established considering varies geosynthetics strength indices. This section focuses on the basic theoretical explanation and derivation using a single-layer reinforced soil slope.
[image: Graph illustrating geometric parameters with labeled points A, B, C, D, and E, connected by lines and arcs. Two angles, β_1 and β_2, and measurements like f_n and f_d are indicated. The curve between A and B is highlighted in red.]FIGURE 1 | A slope model based on log spiral slip surface.
The equation of the log spiral curve can be expressed as:
[image: Mathematical text showing two equations. The first equation is \( x = Ae^{\rho v} \). The second equation is \( y = \tan(\varphi) \).]
in which r represents the distance from the rotation center to any point on the sliding surface, A is the log spiral curve constant, β is the rotation angle from the rotation center to any point on the sliding surface, and φ is the internal friction angle of the soil.
According to Equation 1, the coordinates of any point on the sliding surface can be expressed as:
[image: Equations defining a parametric transformation: \( x = x_c + A e^{-w \beta} \sin \beta \) and \( y = y_c - A e^{-w \beta} \cos \beta \), labeled as Equation (2).]
Given the known angles β1 and β2, the coefficient A and the rotation center c coordinate expressions in Equation 2 can be obtained as follows (Equations 3, 4):
[image: Equation showing \( A = \frac{H}{e^{-v t_1} \cos \beta_1 - e^{-v t_2} \cos \beta_2} \).]
[image: Equations show an expression for \( x_e = -A e^{-m \theta} \sin \beta_1 \) and \( y_e = A e^{-m \theta} \cos \beta_1 \), labeled as equation (4).]
If the slope reaches a limit equilibrium state under the gravity and horizontal seismic force, the equilibrium equation can be obtained:
[image: Mathematical equation showing the sum of \( M_w \) and \( KM_2 \) is equivalent to the sum of \( M_t \) and \( M_r \), labeled as equation (5).]
In Equation 5, Mw is the moment of the soil’s gravity on the sliding surface, Ms is the moment of the horizontal seismic force (pseudo-static method), Mc is the resisting moment provided by the soil’s shear strength, and Mt is the moment of the geosynthetics’ resistance strength, respectively.
The moment Mw can be obtained by subtracting the moments M2 and M3 of gravities of triangles OCA and OCD from the moment M1 of sector OAD. The expression can be written as:
[image: Please upload the image or provide a URL for me to generate the alternate text.]
And the expressions for M1, M2, and M3 in Equation 6 are shown below:
[image: Mathematical expressions defining variables \( M_1 \), \( M_2 \), and \( M_3 \). Each expression involves trigonometric functions such as cosine and sine, with variables \(\beta\), \(x\), and \(y\), and constants like \(H\) and \(\pi\). Equation number (7) is indicated.]
By substituting the results in Equation 7 into Equation 6, the moment Mw can be obtained. The moment of the external force provided by the horizontal seismic acceleration can be expressed as:
[image: It seems there was an issue with displaying your image. Please upload the image file or provide a direct link so I can generate the appropriate alt text for you.]
In Equation 8, Ms1, Ms2, and Ms3 are expressed as:
[image: Complex mathematical formulas are displayed, containing variables such as \( M_{x1} \), \( M_{x2} \), and \( M_{x3} \) with exponents, trigonometric functions like sine and cosine, exponential terms, and other algebraic expressions. Each equation is dependent on parameters such as \( \beta \), \( \gamma \), \( H \), and constants. Equation (9) is labeled on the right.]
Similarly, the moment Ms can be obtained by substituting the results in Equation 9 into Equation 8
Following the assumption of the log spiral curve sliding surface, the normal stress σ and the shear stress component σtan(φ) on the sliding surface are directed towards the rotation center. Therefore, only the anti-slip effect of the shear stress component c needs to be considered when calculating the moment Mc. The expression of Mc is given in Equation 10 below.
[image: Equation labeled as number ten, showing \( M_c = -\frac{c\Lambda^2}{2\psi} \left( e^{-2\psi h_2} - e^{-2\psi h_1} \right) \).]
The expression for the moment Mt provided by each layer of geosynthetics is shown in Equation 11:
[image: Mathematical equation depicting \( M_t = \sum h_n(y_t - H + h_n) \) labeled as equation eleven.]
where tn is the pullout resistance provided by the geosynthetics.
In the past reinforced design and verification, the geosynthetics’ ultimate resistance strength tm is often used for calculation. But in actual applications, the actual pullout bearing capacity of the geosynthetics is not uniformly distributed from the front to the back end as shown in Figure 2. Due to the front-end pullout force of the geosynthetics with measures such as overturning and packaging, this paper only takes into consideration the characteristic of the reduction of the pullout bearing capacity at the end of the reinforcement geosynthetics.
[image: Graph depicting a time versus distance relationship, with three main segments: a horizontal line labeled \(t_m\), and two descending lines. Mathematical expressions are annotated: \(t_{po} = \gamma \tan i \alpha F^* (l_e)^2\) and \(t_{po} = 2 \gamma z \alpha F^* l_e\). The graph includes axes labeled \(t\) and \(l_e\).]FIGURE 2 | The resistance strength along the length of geosynthetic material.
In Figure 2, the envelope composed of the geosynthetics’ ultimate tensile strength tm and the bearing capacity tpo is the maximum envelope that can be provided by each point of the geosynthetics. When the sliding surface and the distribution of the geosynthetics are known, the position where the sliding surface passes through the geosynthetics can be determined through geometric relationships. And the maximum pullout force that the corresponding geosynthetics can provide in that case can be confirmed through the function tn. F∗ in Figure 2 is the pullout resistance coefficient, i.e., the interface friction coefficient, and α is the nonlinear distribution effect coefficient considering the interaction between the geosynthetics and the soil. The function tn can be expressed as in Equation 12:
[image: Please upload the image or provide a URL for it, and I will generate the alternate text based on that image.]
By combining the position yn of the geosynthetics with the log spiral surface equation, the specific position where the sliding surface passes through the corresponding geosynthetic can be obtained to determine the maximum pullout force. The following is the corresponding set of equations:
[image: Mathematical equations are shown. First equation: \( y_n = H - h_n \). Second equation set: \( x_n = x_c + Ae^{-n\theta} \sin \beta \); \( y_n = y_c - Ae^{-n\theta} \cos \beta \). Equation number (13).]
Substituting the above derived Equation 13 into Equation 5, the expression for theyield acceleration k under the corresponding state can be obtained as shown in Equation 14:
[image: The equation shows \( k = \frac{M_c + M_f - M_w}{M_f} \) followed by the number \( (14) \).]
Similarly, the safety factor Fs under static conditions can be given in Equation 15:
[image: Mathematical equation for component \( F_s \) is expressed as the sum of \( M_t \) and \( M_r \) divided by \( M_w \). The equation is labeled as formula number fifteen.]
Here, an example from Ling et al. [26] is used to verify the limit equilibrium method employed in this paper. The example model is a reinforced soil slope that is 6 m high with a slope ratio of 1:1, with a unit weight γ of 20 kN/m³ and a designed internal friction angle φ of 30°. According to the charts in Ling et al. [26], the total pullout resistance required from the geosynthetics in the reinforced zone is 32.4 kN/m. This strength is evenly distributed across the design tensile strength of each layer of geosynthetics, assuming uniform pullout strength at all points along the geosynthetics. The lengths of the geosynthetics L are 0.7 times the height H. By inputting the aforementioned parameters into the limit equilibrium method used in this section, the safety factor Fs of 1.02 is obtained, indicating that the method and algorithm program used in this paper are valid.
3 SEISMIC STABILITY REVIEW RESULTS OF THE REINFORCED SOIL SLOPE
Building on the above verification, and employing the seismic yield acceleration of the reinforced soil slope as a key metric, this study analyzes how the end decay of geosynthetics’ pullout strength impacts seismic stability across varying slope angles and soil fill conditions. This paper takes a reinforced soil slope with a height of 10 m as the basic model, with slope angles β of 45°, 60°, and 70°, and internal friction angles φ of the fill soil being 25°, 30°, 35°, and 40°. The designed ultimate pullout strength of a single geosynthetic is 100 kN/m, and there are 10 geosynthetics uniformly distributed within the slope. By using the proposed calculation method, the corresponding seismic yield accelerations for the slope under different design lengths of the geosynthetics are calculated, and the results are shown in the Figure 3.
[image: Three graphs compare ultimate tensile strength and pullout bearing capacity across varying L/H ratios. Graphs (a) and (b) display different load conditions with noticeable trends and specific angle notations like thirty-five degrees. Graph (c) shows similar comparisons with angle beta equals seventy degrees. Each graph uses black squares for tensile strength and red circles for bearing capacity.]FIGURE 3 | Yield accelerations obtained from different geosynthetic material properties. ((A) β=45°; (B) β=60°; (C) β=70°).
It can be seen in Figure 3 that the seismic yield accelerations of the reinforced slope remain constant and are not affected by the distribution characteristics of the geosynthetics’ pullout strengths when the geosynthetics are sufficiently long. But when the length is reduced, in some cases, using the bearing capacity ultimate pullout strength index for calculation may result in a significantly smaller seismic yield acceleration. Based on the calculation results of the various models, and considering the design length range of geosynthetics as L/H = 0.6 to 0.7, it is known that for the reinforced soil slope model with an internal friction angle φ of 30° and a slope angle of 60°, the decay of the pullout strength at the end of the geosynthetics has the greatest effect on the seismic yield acceleration. Therefore, this model is selected to analyze the effect of different numbers of geosynthetics on the seismic yield acceleration, under the conditions of controlling the total and the single pullout strength. The critical slip surface of the reinforced soil slope under different numbers of geosynthetics when L/H = 0.7 is shown in Figure 4, where the rectangle or trapezoid above the geosynthetics indicates the distribution of pullout strength at the corresponding point, with different indices showing different distributions, and the slip surface passing through the geosynthetics is marked with red dots.
[image: Three line graphs labeled (a), (b), and (c) displaying ultimate tensile strength and pullout bearing capacity as functions of n. Black squares represent tensile strength, and red triangles indicate pullout capacity. Each graph shows different parameter values for \(L/H\), suggesting varied trend patterns.]FIGURE 4 | Yield accelerations of different layer designs with the same strength for a single layer. ((A) L/H=0.6; (B) L/H=0.65; (C) L/H=0.7).
3.1 Effect of different indices when the pullout strength of a single geosynthetic is consistent
From Figure 4, one can find that under the condition of controlling the pullout strength of a single geosynthetic to be consistent, reducing the number of layers results in an obvious downward trend in the seismic yield acceleration. This means that reducing the arrangement of geosynthetics may decrease the seismic stability of the slope. Meanwhile, considering the decay of the pullout strength at the end of the geosynthetic, i.e., using the pullout bearing capacity for calculation and analysis, will yield a smaller result for the seismic yield acceleration compared to using only the geosynthetic’s ultimate pullout strength for calculation. That is, using the geosynthetic’s ultimate pullout strength for the seismic stability review of reinforced soil slopes will overestimate the seismic stability of the slopes. In this case, when L/H = 0.7, the difference between using the pullout bearing capacity limit and using the ultimate pullout strength is the most significant.
Figure 5 presents the critical slip surfaces of the reinforced soil slope calculated using the ultimate bearing capacity and the ultimate pullout strength of the geosynthetic, for different numbers of layers when L/H = 0.7. For the same number of layers, due to the decay of the pullout force at the end of the geosynthetic, the critical slip surface calculated using the ultimate bearing capacity is closer to the end of the geosynthetic compared to that calculated using the ultimate pullout strength. For different numbers of layers, the upper parts of the slip surface generally pass through the end of the upper geosynthetic.
[image: Twelve line graphs illustrate different values of n and ky, showing variations in data trends. Each graph is part of a three-by-four grid, highlighting different combinations: n equals 5 to 10 and ky ranges from zero point three zero to zero point eight six. Each subplot is labeled with corresponding parameters.]FIGURE 5 | Slip surfaces of different layer designs with the same strength for a single layer (L/H = 0.7).
To quantify the differences in the slip surfaces, this paper defines the total length of geosynthetics within the slip surface and the maximum single length as the effective total length and maximum effective length of geosynthetics, respectively. Figure 6 shows the effective total length and maximum effective length for corresponding lengths of each model in Figure 5. It can be seen from Figure 6 that when the number of layers is constant, the difference in the effective total length verified by the two indicators is small, but the difference in the maximum effective length is obvious. The maximum effective length verified by the ultimate bearing capacity is close to the designed length (7 m). When the number of layers is between 7 and 10, the maximum effective strength verified by the ultimate pullout strength is about 6.5 m, which is about 0.3 m less than that verified by the ultimate bearing capacity. As the number decreases below 7, the significant increase in the difference is most pronounced, where the discrepancy between the two indicators is 1.5 m at 5 layers.
[image: Two graphs depict the relationship between number \( n \) and effective length. Graph (a) shows total effective length increasing with \( n \) for ultimate tensile strength and pullout bearing capacity. Graph (b) shows maximum effective length that stabilizes as \( n \) increases, comparing the same two factors. Both graphs include parameters: \( \beta \) equals sixty degrees, \( H \) equals ten meters, \( \phi \) equals thirty degrees, \( \gamma \) equals twenty kilonewtons per cubic meter, \( L_0 \) equals zero point three meters, and \( t_0 \) equals one hundred kilonewtons per meter.]FIGURE 6 | (A) Total effective length; (B) Maximum effective length.
For the case when L/H = 0.6, where the same seismic yield acceleration is obtained using both the ultimate bearing capacity and the ultimate pullout strength, Figure 7 presents the corresponding slip surfaces. It can be observed that when n = 7 or 8, the shapes of the slip surfaces are identical, and they pass through the same position of the geosynthetic without being in the decay region at the end of the geosynthetic. Therefore, if the pullout force is provided by the ultimate pullout strength, the yield acceleration calculated by the proposed method is consistent. This indicates that the differences in results caused by the two indicators need to be considered for specific design lengths, that is, specific engineering cases must be analyzed to determine whether they need to be taken into account.
[image: Four side-by-side line graphs displaying step functions. The top row shows graphs labeled 1.a with n=7 and 2.a with n=8, while the bottom row shows 1.b with n=7 and 2.b with n=8. Each graph has an x-axis and y-axis with numerical labels, and the step patterns increase as n increases.]FIGURE 7 | The slip surface for cases with the same yield acceleration.
3.2 Effect of different indices when the total pullout strength is consistent
It can be seen from Figure 8 that a slower decreasing trend of the seismic yield acceleration of the slope occurs under the condition of maintaining consistent total pullout strength of the geosynthetics and reducing the number of layers. Meanwhile, the seismic yield acceleration using the ultimate bearing capacity for calculation is smaller compared to the results obtained by using the ultimate pullout strength. This means that using the ultimate pullout strength to verify the seismic stability of reinforced soil slopes will overestimate the seismic stability of the slopes. In this case, when L/H = 0.7, the difference between the results obtained using the two indicators is the most significant. When the length is 0.6H, and n = 7 or 8, the seismic yield acceleration calculated using the two indicators is consistent. Similar to the case of the ultimate pullout force of a single geosynthetic, the corresponding slip surfaces are identical, the positions where the slip surfaces pass through are the same, and the pullout strengths that the geosynthetic can provide at the corresponding positions are consistent.
[image: Three line graphs compare ultimate tensile strength and pullout bearing capacity across three different conditions. Graph (a) shows \( p = 60^\circ, H = 10 \text{ m}, \gamma = 10 \text{ kN/m}^3, q = 100 \text{ kN/m}^2 \). Graph (b) has a ratio \( L/H = 0.65 \). Graph (c) has a ratio \( L/H = 0.7 \). Each graph plots \( k_t (\phi) \) against \( n \), with ultimate tensile strength generally higher than pullout bearing capacity in all graphs.]FIGURE 8 | Yield accelerations of different layer designs with the same total strength. ((A) L/H=0.6; (B) L/H=0.65; (C) L/H=0.7).
Figure 9 presents the critical slip surfaces of reinforced soil slopes calculated using the ultimate bearing capacity and the ultimate pullout strength for different numbers of layers when L/H = 0.7. It can be seen that the positions that slip surfaces obtained using the ultimate bearing capacity pass through the upper geosynthetic is further-back. Figure 10 also provides the effective total length and maximum effective length corresponding to each model in Figure 9. It can be seen from Figure 10 that when the number of layers is constant, the effective total length verified by the two indicators is almost the same, and the difference in the maximum effective length is obviously less than the results obtained by controlling the ultimate pullout strength of a single geosynthetic. Moreover, the change in the number of layers has a smaller effect on the maximum effective length. The average result obtained from the ultimate pullout strength is 6.55 m, and that obtained using the ultimate bearing capacity is 6.78 m, with a difference of 0.23 m.
[image: Twelve graphs arranged in a 3x4 grid, each displaying a parametric plot with varying values of \(n\) and \(ky\). Each graph shows a series of lines that have a stepped appearance. The values of \(n\) range from 5 to 10, and \(ky\) values vary from 0.52g to 0.86g. Each graph is labeled incrementally (1a to 6b) with precise \(ky\) values, indicating a possible relation between steps and the parameters.]FIGURE 9 | Slip surfaces of different layer designs with the same total strength(L/H = 0.7).
[image: Two graphs comparing ultimate tensile strength and pullout bearing capacity. Panel (a) shows total effective length increasing linearly with the number of anchors. Panel (b) displays maximum effective length with slight variations as the number increases. Conditions in both graphs include beta equals sixty degrees, anchor height of ten meters, and resistances listed.]FIGURE 10 | (A) Total effective length; (B) Maximum effective length.
3.3 Effect of different indices when the arrangement is consistent
When the strength of a single geosynthetic is consistent with the total strength, the effect of the two indicators is mainly reflected in the difference in seismic acceleration. And changing the number of layers has little effect on the shape and size of the slip surface. Here a reinforced soil slope model with an internal friction angle φ of 30° and a slope angle of 60° is selected, with a geosynthetic design length of L/H = 0.7 and the layer number n = 10, to reveal the effect of different indicators on the seismic yield acceleration by changing the total pullout force.
In Figure 11, the seismic yield acceleration obtained from the verification using the two indicators increases linearly with the increase in total pullout force within the range of 500–1,000 kN/m. The seismic yield acceleration obtained from the verification using the ultimate pullout strength is greater than that obtained using the ultimate bearing capacity. The maximum effective length obtained from the verification using the ultimate bearing capacity is greater than that corresponding to the ultimate pullout strength, and the effective total length obtained from the verification using the ultimate bearing capacity is less than that corresponding to the ultimate pullout strength indicator.
[image: Three line graphs depict relationships between \(R_t\) (x-axis, kN/m) and various parameters. Graph (a) shows \(k_n\) against \(R_t\), graph (b) displays total effective length, and graph (c) shows maximum effective length. Both ultimate tensile strength (solid line) and pullout bearing capacity (dashed line) are plotted. Data points are connected by lines, with changes in trends near 300-800 kN/m. Graphs include two angles (\(\alpha\) and \(\beta\)) and normal stress (\(q\)) values in the legends.]FIGURE 11 | (A) Yield accelerations of different strength; (B) Total effective length; (C) Maximum effective length.
In Figure 12, using the ultimate pullout strength for verification, effects of the total pullout force on the maximum effective length and effective total length are negligible at levels more than 600 kN/m. However, an obvious reduction in these lengths is observed when the total pullout force drops to 500 kN/m. Figure 12 also displays the slip surfaces for total pullout forces of 500 and 600 kN/m. The comparison reveals that the slip surface area decreases substantially and a noticeable reduction emerges in both the effective total length and the maximum effective length at Rt = 500 kN/m.
[image: Two graphs labeled (a) and (b). Graph (a) shows a series of horizontal blue lines increasing in length upward, with a red horizontal line near the top. Graph (b) displays a series of blue diagonal lines forming a triangular pattern with increasing levels. Both graphs have axes ranging from zero to approximately fifteen horizontally and zero to twelve vertically. A label denotes "5000kN/m" on graph (a) and "6000kN/m" on graph (b).]FIGURE 12 | (A) The slip surfaces of slopes with Rt = 500 kN/m; (B) The slip surfaces of slopes with Rt = 600 kN/m.
In Figure 13, using the ultimate bearing capacity for verification, changes in total pullout force have a minor effect on the maximum effective length. As the total pullout force Rt decreases to 800 kN/m, the effective total lengths drop noticeably from 50 m to 42 m, and the maximum effective lengths increase slightly from approximately 6.75 m to about 6.9 m. Figure 13 also shows the slip surfaces for total pullout forces of 800 kN/m and 900 kN/m. It is evident that the slip surface does not intersect the first layer, leading to a marked decrease in the effective total length at Rt = 800 kN/m.
[image: Two side-by-side charts labeled (a) and (b) display segmented line patterns in blue within a grid. Both charts have horizontal lines stacked vertically from bottom to top, highlighting increasing intervals. Each chart has axes labeled zero to twelve, and a horizontal red line near the top. Both graphs include the notation "300 kN/m\(^2\)" in the bottom right corner.]FIGURE 13 | (A) The slip surfaces of slopes with Rt = 800 kN/m; (B) The slip surfaces of slopes with Rt = 900 kN/m.
4 DISCUSSION
4.1 Merits of the proposed method
The method presented in this paper, which integrates the limit equilibrium method with the log spiral failure mechanism, offers several distinct merits that enhance our understanding and assessment of the seismic stability of reinforced soil slopes. Firstly, it provides a more sophisticated and realistic representation of slope failure modes under seismic conditions compared to traditional planar failure models. The log spiral curve acknowledges the rotational component of slope failures, which is often observed in practice but frequently overlooked in simpler models.
Secondly, this approach accounts for the variable pullout strength along geosynthetic reinforcements, which is a critical factor in the seismic performance of reinforced soil structures. This consideration allows for a more nuanced evaluation of the actual field conditions, where uniform distribution of reinforcement strength is rarely achieved.
Thirdly, the method’s applicability is broad, not confined to specific soil types or geosynthetic materials, thus offering a versatile tool for geotechnical engineers across a range of projects. It also leads to more informed design recommendations that can improve the seismic resilience of geosynthetic-reinforced soil structures.
4.2 Limitations of the proposed method
Despite its merits, this method is not without limitations. The complexity inherent in the log spiral failure mechanism requires detailed input data and a deep understanding of the soil-geosynthetic interaction, which may pose challenges for practitioners in various engineering settings.
The method also relies on several assumptions, including the rigid-plastic behavior of soil and the idealized log spiral failure surface, which can introduce approximation errors into the analysis. The precision of slope stability assessments is sensitive to the accuracy of input parameters, such as the internal friction angle of soil and the pullout strength of geosynthetics. Uncertainties in these parameters can lead to variations in the outcomes of slope stability evaluations.
5 CONCLUSION
This paper presents a thorough analysis of the seismic stability of reinforced soil slopes, utilizing both the limit equilibrium method and the log spiral curve model. The conclusion mainly revolves around the following key points:
5.1 Effects of pullout strength indicators of geosynthetics
The pullout strength indicators of geosynthetics have a significant effect on the seismic stability of reinforced soil slopes. The seismic yield accelerations calculated using the ultimate bearing capacity are noticeably smaller than that obtained using the ultimate pullout strength particularly as the length of the reinforcement is reduced. This suggests that the distribution characteristics of the actual pullout strength of geosynthetics should be fully considered in seismic design.
5.2 Optimization of reinforcement layout and layering
This paper discusses the effect of different layouts and layer numbers on slope stability. The results show that reducing the number of layers decreases the seismic stability of the slope, while a reasonable layout of geosynthetics can enhance the seismic performance of the slope. This provides theoretical support for the optimized layout of geosynthetics in engineering practice.
5.3 Guidance for seismic reinforcement design
The results have significant guiding implications for the seismic reinforcement design of reinforced soil slopes. By considering the nonuniform distribution of pullout strengths, the stability of the slope under seismic action can be more accurately assessed, and more effective reinforcement measures can be formulated.
Although this paper provides valuable insights, there are still some limitations. For example, the simplification of model assumptions and the uncertainty of parameters may affect the accuracy of the results. Future research can improve the precision and applicability of the evaluation method by considering more influencing factors and more complex models.
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The columnar basalt is a widely distributed in Southwestern China with different types. The first type of columnar jointed basalt is distributed below the elevation of 665 m on the left bank and 590 m on the right bank of the arch dam foundation. Micro-fissures are prevalent within the columns, with gently dipping structural surfaces and an intermittent mosaic structure despite poor overall integrity. The structure is easy to relax after unloading, and the acoustic wave of rock mass is obviously reduced. The control of relaxation deformation of columnar joint basalt is a key problem of hydropower exploration. Based on the structural of columnar jointed basalt, this paper analyzed the relaxation characteristics of columnar jointed basalt.
Keywords: hydropower exploration, columnar joint basalt, intermittent mosaic structure, relaxation characteristics, treatment measures

1 INTRODUCTION
In recent years, with the rise of the concept of green ecological development in the world, the development and utilization of clean energy has become one of the indispensable means in the world. Hydropower is a globally recognized clean, high-quality and flexible renewable energy power. All countries in the world give priority to hydropower development, and the western developed countries basically completed their hydropower resource development tasks in the 1980 s. Large and medium-sized hydropower projects also have comprehensive utilization functions such as flood control, disaster reduction, water supply, shipping, irrigation, tourism, and breeding, and have become the most important infrastructure for economic and social development in various countries [1–4]. Hydropower development is not only the need to promote the development of new energy, optimize the energy structure, and reduce carbon emissions, but also the need to realize the comprehensive utilization of water resources, disaster prevention and mitigation, and ecological protection. Therefore, the Chinese government attaches great importance to hydropower development and continues to incorporate hydropower development tasks into the national development plan [5, 6].
In hydropower construction, dams are the most common hydropower infrastructure [7]. China’s hydropower station construction is world-renowned [8–14]. The main facility of a hydroelectric power station is the construction of the dam, which is usually located in an unpopulated and difficult terrain. Therefore, dam foundation excavation is an important construction link in water conservancy projects and is the focus of quality control in water conservancy construction. In this paper, the relaxation characteristics of columnar jointed basalt after excavation of the foundation are investigated. At the same time, the treatment measures for the relaxation of columnar jointed basalt are explored.
The Baihetan Hydropower Station’s 289m-high arch dam features a massive structure and complex dam foundation geology. Columnar jointed basalt, characterized by 2–3 m long columns with diameters of 13–25 cm and micro-cracks forming 5 cm-sized fragments, is distributed below 665 m on the left bank and 590 m on the right. This rock mass relaxes easily after excavation, making the study of its relaxation characteristics and treatment measures crucial for the dam foundation’s stability [15].
2 METHOD
2.1 Structural classification and distribution of columnar jointed basalt
The basalts in the area exhibit diverse lithologies, strong heterogeneity, well-developed structural planes, and significant unloading characteristics. Columnar jointed basalts are irregular, with varying column sizes and lengths, primarily pentagonal or quadrilateral cross-sections, and lack the regular finger structure typically formed by double diffusion and convection. Instead, they result from magma cooling and contraction [16]. Based on geological conditions and dam foundation evaluation requirements, columnar joints are classified into three categories.
	(1) The density of columnar joints is relatively high, and most of them are not cut into a complete column. The length of the column is generally 2∼3 m, and the diameter is 13–25 cm. It is about 5 cm.
	(2) The columnar joints develop irregularly and are not cut into a complete column. The length of the column is generally between 0.5 and 2.0 m, and the diameter is 25–50 cm. The micro-cracks in it are relatively developed, but they bite each other and are not completely cut. The block size is 10 cm about.
	(3) The columnar joints develop irregularly and are not cut into a complete cylinder. The cylinder is thick, with a length ranging from 1.5 to 5 m and a diameter of 0.5–2.5 m. The cutting is incomplete and the chimera is tight.

Among them, the first type of columnar jointed basalt has the characteristics of high wave velocity, high integrity coefficient, small block size, well-developed cracks, small crack spacing, and tightly embedded rock blocks. It is neither a sub-blocky structure nor a fragmented structure. and mosaic structures, but have a unique structure outside the specification standard. Therefore, it is classified into the category of mosaic structure and named as the subcategory of “columnar mosaic structure”. The joint distribution of the first type of columnar joint basalts is shown in Figure 1. P2β33, P2β41 and P2β61 layers of columnar jointed basalts are mainly distributed in the dam foundation, and the specific distribution. The P2β33 sublayer is distributed in the riverbed and the low-elevation dam foundation on both banks, and the columnar joints are the most developed, which is the focus of the dam foundation rock mass research.
[image: A composite image with four parts: (a) an aerial view of a dam with a red rectangle highlighting a section, (b) a close-up of the dam surface showing a marked spot with numbers and a symbol, (c) a diagram of numbered sections, resembling a Voronoi diagram, and (d) a graph plotting wave speed against block depth with lines indicating "Slack band" and "Unslack band."]FIGURE 1 | (A) Baihetan hydropower station infrastructure (B) The image of the first type of columnar joint basalt; (C) The geological sketch of the columnar joint basalt; (D) Typical graph of wave speed distribution in relaxed rock mass.
2.2 In-situ experiment test
Two main in situ test, namely, rigid bearing plate method and acoustic borehole testing method are used in this study as shown in Figure 2. Rigid bearing plate test is used to get the deformation modulus, while acoustic borehole test is employed to get the reduction of seismic velocity.
[image: Diagram showing two test methods. (a) Rigid bearing plate test includes components like beam, roof, force column, anchor steel, jack, micrometer, and reference beam. (b) Acoustic borehole test depicts instrument wiring, emission and receiving transducers, and multiple acoustic holes around the bearing plate test surface.]FIGURE 2 | Experiment test used in this study. (A) Rigid bearing plate test. (B) acoustic borehole test.
2.2.1 Rigid bearing plate method
2.2.1.1 Experiment procedure
In the rigid pressure plate test, a Φ504.6 mm, 60 mm thick pressure plate with a surface area of 2000 cm2 is used. A 3200 kN jack and a 60 MPa high-pressure rubber hose connect to a manual or electric oil pump for loading. Four mechanical micrometers are symmetrically fixed to measuring rods embedded in concrete as reference points. Pressurization follows a step-by-step approach with five pressure levels: 2.0 MPa, 4.0 MPa, 6.0 MPa, 8.0 MPa, and 10.0 MPa, applied in single steps, with a maximum pressure of 10.0 MPa. The test adheres to geological standards and specifications.
To measure rock deformation, four measurement points are symmetrically arranged around the pressure plate, each equipped with a micrometer. Loading begins only after ensuring instrument stability, confirmed by consistent readings across three consecutive checks. Upon loading, an initial reading is taken immediately, followed by readings every 10 min. The criterion for deformation stability is that the ratio of the difference between two consecutive readings of the 4 μm to the difference between the initial reading at the current pressure level and the final reading at the previous level must remain within 5% per hour. After the loading process, pressure is gradually released in steps. When the pressure reaches zero, an immediate reading is recorded, followed by additional readings every 10 min until the experiment concludes.
2.2.1.2 Deformation modulus computation
The total deformation and elastic deformation of the rock mass are determined by averaging the measurements from the 4 μm. The deformation modulus and elastic modulus of the rock mass are subsequently calculated using the following formulas:
[image: The equation shows \( E = \frac{\pi}{4} \times \frac{(1 - \mu^2 P D)}{W} \), labeled as equation one.]
Where, the parameters include the Poisson’s ratio of the rock mass (μ), unit pressure(P), diameter of the pressure plate(D), and the measured deformation of the rock mass(W). When total deformation values are substituted into the formulas, the resulting modulus(E) represents the deformation modulus (E0). Conversely, when elastic deformation values are substituted, the calculated modulus represents the elastic modulus.
2.2.2 Acoustic borehole testing method
2.2.2.1 Basic theory
A Yanhai RS-ST01C non-metallic acoustic detector was used for single-hole acoustic wave tests with a single-transmit, dual-receive configuration. The probe transmits acoustic waves, received by two transducers, and the propagation velocity is calculated from the time difference and known transducer spacing. This velocity provides insights into rock mass properties, failure surfaces, and structural integrity. Measurements are taken every 20 cm from top to bottom, with the test conducted before the rock deformation test.
To determine the acoustic velocity of the rock mass along the borehole wall, the time difference of the acoustic waves traveling from various measurement points to the two receiving transducers is extracted from the original acoustic wave record. The acoustic velocity of the rock mass is then calculated by dividing the distance between the transducers by this time difference, as expressed in the following formula:
[image: This appears to be a mathematical equation: \(\Delta t = |t_1 - t_2|\).]
[image: Equation showing particle count calculation: \(C_p = \frac{L}{\Delta t} \times 10^5\), labeled as equation three.]
Where, t1, t2 represent the first arrival times of the same excitation signal at each of the two receiving transducers, respectively. The time difference between these arrivals, denoted as Δt is measured in microseconds (μs). The spacing between the two receiving transducers, L is fixed at 0.2 m (m). The speed of sound in the rock mass, represented as vp, is then calculated in meters per second (m/s) using this time difference and the known distance between transducers.
2.2.2.2 Evaluation of the relaxation effect
Assuming the original wave velocity of the rock mass (v0) is known, the wave velocity (vw) is then measured again after the surface of the rock mass is excavated, resulting in a reduced wave velocity. To quantify the change between these two wave velocity values, a wave velocity change coefficient (η)can be defined.
[image: Equation shows \(\eta = 1 - \frac{v_c}{v_0}\) labeled as equation four, where \(\eta\) represents efficiency, \(v_c\) is a certain variable, and \(v_0\) is another reference variable.]
According to the Technical Specifications for Construction of Rock Foundation Excavation Engineering of Hydraulic Structures, it is stipulated that when the wave velocity change coefficient (η) of the excavated rock mass is less than or equal to 10%, excavation is considered to have no impact on rock mass quality. Conversely, when η exceeds 15%, the rock mass quality is regarded as being significantly affected by the excavation. If η falls between these two values, excavation is considered to have only a minor impact on the quality of the rock mass.
3 RESULTS
3.1 Physical and mechanical parameters of columnar jointed basalt
There is anisotropy in the columnar joint basalt structure, and there is a certain difference in the deformation modulus perpendicular to the direction parallel to the columnar joints [17–19]. In order to study the deformation modulus of columnar joint basalt in different directions, Baihetan Project conducted a series of on-site in situ tests, which can better reflect the natural characteristics of the rock mass. The in situ test mainly adopts the rigid bearing plate test, and the load direction is divided into horizontal direction and vertical direction [20, 21].
In the in situ pressure plate test at Baihetan, the deformation modulus of III1 rock mass ranges from 9–11 GPa horizontally and 7–9 GPa vertically, while for III2 rock mass, it ranges from 7–9 GPa horizontally and 5–7 GPa vertically. Vertical deformation modulus is significantly lower than horizontal, with vertical-to-horizontal ratios of 0.8 for III1 and 0.75 for III2, indicating pronounced anisotropy.
3.2 Structural and mechanical properties of columnar basalt after relaxation
There must be relaxation after excavation of columnar jointed basalt. The relaxed rock mass needs to be used as the foundation of high arch dams. It is necessary to study the characteristics of columnar jointed basalt after relaxation.
The Maxwell model can be used to describe the properties of rocks that exhibit instantaneous deformation, steady creep, and relaxation. Next, the relaxation phenomenon of rocks is explained based on the physical concept of the model. The Maxwell model is a viscoelastic body composed of a spring and a damper connected in series.
	(1) Constitutive equation

[image: Mathematical formula showing sigma equals sigma sub one equals sigma sub two, enclosed in parentheses.]
[image: Mathematical equation showing the electric field \( \mathbf{E} \) is equal to the sum of two components, \( \mathbf{E}_1 \) and \( \mathbf{E}_2 \), written as \( \mathbf{E} = \mathbf{E}_1 + \mathbf{E}_2 \), labeled equation six.]
Due to:
[image: Equation showing \(\overline{c} = \frac{1}{k} \sigma\), labeled as equation 7.]
[image: Equation showing stress over two equals one over eta times sigma, labeled as equation eight.]
Therefore:
[image: A mathematical equation showing \(\xi = \frac{1}{k} = \frac{\sigma}{\eta}\), labeled as equation (9).]
	(2) Creep equation

Under a constant load σ (σ = σ0), since dσ/dt = 0, the constitutive equation simplifies to:
[image: Equation showing time derivative of stress, represented as sigma dot, equals one over eta multiplied by sigma naught, equation ten.]
Solving this differential equation gives:
[image: The equation shows \(c = \frac{1}{\eta} q_{o} t + C\), labeled as equation (11), where \(c\), \(\eta\), \(q_{o}\), \(t\), and \(C\) are variables or constants.]
Where C is the integration constant. Using the initial conditions to solve for C, when t = 0, [image: The equation shows three expressions set equal: epsilon equals epsilon subscript zero equals sigma subscript zero divided by k.], Thus, C = σ0/k,Substituting C into the above equation, the creep equation for the Maxwell model is obtained as:
[image: Equation displays \(c = \frac{1}{\eta} a_0 t + \frac{a_0}{k}\), labeled as equation (12).]
From the equation, it can be seen that the model exhibits instantaneous strain and that the strain gradually increases with time. This model represents steady-state creep.
	(3) Relaxation equation

To maintain a constant strain ε, [image: It seems there might have been an issue with displaying the image. Please upload the image file directly or provide a URL, and I will help generate the alternate text.], and the constitutive equation becomes:
[image: Equation representing a relationship with variables: one over k times sigma plus one over eta equals zero. Numbered as equation thirteen.]
Solving this equation yields:
[image: The equation displayed is \( \frac{k}{\eta} = \ln \sigma + C \), followed by the reference number fourteen in parentheses.]
Where C is the integration constant. Using the initial condition, at t = 0, σ = σ0 (σ0 is the instantaneous stress), we find C = -lnσ0. Substituting C into the equation gives:
[image: Equation showing \( \frac{k}{\eta} = \ln \sigma - \ln \sigma_0 = \ln \frac{\sigma}{\sigma_0} \), labeled as equation 15.]
Thus,
[image: Equation \( \sigma = \sigma_0 e^{-\frac{1}{t}} \) shown, labeled as equation 16.]
From this equation, it can be observed that as t increases, σ gradually decreases. In other words, when the strain is constant, the stress decreases over time, a mechanical phenomenon known as relaxation.
From the physical concept of the model, relaxation can be understood as follows: at t = 0, the viscous element cannot deform instantaneously, so only the elastic element undergoes deformation. However, as time progresses, the viscous element gradually deforms under the action of the spring. As the damper elongates, the spring gradually contracts, leading to a reduction in stress within the spring. This is the essence of relaxation.
Long-term observations were conducted on columnar joint basalt to analyze its structural and mechanical properties after relaxation. Following the excavation of a simulated test hole in March 2011, geological points were observed again in June 2015, with comparison photos recorded. Observations from March to July 2015 at the dam foundation revealed no significant changes in rock mass structure, though surface rock blocks became more prone to detachment. After 4 years and 3 months, the relaxed layer at the dam base site stabilized, with slight surface weathering and discoloration but no significant opening of columnar joints or microfractures, maintaining a columnar mosaic structure.
To assess the mechanical properties of the relaxed layer of columnar joint basalt at the Baihetan dam foundation (650–660 m elevation), 11 rigid bearing plate tests were conducted. Results show the deformation modulus of the relaxed layer is 4–6 GPa, slightly lower than the 5–7 GPa of the unrelaxed rock mass. While the deformation modulus has deteriorated, the rock mass structure remains intact, and the mechanical properties of the relaxed and unrelaxed rock masses are largely comparable.
3.3 Determination of relaxation property in columnar jointed basalt
Due to the dense joints of columnar joint basalt, the relaxation effect is more obvious after excavation and unloading, the columnar joints of the surface rock mass open, the transverse micro-cracks gradually appear, and the sound wave velocity of the rock mass decreases, especially in the surface layer where the ground stress is high.
As shown in Table 1, for the First Type of Columnar Jointed Basalt, the proportion of rocks with a wave velocity variation coefficient η>15% is 43.3%, 10%<η ≤ 15% is 13.3%, and η<10% is 43.3%. Therefore, excavation has a relatively large impact on the quality of the First Type of Columnar Jointed Basalt. The cryptocrystalline basalt has all wave velocity variation coefficients η below 15%, indicating that excavation has only a slight impact on the quality of cryptocrystalline basalt. For breccia lava, the proportion of rocks with a wave velocity variation coefficient η ≤ 10% is 33.3%, 10%<η ≤ 15% is 11.1%, and η>15% is 55.6%, Thus, excavation has a greater impact on the quality of breccia lava, with more than half of the rocks affected by excavation.
TABLE 1 | Average wave velocity values of rock bodies within 1 m depth in columnar joints.
[image: Table displaying rock type grades categorized by three types: first type of columnar jointed basalt, cryptocrystalline basalt, and breccia lava. Columns indicate counts and proportions of various grades within three ranges: η ≤ 10%, 10% < η ≤ 15%, and η > 15%. Each category includes different counts and proportions, with some cells left blank.]4 DISCUSSION
The first type of columnar jointed basalt, characterized by dense joints and developed transverse micro-cracks, easily relaxes after excavation and unloading. Thus, its relaxation characteristics are a key focus in the foundation treatment of the Baihetan Dam. Extensive acoustic detection tests have been conducted in exploration tunnels, simulation test tunnels, diversion tunnels, and dam foundation test areas to systematically study these characteristics.
Comparing the factors affecting the relaxation depth of columnar joint basalt such as size effect, time effect and in situ stress, the specific effects are as follows.
4.1 Size effect
Comparing the excavation size and the average relaxation layer thickness, the thickness of the columnar joint basalt relaxation layer basically increases with the increase of the excavation size. When the excavation size is larger, the influence on the relaxation layer thickness decreases [22].Unloading relaxation exhibits a certain size effect, specifically manifested as follows: for smaller sizes, the relaxation depth increases with the size, while for larger sizes, the relaxation depth no longer increases. Fault zones have a certain impact on rock mass relaxation, particularly at the leading edge of the fault zone, where localized shear deformation occurs.
4.2 Time effect
Statistics show that the stable time of the relaxed layer is roughly between 25 days and 46 days, and the stable time tends to prolong with the expansion of the excavation surface. The change process of the rock mass excavation relaxation depth measured by the acoustic inspection hole in the dam foundation excavation test area is shown in Figure 3 below. The relaxation depth gradually increases with time, and the relaxation depth reaches a stability about 40 days after excavation, with less variation later on [23].
[image: Line graph showing the depth of relaxation in meters over time from November 2014 to April 2015. Five lines, labeled B1-1 to B1-5, indicate different series, starting near 1.5m and rising to approximately 4.5m, with fluctuations.]FIGURE 3 | Variation of relaxation depth in dam foundation excavation test area.
4.3 In-situ stress effect
Comparing the test results of the observation section of 3# and 4# diversion tunnels, the relaxation depth of 4# diversion tunnel with higher in situ stress is 5.2–7.7 m, which is significantly higher than that of 3# diversion tunnel at 2.5–3.0 m. The higher the in situ stress, the greater the unloading rebound deformation, and the greater the stress relaxation [24].
5 CONCLUSION AND PROSPECT
The relaxation and deformation control of columnar jointed basalt foundations is crucial for super-high hydropower projects. This study investigates the structural and relaxation characteristics of columnar jointed basalt through various tests and proposes comprehensive control measures, including thick-layer protection, grouting consolidation, deep anchorage, and precise blasting. These measures effectively limit the relaxation depth to levels comparable to conventional rock masses, meeting the requirements for super-high hydropower stations.
This paper combines extensive monitoring data with experimental research to explore the deformation and strength characteristics of unloaded columnar jointed basalt, deepening the understanding of its mechanical properties. However, further research is needed to address shortcomings, including detailed studies of intact columnar jointed basalt alongside the relaxation layer. Integrating findings from other research units at the dam site will provide a more comprehensive understanding of columnar jointed basalt.
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Seismic activities often trigger catastrophic events including collapses and rockfalls on rocky slopes. This research endeavors to understand the dynamic behavior and damage modes in uniform rocky slopes with unstable rock masses. To achieve this objective, the paper constructs a physical model of uniform rocky slope with unstable rock mass and performs triaxial loading shaking table tests. Subsequently, the seismo-dynamic responses and associated damage modes of the slope are scrutinized, and the initiation and deformation mechanisms of the hazardous rock are revealed. Further, we obtained the marginal spectral energy evolution characteristics of measurement points of both the unstable rock and bedrock. This deciphers the damage evolution characteristics of the weak structural plane. The results indicate that there are distinct elevation and surface amplification effects within the rock slopes, which systematically lessened with increasing seismic intensity. The vertical deformation of unstable rock mass is more sensitive to high seismic intensity. The seismic-induced initiation process of unstable rock masses is split into three stages: trailing edge tension cracking, sliding damage of structural planes, and a complete failure of structural plane shear capacity. It is also established that the Hilbert and marginal spectra effectively identified the damage process of unstable rock masses containing weak structural planes.
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1 INTRODUCTION


Numerous slopes vary in complexity and steepness in the mountainous regions, posing significant threats to transportation, housing, and public buildings along the routes (Huang, 2011; Tang et al., 2010; Zheng et al., 2023). Collapses and rockfalls are important manifestations of the destruction of rocky slopes (Kusak, 2019; Macciotta et al., 2014; Moos et al., 2022; Yang et al., 2023; Zhan et al., 2022). Recent years have seen growing attention in the engineering community toward slope safety, leading to substantial research progress in understanding landslides, collapses, and other disasters under static conditions (Cheng et al., 2017; Istiyanti et al., 2021; Yang et al., 2022; Yun et al., 2023; Zhao et al., 2019), as well as advancements in slope protection engineering (Jiang et al., 2022; Wei et al., 2024). However, the western region is adjacent to the seismically active Qinghai-Tibet Plateau, characterized by numerous faults and fault zones, which predispose the area to frequent earthquakes (Ren et al., 2018). These seismic events significantly contribute to triggering collapses and rockfalls in the weathered rock layers of these slopes (Oswald et al., 2021; Valagussa et al., 2014; Zheng et al., 2022). Consequently, it becomes imperative to examine how rocky slopes, particularly those with unstable rock masses, behave and potentially fail when subjected to seismic activity. Such research could advance early detection of post-earthquake rockfall initiation and enhance the seismic resilience of slope engineering.

Under seismic loads, rocky slopes undergo elevation amplification effects, which directly affects the weak structural interfaces within the rock mass due to the bedrock’s thrust, causing surface cracking (Alfaro et al., 2012; Song et al., 2020). In this scenario, the slope acts as the disturbance object, the rock mass represents the impacted object, and the structural surfaces serve as the transmission medium. It can be seen that the triggering factor for rock mass sliding during seismic events is the structural surface’s load-bearing capacity failure post-seismic activity. Current scholarly work has yielded significant findings concerning the seismic stability of rocky slopes, focusing on risk assessment (Deng et al., 2020; Jeong et al., 2024; Yeznabad et al., 2021), multi-source coupling (Li et al., 2023; Martino et al., 2022), numerical analysis (Bouckovalas and Papadimitriou, 2005; Li H. et al., 2017), theoretical analysis (Zhang et al., 2022), and anchor destruction (Jia et al., 2024; Lin et al., 2017; Liu et al., 2016). Centrifuge modeling and shaking table tests are extensively utilized to examine the cumulative damage and failure mechanisms of seismic rocky slopes (Fang et al., 2023b; Song et al., 2021). Theoretical approaches such as acceleration response (Lin et al., 2017), Fourier transform spectrum (Li L.-Q. et al., 2017; Li et al., 2018), Hilbert-Huang Transform (HHT) (Fan et al., 2016), and transfer functions (Yang, 2013) are applied to investigate the gradual damage and instability of rocky slopes. Nonetheless, these studies predominantly focus on the seismic damage behavior of rocky slopes, with little consideration given to secondary disasters such as collapses and rockfalls triggered by the failure of rocky slopes with unstable rock masses. Microseismic signals are widely used in studying seismic rockfalls due to their effectiveness in providing information about surface processes (Feng et al., 2021). They serve as an efficient tool for early warning and localization of rockfalls. However, they are susceptible to disruption by external environmental factors and can be costly to implement. The seismic destruction of such slopes represents a complex dynamic coupling system (Chen et al., 2023), where the energy transfer between the slope and unstable rock, along with the condition of structural surfaces, is essential for evaluating rock stability. Furthermore, most research relies on uniaxial shaking table tests, neglecting multi-directional seismic forces' impact, which results in a gap with reality and an incomplete simulation of the seismic interaction between bedrock and unstable rocks.

To reveal the dynamic coupling mechanism of rock slopes and unstable rock mass systems, as well as the seismic damage behavior and damage evolution characteristics of weak structural planes, this paper simulates the dynamic behavior of uniform rocky slopes under seismic action using triaxial shake table tests, with a unstable rock mass containing weak structural planes set at the top of the slope. Analysis of monitored acceleration and displacement data reveals the initiation mechanism of the unstable rock mass. Utilizing the HHT method revealed the extent of damage to weak structural surfaces and the energy transfer dynamics. The results provide valuable insights for advancing engineering practices in rocky slope management.




2 EXPERIMENTAL STUDY




2.1 Test equipment


The rock slope model featuring an unstable rock mass underwent shaking table tests at Southwest Jiaotong University. The table has size of eight by 10 m and supports a maximum load of 160 tons (see Figure 1). The system functions over a frequency range spanning 0.1–50 Hz, allowing it to replicate a broad spectrum of seismic loads across three dimensions and six degrees of freedom. It can achieve a peak horizontal acceleration of ±1.2 g and horizontal travel of up to 800 mm along the X and Y-axes.


[image: Shaking table in a large indoor facility, labeled with directional axes X, Y, and Z. The table surface appears metallic with layered sections. Various equipment and structures are visible in the background.]



FIGURE 1 | 
Schematic diagram of shaking table.






2.2 Modeling


Materials that mimic the properties of soil or rock have been extensively utilized in physical modeling experiments to study slope dynamics. In shaking table tests for slopes, it is essential to maintain similarity between the prototype and the model. Due to the substantial geometric dimensions of actual slope engineering, achieving correspondence across all parameters within a single similarity system is challenging. This study establishes a similarity system utilizing 17 independent physical quantities commonly employed in shaking table tests. The model is constructed based on Buckingham’s π theorem and similarity theory (Yue et al., 2024). This theorem states that if phenomena are similar, the relationship describing various parameters can be transformed into a functional relationship between similarity criteria, and the functional relationship of the similarity criteria should be the same. Through analysis and organization, 17 independent physical quantities involved in this experiment are selected to establish a similarity system. These physical quantities must satisfy Equation 1:


[image: It seems you attempted to use a formula or equation that may not be directly visible as an image. Please provide the image file or URL for accurate alt text creation.]


Taking physical dimensions L, volumetric weight γ, and gravity acceleration g as control parameters, the similarity relationships among various physical quantities are established as shown in Table 1.





TABLE 1 | 
Similarity ratio of the model.

[image: Table listing 17 parameters with their scale factors. Parameters include physical dimension, volumetric weight, gravitational acceleration, internal friction angle, dynamic modulus of elasticity, and others. Scale factors vary, such as \( C_L = 30 \) for physical dimension and \( C_y = 1 \) for volumetric weight. Some parameters, like shear wave velocity and duration, use square root factors, \( C_{Vs} = C_L^{0.5} = 5.477 \). Values range from unity to \(30\) and approximate values like \(5.477\) and \(0.18\).]


To simulate the rock mass for the study, a blend was selected comprising barite powder, quartz sand, gypsum, water, and glycerin, with a weight ratio of 31:60:20:10:1. For the simulation of weak structural planes, a blend consisting of loess, river sand, and water in a weight ratio of 4:7:1 was employed (Fan et al., 2025). In mixed material construction, manual compaction is performed every 20 cm to ensure uniformity and density. To verify the compaction effect, density measurements of the compacted soil samples are taken at various locations using a ring knife after each layer is compacted. Table 2 provides the mechanical parameters for both the model materials and the structural surfaces.





TABLE 2 | 
Physic-mechanical parameters of materials.

[image: Table displaying lithology properties. For rock mass: density is 2.2 grams per cubic centimeter, cohesion is 20.01 kilopascals, and internal friction angle is 36.6 degrees. For weak intercalation: density is 1.8 grams per cubic centimeter, cohesion is 0.95 kilopascals, and internal friction angle is 27.65 degrees.]


To accommodate the size and loading constraints of the shake table, a specially designed and constructed rigid model box was used for the tests, as depicted in Figure 2. Robust bolts firmly attached the box to the table, facilitating the efficient transfer of seismic waves to the internal slope model. This model had dimensions of 2.9 m in length, 1.0 m in width, and 2.3 m in height. To observe the slope’s dynamic response to different seismic forces, triaxial acceleration sensors and displacement sensors were strategically positioned along its central cross-section through the monitoring points marked on the foam boards on both sides of the model box. The location and side view of the model, as well as the sensor positions, are illustrated in Figure 3. The triaxial acceleration sensors had a measurement range of [image: Mathematical expression showing plus or minus two grams per second squared.] and sensitivity of [image: Mathematical expression showing voltage per meter per second squared, with the value forty-two millivolts per meter times second to the power of negative two.], while the displacement sensors had a range of [image: The image displays blurred numeric text, specifically the number "50cm".] and sensitivity of [image: Graph showing a sine wave oscillating between -0.5 mV and 0.5 mV, plotted against a time axis. The amplitude of the wave is marked as 0.0195 mV/mm.]. All sensors operated at a sampling rate of 1,000 Hz. In rock slope studies, the boundary condition is often considered a semi-infinite medium. As vibration waves propagate through the slope, they gradually attenuate, dissipating energy through radiation and damping. Polyethylene foam boards are used to reduce vibrational energy from boundary reflections, simulating the actual slope conditions of a “non-reflective” or “free field.” Within the model enclosure, a 10 cm thick layer of polyethylene foam acted as a padding to absorb and reduce the energy of vibrations caused by boundary reflections.


[image: Box structure with labeled components: "Main box structure," "Rigid partition," and "Foam board boundary." Each part is marked with red arrows for identification.]



FIGURE 2 | 
Rigid model box.




[image: Diagram showing a slope with labeled acceleration monitoring points (A1 to A7) and displacement monitoring points (D1 to D3) on an unstable rock mass. A weak intercalation and bedrock are indicated. An inset graph shows a seismic wave on an XYZ axis.]



FIGURE 3 | 
Sensors arrangement and model side view.






2.3 Test conditions


Based on the ATC-63 standards (Council, 2009), at least three seismic records, either artificial or actual, should be used for time-history analysis in shaking table tests. For this test, the seismic events selected as models were the typical Wolong, EL Centro, and Kobe earthquakes. These seismic waves were adjusted based on a time similarity ratio. After the adjustment, the durations for the Wolong, EL Centro, and Kobe seismic waves were reduced to approximately 36 s, 8 s, and 8 s, respectively. The seismic waves were applied in three different directions. Before application, each wave was normalized to achieve a peak amplitude of 0.1 g and subjected to baseline correction. Furthermore, varying vibration amplitudes were adjusted to mimic different seismic intensities. Before each seismic loading, the test model was subjected to frequency scanning using white noise to provide data for subsequent studies on how the rock-soil mass of slopes evolves in terms of damage following an earthquake. The selected white noise signal had low energy and frequency bandwidth (covering the resonant frequency band of the slope model at least three times). Specifically, the signal exhibited a vibration acceleration of 0.05 g and was characterized by a dominant frequency range spanning 0–150 Hz, as depicted in Figure 4. The sequence for applying the seismic waves is detailed in Table 3, while the time history curves and spectral characteristics of normalized waves in the X direction are depicted in Figure 5.


[image: Scatter plot showing acceleration in g-force on the y-axis against time in seconds on the x-axis, depicting dense, fluctuating data points centered around zero over a period of fifty seconds.]



FIGURE 4 | 
White noise time history curve.







TABLE 3 | 
Seismic wave loading sequence.

[image: Table showing amplitude values in g for X, Y, and Z axes across different excitation signals. The table is divided into two sections, each listing rows numbered from 1 to 25. Excitation signals include WN, KB, EL, and WL. Each row details amplitude values for the axes alongside the corresponding signal.]



[image: Three pairs of graphs illustrate acceleration over time and corresponding frequency transformations. The first pair (a) shows high initial acceleration damping over thirty-six seconds and a frequency spread mainly under twenty hertz. The second pair (b) presents moderate acceleration, leveling off after eight seconds with a frequency mostly below forty hertz. The third pair (c) indicates low acceleration reducing to near zero by ten seconds with frequencies mainly under twenty hertz. Each left graph shows acceleration versus time, and each right graph shows frequency versus FFT amplitude.]



FIGURE 5 | 
Acceleration curve and its spectral characteristics of normalized input waveforms in X-direction. (A) WL wave; (B) KB wave; (C) ELwave.







3 DYNAMIC RESPONSE CHARACTERIZATION




3.1 Accelerated response


The dynamic characteristics of slopes during seismic processes can be reflected by acceleration signals. To better understand the acceleration response of rocky slopes internally and on the surface at various depths along the free surface direction (X direction), two sets of monitoring points (A2, A3, A4) and (A5, A6, A4) under seismic excitation were selected for analysis, as depicted in Figure 6. Within the rock slope, elevational and surface amplification effects are apparent, and these effects intensify as the slope’s height increases. Moreover, as seismic intensity rises, the acceleration amplification effects at different depths gradually weaken and tend to equilibrium.


[image: Two line graphs compare peak acceleration against input seismic wave amplitude. Graph (a) shows three lines: A2 (black), A3 (blue), and A4 (red), all increasing steadily. Graph (b) shows lines A5 (black), A6 (blue), and A4 (red), also increasing steadily. Both graphs have peak acceleration on the y-axis and input seismic wave amplitude on the x-axis, ranging from 0 to 1.0 g.]



FIGURE 6 | 
Evolutionary characteristics of acceleration response at different depths. (A) Measurement points A2, A3 and A4; (B) Measurement points A5, A6 and A4.



Wave effects such as reflection, transmission, and waveform transformation on the slope surface or interface can result in local acceleration distortion on the slope surface. Consequently, single-point acceleration values do not adequately represent the vibration response of the slope. To effectively examine the dynamic response of rocky slopes with unstable rock masses, it is vital to create contour maps illustrating the peak acceleration amplification factors during seismic events. The 0.8gKB wave condition resulted in a rock mass failure; therefore, for clarity and appropriate comparison, the KB seismic wave is employed as a case study in the paper. Utilizing data from seven effective triaxial acceleration sensors from the model test, contour maps of peak acceleration amplification factors have been presented in Figures 7, 8. In these figures, the X-direction denotes the slope surface’s free direction, while the Z-direction indicates its vertical orientation (see Figure 3).


[image: Four contour plots show the amplification factor of an unstable rock mass, each with a labeled weight in the top-right corner: 0.1 kilograms, 0.2 kilograms, 0.4 kilograms, and 0.6 kilograms. The vertical axis represents height in centimeters, while the horizontal axis represents length in centimeters. Color gradients range from blue to red, indicating varying amplification factors, with legends on the right side of each plot.]



FIGURE 7 | 
Contour maps of peak acceleration amplification factors in X-direction.




[image: Four contour plots displaying the amplification factor of unstable rock mass at different conditions: 0.1g/KB, 0.2g/KB, 0.4g/KB, and 1.0g/KB. Each graph has a color gradient indicating varying amplification levels, with a legend on the right showing the scale. Horizontal axis represents length in centimeters, while vertical axis represents height in centimeters. High amplification is shown in red, decreasing through orange, yellow, green, and blue for lower values.]



FIGURE 8 | 
Contour maps of peak acceleration amplification factors in Z-direction.



As seismic intensity increases, the vibration amplification region of rocky slopes expands from its top toward its interior. This expansion demonstrates that the plastic zone within the slope mass enlarges with increased seismic intensity. Under different seismic intensities, the peak acceleration exhibits significant elevation amplification effects, but the vibration field in two directions shows obvious differences. At low seismic intensities, the amplification of acceleration is more significant in the direction parallel to the free surface of the slope-rock mass system compared to the vertical direction. In contrast, during high-intensity seismic events, the amplification behavior is reversed, with the vertical direction experiencing greater acceleration amplification than the free surface direction. Figure 9 illustrates the amplification factors within the rock mass, depicting how these factors evolve with increasing seismic intensity. As seismic intensity escalates, the amplification factor at point A7 shows a rise in the Z direction while it diminishes in the X direction, indicating that vertical deformations of the rock mass are more sensitive to higher seismic intensities. Strong vertical vibrations are critical indicators of damage to the fragile structural planes in rocky slopes and unstable rock masses.


[image: Line graph showing amplification factor against input seismic wave amplitude (g). The A7-X line, in black, shows a slight decrease followed by a sharp increase. The A7-Z line, in red, remains low initially, then rapidly increases after 0.6 g.]



FIGURE 9 | 
Evolution of the amplification factor for unstable rock mass.






3.2 Fourier spectrum evolution


To investigate the evolution of the Fourier spectrum characteristics of unstable rock masses and bedrock under various seismic intensities, this study analyzes the acceleration data recorded at the free surface at points A4 and A7, which flank the weak interface. Figure 10 illustrates the pertinent results. When peak seismic accelerations reach 0.1 and 0.2g, the fourier spectra of the unstable rock masses and bedrock are nearly identical, each displaying a distinct single peak. However, as seismic intensity increases to 0.4g, this single peak transforms into multiple peaks, with point A7 exhibiting notably higher amplitudes than point A4. This multi-peak pattern intensifies further with a seismic intensity of 0.6 g. These observations suggest that at lower seismic intensities, the bedrock-interface-unstable rock mass system behaves as a cohesive unit, undergoing collective movement with minimal damage at the weak interface. The sliding mass, in turn, attenuates high-frequency wave components while accentuating low-frequency components. Once the seismic intensity reaches 0.4g, the unstable rock mass undergoes substantial sliding and internal disruption. This results in a scattering effect as seismic waves traverse the interface, generating derived waves and a complex wave field that manifests as the observed multi-peak phenomena.


[image: Four line graphs showing amplitude versus frequency from 0 to 100 Hertz. Each graph compares two data sets, A8 and A7, with varying peak amplitudes. Graph (a) has peaks around 10, 20, and 40 Hertz. Graph (b) has peaks near 10 and 35 Hertz. Graph (c) peaks around 5 and 25 Hertz. Graph (d) shows multiple peaks around 10, 25, and 45 Hertz. Each graph includes a legend for data sets A8 and A7.]



FIGURE 10 | 
Fourier spectrum evolution of A4 and A7 measurement points under seismic loading. (A–D) represent the input 0.1 g, 0.2 g, 0.4 g, and 0.6 g KB seismic waves respectively.






3.3 Deformation response


The evolution curves of displacement increments monitored on the surface of the slope model under three seismic wave conditions are plotted in Figure 11. These increments reflect the slope’s permanent damage and deformation characteristics. Under these conditions, displacement increments at monitoring point D2 become pronounced starting from a seismic intensity of 0.4g, marking the development of elastoplastic zones in the slope’s upper region. In contrast, monitoring point D3 mainly notes displacement increments under a 0.6 g seismic wave, indicating substantial damage to the structural planes within the unstable rock mass. Therefore, it is deduced that noticeable slope damage initiates at a seismic intensity level of 0.4g, with significant cracking and propagation of the weak structural planes becoming apparent at a seismic intensity of 0.6 g.


[image: Three line graphs depict the relationship between input seismic wave amplitude in g and peak displacement in millimeters. Graph (a) shows lines for D1, D2, and D3 with D2 increasing sharply. Graph (b) shows a similar trend with D2 increasing most rapidly. Graph (c) shows lines where D3 rises the steepest. Each graph has its own axis, and all display upward trends.]



FIGURE 11 | 
Evolution of displacement increment. (A–C) are the KB seismic wave, El seismic wave, and WL seismic wave respectively.



The time-history curve of slope surface displacement measurement points under a loading condition before rockfall (input of 0.6 g WL seismic wave) is plotted, as shown in Figure 12. Significant increments in displacement are recorded at all three points, with the least displacement at the slope’s toe (monitoring point D1). Notably, peak displacement occurs in the slope’s middle to rear part (monitoring point D2), where the unstable rock mass exhibits the most substantial permanent displacement. This observation suggests that the initial phases of seismic activity introduce cumulative damage to the structural planes within the unstable rock mass.


[image: Three line graphs labeled D1, D2, and D3 display displacement over time in seconds. D1 shows fluctuating displacement around zero. D2 features a sharp peak near zero before stabilizing. D3 starts near zero and drops sharply, then levels off.]



FIGURE 12 | 
Displacement time-course curve with input 0.6 g WL seismic wave.







4 MECHANISM OF INITIATION AND DAMAGE OF UNSTABLE ROCK MASS




4.1 Rockfall initiation process



Figure 13 depicts the triaxial acceleration time-history curves for the brief fall duration of the unstable rock mass under a 0.8 g seismic event. The acceleration curves show marked deviations from the initial waveform, including a pronounced increase in amplitude. Before the collapse, the acceleration in the X-direction spikes to 1.6 g. This suggests that the rock mass has lost intimate contact with the underlying bedrock and that the weak structural planes are heavily compromised, disrupting waveform transmission through the rock mass. Figure 14 provides real-time imagery capturing the onset of instability in the rock mass, taken with an industrial-grade camera, while Figure 15 presents the corresponding displacement time-history curve. Under the influence of the 0.8 g KB seismic wave, the initiation of the rock mass can primarily be divided into three stages: (1) Rear edge cracking: e previous 17 seismic events, the rear edge structural surface accumulated minor damage, which closed after the earthquakes ended. Under a horizontal seismic force of 0.8 g KB wave, the rear edge structural surface of the rock mass was the first to fail (during the 26.5s–27.3s period), resulting in approximately 4 mm of horizontal displacement. During this stage, the acceleration amplitude in the X direction peaked at 1.67 g. (2) Structural plane sliding damage: The significant horizontal displacement of the unstable rock mass rapidly led to the failure of the shear resistance at the bottom structural surface, causing the rock mass to slide (during the 27.3s–28.2s period). During this stage, the unstable rock mass experienced approximately 80 mm of horizontal displacement, and the acceleration amplitude in the X direction stabilized. (3) Total loss of shear capacity in structural planes: The bottom structural surface completely failed, losing its load-bearing capacity and resulting in the failure of the unstable rock mass. During this stage, 56 mm of deformation occurred within 0.4 s.


[image: Three line graphs display acceleration data over time for the X, Y, and Z axes labeled A7-X, A7-Y, and A7-Z, respectively. The X-axis ranges from twenty-five to thirty-one seconds. Each graph shows fluctuations in acceleration, measured in g, with noticeable spikes occurring around twenty-seven to thirty seconds.]



FIGURE 13 | 
Acceleration time-history curves for the fall process of the unstable rock mass.




[image: Four images showing progressive stages of structural damage. Top left: a stable state labeled "Pre-earthquake". Top right: labeled "Trailing edge cracking", showing cracks forming. Bottom left: labeled "Rock sliding", depicting sliding rocks. Bottom right: labeled "Structural plane failure", showing significant structural collapse.]



FIGURE 14 | 
Record of unstable rock mass initiation.




[image: Line graph showing displacement in millimeters over time in seconds. Between 25 and 27 seconds, displacement decreases from near 20 mm to -160 mm, then stabilizes until 31 seconds. Legend labeled "D3."]



FIGURE 15 | 
Time-displacement response curve of the unstable rock mass with input 0.8 g KB seismic wave.






4.2 Damage identification of structural plane of unstable rock mass


The Hilbert-Huang Transform is a commonly acknowledged technique for analyzing vibration signals, providing an effective depiction of the spectral features of seismic responses. It has been utilized by several researchers for structural damage identification. The HHT analysis method is primarily composed of two fundamental steps: Empirical Mode Decomposition (EMD) and Hilbert Spectrum Analysis (HSA) (Diao et al., 2021; Hamdi et al., 2013). The method unfolds in the following steps:

	(1) From the monitored signal x(t), identify the upper envelope X
max(t) and lower envelope X
min(t) by pinpointing the local extreme points. Subtract the mean m
1(t) of these envelopes from x(t) to generate a new sequence h
1(t). Assess if h
1(t) meets the Intrinsic Mode Function (IMF) criteria. If it does, designate h
1(t) as the first IMF component. If not, substitute h
1(t) with x(t) and repeat until an IMF component is isolated.
	(2) Subtract this IMF component from x(t) and treat the resultant sequence as the new original sequence. Continue to isolate subsequent IMF components until the residual sequence R

n
(t) either becomes a monotonic function or decreases beneath a predefined threshold, culminating the process.
	(3) Apply the convolution of the IMF component h
1(t) with 1/(πt) as in Equation 2:


[image: Mathematical expression for Hilbert transform: \(H[h(t)] = \frac{1}{\pi} P.V. \int_{-\infty}^{+\infty} \frac{x(\tau)}{t-\tau} d\tau\), labeled as equation (2).]


Where [image: Please upload the image or provide a URL to generate the alt text.] represents the Cauchy principal value; [image: The mathematical expression "x(tau)" is shown, where "x" is a function of the Greek letter tau (τ).] represents each order of IMF component; [image: Please upload the image, and I will generate the alt text for you.] represents frequency.

In the amplitude-time plane, the original signal can be expressed as Equation 3.


[image: Equation depicting a mathematical expression: \( H(\omega,t) = \text{Re} \sum_{j=1}^{n} q_j(t) e^{\left(j \Delta \theta \right) \cdot \omega(t)} \).]


In the equation, n represents the number of IMF components; [image: Mathematical expression showing the function \( a_j(t) \), where \(a_j\) is a function of time \(t\).] and [image: It appears that you've provided a mathematical expression (ω(t)) instead of an image. To generate alternate text, please upload the actual image file or provide a URL.] respectively represents the instantaneous amplitude and frequency of IMF components.

The HHT offers a significant advantage by minimizing the fitting errors of the Fourier transform. This capability allows it to overcome the time-frequency correspondence challenges dictated by the Heisenberg uncertainty principle (Yue et al., 2024). HHT is especially effective for examining sudden signals, offering detailed insights into both the time-domain and frequency-domain responses observed during structural vibrations. Consequently, deploying the HHT method to investigate seismic responses in slopes can provide a more accurate representation of the evolving damage state in rock masses.

This study focuses on recognizing the damage patterns in the structural plane of unstable rock masses. By selecting monitoring points A4 and A7 as representative examples, the acceleration data oriented toward the free surface is analyzed using the HHT. This analysis is illustrated in Figure 16. The resulting Hilbert spectrum predominantly exhibits energy concentration across two frequency bands: low frequency (10–20 Hz) and high frequency (30–45 Hz), with the peak amplitudes chiefly within the low-frequency range. At an acceleration of 0.1g, the peak magnitudes corresponding to both the bedrock and the unstable rock mass are congruent, suggesting no apparent damage to the slope or rock mass, as corroborated by Section 3’s analysis. At 0.2 g acceleration, the bedrock’s peak amplitude surpasses that of the unstable rock mass, although both exhibit relatively subdued energy distributions in both frequency bands compared to the unstable rock mass, indicating damage to the weak structural planes. At 0.4 g, there is a marked escalation in energy distribution across both frequency bands, and the amplitude of the Hilbert Spectrum for the rock mass far exceeds that of the bedrock. At this time, both the slope and the rock mass experience a certain degree of damage. Concurrently, a decreasing trend in the dominant seismic energy frequency band within the unstable rock mass indicates diminished shear resistance along the weak structural planes. At 0.6 g, similar peak amplitudes are observed for the bedrock and the unstable rock mass, but the latter displays a pronounced increase in high-frequency energy.


[image: Eight 3D plots display spectrograms with varying intensities. Each plot represents different combinations of conditions labeled as A4-0.1g, A7-0.1g, A4-0.2g, A7-0.2g, A4-0.4g, A7-0.4g, A4-0.6g, and A7-0.6g. The x-axis shows time, the y-axis shows frequency, and the z-axis displays amplitude. Colors range from blue to red, indicating intensity variations.]



FIGURE 16 | 
Hilbert spectrum of slope A4/A7 monitoring point with input KB seismic wave.



The marginal spectrum assesses how much each frequency contributes to a signal’s total energy over its entire duration. The marginal spectrum traits derived from the Hilbert spectrum in Figure 16 are illustrated in Figure 17. When seismic waves travel through a slope, any damage at a specific location can lead to disrupted energy transmission, causing significant fluctuations and anomalies in the marginal spectrum. This behavior is reflected in the marginal spectrum characteristics of an unstable rock mass. Both the slope and the unstable rock mass primarily release energy in the low-frequency range. As the seismic intensity increases, displacement occurs between the bedrock and the unstable rock mass. The wave impedance of weak structural surfaces increases, amplifying low-frequency vibrations and attenuating high-frequency vibrations. This makes it difficult for high-frequency energy to transfer to the rock mass, resulting in the rock mass having less high-frequency energy than the bedrock. An increase in shear failure points lowers the main frequency band of the unstable rock mass. A reduction in low-frequency vibrations combined with an increase in high-frequency energy serves as critical indicators of impending failure along weak structural planes.


[image: Two graphs show amplitude versus frequency (Hz) for four conditions: 0.1g, 0.2g, 0.4g, and 0.6g. Graph (a) and (b) both display peaks around similar frequencies, with amplitude increasing with higher g levels. Each graph includes a legend indicating line colors for each condition.]



FIGURE 17 | 
Marginal spectral curves. (A) A4 Monitoring point (B) A7 Monitoring point.







5 DISCUSSION AND LIMITATIONS


Based on the method proposed by Fang et al. (2023b), a summarized protocol of the physical model tests is provided in Table 4, which directly presents the brief and essential information from the tests. Nevertheless, despite careful planning and execution, this study has limitations. The homogeneity of the materials used in the shaking table experiments may lead to idealized results that do not fully simulate actual site characteristics. Additionally, cost constraints limited the number of comparative tests. Factors such as the slope of weak structural surfaces and material strength may affect the outcomes. The potential impact of bedrock damage and cracking on unstable rock masses introduces further uncertainty.





TABLE 4 | 
Summarized protocol of the test.

[image: Table detailing the dynamic response and failure performance of a uniform rocky slope-unstable rock system. The test aims focus on rocky slopes during earthquakes. The slope model features a 60-degree angle and a mixture of barite powder, quartz sand, gypsum, water, and glycerin. Properties include density, cohesion, and internal friction angle. Composition involves steel plates, angles, and channels with specific dimensions and compaction preparation. The weak structural plane has a 36-degree angle, made of loess, river sand, and water. Monitoring tools include acceleration sensors, displacement sensors, and industrial cameras. Test conditions involve seismic wave types and amplitudes with 25 cases. Main observations highlight the effects of slope height and seismic intensity.]


Nevertheless, the findings provide valuable insights for assessing slope stability in engineering. Strong vertical acceleration can indicate damage to weak structural planes and unstable rock masses. Seismic damage also correlates with shifts in energy and frequency, aiding in the multi-field information monitoring of landslide deformation and failure (Fang et al., 2023a).




6 CONCLUSION


This study reveals the seismic damage patterns and dynamic response characteristics of uniform rocky slopes containing unstable rock masses through triaxial shaking table tests. The principal conclusions are:

	(1) Within a rock slope, both elevation and surface amplification effects are notably significant, with their prominence escalating as the slope’s elevation rises. However, as seismic intensity grows, the acceleration amplification effect diminishes over time and eventually reaches a point of stabilization.
	(2) The vertical deformation of unstable rock masses exhibits heightened sensitivity to elevated seismic intensities. Strong vertical acceleration shaking can serve as a key signal for damage to the weak structural planes of rock slopes and unstable rock masses. At lower seismic intensities, the acceleration amplification is notably more significant in the horizontal direction along the free surface compared to the vertical direction.
	(3) The initiation process of unstable rock masses under seismic events is categorized into three stages based on experimental observations. Rear edge cracking: Horizontal seismic forces precipitate the initial failure of the rear structural planes, leading to notable horizontal displacement; Structural plane sliding damage: Excessive horizontal movement causes the rapid degradation of shear resistance along the lower structural planes, resulting in the rock mass sliding; Total loss of shear capacity in structural planes: A comprehensive failure of the load-bearing capability of the lower structural planes leads to the falling of the rock mass.
	(4) Hilbert spectrum and marginal spectrum effectively identify the structural plane damage process of unstable rock masses. Energy distribution in rock slopes and unstable rock masses mainly concentrates within two frequency bands: 10–20 Hz and 30–45 Hz. Under low seismic intensity, the contact between the bedrock and unstable rock mass is relatively intact, and the Hilbert spectrum and the marginal spectrum exhibit comparable characteristics. Under high seismic intensity, there is significant energy loss that results in pronounced fluctuations and sudden changes within the marginal spectrum. This serves as an indicator of damage to structural planes. A notable reduction in low-frequency vibration frequencies, coupled with a rise in high-frequency vibration energy, are crucial signals pointing to the failure of these structural planes.
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In response to the environmental challenges posed by conventional expansive soil stabilization methods, this study investigates the low-carbon potential of industrial by-products—cement kiln dust (CKD) and calcium carbide slag (CCS)—as sustainable stabilizers. A comprehensive series of laboratory tests, including compaction tests, free swelling rate measurements, unconfined compressive strength (UCS) evaluations, and scanning electron microscopy (SEM) analyses, were conducted on expansive soil samples treated with varying dosages in both single and binary formulations. The results indicate that the binary system significantly outperforms individual stabilizers; for example, a formulation containing 10% CKD and 9% CCS achieved a maximum dry density of 1.64 g/cm3, reduced the free swelling rate to 22.7% at 28 days, and reached a UCS of 371.3 kPa. SEM analysis further revealed that the enhanced performance is due to the synergistic formation of hydration products—namely calcium silicate hydrate (C-S-H) and calcium aluminate hydrate (C-A-H)—which effectively fill interparticle voids and reinforce soil structure. These findings demonstrate that the dual mechanism, combining rapid early-stage hydration from CCS with sustained long-term strength development from CKD, offers a cost-effective and environmentally sustainable alternative to traditional stabilizers for expansive soils.
Keywords: expansive soil, cement kiln dust, calcium carbide slag, soil stabilization, microstructural analysis, sustainable construction materials

1 INTRODUCTION
Soil instability poses critical challenges to geotechnical engineering, manifesting in diverse forms such as slope failures (Song et al., 2024), foundation subsidence (Shan et al., 2022), and vibration-induced structural damage (Liu et al., 2024). Among these issues, expansive soils represent a particularly problematic category of geomaterials due to their propensity for significant volumetric changes in response to moisture variations. These volumetric fluctuations can lead to severe infrastructure distress, including cracking, uneven settling, and reduced service life (Abbas et al., 2023; Ye et al., 2023; Laporte et al., 2023; Sarker et al., 2023). In Jiangsu Province, China, expansive soils underlie a range of important slope engineering projects, where repeated slope instabilities pose severe risks to transportation corridors, embankments, and other critical structures. Historically, civil engineers have relied on cement and lime as primary stabilizing agents to mitigate these deleterious volume-change effects (Wei et al., 2023; Zada et al., 2023). While undeniably effective in controlling soil swelling and improving load-bearing capacity, these conventional stabilizers pose critical challenges in the modern era due to their carbon-intensive production processes (Syed et al., 2023; Zhang et al., 2023). Their reliance on substantial energy inputs and fossil fuel combustion has generated mounting concern from environmental stakeholders, regulators, and project owners seeking to align construction operations with contemporary sustainability directives. Consequently, identifying low-carbon alternatives that retain or exceed the efficacy of traditional methods has emerged as a central focus in soil improvement science, reflecting the broader movement toward climate-responsive infrastructure development (Chen et al., 2021; Miraki et al., 2022). In this context, the search for innovative soil stabilization methodologies that reduce carbon emissions while maintaining or enhancing performance has become increasingly urgent.
In response to the escalating challenges posed by global climate change, the pursuit of low-carbon and environmentally sustainable construction materials has become a pressing objective within the civil engineering domain (Fatima et al., 2023; Hassan et al., 2023). Indeed, the cement industry alone is estimated to contribute approximately 7%–8% of global CO2 emissions, with the production of one tonne of ordinary Portland cement typically releasing about 0.8–0.9 tonnes of CO2 (Habert et al., 2020). Lime production also involves energy-intensive calcination processes that contribute significantly to greenhouse gas emissions. This urgent imperative arises from the need to reduce overall carbon output, conserve natural resources, and promote circular economy practices. Accordingly, the development and deployment of novel soil improvement strategies that embrace low-carbon stabilizers have gained significant traction in geotechnical research and practice. In particular, employing industrial by-products for soil stabilization can simultaneously meet performance requirements for strength and durability while minimizing environmental footprints. Moreover, the integration of such waste-derived binders into soil improvement processes not only enhances mechanical properties but also contributes to reduced raw material consumption, thereby enabling more responsible use of natural resources. Consequently, this approach to soil stabilization represents a vital step forward in realizing sustainable resource management practices at both local and global scales (Dang et al., 2021; Barman and Dash, 2022; Tiwari et al., 2021).
Within this conceptual framework, the utilization of industrial waste products as alternative stabilizers has garnered growing attention, driven by the dual imperatives of enhancing performance and promoting environmental sustainability. Generally, these waste-derived materials contribute to soil stabilization through one or more primary mechanisms: pozzolanic reactions (Zheng et al., 2023), cementitious binding (Al-Adhadh et al., 2024), and/or alkaline activation (Syed et al., 2022). By leveraging such mechanisms, researchers not only address the swelling and strength limitations of expansive soils but also advance circular economy principles by repurposing by-products otherwise destined for landfills.
Among these materials, fly ash stands out for its prominent pozzolanic properties. As a voluminous by-product of coal combustion, fly ash contains substantial quantities of silica and alumina that can react with calcium in soil or other binders to form cementitious hydrates, thereby refining the pore structure and improving load-bearing capacity (Mahedi et al., 2020; Chen et al., 2022). In contrast, steel slag (Wu et al., 2021) and ground granulated blast furnace slag (GGBS) (Al-Saedi and Sabbar, 2024; Zhao et al., 2023) exhibit both latent hydraulic and pozzolanic characteristics: they can harden in the presence of water and/or supplementary alkalis, thus enhancing soil stiffness and mitigating volumetric instability (Muthukkumaran and Anusudha, 2020; Mustafayeva et al., 2024). Meanwhile, materials with inherently high calcium oxide (CaO) content—such as cement kiln dust (CKD) and calcium carbide slag (CCS)—contribute significantly to alkaline activation. By elevating the soil’s pH, these high-lime residues foster flocculation of clay particles and promote the formation of additional hydration products. CKD, collected as fine particulates during cement production, is rich in silica, alumina, and CaO, enabling robust pozzolanic interactions and the generation of calcium silicate hydrates (Wei et al., 2023; Attah et al., 2021; Almuaythir and Abbas, 2023; Al-Bakri et al., 2022). CCS, derived from acetylene production, also contains elevated levels of CaO, creating conditions conducive to accelerated formation of cementitious compounds (Chu et al., 2023; Gong et al., 2022; Wang et al., 2024).
Despite the proven utility of each waste material in isolation, research exploring combined or binary stabilizer formulations—particularly involving CKD and CCS—remains relatively limited. Consequently, deeper insights into optimal dosage strategies, specific reaction pathways, and attendant improvements in soil performance are needed. The present study therefore undertakes a comprehensive investigation of expansive soil stabilization using CKD and CCS, both individually and in combination, to elucidate these stabilization mechanisms more fully. Through a multi-pronged experimental approach encompassing compaction tests, free swelling rate assessments, unconfined compressive strength (UCS) measurements, and scanning electron microscopy (SEM) analyses, this study aims to illuminate how best to harness the synergistic potential of CKD and CCS for expansive soil improvement. The findings not only provide robust technical guidance on deploying these by-products as low-carbon stabilizers but also underscore the broader sustainability benefits of industrial waste reutilization in geotechnical applications.
2 MATERIALS AND METHODS
2.1 Materials
The primary experimental materials used in this study include expansive soil, cement kiln dust, and calcium carbide slag (as shown in Figure 1), all of which were collected and prepared under strictly controlled conditions. The expansive soil used in this study was collected from a landslide in Gaochun District, Nanjing, Jiangsu Province, China. The soil is regarded as waste soil in the local engineering project due to the high uncertainty and hazard. The basic properties were tested by field density test, compaction test, liquid-plastic limit test and specific gravity test according to the “Standard for Geotechnical Testing Methods” (GB/T50123-2019) (Ministry of Construction P.R.China, 2019). The values obtained were summarized in Table 1, and the gradation curve was shown in Figure 2.
[image: Three square images show different materials: the first is brown expansive soil (ES), the second is light grey cement kiln dust (CKD), and the third is white calcium carbide slag (CCS). Each material has a distinct texture.]FIGURE 1 | Materials used in this study.
TABLE 1 | Basic properties of expansive soil used.
[image: Table displaying soil properties: Free expansion rate is 52 percent, natural dry density is 1.42 grams per cubic centimeter, optimum moisture content is 18.9 percent, maximum dry density is 1.55 grams per cubic centimeter, plastic limit is 23.6 percent, liquid limit is 51.2 percent, plasticity index is 27.6 percent, specific gravity is 2.72.][image: Line graph comparing particle size distribution of calcium carbide slag, expansive soil, and cement kiln ash. The x-axis represents particle size in millimeters, and the y-axis shows percentage. Calcium carbide slag has the coarsest distribution, followed by expansive soil, and cement kiln ash has the finest.]FIGURE 2 | The gradation curves for cement kiln dust, calcium carbide slag, and expansive soil.
Cement kiln dust (CKD) is an industrial waste product derived from the cement production process, with primary chemical components including calcium oxide (CaO), silicon dioxide (SiO2), and aluminum oxide (Al2O3), as well as small amounts of alkali oxides and sulfates. Cement kiln dust exhibits pozzolanic activity, with fine particles that can fill soil pores, thus improving the soil structure. The cement kiln dust used for the experiment was sourced from a cement plant in Henan Province, with its main components and parameters shown in Table 2.
TABLE 2 | Chemical compositions of the cement kiln ash.
[image: Table displaying chemical compositions and their content percentages: CaO is 51.95%, SiO2 is 21.86%, Al2O3 is 4.23%, Fe2O3 is 4.76%, MgO is 3.20%, and others account for 14%.]Calcium carbide slag (CCS) is a by-product generated during the production of acetylene, primarily composed of calcium hydroxide (Ca(OH)2), and has a strong alkalinity. The calcium carbide slag can undergo a hydration reaction with silicates and aluminates in the soil, producing calcium silicate hydrate (C-S-H) and calcium aluminate hydrate (C-A-H), thus improving the strength and stability of the soil. The calcium carbide slag used in the experiment was obtained from a chemical plant in Hunan Province, with a Ca(OH)2 content of 93.00%.
2.2 Experiment methods
2.2.1 Experimental design
This investigation systematically evaluates the modification mechanisms of expansive soil matrices by utilizing cement kiln dust (CKD) and calcium carbide slag (CCS) as stabilizing agents. To facilitate clear comparisons across different formulations, the experimental program is organized into four main categories, as summarized in Table 3: (1) a control group with no stabilizer addition (CG-0/0), (2) a CKD-only series (SSS-K) at three dosage levels, (3) a CCS-only series (SSS-C) at three dosage levels, and (4) a set of binary stabilizer series (BSS) with combined CKD and CCS additions.
TABLE 3 | Details of the stabilized soil samples.
[image: Table showing experiment data with columns for experiment number, group, cement kiln dust content, and calcium carbide slag content. The control group (CG) has zero percent content for both materials. The Binary Stabilizer System (BSS) and Single Stabilizer System (SSS) groups list varying percentages of cement kiln dust and calcium carbide slag. Footnotes explain group designations and content details.]In the CKD-only (SSS-K) series, CKD is incorporated at concentrations of 5%, 10%, and 15%, where hydration reactions facilitate the formation of calcium silicate hydrate (C-S-H) and calcium aluminate hydrate (C-A-H). Similarly, the CCS-only (SSS-C) series includes CCS at concentrations of 6%, 9%, and 12%, wherein its principal constituent, calcium hydroxide (Ca(OH)2), suppresses expansion and enhances strength through reactions with soil minerals. The mono-component stabilizer configurations (i.e., SSS-K and SSS-C) enable a systematic evaluation of individual stabilizer efficacy, whereas the binary stabilizer series (BSS) assesses potential synergistic enhancements to both mechanical properties and dimensional stability when CKD and CCS are used in combination. Establishing CG-0/0 as the control baseline allows quantitative assessment of stabilizer-induced performance improvements.
A multi-parameter experimental methodology—encompassing compaction tests, free swelling rate measurements, unconfined compressive strength (UCS) evaluations, and scanning electron microscopy (SEM) analyses—was adopted to capture both macroscopic and microstructural changes. By comparing different stabilizer dosages and single/binary combinations, this study elucidates the impact of CKD and CCS on critical engineering parameters, such as compressive strength and swelling behavior, thereby informing optimal dosage strategies.
2.2.2 Experimental method
In order to comprehensively evaluate the mechanical properties and swelling characteristics of cement kiln dust and calcium carbide slag-modified expansive soil, this study conducted several laboratory tests, including compaction tests, unconfined compressive strength tests, free swelling rate tests, and microstructure analysis. The following are the specific methods of each test:
2.2.2.1 Compaction test
In this study, the sample preparation process for expansive soil first requires determining the optimum moisture content and maximum dry density for each dosage through compaction tests. These parameters are essential to ensure the optimal compaction of soil samples during preparation, thereby ensuring the accuracy of the test results. The compaction test was conducted according to the “Standard for Geotechnical Testing Methods” (GB/T50123-2019) (Ministry of Construction P.R.China, 2019), using the heavy compaction method. Samples with different combinations of cement kiln dust and calcium carbide slag contents were compacted in layers to determine the optimum moisture content and maximum dry density for each mix ratio.
2.2.2.2 Free swelling rate test
This study investigated the variations in expansive properties of modified expansive soil through free swelling rate tests, conducted in accordance with the “Standard for Soil Test Methods” (GB/T50123-2019) (Ministry of Construction P.R.China, 2019). Initially, the central portion was extracted from the cured unconfined compression specimens, air-dried, and subsequently pulverized to pass through a 0.5 mm sieve. A 50 g sample was then collected for the swell ratio test. During the experimental procedure, the specimen was placed in a cylindrical vessel with dimensions of 100 mm in height. Deionized water was gradually introduced until the water level was flush with the soil specimen surface. After a 24-h immersion period, the expansion height was measured to calculate the free swelling rate, thereby evaluating the changes in expansive properties of the modified soil. The free swelling rate was calculated using the Equation 1:
[image: Formula for free swelling rate: \((\Delta H / H_0) \times 100\%\).]
Where ΔH represents the change in specimen height after swelling, and H0 denotes the initial height of the specimen.
2.2.2.3 Unconfined compressive strength test
This study evaluated the strength performance of the modified soil using unconfined compressive strength tests, which were conducted according to the “Specifications for Highway Subgrade Testing” (JTG E40-2007) (Ministry of Transport P.R. China, 2007), using a WDW-10E electronic universal testing machine to measure compressive strength. The preparation of the specimens followed the mix design plan, using a static compaction method to form cylindrical specimens with a diameter of 50 mm and a height of 100 mm, with a compaction degree of 96% of the maximum dry density. The molded specimens were sealed and placed in a standard curing chamber, maintained at a temperature of 23°C ± 2°C and a relative humidity of over 95%. The curing periods were set at 7, 14, and 28 days. After the curing period, the specimens were removed from the curing chamber, placed on the testing machine, and loaded at a constant rate of 1 mm/min until failure, with the failure load being recorded.
The unconfined compressive strength (UCS) is calculated by Equation 2:
[image: Please upload the image, and I will help you generate alternate text for it.]
Where P is the maximum load at failure, and A is the cross-sectional area of the specimen.
2.2.2.4 Microstructural analysis
This research employed Scanning Electron Microscopy (SEM) technology to analyze the microstructure of soil modified with cement kiln dust and calcium carbide slag, aiming to investigate the modification mechanisms. As a high-resolution microscopic imaging technique, SEM can reveal detailed information about particle morphology, pore distribution, and cementitious material formation within the soil matrix, which is crucial for understanding the microstructural and mechanical properties of modified materials. In the experimental procedure, small specimens were first extracted from the failure surface of unconfined compression test samples. These specimens underwent drying treatment followed by gold coating to prevent charging effects during electron beam scanning. Subsequently, observations were conducted using a HITACHI SU8010 high-resolution scanning electron microscope, obtaining three-dimensional morphological and compositional information through secondary electron and backscattered electron imaging. The SEM images clearly illustrated the distribution of cementitious materials between particles, changes in pore structure, and the formation of microscopic connection networks in the modified soil samples.
Through the aforementioned experimental methods, this study systematically analyzed the individual and combined modification effects of cement kiln dust and calcium carbide slag, evaluated their effectiveness in improving the strength and expansive characteristics of expansive soil, and revealed the modification mechanisms from a microscopic perspective.
3 RESULTS AND ANALYSIS
3.1 Compaction characteristics
Building on the preliminary soil characterizations from Section 2, this subsection analyzes how varying CKD and CCS contents affect the compaction behavior of expansive soils. Figures 3, 4 depict the maximum dry density (MDD) and optimal moisture content (OMC) for each mix ratio, revealing systematic variations in compaction characteristics as cement kiln dust (CKD) and calcium carbide slag (CCS) contents change.
[image: Bar chart displaying MMD values in grams per cubic centimeter for various experimental groups, labeled SSS-C12 to CD-S-0. Values range from 1.54 to 1.61, with SSS-C13 having the highest at 1.61 and CD-S-0 the lowest at 1.54. Bars are orange with a gradient effect.]FIGURE 3 | Maximum dry density (MMD) for each mix ratio.
[image: Bar chart displaying Optimal Moisture Content (OMC) percentages for various experimental groups labeled on the y-axis, ranging from 17.5% to 18.6% on the x-axis. The group CG-G0 has the highest OMC at 18.6%.]FIGURE 4 | Optimal moisture content (OMC) for each mix ratio.
Compared to the control group (MDD = 1.55 g/cm³, OMC = 18.6%), single-stabilizer systems (SSS) show notable improvements in compaction parameters. Specifically, a 5% CKD addition (SSS-K5) reduces the OMC to 18.2% and increases the MDD to 1.62 g/cm³, while 6% CCS (SSS-C6) achieves an OMC of 18.3% and an MDD of 1.63 g/cm³. These enhancements are attributable to reduced free water demand and improved compaction efficiency. The stabilizers occupy voids within the soil matrix and generate cementitious hydration products (e.g., calcium silicate hydrate), effectively refining the pore structure and facilitating densification.
Comparisons between single- (SSS) and binary-stabilizer systems (BSS) illustrate that binary additions generally yield superior compaction performance at intermediate dosage levels. For instance, the BSS-5/9 configuration realizes an OMC of 17.5% and an MDD of 1.63 g/cm³, a net increase of 0.08 g/cm³ over the control. This outcome underscores the synergistic effect arising from simultaneously adding CKD and CCS, whereby accelerated hydration kinetics and enhanced void-filling contribute to improved matrix consolidation. Relative to corresponding single-stabilizer mixes (e.g., 5% CKD only or 9% CCS only), the binary formulation exhibits appreciably higher density and reduced moisture demand, demonstrating the robust synergistic mechanisms that underpin BSS performance.
At higher stabilizer concentrations, however, the incremental gains in maximum dry density appear to diminish. Although the BSS-15/12 configuration achieves an OMC of 17.8% and an MDD of 1.58 g/cm³, it does not surpass certain intermediate formulations—such as BSS-10/6, which reaches an MDD of 1.64 g/cm3. These findings suggest that excessive stabilizer content may impede uniform inter-particle distribution and introduce saturation-like effects that inhibit additional compaction benefits. In contrast, intermediate-dosage configurations (e.g., BSS-10/6) strike a favorable balance between material input and achievable densification, thereby offering an optimal cost–performance ratio. Collectively, these observations highlight the importance of targeted CKD–CCS proportions in achieving both enhanced compaction and economic efficiency when stabilizing expansive soils.
3.2 Free swelling rate analysis
Following the compaction analysis in Section 3.1, this subsection focuses on the influence of different CKD and CCS dosages on the free swell behavior of expansive soils. Figure 5 delineates the temporal evolution of free swelling rate parameters across diverse stabilizer configurations throughout prescribed curing time of 7, 14, and 28 days. Empirical analysis demonstrates that progressive elevation in stabilizer concentrations, specifically cement kiln dust (CKD) and calcium carbide slag (CCS), manifests in substantial attenuation of free swell characteristics in modified expansive soil matrices. Moreover, the binary stabilizer system (BSS) exhibits markedly superior expansiveness suppression efficacy relative to monolithic stabilizer configurations (SSS). Specifically, the BSS-5/6 configuration yielded an initial free swelling rate of 38.5% at 7-day curing duration, subsequently exhibiting progressive reduction to 28.7% at 28-day maturation, representing a substantial diminution of 22.2 percentage points relative to control specimens (CG-0/0). Further optimization through elevated CCS incorporation, as manifested in the BSS-5/12 configuration, demonstrated enhanced performance characteristics, yielding an initial free swelling rate of 34.0% at 7-day curing duration, followed by significant reduction to 23.3% at 28-day maturation, corresponding to a marked decrease of 27.6 percentage points comparative to control specimens.
[image: Bar chart showing free swelling rates (%) across various experimental groups, measured at 7, 14, and 28 days. The bars are color-coded: yellow for 7 days, orange for 14 days, and red for 28 days. Each group has different swelling values, with CO-C4 having notably higher rates.]FIGURE 5 | Changes in free swelling rate for different stabilized samples.
The BSS configuration manifests dual physicochemical functionality through C-S-H and C-A-H generation, facilitating concurrent void space occupation and matrix stability enhancement, thereby achieving significant expansiveness suppression. The BSS-10/9 configuration demonstrated superior performance characteristics, exhibiting an expansion coefficient reduction to 22.7% at 28-day curing duration, representing decrements of 10.3 and 28.2 percentage points relative to 7-day measurements and CG-0/0 specimens, respectively. In contrast, the SSS configurations exhibited marginally diminished efficacy, with SSS-K10 and SSS-C9 yielding expansion coefficients of 31.2% and 30.8%, respectively, at 28-day maturation. Despite demonstrable improvements through single stabilizer incorporation, the singular physicochemical mechanisms manifested constrained effectiveness, failing to achieve the synergistic inhibitory phenomena characteristic of binary systems.
Figure 6 shows the changes in free swelling rate with curing times. The temporal evolution of free swell characteristics exhibits significant attenuation concurrent with curing duration extension, particularly pronounced in BSS configurations where expansion coefficient reduction demonstrates progressive enhancement. Initial modifications manifest at 7-day curing duration, exemplified by BSS-10/9 configuration yielding an expansion coefficient of 33.0%, corresponding to a 19.3 percentage point reduction relative to CG-0/0 specimens. Subsequent maturation to 14-day duration facilitates enhanced pore structure modification through progressive hydration product development, yielding further reduction to 26.8%. Terminal measurements at 28-day curing duration demonstrate optimized stabilization of reaction products, manifesting in an expansion coefficient of 22.7%, representing a substantial decrement of 10.3 percentage points relative to 7-day measurements.
[image: Scatter plot showing free swelling rates in percentages for various experimental groups over 7, 14, and 28 days. Groups include SSS-C12 to BSS-0-0, represented by triangles, circles, and squares. Rates range from 20% to 55%.]FIGURE 6 | Changes in free swelling rate with curing times.
The modification efficacy of BSS configurations exhibits progressive enhancement concurrent with curing duration extension. Specifically, the BSS-15/12 configuration demonstrates significant performance optimization at 14-day maturation, manifesting a free swelling rate reduction to 20.0%, corresponding to a 10 percentage point decrement relative to 7-day measurements, thereby validating the enhanced stabilizer reactivity under prolonged curing conditions. Furthermore, elevated BSS configurations, exemplified by BSS-15/12, exhibit superior expansiveness suppression, achieving a 32.3 percentage point reduction at 28-day maturation relative to SSS configurations.
The synergistic incorporation of stabilizing agents in BSS configurations demonstrates markedly enhanced expansiveness suppression efficacy comparative to SSS configurations, particularly pronounced at intermediate to elevated dosages under extended curing durations. Progressive matrix densification and stability enhancement manifest through systematic pore structure modification via hydration product evolution. While SSS configurations demonstrate measurable expansiveness suppression, their limited physicochemical modification mechanisms yield comparatively diminished efficacy. Empirical analysis indicates that BSS-10/9 configuration achieves optimal performance parameters, manifesting an expansion ratio of 22.7% at 28-day maturation, thereby establishing an optimal equilibrium between economic considerations and modification efficacy for practical engineering applications.
3.3 Strength characteristics
This section presents a detailed analysis of unconfined compressive strength (UCS) under varying curing conditions, elucidating how binary stabilizer systems (BSS) exploit potential synergistic interactions between cement kiln dust (CKD) and calcium carbide slag (CCS) to offer insights into optimal dosage strategies for expansive soil stabilization. Figure 7 shows the changes in UCS with different curing times for different stabilized samples. Within the binary stabilizer matrix, the mechanistic characteristics and performance parameters of CCS and CKD exhibit distinctive temporal variations across curing durations. Empirical analysis elucidates that CCS functions primarily as an activation agent, wherein incremental dosage elevation manifests in accelerated early-stage strength development. The SSS-C series demonstrates systematic strength enhancement correlating with concentration gradients, specifically yielding 7-day strength parameters of 111.8 kPa, 129.2 kPa, and 141.3 kPa for SSS-C6, SSS-C9, and SSS-C12 configurations, respectively. This phenomenon correlates with the enhanced reactivity of CaO components within CCS matrices during soil modification processes. The formation of ettringite, C-S-H gel, and associated hydration products facilitates concurrent enhancement of initial bonding strength and significant attenuation of plasticity and shrinkage characteristics in expansive soil matrices. While this reaction mechanism demonstrates superior early-stage activation efficacy, the long-term strength development contribution exhibits limitations, exemplified by the SSS-C12 configuration achieving merely 171.8 kPa at 28-day maturation. This temporal evolution pattern indicates stabilization of CCS reactivity in terminal stages, with primary efficacy manifesting in early-stage strength enhancement mechanisms.
[image: Bar chart showing the UCSMP values for various slurry systems, comparing binary and single stabilizer systems across different pH levels (7.4, 7.6, 7.8). Bars indicate a range of values, with binary systems generally displaying higher UCSMP values than single systems.]FIGURE 7 | Changes in UCS with different curing times for different stabilized samples.
In contrast to CCS behavior, CKD exhibits progressive strength enhancement characteristics, particularly pronounced during terminal curing phases. Empirical data demonstrates systematic strength optimization correlating with elevated CKD concentrations at 14-day and 28-day maturation intervals. The BSS-10/6 configuration manifests strength parameters of 208.5 kPa, 311.9 kPa, and 342.2 kPa at 7-day, 14-day, and 28-day intervals, respectively, reflecting the sustained hydration kinetics of CKD components. This phenomenon correlates with secondary hydration mechanisms of free calcium oxide, silicates, and aluminates, facilitating progressive matrix densification through C-S-H gel and ettringite formation.
For CKD concentrations ≤10%, optimal strength enhancement manifests in configurations approximating unity CKD:CCS ratios, effectively leveraging early-stage CCS activation concurrent with terminal-stage CKD strength development. The BSS-10/9 and BSS-10/12 configuration exemplifies this optimization. BSS-10/9 yielding progressive strength evolution of 226.3 kPa, 321.2 kPa, and 371.3 kPa across respective curing intervals. CKD concentrations exceeding 10% manifest primarily in early-stage strength enhancement with constrained terminal-stage optimization. The BSS-15/6 configuration yields 256.4 kPa at 7-day maturation, substantially exceeding BSS-10/6 (208.5 kPa); however, terminal strength parameters (401.9 kPa versus 342.2 kPa) demonstrate limited incremental benefit. This phenomenon correlates with accelerated early-stage hydration kinetics at elevated CKD concentrations, culminating in reaction saturation during terminal phases due to comprehensive pore structure modification through C-S-H and ettringite formation.
To systematically evaluate the synergistic efficacy of binary CKD-CCS configurations on expansive soil compressive strength characteristics, this investigation introduces a novel quantitative parameter: the Synergistic Enhancement Factor (SEF). This metric facilitates comprehensive analysis of performance parameters across diverse binary configurations throughout prescribed curing durations, enabling quantitative assessment of BSS efficacy relative to corresponding SSS configurations. The mathematical formulation for SEF determination is expressed as Equation 3:
[image: Equation showing SEF equals the change in sigma subscript BRS over the change in sigma subscript SSK, plus the change in sigma subscript SSS minus C.]
where:
ΔσBBS (Combined Strength Increase). This term represents the net improvement in unconfined compressive strength (UCS) realized by the binary stabilizer system (i.e., CKD + CCS used together) compared to the untreated control sample. Physically, it embodies the total effect of both stabilizers acting in tandem, including any additional hydration products or enhanced particle bonding resulting specifically from the interaction of CKD and CCS within the soil matrix.
ΔσSSS-K (CKD-Only Strength Increase). This parameter captures the individual contribution of cement kiln dust (CKD) as if it were used alone at the same or comparable dosage. In other words, it is the UCS gain relative to the control group when only CKD is applied, reflecting phenomena such as pozzolanic reactions, C-S-H gel formation, and pore structure refinement attributable solely to CKD.
ΔσSSS-C (CCS-Only Strength Increase). Analogous to ΔSSS-K, this term indicates how much calcium carbide slag (CCS) alone improves the UCS. Its physical significance lies in the early-stage activation potential of CCS, driven by its Ca(OH)2 or CaO content, and the resultant hydration products that form independently of CKD.
A broader comparative examination of SEF trends, (as shown in Figure 8), taking into account both performance and cost-effectiveness, strengthens the conclusion regarding optimal CKD–CCS formulations. Within the lower-CKD category (CKD ≤10%), BSS-5/6 maintains a notable advantage in early-age strength gain, as evidenced by its SEF peak of 2.02 at 7 days—a value exceeding that of BSS-5/9 and BSS-5/12—and remains competitive at 28 days (1.15). Although some higher-CKD formulations—such as BSS-15/6—can achieve even higher SEF values at 7 days, the relatively larger total stabilizer content increases material costs without providing proportionally greater long-term strength improvements. Indeed, while BSS-15/6 achieves a 7-day SEF of 2.39, its 28-day value (1.17) suggests diminishing returns, underscoring its lower cost-effectiveness compared to BSS-5/6 in contexts where both performance and economic factors must be balanced.
[image: Bar chart comparing the self-expanding potential (SEP) of various BSS samples over 7, 14, and 28 days. Each sample shows three bars with varying heights, indicating SEP increases over time, with orange typically the tallest.]FIGURE 8 | Changes in SEF with different curing times for different stabilized samples.
In the higher-CKD range (CKD >10%), the SEF trends similarly indicate that BSS-10/9 offers a more attractive balance between short-term efficiency and sustained long-term performance, thereby favorably impacting material costs relative to higher-dosage formulations. For example, BSS-10/9 attains an SEF of 1.65 at 7 days and 1.10 at 14 days, effectively balancing early and terminal strength enhancement. By contrast, configurations such as BSS-15/6, despite their high early SEF, exhibit reduced performance gains at extended curing intervals and elevate stabilizer dosage requirements, leading to heightened material expenditures with no commensurate increase in long-term strength. Consequently, BSS-10/9 emerges as the most suitable choice in higher-CKD scenarios when cost-effectiveness and consistent strength development over time are prioritized, complementing the lower-CKD optimum (BSS-5/6) for rapid early gains in expansive soil stabilization.
3.4 Scanning electron microscopy analysis
As shown in Figure 9, the scanning electron micrographs (SEM) of the cement kiln dust (CKD)–calcium carbide slag (CCS) stabilized expansive soil reveal a pronounced decrease in interparticle voids and the emergence of dense particle clusters. These observations underscore the formation of hydration products, particularly calcium silicate hydrate (C-S-H) and calcium aluminate hydrate (C-A-H), which fill pore spaces and integrate soil grains into cohesive aggregations. Additionally, the fine particles of CKD can physically occupy voids within the soil matrix, reinforcing the densification process alongside the chemical reactions. The resultant microstructure is more compact than that of the untreated control samples, aligning with the elevated maximum dry density (MDD) and reduced free swelling rate recorded in the laboratory tests. By occupying previously unfilled pore spaces, these newly formed cementitious phases effectively limit water infiltration and the attendant volumetric expansion, a phenomenon corroborated by the substantial decrease in free swelling rates observed across various stabilizer configurations.
[image: Three scanning electron microscope images labeled (a), (b), and (c) show primary pores in materials marked with red dashed lines and labeled "C-S-HC-A-H". Each image focuses on different structural formations within the pores.]FIGURE 9 | The SEM results for BSS-5/6 and BBS-5/10 samples. (A) BSS-5/6 (scanning area 1) (B) BSS-5/6 (scanning area 2) (C) BBS-5/10 (scanning area 1).
Figure 10 also illustrate the development of robust interparticle bonding in the binary stabilizer systems, especially at intermediate stabilizer dosages such as BSS-10/6 or BSS-10/9. The synergy between CKD and CCS fosters progressive pozzolanic reactions involving CaO, SiO2, and Al2O3, generating semi-crystalline and amorphous gel phases that coat the soil grains and reinforce interparticle contact areas. This morphological connectivity reduces stress concentrations under load, thus enhancing unconfined compressive strength (UCS) at both early (7-day) and later (28-day) curing stages. In contrast, higher stabilizer contents can produce a dense, albeit unevenly distributed matrix that may not sustain continued strength gains due to localized agglomeration and diminished reactivity. The BSS-15/12 configuration, for example, appears less effective in the long term despite an initially dense structure, underscoring the importance of balancing stabilizer supply with the soil’s reactive capacity.
[image: Three micrograph panels showing interparticle interactions. Panel (a) highlights interparticle bonding with red dashed lines outlining clusters of particles. Panel (b) shows colloidal coating, with red lines marking areas where particles appear coated. Panel (c) illustrates another view of colloidal coating with similar red lines around coated regions.]FIGURE 10 | The SEM results for BSS-10/9 and BBS-15/12 samples. (A) BSS-10/9 (scanning area 1) (B) BSS-10/9 (scanning area 1) (C) BBS-15/12 (scanning area 2).
As shown in Figure 11, Closer examination at high magnification provides further evidence that carefully calibrated CKD–CCS ratios optimize the extent and distribution of hydration products. In intermediate-dosage mixtures, microcracks are minimized and pore networks are effectively sealed, preventing excessive water ingress and associated swelling. This refined pore structure likewise contributes to improved particle interlocking and a more efficient transfer of loads through the modified soil matrix. Conversely, higher stabilizer concentrations may yield a form of “saturation” effect in which additional binder cannot interact uniformly with soil particles, limiting further gains in microstructural refinement. Consequently, the enhanced cohesion and reduced porosity observed in intermediate-dosage binary systems correlate strongly with both the notable increases in UCS and the mitigated swelling behavior, ultimately confirming that these formulations strike a more favorable balance between cost-effectiveness and long-term performance in expansive soil stabilization.
[image: Three scanning electron microscope images of material surfaces. (a) Shows dense particles with a dashed blue outline. (b) Highlights an additional binder in a red outline, showing a more organized structure. (c) Displays another section with red outlines marking additional binder areas, indicating structural changes.]FIGURE 11 | The SEM results for high magnification. (A) BSS-10/9 (scanning area 3) (B) BSS-15/12 (scanning area 1) (C) BBS-15/12 (scanning area 2).
4 DISCUSSION ON THE MECHANISMS OF CKD-CCS IN SOIL STABILIZATION
The binary stabilizer system comprising cement kiln dust (CKD) and calcium carbide slag (CCS) demonstrates superior modification efficacy through synergistic physicochemical mechanisms (as shown in Figure 12) in expansive soil matrices. The primary modification mechanism encompasses concurrent physical densification and chemical transformation processes, wherein fine-grained CKD particles facilitate optimal void space occupation while CCS components establish conducive alkaline conditions for secondary pozzolanic reactions. This dual-mechanism approach manifests in systematic enhancement of matrix properties, evidenced by elevated maximum dry density (1.64 g/cm³ in BSS-10/6) and accelerated strength development (226.3 kPa at 7-day curing in BSS-10/9). Comparative analysis with conventional stabilizers reveals distinctive advantages: the rapid dissolution of CCS-derived CaO establishes immediate strength development through C-A-H formation, demonstrating superior early-stage performance compared to traditional lime stabilization, while the progressive generation of C-S-H gel structures through CKD components facilitates sustained strength enhancement, achieving optimal parameters (371.3 kPa) at 28-day curing. This synergistic interaction, quantified by elevated Synergistic Enhancement Factor (1.65), significantly exceeds the combined individual effects of constituent stabilizers and traditional pozzolanic materials.
[image: Diagram illustrating the stabilization process of soil particles using CKD. It shows the stages of pore filling and ion exchange, with CKD particles interacting with soil particles. The process includes the formation of CCS particles, chemical reactions involving calcium hydroxide, water, and carbon dioxide, and pH adjustments leading to calcium carbonate formation. The diagram emphasizes particle enclosure and stabilization through these reactions. Arrows and labels indicate the flow and transformation of particles throughout the process.]FIGURE 12 | The mechanism of stabilizing expansive soil by composite action of CKD and CCS.
The microstructural evolution in CKD-CCS modified matrices provides fundamental validation for the observed macroscopic performance enhancement while demonstrating significant environmental and economic advantages. The progressive development of cementitious compounds facilitates systematic reduction in expansion characteristics, achieving minimal free swelling rate (22.7%) at 28-day maturation in BSS-10/9 configurations - a marked improvement over conventional lime stabilization methodologies. The comprehensive particle encapsulation and enhanced matrix densification manifest in superior durability characteristics, evidenced by sustained strength development during extended curing periods. This represents particular advantages over single-component stabilizers, wherein limited modification mechanisms often result in incomplete matrix transformation. Furthermore, as industrial by-products, both CKD and CCS represent cost-effective alternatives to traditional stabilizers while simultaneously facilitating productive utilization of waste materials. The demonstrated performance characteristics, coupled with these sustainability advantages, establish CKD-CCS stabilization as an optimal methodology for expansive soil modification in practical engineering applications, achieving superior technical performance while advancing sustainable construction practices.
5 CONCLUSION
This study systematically examined the feasibility of using cement kiln dust (CKD) and calcium carbide slag (CCS) as stabilizers for expansive soil, focusing on compaction characteristics, swelling behavior, unconfined compressive strength (UCS), and microstructural evolution. Based on the experimental findings and analyses, several key conclusions can be drawn:
	(1) Compared with the control group (MDD = 1.55 g/cm³), binary CKD–CCS blends produced higher maximum dry density. BSS-10/6 attained 1.64 g/cm³. The addition of CKD and CCS reduced the optimal moisture content by occupying soil pores and facilitating early-stage hydration reactions.
	(2) Binary stabilizers suppressed volumetric expansion relative to untreated soil. BSS-10/9 decreased the free swelling rate to 22.7% at 28 days. Higher CCS contents (9%–12%) combined with moderate CKD levels led to greater swelling reduction than single-stabilizer systems.
	(3) Unconfined compressive strength (UCS) tests indicated substantial gains under CKD–CCS stabilization. BSS-10/9 achieved 226.3 kPa at 7 days and 371.3 kPa at 28 days. The Synergistic Enhancement Factor (SEF) for certain binary formulations exceeded 1.5, indicating that CKD and CCS together outperform individual stabilizers.
	(4) SEM analysis confirms CKD–CCS synergy in expansive soils, as hydration products (C-S-H, C-A-H) fill voids and strengthen particle bonds. Moderate dosages optimize pozzolanic reactions for higher density and reduced swelling, whereas excessive content yields diminishing returns due to uneven binder distribution.
	(5)BSS-10/9 demonstrated a balanced improvement in densification, swelling control, and UCS, highlighting the low-carbon, cost-effective potential of CKD–CCS blends for stabilizing expansive soil.
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Research on the identification and classification of drilling-induced fractures plays a critical role in clarifying the mechanisms of wellbore instability and drilling fluid loss, while also supporting the analysis of imaging logging data and reservoir evaluation. In this study, a prediction model for the occurrence of drilling induced fractures is established by using linear elastic wellbore stress model combined with the tensile failure criterion of wellbore surrounding rock. The influences of engineering parameters, specifically borehole trajectory and bottom-hole pressure, on the distribution of principal stresses around the wellbore, as well as the angle between drilling-induced fractures and the borehole axis are investigated. The findings reveal that the induced fractures exhibit a highly organized pattern, typically forming at 180° intervals with a nearly symmetrical, downward-diffusing arrangement. This pattern provides a solid theoretical basis for the identification and classification of these fractures. In addition, under low bottom-hole pressure, the well tends to form feather-shaped induced fractures. As the pressure of the liquid column increases, the angle between these fractures and the borehole axis decreases while their length expands, eventually evolving into a “J”-shaped fracture. Accurate detection and identification of such induced fractures are crucial for reliably interpreting fracture networks and evaluating reservoirs in unconventional oil and gas fields.
Keywords: bottom hole pressure, breakout pressure, drilling induced fracture, fracture occurrence, engineering parameter

1 INTRODUCTION
Natural fractures in the formation significantly contribute to borehole instability and drilling fluid losses. Triaxial mechanical tests on fractured rocks indicate that the stress required to reinitiate failure along these pre-existing fracture surfaces is 43%–55% lower than that for intact core samples (Bai, 2020; Dong et al., 2025; Fengjiao et al., 2023; Fontoura et al., 2002; Guan and Sheng, 2017; Huang et al., 2019; Li, 2020). Due to the lower tensile strength of natural fractures compared to the rock’s tensile strength, natural fractures tend to open preferentially under certain conditions, thereby controlling the spatial characteristics of fracture propagation (Qin, 2006; Al-Ajmi and Zimmerman, 2006; Ewy, 1999; Lee et al., 2012; He et al., 2015; Setiawan and Zimmerman, 2018). Improving the understanding of fractures is beneficial for further research on reservoir evaluation, geological understanding, and reservoir knowledge across various geological historical periods (Liu et al., 2016; Liu et al., 2018; Lu et al., 2020; Moos et al., 2003; Noohnejad et al., 2021; Qiu et al., 2011; Sheng et al., 2006). Current methods for analyzing natural fractures in formations often lack precision (Sheng et al., 2017; Sheng et al., 2018; Tabatabaee et al., 2018; Wei et al., 2013; Wen, 2012; Wu et al., 2024; Wen, 2012). In contrast, imaging logging offers an intuitive two-dimensional visualization of the borehole wall, providing a reliable foundation for accurately identifying and extracting geological features—such as rock structure, stratification, pore networks, and fractures—which in turn leads to superior geological interpretations (Singh et al., 2019; Chen et al., 2015; Liu et al., 2016; Zhou et al., 2018; Lu et al., 2013; Økland and Cook, 1998; Zhang, 2013; Amadei, 2012). In reservoir evaluation, it is crucial to more accurately and effectively identify effective fractures and discern and eliminate the influence of drilling-induced fractures (Zhang et al., 2021b; Zhang et al., 2023; Zhao et al., 2020Ai, 2015Al-Ajmi and Al-Harthy, 2010). Due to the strong heterogeneity of the Ordovician carbonate rocks in the Shunbei oil and gas field, the diversity of reservoir space types, and the varying shapes of fractures, detecting and identifying fractures are particularly challenging (Wu et al., 2024; Xia, 2018; Zhang et al., 2017; Zhang et al., 2021a). Therefore, the correct identification of induced fractures is essential (Huang et al., 2012; Liu et al., 2016; Ebrahimi et al., 2020; Denney, 2005; Udegbunam et al., 2013; Ma et al., 2021; Chen et al., 2019).
In the realm of borehole stability, Lee et al. (2012) proposed a wellbore stability model for formations with anisotropic strength and predicted collapse positions in different drilling directions. He et al. (2015) explored the impact of water content on weak planes and wellbore stability by developing a model that accounts for these planes. Their comparison of slip failure along weak planes versus shear failure in intact rock revealed that cross-dip wells are less stable than up-dip or down-dip wells in a strike-slip stress regime, and that higher water content leads to increased collapse pressure. Setiawan and Zimmerman (2018) introduced a transversely isotropic well stress model for shale reservoirs, employing a three-dimensional Mogi-Coulomb criterion to assess borehole collapse pressure while considering the effects of weak surface structures on rock strength. Singh et al. (2019) presented an analytical solution for wellbore stability in rock masses exhibiting elastic-perfectly plastic and elastic-brittle behavior using a 3D failure criterion. Their findings indicate that the plastic zone predicted by the Mogi-Coulomb criterion is about 13%–20% smaller than that estimated by the Mohr-Coulomb criterion, with intermediate principal stress contributing to improved wellbore stability and wellbore column pressure significantly affecting the plastic zone radius. Additionally, Chen et al. (2015) together with Ding et al. (2018) developed a model for wellbore stability that incorporates multiple weak planes, demonstrating that when more than four such planes are present, the collapse pressure is predominantly controlled by these features and increases gradually. Liu et al. (2016) developed a wellbore stress distribution model in a transversely isotropic formation drilled at an arbitrary angle to the weak planes. They studied both controllable factors (internal pressure, dipping angle, and dipping direction) and uncontrollable factors (weak planes occurrence and in situ stress), concluding that a proper lower critical mud weight is essential for ensuring wellbore stability. Zhou et al. (2018) investigated how rock elastic transverse isotropy influences pore pressure distribution and seepage stresses, emphasizing that anisotropic seepage in shales with bedding and fractures requires a lower internal critical mud weight than that applied at the borehole wall. Similarly, Lu et al. (2013) found that porous flow in shale formations exacerbates wellbore instability, with the critical mud weight highly sensitive to the presence of weak planes. Økland and Cook (1998) showed through thick-walled cylinder tests that wells drilled within 15° of the bedding-parallel direction are particularly unstable, necessitating a higher mud density to prevent losses. Borehole stability analysis typically begins by calculating the stress tensor on the wellbore wall after drilling, followed by applying a strength criterion to compare principal stresses with rock strength. Zhang (2013) noted that when weak bedding planes are present, the maximum slip failure direction deviates from the minimum stress direction, and the overlap of shear failure in intact rock with sliding failure along weak planes enlarges unstable areas. Although Lu et al. (2013) also observed that porous flow in fractured formations further undermines stability, their study did not consider elastic anisotropy and natural fractures in bedding. Static stability models often overlook the hydraulic effects of drilling fluids on pore pressure and rock failure. To address this, Kanfar et al. (2015) developed a time-dependent numerical model that incorporates the transverse isotropy of shales, revealing significant differences in pore pressure compared to isotropic models and leading to different critical mud pressure recommendations, despite not accounting for thermal and chemical gradients. Higgins et al. (2008) further demonstrated that models including anisotropy capture subtle stress variations more accurately, which is crucial for well completion decisions. Additionally, Dokhani et al. (2016) incorporated the interaction between aqueous fluids and clay minerals into their model, treating shale as an isotropic medium with strength anisotropy defined by an extended Jaeger’s criterion and a bedding plane angle (β) relative to the maximum principal stress. Given the finely laminated structure, natural fractures, low permeability, and cation exchange capacity of shales, it is essential to account for the combined effects of natural fractures and bedding planes on near-wellbore stresses. Finally, Huang et al. (2012) analyzed stress distributions around boreholes in layered rocks with water-based drilling fluids, highlighting the critical roles of borehole inclination, hydraulic conductivity, and water activity in determining a safe mud pressure window.
Both domestic and international scholars have extensively studied fracture identification, highlighting that each fracture type possesses unique features that significantly affect oil and gas exploration and production. During drilling, fractures are typically classified as natural or induced based on their origin (Gao et al., 2021; Gao et al., 2024). Currently, imaging logging is the most precise method for detecting fractures, providing images that reveal a broad spectrum of geological events as well as drilling-induced disturbances on the wellbore. Drilling-induced tensile fractures are formed under the influence of ground stress during the drilling process and occur simultaneously with the drilling operation. These fractures typically develop parallel to the wellbore, appearing symmetrically at 180° intervals. Drilling-induced tensile fractures occur only when there is a significant disparity in horizontal stresses, and they usually extend less than 1 cm into the surrounding formation. If the bottom-hole pressure is maintained below the minimum principal stress, these fractures will not propagate further, thereby preventing drilling fluid loss. Unlike natural fractures, induced fractures form as a result of stress changes during drilling, following predictable patterns that can be modeled under different operating conditions.
Research on predicting the initiation locations and morphologies of drilling-induced fractures around wellbores remains limited. A thorough understanding of the mechanisms behind fracture formation and propagation is essential for ground stress inversion, determining optimal drilling fluid density windows, and optimizing the particle size distribution of sealing materials. This knowledge also aids in classifying fracture types and precisely determining their orientations from imaging logging data, which is critical for reliable reservoir evaluation. Consequently, this study develops a prediction model for drilling-induced fractures, investigating the impact of engineering parameters such as wellbore trajectory and borehole pressure on fracture characteristics. It further provides quantitative criteria to assess the effectiveness of drilling fluid leak prevention and plugging strategies based on these fracture features.
2 DRILLING-INDUCED FRACTURES PREDICTION MODEL
2.1 Coordinate transformation
To determine the stress distribution characteristics around the wellbore, it is first necessary to transform the in situ stresses into the global coordinate system. As illustrated in Figure 1, XG-YG-ZG represents the global coordinate system, where XG points north, YG points east, and ZG is vertical. XS-YS-ZS represents the in situ stress coordinate system, corresponding to the maximum horizontal stress, minimum horizontal stress, and vertical stress, respectively. To transform the in situ stresses into the global coordinate system, three coordinate transformations are required. First Step, rotate the global coordinate system around the ZG axis by an angle α1, resulting in the X′-Y′-Z′ coordinate system. Second Step, rotate the X′-Y′-Z′ coordinate system around the Y′ axis by an angle β1, yielding the X″-Y″-Z″ coordinate system. Third Step, rotate the X″-Y″-Z″ coordinate system around the X″ axis by an angle β1. This series of transformations converts the XG-YG-ZG coordinate system into the Xs-Ys-Zs coordinate system. This transformation process enables the accurate determination of the stress distribution around the wellbore in relation to the global geographic orientation.
[image: Three illustrations depict different coordinate systems. (a) shows a North-East-Down system with axes labeled \(X_c, Y_c, Z_c\). (b) presents a body-fixed frame with axes showing angles \(\alpha\) and \(\beta\) between it and the inertial frame. (c) displays a sensor-fixed frame with axes \(X_s, Y_s, Z_s\) and an angle \(\gamma\) between this frame and the previous ones.]FIGURE 1 | Three steps of the transformation between the global coordinate system (GCS) and the in situ stress coordinate system (ICS) (a) rotation about the ZG axis (b) rotation about the Y′ axis (c) rotation about the X″ axis.
Based on geometric knowledge, a transformation matrix R1 is established, as shown in Equation 1,
[image: A mathematical matrix labeled \( R \) representing a rotation transformation. The matrix is a 3x3 grid with elements containing trigonometric functions of angles \(\alpha\), \(\beta\), and \(\gamma\). The first row is \([\cos_\alpha \cos_\beta, \sin_\alpha \cos_\beta, -\sin_\beta]\). The second row is \([\cos_\alpha \sin_\beta \sin_\gamma - \sin_\alpha \cos_\gamma, \sin_\alpha \sin_\beta \sin_\gamma + \cos_\alpha \cos_\gamma, \cos_\beta \sin_\gamma]\). The third row is \([\cos_\alpha \sin_\beta \cos_\gamma + \sin_\alpha \sin_\gamma, \sin_\alpha \sin_\beta \cos_\gamma - \cos_\alpha \sin_\gamma, \cos_\beta \cos_\gamma]\).]
Using the stress tensor σG to represent the components of stress in the global coordinate system and σS to represent the components of stress in the stress coordinate system, the transformation relationship between them can be expressed as shown in Equation 2,
[image: Please upload the image or provide a URL so I can generate the alt text for you.]
Where [image: Matrix equation representing \(\sigma_S\) as a diagonal matrix with elements \(\sigma_H\), \(\sigma_h\), and \(\sigma_v\) positioned diagonally, while all off-diagonal elements are zero.], σH represents the maximum horizontal stress, measured in MPa; σh represents the minimum horizontal stress, measured in MPa; and σv represents the vertical stress, measured in MPa.
After transforming the stress into the global coordinate system, it should be further transformed into the wellbore coordinate system for analysis. The transformation relationship between the global coordinate system (GCS) and the wellbore coordinate system (BCS) is shown in Figure 2, where XB-YB-ZB represents the wellbore coordinate system, α2 represents the angle between the wellbore inclination and the true north direction, usually referred to as the wellbore azimuth angle; β2 represents the angle between the wellbore axis and the vertical direction, typically referred to as the well deviation angle. Using σB to represent the stress tensor in the wellbore coordinate system, according to the study by Lee et al. (2012), the transformation relationship between σB and σG is expressed as shown in Equation 3,
[image: It seems you provided a formula rather than an image. If you have an image you need alt text for, please upload it or provide a URL. If you're referring to the formula itself, just let me know.]
[image: Diagram of a cylindrical coordinate system showing two intersecting three-dimensional frames. The global axes \(X_G\), \(Y_G\), \(Z_G\) are represented with black lines, while rotated axes \(X_B\), \(Y_B\), \(Z_B\) are depicted with dashed red lines. The cylinder is rotated with angles \(\alpha_z\) and \(\beta_z\).]FIGURE 2 | Transformation between global coordinate system (GCS) and borehole coordinate system (BCS).
The transformation matrix R2 is represented as shown in Equation 4.
[image: Matrix labeled \( R_2 \) with three rows and three columns. First row: \(\cos \alpha_2 \cos \beta_2\), \(\sin \alpha_2 \cos \beta_2\), \(\sin \beta_2\). Second row: \(\sin \alpha_2\), \(\cos \alpha_2\), 0. Third row: \(\cos \alpha_2 \sin \beta_2\), \(\sin \alpha_2 \sin \beta_2\), \(\cos \beta_2\). Equation number (4) on the right.]
2.2 Wellbore stress distribution
The representation of stress tensors around the wellbore in polar coordinates is more convenient. Therefore, after transforming the stress from the global coordinate system to the wellbore coordinate system, the stress tensor σB, i.e., [σx, σy, σz, τxy, τxz, τyz], needs to be further transformed into polar coordinates. Due to the disturbance of the original stress state by drilling through the formation, the stress redistributes around the wellbore and creates stress concentration effects. According to Biot’s effective stress theory, the equation for the effective stress around the wellbore at any inclination angle is expressed as shown in Equation 5,
[image: Mathematical equations for stress components in a cylindrical coordinate system. The equations detail radial stress \(\sigma_r\), tangential stress \(\sigma_\theta\), axial stress \(\sigma_z\), shear stress in terms of \(\tau_r\theta\), \(\tau_rz\), and \(\tau_\theta z\). Each equation involves parameters such as \(\sigma_x\), \(\sigma_y\), \(\tau_{xy}\), pressures \(P_w\), \(P_v\), and \(\alpha P_p\). Trigonometric functions and expressions involving \(r\), \(\theta\), and polar coordinates are used.]
In the equation, rw represents the wellbore radius, measured in meters; r represents the distance from any point around the wellbore to the wellbore axis, measured in meters; Pw represents the bottomhole fluid column pressure, measured in MPa; Pp represents the pore pressure of the formation, measured in MPa; θ represents the azimuth angle around the wellbore, i.e., the angle, measured in degrees, from a point around the wellbore rotating clockwise to the Xb coordinate axis; α represents the Biot’s effective stress coefficient, which ranges from 0 to 1 and is dimensionless.
Once the stress distribution around the wellbore is determined, these values must be incorporated into rock strength criteria to evaluate the formation’s stability. Because these criteria are typically expressed in terms of principal stresses, the wellbore stresses need to be transformed accordingly. Equation 6 shows how to convert stresses from polar coordinates into principal stresses,
[image: Equations for calculating stress are shown. Sigma theta equals sigma r. Sigma j equals the average of sigma theta and sigma j plus the square root of the sum of sigma theta plus sigma j squared and four times tau theta r squared, all divided by two. Sigma e equals the same average minus the square root term, also divided by two. Equation (6).]
The relative magnitudes of the three principal stresses at any point around the wellbore vary with changes in the bottomhole fluid column pressure. To accurately distinguish between the three principal stresses around the wellbore, substitute the expression [image: Greek letters sigma with subscripts: i, j, k.] obtained from Equation 6 into Equation 7,
[image: Mathematical notation showing three equations: \( \sigma_1 = \text{max}(\sigma_i, \sigma_j, \sigma_k) \), \( \sigma_3 = \text{min}(\sigma_i, \sigma_j, \sigma_k) \), and \( \sigma_2 = \sigma_i + \sigma_j + \sigma_k - \sigma_1 - \sigma_3 \).]
2.3 Induced fracture orientation determination
To differentiate between types of tensile failure in the wellbore wall, it is necessary to quantitatively analyze the relationship between the three principal stresses around the wellbore. Additionally, it is important to compare the minimum principal stress around the wellbore with the tensile strength of the rock, as shown in Equation 8,
[image: Mathematical equation displaying \( \hat{a}_t \leq -\sigma_t \), labeled as equation (8).]
When σr equals σ3 and Equation 8 holds true, drilling-induced fractures occur around the wellbore. If the hydrostatic pressure exceeds the formation pressure, it may lead to drilling fluid loss. The relationship between the angle of induced fractures and the well axis stress is expressed as shown in Equation 9,
[image: Equation showing \(\tan 2\omega = \frac{2\tau_{xy}}{\sigma_x - \sigma_y}\), labeled as equation (9).]
In which, [image: Please upload the image so I can generate the alternate text for it.] represents the angle between the drilling-induced fractures and the wellbore axis, measured in degrees, as shown in Figure 3. This angle represents the orientation between the maximum principal stress around the wellbore and the wellbore axis. By incorporating in situ stress, wellbore trajectory, and fluid column pressure, the principal stresses at different points around the wellbore can be determined. This enables the identification of tensile failure types and the calculation of the angle at each point relative to the wellbore axis, ultimately predicting the morphology of drilling-induced fractures under these conditions.
[image: Illustration of a cylindrical object with arrows indicating stress directions and angles. Labels include symbols such as \(\sigma_{n}\), \(\tau\), \(\sigma_{\text{min}}\), \(\sigma_{\text{max}}\), and \(\theta\), indicating normal stress, shear stress, minimum and maximum stress, and angle, respectively. Arrows inside the cylinder illustrate stress distribution.]FIGURE 3 | The angle between the minimum principal stress acting on the borehole wall and the borehole axis in any trajectory (Zoback, 2007).
It is worth noting that this study assumes the formation rock to be a linear elastic medium and does not consider the effects of temperature, fluid interactions, chemical influences, or formation exposure time on the stress distribution around the wellbore. Additionally, given the characteristics of rock being strong in compression but weak in tension, as well as the natural development of fractures, it is generally assumed that cracks will form when the rock experiences tensile stress.
2.4 Model verification
Based on the MATLAB 2022a platform, a wellbore-induced fracture prediction model was developed and implemented. To verify the accuracy of the program, the data from Table 1 was used as input for the model. The program was then employed to calculate the circumferential, radial, and vertical stresses around a vertical wellbore. The results were compared with those obtained using Equation 5 to ensure the correctness of the developed program.
TABLE 1 | Inputting parameters.
[image: Table displaying various geological and mechanical parameters. Columns are labeled: Vertical in situ stress (50 MPa), Horizontal maximum in situ stress (40 MPa), Horizontal minimum in situ stress (30 MPa), Pore pressure (25 MPa), Fluid column pressure in well (30 MPa), an untranslated parameter (1), Poisson's ratio (0.22), Tensile strength (0 MPa), and Diameter (15.24 cm).]The circumferential, radial, and vertical stresses on the wellbore wall of a vertical well, as calculated using the program developed in this study, are shown in Figure 4. Similarly, for a vertical well in the direction of the minimum horizontal in situ stress, the calculation process and results for wellbore circumferential stress, based on Equation 5, are presented in Equation 10,
[image: Formulas for calculating stresses in a cylindrical object. Sigma_f is expressed using theta_h values, angles, and P_w terms resulting in 5 MPa. Sigma_theta uses similar terms, equating to 35 MPa. Sigma_z incorporates nu and cosine terms to achieve 25 MPa. Equation 10 is referenced.]
[image: Line graph showing stress versus circumference angle in degrees. The x-axis represents the angle from zero to three hundred and sixty degrees. The y-axis shows stress values from zero to thirty. Three lines are depicted: a blue line at a constant five, a yellow line at nineteen, and an orange sinusoidal line ranging from five to thirty. A legend on the graph provides line color designations.]FIGURE 4 | Stresses around wellbore wall for vertical well.
Comparing the results obtained from Equation 5 with those shown in Figure 4 reveals a perfect match, confirming the accuracy of the developed model and calculation program, including the coordinate transformation equations and principal stress calculations.
3 RESULTS AND ANALYSIS
Based on this model, the study further explores the effects of different wellbore trajectories and fluid column pressures on the principal stresses around the wellbore, the initiation angle of induced fractures, and their occurrence. The variation patterns of wellbore principal stresses and induced fracture orientations with changes in wellbore trajectory and fluid column pressure are discussed in the following sections.
3.1 The impact of wellbore trajectory
This study investigates the locations and morphologies of drilling-induced fractures in a normal fault environment. Assuming a fluid column pressure of 50 MPa in the wellbore, the remaining parameters from Table 1 are used to analyze the effects of borehole trajectory and pressure on the characteristics of drilling-induced fractures. Utilizing the drilling-induced fracture prediction model established in this study and inputting the parameters from Table 1, the variation trends of the principal stresses on the wellbore wall and the angles between induced fractures and the wellbore axis along the circumferential angle of the wellbore are depicted in Figure 5–20. The dual vertical axes in the diagrams respectively quantify two critical parameters: the left axis measures principal stress magnitudes, while the right axis (purple crosses) tracks angular deviation between drilling-induced fractures and the wellbore axis. Rock mechanics analysis reveals these fractures initiate when tangential stress at the borehole wall exceeds the tensile strength threshold. Specifically, fracture propagation commences as the minimum principal stress transitions from compressive to tensile domain, a fundamental principle derived from tensile failure criteria in wellbore stability studies.
[image: Graph (a) shows a sine wave in orange with amplitude variations and a straight line in purple, both on a shared y-axis. Graph (b) displays vertical red lines at x-coordinates 60 and 240 on a grid.]FIGURE 5 | Azimuth angle αb = 0°, Well inclination angle βb = 0°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Chart (a) displays sine wave patterns in various colors, including orange and purple, with oscillating lines crossing horizontal axes. Chart (b) shows a triangular shape formed by red lines against a grid background, extending from zero to three hundred sixty degrees.]FIGURE 6 | Azimuth angle αb = 0°, Well inclination angle βb = 30°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Two graphs are displayed side by side. Graph (a) is a multi-line plot with overlapping sine and cosine curves in orange, purple, and yellow against a blue horizontal line. Graph (b) is a single red line graph with peaks at 60, 180, and 300 degrees. Both graphs have grid lines and degree markings on the x-axis from 0 to 360.]FIGURE 7 | Azimuth angle αb = 0°, Well inclination angle βb = 60°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Graph (a) displays sinusoidal functions with different amplitudes and phases over a 0 to 360-degree rotation on the x-axis, marked by various colors. Graph (b) shows vertical red lines at intervals on a grid, marked every 60 degrees on the x-axis.]FIGURE 8 | Azimuth angle αb = 0°, Well inclination angle βb = 90°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Graph (a) shows a sine wave with an orange curve oscillating between -25 and 25 and a purple line at -50, both plotted against degrees. Graph (b) illustrates two vertical red lines across the 60 and 240 degree marks within a grid, indicating specific points.]FIGURE 9 | Azimuth angle αb = 30°, Well inclination angle βb = 0°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Two panels: (a) shows a graph with four wavy lines in different colors and two y-axes, labeled with degrees on the x-axis; (b) displays a red curved line on a grid, with the x-axis labeled in degrees from 0 to 360.]FIGURE 10 | Azimuth angle αb = 30°, Well inclination angle βb = 30°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Panel (a) shows multiple sinusoidal and straight line plots with varying amplitudes and frequencies, using different colors. Panel (b) displays a red line graph with sharp peaks and troughs over a grid background, spanning from zero to three hundred sixty on the x-axis.]FIGURE 11 | Azimuth angle αb = 30°, Well inclination angle βb = 60°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Graph (a) displays multiple overlapping sinusoidal curves in varying colors on a grid, highlighting periodic variations. Graph (b) presents a red segmented line plotting a sine wave, with dashed grid lines and clear axis markings.]FIGURE 12 | Azimuth angle αb = 30°, Well inclination angle βb = 90°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Graph (a) displays a multi-line plot with orange sine waves and a purple horizontal line on a degree-marked x-axis. Graph (b) shows vertical red bars at approximately 60 and 180 degrees, with a grid background.]FIGURE 13 | Azimuth angle αb = 60°, Well inclination angle βb = 0°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Two graphs are shown. Graph (a) includes multiple colored sinusoidal and linear lines depicting different waveforms plotted against an angle in degrees on the x-axis and an unspecified range on the y-axis. Graph (b) shows disconnected red lines on a grid, focusing on similar angle values, highlighting specific segments of data. Both graphs are labeled with degrees and amplitude values.]FIGURE 14 | Azimuth angle αb = 60°, Well inclination angle βb = 30°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Two plots are shown. Plot (a) displays multiple overlapping sinusoidal curves in different colors with varied amplitudes. Plot (b) presents a single red curve on a grid, with segments appearing disjointed. Both plots are labeled with degrees on the x-axis.]FIGURE 15 | Azimuth angle αb = 60°, Well inclination angle βb = 60°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Two side-by-side graphs. Graph (a) features multiple overlapping curves with various colors, plotted against a horizontal axis labeled with angles from zero to three hundred sixty degrees. Graph (b) shows a line chart with red segments on a grid, also labeled from zero to three hundred sixty degrees on the bottom axis.]FIGURE 16 | Azimuth angle αb = 60°, Well inclination angle βb = 90°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Two graphs are shown. Graph (a) plots a sine wave in yellow and a constant purple line, both against a degree scale from 0 to 360. Graph (b) shows two red vertical lines, also against a degree scale from 0 to 360, with grid lines in the background.]FIGURE 17 | Azimuth angle αb = 90°, Well inclination angle βb = 0°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Panel (a) shows multiple overlapping sinusoidal waveforms with different amplitudes and frequencies in various colors. Panel (b) displays a red waveform creating symmetrical loops along a horizontal axis within a grid.]FIGURE 18 | Azimuth angle αb = 90°, Well inclination angle βb = 30°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Graph (a) contains multiple colored lines depicting various sinusoidal patterns on two separate y-axes: one ranging from -200 to 100 and the other from -100 to 100. Graph (b) shows red curves on a grid, illustrating a pattern that appears vertical on the left and right sides, peaking around 180 degrees on the x-axis.]FIGURE 19 | Azimuth angle αb = 90°, Well inclination angle βb = 60°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
[image: Panel (a) shows a line graph with multiple colored lines representing data trends over a 360-degree range. Panel (b) displays a bar graph with two red vertical bars at the 90 and 180-degree marks, against a grid background.]FIGURE 20 | Azimuth angle αb = 90°, Well inclination angle βb = 90°: Principal stresses around the wellbore, induced fractures, and their angles relative to the wellbore axis. (a) Principal stress and induced fracture angle, (b) Induced fracture.
From Figure 5a, it can be observed that the first and second principal stresses around the wellbore do not vary with the circumferential angle. The third principal stress reaches its maximum value in the direction of minimum horizontal in situ and its minimum value in the direction of maximum horizontal in situ. The angle ω between induced fractures and the wellbore axis remains 0 throughout. This indicates that a vertical fracture is generated in the direction of maximum horizontal in situ, as depicted in Figure 5b.
Maintaining the drilling direction constant, but varying the well deviation angle, the wellbore’s principal stresses, the angle between induced fractures and the wellbore axis, and the induced fracture orientations for well deviation angles of 30°, 60°, and 90° are illustrated in Figures 6–8, respectively. The mechanical response exhibits distinct patterns across different well orientations. At βb = 30° deviation, circumferential stress analysis shows dual stress minima at 90°/270° azimuths. Stress state transition initiates fracture development with maintained near-orthogonal fracture-wellbore alignment (θ ≈ 90°), producing characteristic feather-textured fracture patterns as documented in Figures 6a,b. Notably, increasing deviation to βb = 60° induces comprehensive tensile transformation (σmin<0 throughout azimuths), driving θ fluctuations exceeding 60°. This mechanically governed instability generates multi-axial fracture intersections shown in Figures 7a,b, demonstrating progressive complexity with inclination angle. The horizontal well configuration (βb = 90°) presents polar stress minima at 0°/180° positions. Theta maintains perfect coaxial alignment (θ≡0°) during wellbore rotation, forming vertically oriented fracture planes that bisect the borehole circumference (Figures 8a,b). This orientation-dependent fracture geometry evolution follows fundamental principles of anisotropic stress redistribution in inclined boreholes.
Keeping the wellbore azimuth angle at 30° and varying the well deviation angle to 0°, 30°, 60°, and 90°, the principal stresses around the wellbore, induced fractures, and their angles with the wellbore axis are depicted in Figures 9–12. When the well deviation angle βb = 0°, the minimum principal stress around the wellbore reaches its minimum values at 60° and 240° around the wellbore. The angle between induced fractures and the wellbore axis remains 0°, resulting in two vertical fractures at positions 60° and 240° around the wellbore. For a well deviation angle of βb = 30°, the minimum principal stress around the wellbore transitions to tensile stress in the range of 0°–108° and 181°–289° around the wellbore. Mechanical analysis reveals pronounced angular instability in fracture trajectory deviation (Δθ>45°), yielding distinctive hooked fracture geometries. This bifurcation pattern, encompassing both J-type curvature and mechanical fishhook configurations, arises from critical stress anisotropy conditions documented in Figures 10a,b. The observed morphological bifurcation demonstrates fundamental fracture path selection mechanisms governed by near-wellbore stress tensor reconfiguration. With a well deviation angle of βb = 60°, the minimum principal stress around the wellbore transitions to tensile stress in the ranges of 0°–82°, 163°–262°, and 323°–360° around the wellbore. Similar to the previous case, the angle between induced fractures and the wellbore axis undergoes significant variations, resulting in induced fracture orientations resembling “J-shaped” fractures. The induced fractures exhibit inflection points at 60° and 240°, forming more pronounced “J-shaped” fractures, as depicted in Figures 11a,b. In horizontal well configurations (βb = 90°), fracture trajectory angularity demonstrates constrained variability (Δθ<10°), manifesting hybrid fracture morphologies that bridge classical feather-textured patterns and mechanical “fishhook” configurations. This transitional morphology emerges from the unique stress coupling effects inherent to horizontal borehole geometries.
Maintaining the wellbore azimuth angle at 60°, the variations in principal stresses around the wellbore and induced fracture orientations with respect to the circumferential angle for well deviation angles of 0°, 30°, 60°, and 90° are illustrated in Figures 13–16. The mechanical response exhibits systematic dependence on wellbore orientation relative to in situ stress fields. In vertical wells (βb = 0°), coaxial alignment with the principal in situ stress orientation induces fracture propagation vectors parallel to the borehole axis through geomechanical coupling. At intermediate inclinations (βb = 30°,60°), stress anisotropy intensification during tensile state transition triggers angular instability (Δθ>30°), forming characteristic J-curvature fractures through stress-dependent path selection mechanisms, as quantitatively verified in Figure 10b. Conversely, horizontal wells (βb = 90°) demonstrate constrained trajectory deviation (Δθ<10°) under compressive-tensile stress tensor reconfiguration. This transitional regime produces hybrid fracture architectures blending feather-textured discontinuities with incipient hook-shaped geometries, reflecting progressive stress decoupling in high-angle completions.
The wellbore azimuth angle is 90°, and the well deviation angles are 0°, 30°, 60°, and 90°. The principal stresses around the wellbore and the induced fracture orientations for these angles are depicted in Figures 17–20. In stress-aligned well configurations, the borehole axis maintains strict parallelism with principal in situ stress orientations: vertical stress correspondence at βb = 0° (Figures 17a,b) and maximum horizontal stress alignment at βb = 90° (Figures 20a,b). This geometric optimization induces dual fracture initiation with perfect coaxial propagation through stress-controlled failure mechanisms. The resultant fracture planes exhibit diametric symmetry with exact 180° phasing, forming textbook hydraulic fracture patterns through geomechanical resonance. When the well deviation angles are 30° (Figures 18a,b) and 60° (Figures 19a,b) , the minimum principal stress around the wellbore reaches its minimum value at the circumferential angles of 0° and 180°. When the minimum principal stress transitions to tensile stress, the angle between induced fractures and the wellbore axis is close to 0° at the 0° (Figures 17a,b) and 180° (Figures 20a,b) positions, exhibiting minimal variation. As the circumferential angle increases, the variation becomes more significant, resulting in induced fracture orientations resembling sine curves, as predicted in Figures 18b, 19b. This makes them easily mistaken for natural fractures.
When analyzing the induced fractures around the wellbore formed by different trajectories, it is evident that if the wellbore axis is parallel to any principal in situ stress direction, such that no shear stress is induced around the wellbore, the angle between the induced fractures and the wellbore axis will remain at 0°. As a result, two symmetrically distributed fractures parallel to the wellbore axis are typically produced. When the variation in the angle between the induced fractures and the wellbore axis is within 10°, feather-like fractures appear. Once this angular variation exceeds 10°, “J-shaped” fractures are formed. Furthermore, when the angle between the induced fractures and the wellbore axis approaches 0° at the minimum principal stress extremum around the wellbore and then changes sharply either increasing or decreasing, the fractures tend to follow an approximately sine-curve pattern. Moreover, the induced fractures usually occur in pairs symmetrically arranged at 180° intervals.
3.2 The impact of bottomhole fluid column pressure
Bottomhole fluid column pressure is one of the most direct, effective, and controllable measures to maintain wellbore stability. It directly determines complex scenarios such as erosion or shear collapse of the wellbore wall and loss of drilling fluid. The authors studied the influence of bottomhole fluid column pressure on the development of drilling-induced fractures. The induced fracture orientations of a wellbore with azimuth angle αb = 0° and well deviation angle βb = 30° under different bottomhole pressures are illustrated in Figure 21. Analysis indicates that feather-like fractures are consistently formed under various bottomhole pressures. As the bottomhole fluid column pressure rises, the angle between the drilling-induced fractures and the wellbore axis progressively diminishes, while the length of these induced fractures gradually increases. The induced fractures are symmetrically distributed within the wellbore, with a spacing of 180° between them.
[image: Graph showing the orientation of induced fractures against the circumferential angle. Six colored lines represent different pressure values: 30, 35, 40, 45, 50, and 55 MPa. Each line forms a symmetrical V-shape.]FIGURE 21 | The orientation angle αb = 0°, inclination angle βb = 30°, and the orientation of induced fractures during directional drilling changes with the variation of bottom hole pressure.
The variations in drilling-induced fracture orientations of a wellbore with azimuth angle αb = 30° and well deviation angle βb = 30° under different bottomhole pressures are depicted in Figure 22. Analysis indicates that feather-like fractures are consistently formed under various bottomhole pressures. As the bottomhole fluid column pressure rises, the angle between the drilling-induced fractures and the wellbore axis progressively diminishes, while the length of these induced fractures gradually increases. The induced fractures are symmetrically distributed within the wellbore, with a spacing of 180° between them.
[image: Line graph showing the orientation of induced fractures against the circumferential angle in degrees. Multiple lines represent water pressure values (Pw) from 25 MPa to 60 MPa. The lines form two curved shapes, intersecting at specific angles.]FIGURE 22 | The azimuth angle αb = 30°, inclination angle βb = 30°, and the orientation of induced fractures in the wellbore change with variations in bottom hole pressure.
4 CONCLUSION
The identification and classification research of drilling-induced fractures is of great significance for clarifying the mechanisms of wellbore instability and drilling fluid loss, analyzing imaging logging data, and reservoir evaluation. This study adopts a linear elastic per-wellbore stress model and combines it with the tensile failure criterion of the wellbore surrounding rock to establish a predictive model for the occurrence of drilling-induced fractures around the wellbore. The influence of different engineering parameters such as wellbore trajectories and bottomhole pressures on the distribution of principal stresses around the wellbore, the angle and occurrence of drilling-induced fractures relative to the wellbore axis has been investigated. The main conclusions of this study are as follows, Drilling-induced fractures result from the combined effects of in situ stresses and engineering disturbances. They have a close relationship with in situ stresses and typically occur in pairs symmetrically arranged at 180° intervals. This organized arrangement provides a solid basis for identifying and classifying drilling-induced fractures, distinguishing them from natural fractures. When the wellbore axis is parallel to any principal in situ stress direction, with no shear stress induced around the wellbore, the angle between the drilling-induced fractures and the wellbore axis remains 0°. Consequently, two symmetrically distributed fractures parallel to the wellbore axis are usually formed. Feather-like fractures occur when the variation in the angle between the drilling-induced fractures and the wellbore axis is within 10°. When this variation exceeds 10°, “J-shaped” fractures are formed. Fractures approximately follow a sine curve when the angle between the drilling-induced fractures and the wellbore axis approaches 0° at the minimum principal stress extremum around the wellbore and then changes sharply either increasing or decreasing. With relatively low bottomhole pressure, feather-like drilling-induced fractures occur in the wellbore. As the pressure of the fluid column inside the well increases, the angle between the drilling-induced fractures and the wellbore axis gradually decreases, resulting in an increase in fracture length. Eventually, they transform into “J-shaped” fractures.
In reservoir evaluation, it is very important to more accurately and effectively identify effective fractures and distinguish and exclude the influence of drilling-induced fractures. Especially for unconventional reservoirs with strong heterogeneity, diverse types of storage spaces, and various fracture morphologies, the detection and identification of fractures are particularly difficult. Therefore, the correct identification of induced fractures is particularly important. The predictive model for the occurrence of drilling-induced fractures established in this paper can help reasonably and correctly interpret effective fractures in unconventional reservoirs and reservoir evaluation.
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Introduction
A model of soil mechanics is used to study the problem of reflection and transmission of an obliquely incident plane P-waveon a discontinuous interface. Based on the propagation theory of elastic waves in an elastic solid and a fluid-saturated porous medium, the propagation analysis model of P-wave incident obliquely at the interface of such media is established.
Methods
The theoretical formulas of reflection coefficients of P- and SV-waves and the transmission coefficients of P1-, P2-, and SV-waves are obtained in terms of the boundary conditions of the interface between an elastic solid and a saturated two-phase medium. Furthermore, the derived formulas in this paper are reduced to the reflection and transmission problems of P-wave incident on two different single-phase media to verify their correctness. Finally, numerical investigations are carried out on the variations of the reflection and transmission coefficients with the incident angle for various boundary conditions, wave frequency, and material characteristics (i.e., dynamic permeability coefficient, porosity, and Poisson’s ratio).
Results
It is shown that the effects of incident angles, boundary conditions, wave frequency, and material characteristics on the reflection and transmission coefficients cannot be ignored.
Discussion
These conclusions are of guiding significancefor theoretical research of soil dynamics and engineering seismic exploration.

Keywords: saturated two-phase medium, elastic solid, model of soil mechanics, dispersion equation, boundary conditions, reflection coefficients, transmission coefficients
1 INTRODUCTION
The reflection and transmission of elastic waves at discontinuous interfaces have always been an important subject of soil dynamics, which is of considerable interest in various fields such as soil dynamics, geotechnical engineering, earthquake engineering, geophysics, and so on. The interface between an ordinary elastic solid and a fluid-saturated porous medium is one of the important research branches. For the two-phase medium, due to the existence of pore water in the soil frame, its mechanical properties become very complex, which leads to the problem of wave propagation being much more complicated than that of a single-phase medium [1, 2]. The lower crust can be approximately treated as a single-phase medium, and the upper crust can be regarded as a saturated two-phase medium when the earthquake wave propagates outward from the seismic hypocenter to the surface [3]. Hence, when the seismic wave travels towards the surface, it will encounter the interface between elastic and two-phase medium and show complicated reflection and transmission characteristics.
It is well known that Biot first revealed the existence of three body waves in a two-phase medium, i.e., the fast P1-wave, the slow P2-wave, and the S-wave. The three body waves are dispersed and attenuated, the speed and attenuation of which are affected by the frequency and the properties of saturated soil materials [4, 5]. All of the above laid the foundation for the theoretical study of wave propagation in a fluid-saturated porous medium. Since then, more and more researchers studied various aspects of wave propagation in such medium. The P2-wave with strong dispersion and high attenuation characteristics was successively confirmed through experiments by Plona [6] and Berryman [7]. Following the Biot model, many scholars established different two-phase medium models, including the Zienkiewicz model [8, 9], the Men Fu-lu model [10, 11], the model of soil mechanics [12], and the theory of mixture [13]. Chen and Liao [14] compared the first four models and theoretically explained that the model of soil mechanics is a special case of the Biot model, which has the advantage of the clear physical meaning of modeling parameters.
Gutenberg [15] was the first to study the reflection and transmission of elastic waves incident at the interface between different semi-infinite solid media. After that, numerous researchers made use of the Biot model to investigate the reflection and transmission of elastic waves on the interface between an elastic solid and a fluid-saturated porous medium. The problem of reflection and transmission of elastic waves from one elastic solid to another porous medium was simply examined by Geertsma and Smit [16]. Then, Deresiewicz and Rice [17] derived the expressions for amplitude ratios and phase shifts of the displacements for the P-wave traveling from an elastic solid into a porous medium. However, both publications were confined to a special case of normal incidence. Hajra and Mukhopadhyay [18] considered the obliquely incident seismic waves (P- and SV-waves) across the interface between an elastic solid and a fluid-saturated porous medium and calculated the amplitude and energy ratios for all reflected and refracted waves theoretically and numerically in the absence of dissipation. Sharma and Gogna [19] and Vashisth et al. [20] also studied the reflection and refraction of P- and SV-waves at the interface between an elastic solid and a fluid-saturated porous solid. Unlike Ref. [18], Sharma and Gogna [19] considered the dissipation caused by liquid viscosity. Among them, Hajra and Mukhopadhyay [18] and Sharma and Gogna [19] assumed the interface in welded contact, but Vashisth et al. [20] provided that the boundary is a loosely bonded interface, introduced a bonding constant ψ and stated that the smooth (ψ = 0) and welded interfaces (ψ = 1) are the special cases. Zhao et al. [3, 21] deduced the reflected and transmitted coefficients in the cases of seismic waves (P- and SV-waves) propagating from the elastic solid to the liquid-saturated porous solid (considering the energy dissipation) and P1-wave traveling through the liquid-saturated porous solid to the elastic solid (free of the energy dissipation). Ye et al. [22] presented the expressions of reflection and refraction coefficients when the S-wave propagates from fluid-saturated soil to elastic soil and analyzed the dependence on the incident angle, wave frequency, and interface drainage condition. The concept of homogeneous pore fluid was applied to the Biot model to simulate the partially saturated soil. Based on this, the reflection and transmission of P- and SV-waves propagating from an elastic solid to partially saturated soil were investigated by Yang [23, 24] and Yang and Sato [25, 26]. Similarly, Li [27] analyzed the reflection and transmission when the P1-wave in the partially saturated soil was incident on the elastic solid. And they all explained the effect of water saturation on the reflection and transmission. Xu and Xia [28] also studied the reflection and transmission of the incident plane P1-wave from the nearly saturated soil to the elastic soil, but the model used was the governing equation of nearly saturated soil. Following Fillunger’s model, Kumar et al. [29] discussed the reflection and transmission of waves on the interface between a fluid-saturating incompressible porous medium and an elastic medium. Moreover, the reflection and refraction problem of elastic waves from an elastic solid to other different soil was also widely studied, such as a transversely isotropic liquid-saturated porous medium [30, 31], a double porosity medium [32], an unsaturated medium [33, 34], a swelling porous half-space [35], porous solid saturated with-two immiscible viscous fluids [36, 37], a saturated frozen soil medium [38, 39], and water [40–42], etc. Recently, this wave propagation can be extended to other distinct media [43, 44].
Since Chinese scholar Men proposed the model of soil mechanics, quite a few researchers have also used it to study the wave propagation characteristic in a two-phase medium from theoretical [45–52] and practical views [53–56]. Among them, it is worth mentioning that Chen and Men [54] and Cui [53] presented a new method to understand the mechanism of soil liquefaction. Chen [45] and Chen et al. [46] analyzed the near-field wave motions combining the transmitting boundary. Recently, Xiao et al. [50] investigated the propagation and attenuation characteristics of Rayleigh waves in ocean sites. A preliminary analysis of the characteristics of wave propagation in the infinite and finite saturated medium based on the model of soil mechanics has been conducted by Zhang et al. [51] and Zhang and Qiu [52]. The results showed that the frequency and soil properties significantly shaped the velocity and attenuation coefficient of the three body waves. For this reason, these parameters are bound to affect the reflection and transmission of each wave incident upon the interface between an elastic solid and a fluid-saturated porous medium.
2 THEORY OF WAVE PROPAGATION
2.1 Elastic solid medium
For the homogeneous isotropic elastic solid, the equation of motion in vector form can be written as [57, 58].
λ′+μ′∇∇·u′+μΔu′=ρu′¨(1)
Where, λ′ and μ′ are the Lame’s constants. u′ and u′¨ are the displacement and acceleration vectors in the elastic solid, respectively. ρ is the mass density of an elastic solid. Δ denotes the Laplace operator, and Δ = ∇2. ∇ is the Hamilton operator.
To gain a deeper understanding of plane wave solutions of Equation 1, we assume the direction of wave propagation lies in the x-z plane. Then, we consider a Helmholtz resolution of the displacement u′, which may be the sum of the gradient of scalar potential ϕ′ (for P-wave) and the curl of vector potential ψ′ (for SV-wave), namely, u′ = ∇ϕ′ + ∇×ψ′. For the two-dimensional motion (i.e., P-SV system), the potential functions of P- and SV-waves only contribute to the displacement components in the x and z directions, not to the displacement component in the y direction, so they are independent of y and depend only on x, z, and time t, i.e., ϕ′ = ϕ′x,z,t, and ψ′ = 0,ψ′x,z,t,0. Hence, the displacement components ux′ and uz′, the normal stress σzz′, and shear stress σxz′ are described by
ux′=∂ϕ′∂x−∂ψ′∂zuz′=∂ϕ′∂z+∂ψ′∂x(2a)
σzz′=λ′∇2ϕ′+2μ′∂2ϕ′∂z2+∂2ψ′∂x∂zσxz′=2μ′∂2ϕ′∂x∂z+μ′∂2ψ′∂x2−∂2ψ′∂z2(2b)
2.2 Fluid-saturated porous medium
Provided that the liquid phase is an ideal fluid, the solid phase is isotropic and elastic, and the solid particles with infinite compression modulus are in point contact. In the model of soil mechanics proceeding as in Men [12], Xiao [50], Zhang [51], and Zhang and Qiu [52], the field equations for a liquid-saturated porous medium are written as follows.
μΔu+λ+μ∇∇·u+1−n∇pf+BU˙−u˙=ρ1u¨n∇pf−BU˙−u˙=ρ2U¨1−n∇·u+n∇·U−nEwpf=0(3)
where u, u˙, and u¨ correspond to the displacement, velocity, and acceleration of the solid, respectively, and U, U˙, and U¨ those of the fluid. ρ1 and ρ2 are the mass of solid and liquid per unit volume, separately, with ρ1 = 1−nρs and ρ2 = nρw. ρs denotes the mass density of the solid and ρw that of the liquid. n is the porosity. pf represents the true pore pressure. λ and μ (i.e., shear modulus) are the Lame’s constants, in which λ = Eν/1+ν1−2ν and μ = E/21+ν. ν is the Poisson’s ratio. E is the Young’s modulus of the solid phase. B is a third-order diagonal matrix concerning the dissipation coefficients, of which the diagonal elements b = bx = by = bz = n2/k. k (Unit: m3 s/kg) refers to the dynamic permeability coefficient, and k = K/ρwg, in which K (Unit: m/s) is the permeability coefficient corresponding to Darcy’s law and g is the gravitation acceleration. Ew is the pore fluid bulk modulus.
Similar to the single-phase medium, to gain the plane wave solutions of a saturated two-phase medium, the Helmholtz decomposition is considered, and the displacement vectors of the solid phase u (liquid phase U) can be the sum of the gradient of a scalar potential ϕs (ϕw) and the curl of a vector potential ψs (ψw).
u=∇ϕs+∇×ψsU=∇ϕw+∇×ψw(4)
Plugging Equation 4 into Equation 3, we can get the wave equations of potentials in the following form [48].
ρ1ϕ¨s−λ+2μΔϕs=pf−ρ2ϕ¨wρ1ψ¨s−μΔψs=−ρ2ψ¨wnpf−Bϕ˙w−ϕ˙s−ρ2ϕ¨w=0ρ2ψ¨w+Bψ˙w−ψ˙s=01−nΔϕs+nΔϕw−nEwpf=0(5)
Similarly, the potentials in the solid phase ϕs = ϕsx,z,t, and ψs = 0,ψsx,z,t,0. The potentials in the liquid phase ϕw = ϕwx,z,t, and ψw = 0,ψwx,z,t,0, in the xz plane. The relations of the displacement components in the solid and liquid phases (ux, uz, Ux, and Uz) and the stresses (σzz, σxz, and pf) with potentials are given by
ux=∂ϕs∂x−∂ψs∂zuz=∂ϕs∂z+∂ψs∂x(6a)
Ux=∂ϕw∂x−∂ψw∂zUz=∂ϕw∂z+∂ψw∂x(6b)
σzz=λ+1−nnEw∇2ϕs+2μ∂2ϕs∂z2+∂2ψs∂x∂z+Ew∇2ϕwσxz=2μ∂2ϕs∂x∂z+μ∂2ψs∂x2−∂2ψs∂z2pf=1−nnEw∇2ϕs+Ew∇2ϕw(6c)
Then, assume that the plane harmonic wave solutions of the potentials are as follows.
ϕs=Aseiωt−kP·rϕw=Aweiωt−kP·rψs=Bseiωt−kS·rψw=Bweiωt−kS·r(7)
where As and Aw are the amplitudes of P-wave in the solid and liquid phases, Bs and Bw those of S-wave. i = −1. r is the location vector. ω denotes the circular frequency of a wave. kP and kS are the wave vectors of P- and SV-waves, which indicate the propagation directions of waves. kP and kS are the magnitudes (wave numbers). t represents the travel time.
Substituting Equation 7 into Equation 5 provides the characteristic equations of elastic waves [51, 52]. By introducing four variables (A, B, C, and D), the characteristic equations can be reduced to
AkPω4−BkPω2+C=0(8a)
DkSω2+C=0(8b)
where A = λ+2μnEwρ1ρ2, B = λ+2μρ1+nEwρ2+1−n2Ewnρ1−ibωρ1ρ2λ+2μ+Ewn, C = 1−ibω1ρ1+1ρ2, and D = ibμωρ1ρ2−μρ1.
Equations 8a and 8b constitute a general solution of Equation 3. In an unbounded two-phase medium, the phase velocities and attenuation coefficients can be easily extracted from Equations 8a, 8b [51, 52].
3 THE REFLECTION AND TRANSMISSION OF INTERFACE INDUCED BY P-WAVE
As shown in Figure 1, to illustrate in detail the two-dimensional reflection-refraction problem, we set up a Cartesian coordinate system (x, z), with the x-axis as the horizontal direction, and the z-axis as the vertical direction. For convenience, the interface is chosen horizontally, i.e., the plane z = 0, and the direction of z is positive into the fluid-saturated porous medium. As a result, the upper half-space (z < 0) is an elastic solid, and the lower half-space (z > 0) is a two-phase medium. Let a plane harmonic P-wave with an angular frequency ω originate in the elastic solid and be incident obliquely at the interface at an angle θIP. For this situation, there will be two refracted compressive (P1- and P2-waves) waves and one refracted SV-wave in the semi-infinite porous medium, together with reflected P- and SV-waves in the semi-infinite elastic medium. All the waves generated at the interface travel with the frequency of the incident P-wave. And the angles of refraction for P1-, P2-, and SV-waves are θT1, θT2, and θTS, the reflection angles are θRP and θRS for reflected P- and SV-waves.
[image: Diagram depicting wave propagation at the interface between an elastic solid half-space and a fluid-saturated half-space. Various wave types, including P-waves and SV-waves, are shown with vectors and labeled angles: \( \theta_{RS}, \theta_{RP}, \theta_{TT}, \theta_{TS}, \theta_{PI}, \theta_{TI} \), illustrating wave reflection and transmission angles. The horizontal axis is labeled \( x \), while the vertical axis is labeled \( z \).]FIGURE 1 | Reflection and transmission of an incident P-wave at the interface between the monophasic and two-phase media.According to Snell’s law, the relations between the angles of incidence, reflection, and refraction can be expressed by
CPsin⁡θIP=CPsin⁡θRP=CSsin⁡θRS=VP1sin⁡θT1=VP2sin⁡θT2=VSsin⁡θTS(9)
where CP and CS are the velocities of P- and SV-waves in the elastic solid. VP1, VP2, and VS are the velocities of P1-, P2-, and SV-waves in the two-phase medium. From Equation 9, the angle of reflection (θRP) equals the angle of incidence (θIP) for the P-wave. In addition, if the wave velocities and the angle of incidence (θIP) are given, the angles of reflection and refraction (i.e., θRS, θT1, θT2, and θTS) can be calculated.
3.1 Wave potentials in the elastic solid
For the elastic solid in the region z < 0, the reflected P- and SV-waves are generated when the P-wave propagates from an elastic solid to a saturated porous medium. The wave potentials of P- and SV-waves in the elastic solid, ϕ′ and ψ′, are given by Equation 10. The plane wave solutions of wave potentials (ϕ′ and ψ′) can be expressed by Equations 11a–11c.
ϕ′=ϕI+ϕRψ′=ψR(10)
ϕI=AI⁡expiωt−kxIx−kzIz(11a)
ϕR=AR⁡expiωt−kxIx+kzIz(11b)
ψR=BR⁡expiωt−kxRx+kzRz(11c)
where ϕI is the potential of the incident P-wave, which travels in the +x and +z directions, and AI corresponds to the amplitude. ϕR and ψR are the potentials of the reflected P- and SV-waves, which travel in the +x and -z directions, and AR and BR are the amplitudes. kxI and kzI represent the components of the wave number along the x-direction and z-direction, respectively, for the incident P-wave. kxR and kzR are the components of the wave number in the x and z directions for the reflected SV-wave.
3.2 Wave potentials in the fluid-saturated porous medium
For the fluid-saturated porous medium in the domain z > 0, part of the incident P-wave is converted into three transmitted P1-, P2-, and SV-waves. The potentials in the solid phase (ϕs and ψs), and the potentials in the liquid phase (ϕw and ψw) are given by the expression (Equation 12). The plane wave solutions of potentials for each transmitted wave in the solid and liquid phases are written by
ϕs=ϕs1T+ϕs2Tϕw=ϕw1T+ϕw2Tψs=ψsTψw=ψwT(12)
ϕs1T=As1T⁡expiωt−k1xTx−k1zTzϕw1T=Aw1T⁡expiωt−k1xTx−k1zTz(13a)
ϕs2T=As2T⁡expiωt−k2xTx−k2zTzϕw2T=Aw2T⁡expiωt−k2xTx−k2zTz(13b)
ψsT=BsT⁡expiωt−ksxTx−kszTzψwT=BwT⁡expiωt−ksxTx−kszTz(13c)
where ϕs1T, ϕs2T, and ψsT are the refracted P1-, P2-, and SV-waves potentials in the solid phase, and ϕw1T, ϕw2T, and ψwT are those in the liquid phase. As1T, As2T, and BsT are the amplitudes corresponding to the transmitted P1-, P2-, and SV-waves in the solid phase, and Aw1T, Aw2T, and BwT those in the liquid phase. k1xT, k1zT, k2xT, k2zT, ksxT, and kszT are the components of wave numbers in the x and z directions, in which the indices 1, 2, and s denote P1, P2, and SV waves, and the superscript T represents refraction. In terms of the negative sign before each wave number, all transmitted waves propagate along the +x and +z directions.
Given the geometric relationship of wave vectors, the wave vectors and their components for various waves fulfill Equation 14. In addition, the apparent velocity along the interface (i.e., z = 0) is the same. Hence, the horizontal components of the wave vector for all mode waves are the same as shown in Equation 15.
kxI2+kzI2=kI2kxR2+kzR2=kR2k1xT2+k1zT2=k1T2k2xT2+k2zT2=k2T2ksxT2+kszT2=ksT2(14)
kxI=kxR=k1xT=k2xT=ksxT(15)
For the liquid-saturated medium, it can be seen from Equations 8a, 8b that the amplitude ratios of potentials in Equations 13a–c can be determined as
δ1=Aw1TAs1T=λ+2μ+1−nnEwk1T2−ρ1ω2ρ2ω2−Ewk1T2(16a)
δ2=Aw2TAs2T=λ+2μ+1−nnEwk2T2−ρ1ω2ρ2ω2−Ewk2T2(16b)
δs=BwTBsT=μksT2−ρ1ω2ρ2ω2(16c)
3.3 Boundary conditions and solutions
3.3.1 Boundary conditions
When the P-wave travels from the single-phase medium to the two-phase medium, the reflection and transmission will occur at the interface (say, z = 0). For this situation, the boundary conditions will make a difference to the propagation characteristics of waves, namely the unknown amplitudes AR, BR, As1T, As2T, and BsT. On the assumption of the existence of welded contact between two semi-infinite media, we consider two boundary conditions: (a) Open-pore boundary (see expressions (28) to (32) in Philippacopoulos [59]) and (b) Sealed-pore boundary (expressions (19) in Hajra and Mukhopadhyay [18] and Deresiewicz and Skalak [60]). More specifically, the boundary conditions are the continuity of stress and displacement components along the interface. Besides, in case (a), the pore fluid can flow freely into the permeable elastic solid, but in case (b), the flow of fluid (i.e., the relative fluid displacement) is restricted. Consequently, the two different boundary conditions are shown as
σijz=0+=σijz=0−′uiz=0+=uiz=0−′pfz=0+=0(17a)
σijz=0+=σijz=0−′uiz=0+=uiz=0−′uzz=0+−Uzz=0+=0(17b)
where the subscripts i and j (=x and z) denote the components in the x and z directions. σijz=0+ and σijz=0−′ are the total stresses (e.g., normal and shearing stresses) of the fluid-saturated porous medium and elastic solid, respectively. uiz=0+ is the displacement component of the soil skeleton in a two-phase medium at the interface, and uiz=0−′ that of a single-phase medium at the interface. pfz=0+ represents the pore pressure at the interface.
3.3.2 Reflection and transmission coefficients
Without loss of generality, set the amplitude of the incident P-wave (AI) equal to unity. After the introduction of Equations 2a, 2b, 6a–6c, together with Equations 14, 15, 16a–16c, through Equations 17a, 17b, we can get the set of equations for the determination of the amplitude ratios (i.e., AR/AI, BR/AI, As1T/AI, As2T/AI, and BsT/AI) under permeable and impermeable boundaries in the matrix form as
SP−SVAR,BR,As1T,As2T,BsTT=λ′kI2+2μ′kzI2,2μ′kxIkzI,kxI,kzI,0T(18a)
S¯P−SVAR,BR,As1T,As2T,BsTT=λ′kI2+2μ′kzI2,2μ′kxIkzI,kxI,kzI,0T(18b)
where SP−SV and S¯P−SV are the 5 × 5 matrices, which represent permeable and impermeable boundaries respectively, and the elements of the matrices are given in the Appendix. The unknown quantities AR, BR, As1T, As2T, and BsT can be solved as the amplitude reflection and transmission coefficients at the plane interface.
4 DEGENERATE VALIDATION OF SOLUTIONS
4.1 Validation of degenerate formulas
Set the mass density of liquid ρw = 0 and the bulk modulus of liquid Ew = 0. The analytical formulas in this paper can revert to the classical problem of P-wave incident at the interface between two diverse elastic solids. For this situation, the amplitude ratios of liquid- and solid-phase δ1 = 0, δ2 = 0, and δs = 0. The wave vectors of the refracted P1- and P2-waves are equal, namely, k1T = k2T and k1zT = k2zT. The velocities of refracted P- and SV-waves VP = λ+2μ/ρs, VS = μ/ρs, when the two-phase medium degenerates to a single-phase medium. The potential amplitude of the refracted P-wave is equivalent to the sum of the amplitudes of P1- and P2-waves, namely, AsT = As1T + As2T. The formula (Equation 18a) or (Equation 18b) may reduce to
μVP2VS2k1T2−2k1xT2AsT+2μksxTkszTBsT=μ′CP2CS2kI2−2kxI2×AI+AR−2μ′kxRkzRBR2μk1xTk1zTAsT+μksxT2−kszT2BsT=2μ′kxIkzIAI−AR+μ′kxR2−kzR2BRk1xTAsT−kszTBsT=kxIAI+AR+kzRBRk1zTAsT+ksxTBsT=kzIAI−AR+kxRBR(19)
After some simplification, Equation 19 can degenerate into a classical problem in that the P-wave travels from an elastic solid to another one (see expressions (3-45) and (3-46) in [1]). It is interesting to unravel that the reflection and transmission between different elastic solids is a special case in this paper.
4.2 Validation of numerical analysis
To explain the correctness of the formulas graphically, the computed results of Equation 19 are compared with those of Pujol [57]. The parameters of the incident and transmitted media are as follows: λ′ = 44.006, μ′ = 43.729, ρ′ = 3.16, λ = 13.32, μ = 13.34 and ρs = 2.5 (see in ref. [57]). Figure 2 depicts the variation of reflection and refraction coefficients with the incident angle when the P-wave propagates from one elastic solid to another.
[image: Two graphs compare wave coefficients against incident angles. Graph (a) shows reflection coefficients; graph (b) shows transmission coefficients. Solid and dashed lines represent P-wave and SV-wave data from this paper, while dotted and circle marks depict Pijol's 2003 data. Both graphs present values across incident angles from zero to ninety degrees, highlighting trends in wave behavior.]FIGURE 2 | Variation of the amplitude reflection and transmission coefficients with the incident angle for two diverse elastic solids. (a) Reflection coefficients; (b) Transmission coefficients.From Figure 2, the calculated results of Equation 19 coincide with those shown by Pujol [57]. In a word, the case of P-wave traveling from an elastic solid to another one is a special case of ours, and it is sufficient to demonstrate the rationality and correctness of the formulas derived in this article.
5 NUMERICAL RESULTS AND DISCUSSION
In this section, we consider a model consisting of a fluid-saturated medium in welded contact with the elastic solid. The plane harmonic P-wave propagates through the elastic solid and becomes incident at the interface. The Gauss elimination method is used to calculate Equations 18a, 18b, then we obtain the amplitude ratios. Numerical examples are carried out to investigate the effects of boundary conditions, incident wave frequency, and properties of the saturated two-phase medium (i.e., the dynamic permeability coefficient k, the porosity n, and the Poisson’s ratio υ) on the reflection and transmission coefficients. The physical parameters of the two-phase medium are taken from Refs. [1, 22] and listed in Table 1, together with the single-phase medium.
TABLE 1 | Material properties of single- and two-phase media.	λ′ (Pa)	μ′ (Pa)	ρ′ (kg m−3)	λ (Pa)	μ (Pa)	ρs (kg m−3)	ρw (kg m−3)	n	Ew (Pa)	ν	K (m3 s/kg)
	2.51 × 109	2.32 × 109	1,900	2.61 × 107	2.61 × 107	2,650	1,000	0.27	2.0 × 109	0.25	1.0 × 10−7


Figures 3–7 depict the variation of reflection and transmission coefficients in the form of amplitude computed as described in Equations 18a, 18b with incident angle under diverse conditions, i.e., boundary drainage, wave frequency, permeability coefficient, porosity, and Poisson’s ratio. It is found that the amplitudes of the reflected and refracted waves depend significantly on the angle of incidence, and the nature of dependence is quite different. When the incident P-wave strikes the interface perpendicularly, no reflected or transmitted SV-wave is generated, i.e., the reflection and transmission coefficients of the SV-wave are zero. At the same time, the amplitudes of transmitted P1- and P2-waves arrive at the largest values in this case. When the incident P-wave is at grazing incidence (i.e., the incident angle approaches 90°), there is only a reflected compressional P-wave whose reflection coefficient is 1.0. In addition, for transmitted P1- and P2-waves, the amplitudes decrease gradually when the angle of incidence (θIP) increases from 0° to 90°. The amplitudes of reflected and transmitted SV-waves increase with an increase in the incident angle before reaching their maximum values and thereafter, decrease and approach their minimum values. However, the effect of the incident angle on the amplitude of the reflected P-wave is quite complex, which will be explained in specified sections.
[image: Five graphs showing reflection and transmission coefficients against incident angles for permeable and impermeable interfaces. Graphs (a) and (b) display reflection coefficients, while (c), (d), and (e) show transmission coefficients. Solid lines represent permeable interfaces, and dashed lines represent impermeable interfaces. The coefficients and angles vary across graphs, illustrating differences in interface types.]FIGURE 3 | Variation of reflection and transmission coefficients with the incident angle under different drainage conditions. (a) Reflected P-wave; (b) Reflected SV-wave; (c) Transmitted P1-wave; (d) Transmitted P2-wave; (e) Transmitted SV-wave.[image: Graphs showing reflection and transmission coefficients for different frequencies (1 Hz, 10 Hz, 100 Hz, and 1000 Hz) plotted against incident angles from 0 to 90 degrees. Each graph displays varying patterns for each frequency, illustrating how coefficients change with angle.]FIGURE 4 | Variation of reflection and transmission coefficients with the incident angle at different frequencies. (a) Reflected P-wave; (b) Reflected SV-wave; (c) Transmitted P1-wave; (d) Transmitted P2-wave; (e) Transmitted SV-wave.[image: Graphs show the reflection and transmission coefficients versus incident angle for different mass densities. Chart a depicts varying densities affecting reflection coefficient significantly, while chart b shows a narrower range of change. Chart c reveals a consistent effect on transmission coefficient. Chart d focuses on a narrower angle range with detailed transmission changes, and chart e displays a less steep curve for reflection coefficient. Each graph uses different line styles and colors to differentiate densities.]FIGURE 5 | Variation of reflection and transmission coefficients with the incident angle for different values of dynamic permeability coefficient. (a) Reflected P-wave; (b) Reflected SV-wave; (c) Transmitted P1-wave; (d) Transmitted P2-wave; (e) Transmitted SV-wave.[image: Three line graphs depict probabilities labeled \(P_{exact}\) and \(P_{Wop}\) against variable \(R_c^j\) on a logarithmic scale. The graphs show distinct trends, with \(P_{exact}\) consistently higher than \(P_{Wop}\) across varying \(R_c^j\) values.]FIGURE 6 | Variation of reflection and transmission coefficients with the non-dimensional frequency ratio.[image: Graphs display the reflection and transmission coefficients as functions of incident angle for different r values (r=0.2, 0.3, 0.4, 0.5). Panels (a) and (b) show reflection coefficients, while (c), (d), and (e) depict transmission coefficients. Each graph has a distinct curve for each r value, illustrating the variation of coefficients across angles.]FIGURE 7 | Variation of reflection and transmission coefficients with the incident angle under different porosities. (a) Reflected P-wave; (b) Reflected SV-wave; (c) Transmitted P1-wave; (d) Transmitted P2-wave; (e) Transmitted SV-wave.5.1 The influence of boundary drainage
When the P-wave propagates from the elastic solid to the two-phase medium, the boundary conditions for the interface will play a key role in the reflection and transmission of seismic waves. To study in greater detail the dependence of the reflection and transmission coefficients on the boundary drainage, we select two different boundary conditions (i.e., permeable or impermeable interface). In our calculations, the soil parameters are taken from Table 1, and the wave frequency of the incident wave f = 100 Hz. Figure 3 describes the reflection and transmission coefficients as a function of incident angle at permeable and impermeable interfaces.
It is shown in Figure 3 that whether the interface is drained or not, the reflection and transmission coefficients are affected significantly by the incident angle. The variation of reflection and transmission coefficients of other waves exhibits the same trend with the incident angle under diverse interfaces, except for the reflected P-wave. However, the actual values of reflection and transmission coefficients differ appreciably for the two types of interfaces considered. For the reflected SV-wave, the reflection coefficient in the permeable interface is much larger than that in the impermeable interface. For the transmitted SV-wave, the amplitude in the permeable interface is larger than that in the impermeable interface before reaching 79°; thereafter, the amplitude in the permeable interface is less than that in the impermeable interface. What’s more, the transmission coefficient of P2-wave under undrained conditions is much smaller than the corresponding one under drained conditions, while the P1-wave has the reverse regularity. The relative fluid displacement with respect to the soil skeleton is taken to be zero, which causes the difficulty of generating of P2-wave. It is enough to show that when the interface is permeable, we must pay attention to the P2-wave, which cannot be ignored because of its slow velocity and fast attenuation, otherwise it may lead to the problem of instability in numerical calculations.
5.2 The influence of wave frequency
The results in Section 5.1 are obtained at a special frequency of 100 Hz. To investigate the effect of frequency on the reflection and transmission coefficients, three typical frequencies (i.e., f = 1, 10, and 1,000 Hz) are added to the numerical calculations, and the properties of the medium are taken from Table 1. The characteristic frequency of the saturated medium fc = n/2πkρf = 430 Hz, which is defined by Biot [4, 5]. According to the results of Yang [23], the reflection and transmission coefficients for the permeable interface exhibit a large dispersion in the low-frequency range (i.e., f/fc ≤0.1). All wave frequencies in this study are below 1,000 Hz, which covers the common frequencies used in seismic and acoustic fields [33]. Given that mentioned above, the boundary is assumed to be permeable. The variation of the computed reflection and transmission coefficients with the incident angle of the P-wave is shown in Figure 4.
For all the cases of wave frequency under consideration, the reflection and transmission coefficients of all waves are affected significantly by it. The transmission coefficient of P1-wave (P2-wave) decreases (increases) with the increasing frequency. For the reflected SV wave, the amplitude increases with an increase in frequency. For the transmitted SV-wave, the amplitude increases with a rise in frequency if the incident angle θIP < 76°, while the impact of frequency becomes less significant if the incident angle θIP > 76°. However, for the reflected P-wave, when the frequency f = 1, 10, and 100 Hz, the reflected P-wave extinguishes at a specific angle of incidence. Under the case that f = 1 Hz (10 Hz), the two special angles are 23° and 83° (43° and 77°). If the frequency f = 100 Hz, the corresponding angles are 61° and 67°.
5.3 The influence of dynamic permeability coefficient
Since the fluid flows in the two-phase medium, it is instructive to investigate the effect of the dynamic permeability coefficient on the reflection and transmission coefficients. In calculations, the properties of the media are taken from Table 1, except for the dynamic permeability coefficient. The frequency of the incident P-wave is 100 Hz, and the interface is assumed to be permeable. The reflection and transmission coefficients as a function of incident angle for four cases of dynamic permeability coefficient (i.e., k = 1.0 × 10−9, 1.0 × 10−8, 1.0 × 10−7, and 1.0 × 10−6 m3 s/kg) are shown in Figure 5.
As shown in Figure 5, the reflection and transmission coefficients of all waves vary with the dynamic permeability coefficient. For the reflected SV-wave and transmitted P2-wave, the higher the dynamic permeability coefficient is, the larger the amplitude is. Whereas for the transmitted P1-wave, the higher the dynamic permeability coefficient is, the smaller the amplitude is. In addition, the transmission coefficient of the SV-wave increases with a rise in the dynamic permeability coefficient before the incident angle reaches 76°. Thereafter, the dynamic permeability coefficient has little effect on the transmission coefficient of SV-wave. For the reflected P-wave, when the dynamic permeability coefficient k = 1.0 × 10−9, 1.0 × 10−8, and 1.0 × 10−7 m3 s/kg, there are special angles that make the reflected SV-wave exist, and the reflected P-wave disappear. Also, different permeability coefficients correspond to different angles of incidence. If k = 1.0 × 10−9 m3 s/kg (1.0 × 10−8 m3 s/kg), the two special angles are 23° and 83° (43° and 77°). If k = 1.0 × 10−7 m3 s/kg, the corresponding angles are 61° and 67°.
By comparing Figure 5 with Figure 4, it is obvious that the reflection and transmission coefficient curves are the same when the product of the permeability coefficient k and frequency ω is equal. The reason is that when kω takes the same value, the velocities of the two-phase medium do not change [51]. If the wave velocities of the two-phase medium remain constant, the reflection and transmission coefficients are also fixed values.
To explain the influence of the dynamic permeability coefficient and frequency on the reflection and transmission coefficients, we introduce a non-dimensional frequency ratio f/fc (=ρwkω/n). In calculations, the incident angle of the P-wave is taken to be 30°, and the boundary is assumed to be permeable. The physical parameters of media are taken from Table 1. Figure 6 shows the variation of reflection and transmission coefficients with the non-dimensional frequency ratio.
From Figure 6, it can be observed that the reflection and transmission coefficients are dispersive, namely, frequency-dependent. And all coefficients are affected by frequency, even in a very low frequency range. Moreover, the reflection and transmission coefficients depend on the function of frequency-permeability product.
5.4 The influence of porosity
The porosity is an important property in the fluid-saturated porous medium, which concerns the soil structure. To analyze the effect of porosity, the porosity n is taken to be 0.2, 0.3, 0.4, and 0.5, respectively. The other physical parameters of media remain constant as listed in Table 1. The wave frequency f = 100 Hz, and the interface is permeable. Figure 7 depicts the angle-dependent reflection and transmission coefficients for the above four values of porosity.
As observed in Figure 7, it is worth noting that the porosity has a slight influence on the reflection and transmission coefficients. The variation of transmission coefficients for P1- and P2-waves with porosity is gentle. The reflection and transmission coefficients of the SV-wave increase with a rise in porosity. For the reflected P-wave, there are two zero values, i.e., the incident angles θIP = 58° and 72°, when the porosity n = 0.2.
5.5 The influence of Poisson’s ratio
The Poisson’s ratio, one of the characteristic parameters in the two-phase medium, reflects the deformation characteristics of the soil. To investigate the effects of Poission’s ratio on the reflection and transmission coefficients, the parameters of the soil remain invariable as listed in Table 1, except for Poission’s ratio. The wave frequency f = 100 Hz, and the interface is permeable. The variation of reflection and transmission coefficients with the incident angle of the P-wave is depicted in Figure 8.
[image: Five graphs showing reflection and transmission coefficients versus incident angle for different permittivity values. Each graph is marked with different colored lines representing \( \varepsilon = 0.1 \), \( \varepsilon = 0.2 \), \( \varepsilon = 0.3 \), and \( \varepsilon = 0.4 \). Graphs a, b, and e show reflection coefficients, while c and d display transmission coefficients. Graph e shows a peak in reflection coefficient around 90 degrees.]FIGURE 8 | Variation of reflection and transmission coefficients with the incident angle under different Poisson’s ratios. (a) Reflected P-wave; (b) Reflected SV-wave; (c) Transmitted P1-wave; (d) Transmitted P2-wave; (e) Transmitted SV-wave.As described in Figure 8, the effects of the Poisson’s ratio on the reflection and transmission coefficients of each wave are more obvious than those of the porosity in the previous Section 5.4. The transmission coefficients of P1- and P2-waves increase as the Poisson’s ratio increases at the same angle of incidence. While the transmission coefficients of SV-wave decrease with the increase in Poisson’s ratio if θIP < 68°, thereafter the Poisson’s ratio has little impact on it. The reflection coefficient of the SV-wave decreases with increasing Poisson’s ratio. For the reflected P-wave, when the Poisson’s ratio υ = 0.3 and 0.4, there are special angles that make the reflected SV-wave exist, and the reflected P-wave disappears. Also, different Poisson’s ratios correspond to different angles of incidence. When the Poisson’s ratio υ = 0.3 (0.4), the two special angles are 58° and 68° (52° and 73°).
6 CONCLUSION
Based on the model of soil mechanics proposed by Men [12], the reflection and transmission of a plane harmonic P-wave traveling from an elastic solid to the fluid-saturated porous media are investigated. The analytical expressions for the reflection and transmission coefficients have been derived for permeable and impermeable boundaries. Numerical calculations are performed to analyze the dependence of reflection and transmission coefficients on the incident angle, boundary drainage, wave frequency, and material properties (dynamic permeability coefficient, porosity, and Poisson’s ratio). Some useful results are obtained as follows: (1) The incident angle has a great influence on the reflection and transmission coefficient of each wave. When the angle of incidence θIP = 0°, the reflected and transmitted SV-waves disappear, and the transmission coefficients of P1- and P2-waves reach the largest values. Moreover, when the angle of incidence θIP = 90°, there is only a reflected P-wave, with which the reflection coefficient is 1.0. (2) The interface flow condition has a great impact on the reflection and transmission coefficients. (3) The reflection and transmission coefficients are dispersive and depend on the product of frequency and permeability. (4) The physical parameters of the two-phase medium (dynamic permeability coefficient, porosity, and Poisson’s ratio) have different influences on the reflection and transmission coefficients of waves.
Hence, it is interesting to study the propagation characteristics of elastic waves at the interface between the elastic solid and the two-phase medium. It is hoped that this paper may be useful in the theoretical and observational studies of wave propagation in the liquid-saturated porous medium. At last, it can be extended to study the reflection and transmission of elastic waves at other various boundaries, e.g., the porous medium/the porous medium [61, 62], the water/porous medium [63, 64], and ocean sediment [65, 66], etc.
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APPENDIX
In the 5 × 5 matrices, the elements mij (i = 1 to 5, j = 1 to 5) and m¯ij (i = 5, j = 1 to 5) are given below:
SP-SV=m11m12m13m14m15m21m22m23m24m25m31m32m33m34m35m41m42m43m44m45m51m52m53m54m55;S¯P-SV=m11m12m13m14m15m21m22m23m24m25m31m32m33m34m35m41m42m43m44m45m¯51m¯52m¯53m¯54m¯55
where, m11 = −λ′kI2+2μ′kzI2, m12 = 2μ′kxRkzR,
m13=λ+1-nn⁢Ew+δ1⁢Ew⁢k1T2+2μk1zT2,m14=λ+1-nn⁢Ew+δ2⁢Ew⁢k2T2+2μk2zT2,
m15=2μksxT⁢kszT,m21=2μ′⁢kxI⁢kzI,m22=-μ′⁢kxR2-kzR2,m23=2μk1xT⁢k1zT,m24=2μk2xT⁢k2zT,m25=μ⁡ksxT2-kszT2,m31=-kxI,m32=-kzR,m33=k1xT,m34=k2xT,m35=-kszT,m41=kzI,m42=-kxR,m43=k1zT,m44=k2zT,m45=ksxT,m51=0,m52=0,m53=1-nn+δ1⁢Ew⁢k1T2,
m54=1-nn+δ2⁢Ew⁢k2T2,m55=0,m¯51=0,m¯52=0,m¯53=1-δ1⁢k1zT,m¯54=1-δ2⁢k2zT,
m¯55=1-δsksxT.
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The multi-suction bucket foundation has the potential to enhance anti-overturning capacity by converting the overturning moment of the entire system into axial push-pull forces of individual buckets. In recent years, offshore wind turbines with multi-bucket suction bucket group foundations have been successively put into production and use in China. However, research addressing the seismic dynamic performance of quad-bucket suction foundations embedded in saturated sandy strata remains scarce. Therefore, studying the seismic dynamic response of suction bucket group foundations is of significant practical importance. Based on the finite-element software OpenSees and focusing on the characteristics of liquefiable sites, this paper establishes a numerical model of a four-bucket suction bucket group foundation in saturated sand using an actual engineering project as the background. Considering the effects of earthquake and sand liquefaction, the seismic dynamic response and displacement variations of the four-bucket foundation in liquefiable sites are investigated. The results show that: under seismic action, the peak horizontal displacement of the suction buckets occurs synchronously with the peak ground acceleration; vertical settlement exhibits nonlinear growth with increasing peak ground acceleration, and differential settlement of the foundation is significantly aggravated in liquefiable sites; the excess pore water pressure ratio γu serves as a key index for quantifying soil liquefaction, and when γu ≥1, the soil inside the buckets is completely liquefied, leading to a sudden drop in foundation bearing capacity.
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1 INTRODUCTION
With the global energy transition and intensifying climate change, the development of renewable energy has attracted significant attention. Offshore wind power, due to its vast development potential and abundant resource capacity, has emerged as a research hotspot both domestically and internationally. The multi-suction bucket group foundation, which enhances anti-overturning capacity by converting the system overturning moment into axial push-pull forces on individual buckets, has been progressively implemented in China’s offshore wind turbine projects in recent years. However, current research on seismic responses of suction bucket foundations primarily focuses on single-bucket structures, with limited studies addressing the dynamic characteristics of multi-bucket group foundations. Therefore, investigating the seismic dynamic response of suction bucket group foundations holds substantial academic and engineering significance.
Considering that some offshore wind turbines are constructed in seismically active regions, the seismic response of offshore wind turbine structures is of paramount importance [1]. Wang et al. [2] validated the seismic response characteristics of suction bucket models with varying geometric parameters in saturated sandy soils, demonstrating the reliability of the experimental methodology. Zhu et al. [3] analyzed centrifuge experimental data to investigate the influence of a clay layer underlying sandy strata on the cyclic response of suction buckets. Latini and Zania [4] identified structural configuration as a critical parameter affecting the dynamic response of suction buckets. Bagheri et al. [5] evaluated the bearing performance of bucket foundations under cyclic and monotonic loading conditions through three-dimensional finite element analysis. Zhang et al. [6] performed lateral cyclic loading tests on a centrifuge, documenting pore water pressure accumulation and soil liquefaction tendencies. Faizi [7] proposed a novel triple-bucket jacket foundation, significantly reducing installation cost. Zhang et al. [8] conducted a seismic response analysis of suction bucket foundations in clay deposits.
Earthquake-induced soil liquefaction may induce severe damage to suction bucket structures [9]. Recent studies have primarily focused on the combined effects of seismic and environmental loads on the seismic dynamic response of suction bucket structures, as well as the influence of liquefaction on the stability of bucket foundations [10]. In experimental investigations, Yu et al. [11] examined the seismic response of gravity-based and monopile foundations under both dry and saturated conditions. Lu et al. [12] identified seismic amplitude as the most influential parameter. Wang et al. [2] compared the seismic responses of suction buckets in dry and saturated conditions. In numerical investigations, Negro et al. [9] emphasized the high liquefaction susceptibility of sandy soils. Zhang et al. [13] employed Abaqus to study the seismic response and liquefaction behavior of prestressed bucket foundations. Ding et al. [14] revealed that the soil inside the bucket exhibits enhanced liquefaction resistance due to lateral confinement from the bucket walls. Barari et al. [15] investigated liquefaction effects on monopile foundations. Nicosia [16] identified liquefaction potential at an OWT site in Taiwan using FLAC. Zhang et al. [17] demonstrated that installation velocity has negligible impact on liquefaction susceptibility. Patra and Haldar [18] analyzed the influence of seismic intensity and liquefaction depth on the dynamic response of wind turbine structures. Kazemi Esfeh and Kaynia [19] studied the combined wind and seismic load responses of suction buckets, monopiles, and anchor piles. Wang et al. [20] proposed methodologies to effectively mitigate soil liquefaction hazards.
Although numerous numerical simulations and experimental analyses have been conducted by domestic and international scholars regarding the dynamic response of suction bucket foundations in liquefiable sites under seismic loading, existing research predominantly focuses on the soil liquefaction behavior of single-bucket structures during earthquakes. Currently, limited attention has been paid to investigating the seismic dynamic response of suction bucket group foundations in liquefiable sites, particularly regarding the coupled dynamic behavior between the group foundation structures and surrounding soil. Therefore, it is essential and practically significant to conduct systematic research on the seismic dynamic response of suction bucket group foundations under various influencing factors in liquefaction-prone sites.
In this study, a numerical simulation model of the suction bucket structural system was established using numerical simulation software. Centrifuge tests were simulated and systematically validated through comparative analyses of soil dynamic responses and structural dynamic responses against experimental results. This process determined appropriate constitutive models for both sand and structural components, confirming the feasibility of numerical simulations. Based on practical engineering requirements, a group foundation model of suction buckets was developed using the same numerical simulation platform. The seismic dynamic response characteristics of suction buckets in liquefiable site conditions were thoroughly investigated, revealing the critical influence of soil liquefaction on suction bucket performance. The findings provide valuable insights into the seismic design optimization of suction bucket foundations in liquefaction-prone areas.
2 NUMERICAL MODEL DEVELOPMENT AND VALIDATION
2.1 Development of the numerical model
The numerical simulation based on an actual offshore wind turbine structure engineering project. The foundation of the wind turbine employs a suction bucket jacket structure, comprising four suction buckets and an upper jacket structure. The substructure consists of four identical suction buckets, each with a diameter of 9.5 m, featuring a bottom elevation of −27.47 m and a top elevation of −19.0 m. The center-to-center distance between each suction buckets measures 20 m. The upper jacket structure, with its base rigidly connected to the suction bucket tops, extends to a top elevation of 17 m. A 1-m-high platform was installed atop the jacket structure, with the wind turbine concentrically positioned above this platform. The geometric configuration of the suction buckets was shown in Figure 1a.
[image: Diagram showing two figures. (a) A side view of a suction bucket foundation with labeled water and structural levels, including high and low water levels, mean sea level, and the natural seabed surface at \(-19.00\). (b) A top view showing four circular buckets labeled Bucket1, Bucket2, Bucket3, and Bucket4, arranged in a square pattern with x and y axes indicated.]FIGURE 1 | (a) Geometric model of suction bucket, (b) Top view of the numbering of suction buckets.According to the engineering geological data, the soil layers at this site are primarily composed of the following three strata: Silty Sand A: Grayish-black in color, saturated, medium-dense, with relatively pure sandy composition. The particles are uniform in size and exhibit fair gradation. This layer is interbedded with thin layers of silt, showing relatively homogeneous soil properties, with a thickness of 3.4 m. Silty Sand B: Grayish-yellow in color, saturated, dense, containing relatively pure sandy material. The particles demonstrate uniformity in size and moderate gradation, presenting generally consistent soil characteristics. The layer thickness measures 6 m. Silty Sand C: Gray/yellow in color, saturated, characterized as medium compressibility soil with favorable engineering properties. This stratum has a thickness of 8.8 m. The physical and mechanical parameters of each soil type were summarized in Table 1.
TABLE 1 | Geological data.	Layer no.	Saturated density (kg/m3)	Reference shear modulus (kPa)	Reference bulk modulus (kPa)	Cohesion (kPa)	Friction Angle (°)	Layer thickness (m)
	Silt A	1700	60	127	0	29	3.4
	Silt B	1800	63	189	0	24	6
	Silt C	1950	150	437	0	37	8.8


The soil model has a width of 60 m and a length of 100 m. The four suction buckets were sequentially numbered in a clockwise manner according to the plan view, designated as Bucket1, Bucket2, Bucket3, and Bucket4 respectively. Subsequent analyses in this paper will consistently refer to these numerical designations. The spatial arrangement of the numbered suction buckets in the plan view was shown in Figure 1b.
Based on practical engineering parameters of suction bucket foundation structures, the connection between suction buckets and jacket structures was established through a rigid coupling. The inter-tier bracing connections within the jacket structure were modeled using the two NodeLinkMaterial constitutive model from OpenSees. The superstructure platform and wind turbine components were constructed using concrete materials. In numerical simulations, the upper wind turbine structure was simplified as a cylindrical thick pile with equivalent height characteristics. This simplified model incorporates the turbine’s self-weight and specified environmental loads to realistically simulate the combined effects of operational loading and seismic actions transmitted to the substructure under actual service conditions.
This study focuses on the seismic sensitivity analysis of suction bucket group foundations under earthquake conditions. The structural models of the suction bucket foundation and group foundation configuration are shown in Figure 2. To better simulate the actual superstructure conditions of wind turbines, a wind turbine tower of defined height was incorporated into the platform model. The turbine assembly was simplified as a spherical mass element, with the total mass of the wind turbine system set at 200 metric tons.
[image: Diagram showing two types of structural support systems. (a) Features a framework with three cylindrical bases and a platform supporting a vertical cylinder. (b) Displays a tall vertical cylinder atop a simpler frame with two cylindrical supports at the base.]FIGURE 2 | Offshore wind power foundation computational model (a) structural model of suction bucket, (b) front view of numerical model.To numerically simulate the dynamic response of saturated sand under seismic loading, this study employs OpenSees [21], a renowned analysis platform in earthquake engineering research. The soil constitutive model adopts the PressureDependMultiYield material, an elasto-plastic formulation that incorporates confining pressure effects and effectively captures the nonlinear stress-strain behavior of soils. The material parameters for numerical analysis were determined through comprehensive consideration of: fundamental physical properties including relative density and shear wave velocity documented in seismic centrifuge test reports for offshore wind turbine suction bucket foundations; recommended values from the constitutive model developers Yang et al. [22]; and similarity theory principles. This integrated approach ensures the accurate characterization of soil behavior while maintaining consistency with experimental observations and theoretical frameworks.
2.2 Validation of numerical model
Currently, few studies have investigated the seismic dynamic response of suction bucket group foundations in liquefiable sites, with particularly limited research on the coupled seismic behavior of both foundation structures and surrounding soil. To validate the reliability of the numerical simulation model developed in this study, we first established a computational model based on the seismic centrifuge test parameters of offshore wind turbine suction bucket foundations reported by Xuefei Wang et al. [2], including structural configuration and soil properties. Comparative analysis between numerical simulations and experimental observations reveals that the simulated pore water pressure buildup closely matches the experimental data obtained from the centrifuge tests. The numerical simulation results exhibited slightly higher initial vertical settlement of the superstructure compared to experimental measurements, which can be attributed to the idealized soil modeling approach. In reality, soil densification during bucket installation might reduce initial settlement, though the final settlement magnitudes under seismic loading showed good agreement with experimental results. Both numerical simulations and experimental measurements demonstrated comparable structural rotations that were substantially below the critical thresholds specified in relevant design codes. These comparisons confirm the reliability of the suction bucket foundation modeling methodology presented in this study. The quantitative comparisons between numerical and experimental results are graphically shown in Figures 3a–c.
[image: Panel (a) shows a graph of pore water pressure over time, with experimental and simulated values closely aligned. Panel (b) displays vertical settlement in meters, where both values decrease similarly over time. Panel (c) illustrates changes in angle over time, with experimental and simulated values showing small fluctuations. Each panel compares experimental (black) and simulated (red) lines.]FIGURE 3 | (a) Experimental and simulated values of (a) pore water pressure, (b) vertical settlement, and (c) angle.3 STUDY ON SEISMIC RESPONSE CHARACTERISTICS OF THE SUCTION BUCKET GROUP FOUNDATION IN LIQUEFIABLE SITES
3.1 Liquefaction identification
In engineering, soil liquefaction refers to the phenomenon where originally solid soil transforms into a liquid state or exhibits viscous, fluid-like behavior under seismic action. This geotechnical failure mechanism predominantly occurs in saturated, loose, fine-grained sands or silty sands.
The excess pore water pressure ratio γu serves as a common evaluation criterion for assessing sandy soil liquefaction. This ratio is determined by comparing the maximum effective stress (σmax) during seismic action with the average effective stress (σ0) under initial conditions. When γu does not exceed the critical excess pore water pressure ratio γue, the soil retains sufficient residual effective stress to prevent liquefaction. A γu value of 1 indicates complete liquefaction, signifying zero effective stress within the soil during seismic events. In the transitional range where γue < γu <1, the magnitude of γu exhibits an inverse correlation with residual effective stress - higher γu values correspond to diminished residual effective stress and consequently greater liquefaction severity.
γu=1−σmaxσ0(1)
where γu represents the excess pore water pressure ratio under seismic loading, σmax denotes the maximum effective stress during earthquake action, σ0 indicates the average effective stress in the initial state.
Based on the soil layer information provided in Table 1, the average effective stress σ0 under initial conditions can be calculated using Equation 2.
σ0=σ01+σ02+σ03(2)
where σ01 denotes the initial effective stress of the first soil layer, σ02 represents the initial effective stress of the second soil layer, σ03 indicates the initial effective stress of the third soil layer, σ01, σ02, and σ03 can be obtained using Equations 3–5, respectively.
σ01=Y′1×H1(3)
σ02=Y′2×H2(4)
σ03=Y′3×H3(5)
where Y1′,Y2′ and Y3′ represent the buoyant unit weights of the first, second, and third soil layers, respectively; H1,H2 and H3 denote the thicknesses of the first, second, and third soil layers, respectively. Based on the maximum effective stress obtained from numerical calculations, the excess pore pressure ratio γu can be determined using Equation 1.
Prior to conducting numerical calculations, a static analysis of the suction bucket foundation within the target soil stratum was performed to obtain the initial stress field of the soil mass.
The selected seismic event was the Parkfield-02. CA earthquake. In accordance with the seismic fortification intensity requirements of the project, the seismic wave was scaled to a peak ground acceleration (PGA) of 0.1 g and applied to the numerical model. The input seismic wave comprise horizontal seismic components exclusively along the west-east (x) direction. The directional relationship between seismic wave propagation and suction bucket foundation orientation is schematically illustrated in Figure 1b. All subsequent seismic inputs maintain this consistent orientation throughout the study. The scaled Parkfield-02. CA seismic wave with 0.1 g PGA and its corresponding fourier amplitude spectrum are shown in Figures 4a,b, respectively.
[image: Graph (a) shows Peak Ground Acceleration (PGA) over time in seconds, peaking around 0.08 g and tapering off after 10 seconds. Graph (b) depicts amplitude versus frequency in Hertz, with amplitude peaking at approximately 0.1 g around 1 Hz.]FIGURE 4 | (a) Seismic wave, (b) seismic spectrum.3.2 Dynamic response of foundation and soil
Figure 5a shows the time-history curves of acceleration responses across different soil layers. As shown in figure, with increasing depth of the soil layer in the model, the saturated density of the soil gradually rises. This enhanced density results in a reduced acceleration amplification coefficient, consequently leading to progressive attenuation of soil acceleration. Although the peak acceleration values of various soil layers occur at similar time instances, they exhibit distinct magnitudes in their peak amplitudes.
[image: Graph (a) shows Peak Ground Acceleration (PGA) over time, comparing three silts at depths of 3.4, 6.0, and 8.8 meters. Graph (b) displays pore water pressure in kilopascals over time, with pressure peaking before gradually decreasing.]FIGURE 5 | (a) Acceleration time history of soil mass, (b) pore water pressure.A soil layer point with a thickness of 0.5 m inside the suction bucket was selected to analyze the post-seismic pore water pressure. As shown in Figure 5b, the pore water pressure within each suction bucket progressively increases during seismic loading and gradually returns to its initial state following earthquake termination. During the initial phase of seismic excitation, negative pore water pressure emerges in the internal soil of the suction bucket. This phenomenon occurs due to the structural constraints of the suction bucket that prevent immediate drainage of the sheared sand within the bucket, thereby restricting volumetric expansion. As shear deformation continues, water expulsion becomes feasible through the lower section of the suction bucket, leading to subsequent pore water pressure accumulation and the generation of positive pore water pressure. Under the 0.1 g horizontal Parkfield-02. CA ground motion, the maximum pore water pressure recorded at the 0.5 m depth within the suction bucket reaches approximately 180 kPa, which remains insufficient to induce complete liquefaction. Figure 6 shows contour plots comparing the pore water pressure distributions before and during the seismic event.
[image: Diagram showing pressure distribution in a structure. Panel (a) depicts the structure before Parkfield-02.CA excitation, with a uniform pressure gradient colored from red to blue. Panel (b) shows the pressure distribution at ten seconds during the excitation, with higher pressure concentrations beneath the structure.]FIGURE 6 | Pore water pressure cloud map (a) before the earthquake, (b) during the earthquake.To investigate the seismic response characteristics of suction bucket foundations, this section focuses on analyzing the horizontal displacement and vertical settlement of suction buckets. A comparative analysis was conducted on the time-history variations of horizontal displacement and vertical settlement for each suction bucket under seismic excitation. Figure 7a shows the time-history variation of horizontal displacement for each suction bucket under the 0.1 g Parkfield-02. CA seismic wave input. As shown in figure, Buckets 1 and 2 exhibit nearly identical horizontal displacement trends, while similar consistency is observed between Buckets 3 and 4. The substantial relative displacements between suction buckets in liquefiable sites may potentially induce damage to connections in the upper truss structure. The horizontal displacement patterns of all suction buckets demonstrate synchronized variations with the seismic wave, reaching peak values concurrently with maximum seismic acceleration rather than attaining maximum displacement at seismic termination. Therefore, subsequent studies on suction bucket safety under seismic conditions should prioritize the maximum displacement during seismic events rather than relying solely on residual displacement at motion cessation.
[image: Three graphs labeled (a), (b), and (c) show data for Bucket1 to Bucket4. Graph (a) displays horizontal displacement over time, with oscillations increasing for Bucket2 and Bucket4. Graph (b) illustrates vertical settlement over time, showing a gradual decrease. Graph (c) presents angle changes, with slight variations for Bucket2 and Bucket3. Each graph uses different colored lines to represent the four buckets.]FIGURE 7 | (a) Horizontal displacement of each suction bucket, (b) vertical settlement of each suction bucket, and (c) suction bucket angle.Figure 7b shows the time history of vertical settlements for each suction bucket under the Parkfield-02. CA seismic wave (PGA = 0.1 g). As shown in figure, the vertical settlements of all suction buckets initially exhibit rapid growth during seismic vibration, followed by gradual stabilization after reaching specific thresholds, ultimately maintaining relatively constant values until the earthquake termination. The significantly larger vertical settlements observed across all suction buckets can be attributed to varying degrees of soil liquefaction occurring in the underlying liquefiable site during seismic action. The maximum total settlement of the suction bucket foundation manifests at the conclusion of seismic loading, whereas the peak differential settlement emerges during the earthquake propagation process.
Figure 7c shows the time histories of rotation angles for each suction bucket under the Parkfield-02. CA seismic wave excitation (PGA = 0.1 g). As shown in figure, the rotational variations of all buckets exhibit negligible magnitudes, with peak rotation angles reaching approximately 0.001°, which remains substantially below the code-specified limit value. Consequently, the rotational behavior of suction buckets will not be incorporated into subsequent investigations concerning liquefiable site conditions.
4 ANALYSIS OF INFLUENCING FACTORS
4.1 Effect of peak ground acceleration
In the study of the influence of peak ground acceleration (PGA) on suction bucket group foundations, the Parkfield-02. CA ground motion was selected and scaled to 0.1, 0.15, 0.2, 0.25, 0.3, and 0.4 g. To evaluate the liquefaction extent and distribution within the bucket soil, the maximum pore water pressure was measured at 1-m intervals inside the bucket. The excess pore water pressure ratio γu was calculated using Equation 1. Envelope curves illustrating the variation of γu with soil depth for buckets 2 and 3 under different PGA levels of the Parkfield-02. CA ground motion were plotted. As shown in Figures 8a,b, the excess pore water pressure ratio γu in the bucket soil progressively increases with higher PGA levels, indicating an escalation in soil liquefaction severity. When PGA <0.3 g, the γu values in Buckets 2 and 3 remain below 1, demonstrating incomplete soil liquefaction. However, at PGA = 0.4 g, γu exceeds 1 in both buckets, signifying complete liquefaction. The analysis reveals minimal variation in liquefaction severity across different soil depths within the buckets. Notably, γu decreases with increasing soil depth, suggesting that upper soil layers exhibit greater susceptibility to liquefaction compared to deeper strata.
[image: Graphs displaying geological data impacts under varying conditions. Graphs (a) and (b) show super pore water pressure ratio against soil layer depth. Different markers represent various g-levels. Graphs (c) and (d) illustrate horizontal displacement over time for the same g-levels. The data reveals trends in pressure ratios and displacement across depths and time periods.]FIGURE 8 | Excess pore water pressure ratio envelope diagram (a) Bucket 2, (b) Bucket 3 and horizontal displacement (c) Bucket 2, (d) Bucket 3.Figures 8c,d and Figures 9d,e respectively show the simulated horizontal displacements and vertical settlements of Buckets 2 and 3 under Parkfield-02. CA ground motion inputs with different peak accelerations. As illustrated, both horizontal displacements and vertical settlements of suction buckets in liquefiable sites progressively amplify with increasing ground motion acceleration amplitude. The maximum horizontal displacements consistently coincide with peak ground acceleration occurrences during seismic events, while vertical settlements exhibit rapid escalation when seismic acceleration attains peak values. As peak acceleration intensifies, varying degrees of liquefaction gradually develop and continuously expand in both internal and external soils surrounding the suction buckets. This liquefaction phenomenon induces partial loss of soil bearing capacity and expansion of interparticle pore spaces (ultimately amplifying horizontal displacements), coupled with progressive reduction of soil foundation stress (driving continual settlement of foundations). Notably, settlement magnitudes display no stabilization tendency upon cessation of ground motion excitation but rather manifest a persistent trend toward continued subsidence.
[image: Five graphs display seismic data analysis.   (a) A bar chart showing maximum horizontal displacement (meters) for Buckets 2 and 3 across different PGA levels (g).  (b) A bar chart illustrating maximum vertical settlement (meters) for Buckets 2 and 3 across PGA levels.  (c) A line graph showing uneven settlement (meters) over time (seconds) for various PGA levels.  (d) A line graph of vertical settlement (meters) over time for different PGA levels.  (e) A similar line graph to (d) for vertical settlement across PGA levels.]FIGURE 9 | (a) Histogram of maximum horizontal displacement, (b) histogram of maximum vertical settlement, (c) inhomogeneous settlement, and vertical settlement (d) Bucket 2, (e) Bucket 3.Based on the bar charts shown in Figures 9a,b illustrating the maximum horizontal displacements and maximum vertical settlements of Buckets 2 and 3 under different peak ground acceleration (PGA) levels, the growth of maximum horizontal displacements and maximum vertical settlements for all suction buckets exhibits a direct proportionality to the PGA. Under liquefiable site conditions where soil liquefaction may occur, notable differences in maximum horizontal displacements between Buckets 2 and 3 emerge under varying seismic amplitudes: the maximum horizontal displacements of Bucket 2 exhibit progressive escalation from 0.026 m at 0.1 g PGA to 0.111 m at 0.4 g PGA, while Bucket 3 displays an increase from 0.020 m to 0.108 m under equivalent excitations, with the maximum differential displacement reaching 0.003 m at 0.4 g PGA. Under progressive PGA amplification, the degree and extent of soil liquefaction inside and around the suction bucket progressively intensify, resulting in a corresponding reduction in the bearing capacity of the surrounding soil; this mechanism induces differential amplification of peak horizontal displacements between Buckets 2 and 3, thereby generating relative horizontal displacements that necessitate special attention to the connection integrity of upper truss structures and require structural reinforcement measures to enhance stability. Furthermore, since the vertical settlements of the buckets under different PGA levels follow similar variation trends with ground motion duration, assessing the differential settlement characteristics across the entire suction bucket foundation becomes essential when investigating structural stability.
The differential settlement under various working conditions was calculated by determining the displacement differences between individual buckets at different peak accelerations. As shown in Figure 9c, the differential settlement of the suction bucket foundation demonstrates a progressive increase with higher peak ground acceleration (PGA) of seismic motions. Notably, the maximum differential settlement occurred during the seismic event rather than at its conclusion. When the seismic acceleration reached its peak value, the differential settlement between buckets simultaneously attained maximum values. The results indicate a positive correlation between PGA magnitude and the induced differential settlement, where greater seismic accelerations produce more pronounced uneven settlement. This phenomenon may pose significant adverse effects on structural stability, particularly under high-intensity seismic conditions.
4.2 Effects of ground motion spectral characteristics
When investigating the influence of seismic ground motion spectral characteristics on the seismic performance of suction bucket foundations, four earthquake records with distinct spectral differences were selected: Parkfield-02. CA, Irpinia, Whittier, and ChiChi. As established in the previous section, the soil within each bucket of the suction bucket foundation undergoes complete liquefaction when the peak ground acceleration (PGA) reaches 0.4 g. This section employs ground motions with different response spectra but identical amplitude (PGA = 0.4 g) to better observe the effects of soil liquefaction in individual buckets on foundation behavior under varying seismic spectral characteristics. Figures 10a,b show the scaled peak ground accelerations and fourier amplitude spectra of the four amplitude-adjusted seismic waves.
[image: Graph (a) shows seismic waveforms of four events: Parkfield, Irpinia, Whittier, and ChiChi. The Y-axis represents peak ground acceleration (PGA) in g, and the X-axis represents time in seconds. Graph (b) displays the frequency spectrum of the same events. The Y-axis represents amplitude in g, and the X-axis represents frequency in hertz, ranging from 0.01 to 100. Different colors distinguish each event.]FIGURE 10 | (a) Seismic acceleration, (b) Fourier amplitude spectrum.To evaluate the liquefaction degree and distribution range of soil within suction buckets, the maximum pore water pressure was measured at 1-m intervals. The excess pore water pressure ratio γu was calculated using Equation 1, and envelope diagrams illustrating the variation of γu with soil depth under different seismic motion spectral characteristics were plotted for Buckets 2 and 3, as shown in Figures 11a,b. The maximum γu values exhibited significant variations among buckets under different seismic spectral characteristics. Notably, the Parkfield-02. CA motion induced generally lower γu values, whereas the ChiChi motion resulted in significantly higher ratios. This discrepancy is attributed to the substantial spectral energy and high energy density of the ChiChi earthquake, which enhanced both the liquefaction degree and affected zone within the buckets. Both Buckets 2 and 3 demonstrated maximum γu values exceeding 1 under all examined seismic spectral conditions, indicating complete liquefaction of the contained soil. Under identical seismic peak acceleration inputs, the excess pore water pressure ratio γu of the soil inside the bucket continuously decreases with increasing soil depth, leading to a reduction in soil liquefaction degree. However, soils exhibit a higher likelihood of liquefaction when subjected to ground motions characterized by greater spectral energy intensity.
[image: Four graphs analyzing geological data. Graph (a) and (b) show super pore water pressure ratio versus soil layer depth, with a decreasing trend across Parkfield, Irpinia, Whittier, and ChiChi locations. Graph (c) and (d) depict horizontal displacement over time for the same locations, exhibiting varied oscillations around zero.]FIGURE 11 | Excess pore water pressure ratio envelope diagram (a) Bucket 2, (b) Bucket 3, and horizontal displacement (c) Bucket 2, (d) Bucket 3.Figures 11c,d show the horizontal displacements of suction Buckets 2 and 3 under different ground motion inputs, while Figures 12d,e show the vertical settlement time histories of suction Buckets 2 and 3 under four ground motions with distinct spectral characteristics. As shown in these figures, significant variations in both horizontal displacements and vertical settlements are observed among the suction buckets when subjected to ground motions with distinct spectral characteristics. The acceleration time histories and Fourier amplitude spectra differ among the four seismic waves, with the ChiChi ground motion deviating significantly from the other three. It exhibits lower energy and smoother waveforms in the initial phase, but higher energy and denser waveforms in the middle-to-late phases. Consequently, both the degree and spatial extent of soil liquefaction within the suction bucket are more extensive. Specifically, the horizontal displacements and vertical settlements of Buckets 2 and 3 under the ChiChi ground motion exhibit substantially smaller values compared to those induced by the other three seismic waves during the initial phase of shaking, while significantly exceeding them during the middle and later stages. This phenomenon can be attributed to the concentrated energy distribution and higher energy intensity inherent in the ChiChi ground motion, which consequently generates the largest maximum horizontal displacement. As the ground motion progresses, all buckets demonstrate continuously increasing vertical settlement. This observation indicates that ground motions with higher seismic spectral energy and greater energy density induce larger displacements in suction bucket group foundations. Given that all input ground motions maintain identical peak accelerations of 0.4 g, resulting in complete liquefaction of the soil within each bucket, the settlement demonstrates a persistent post-seismic continuation trend after ground motion cessation.
[image: Five graphs depicting earthquake analysis data. (a) Bar chart showing maximum horizontal displacement for earthquakes: Parkfield, Irpinia, Whittier, ChiChi, colored by Bucket2 and Bucket3. (b) Bar chart displaying maximum vertical settlement for the same earthquakes, also colored by buckets. (c) Line graph plotting uneven settlement over 40 seconds for each earthquake. (d) Line graph showing vertical settlement over time, comparing earthquakes. (e) Similar line graph to (d), comparing settlement trends.]FIGURE 12 | (a) Histogram of maximum horizontal displacement, (b) histogram of maximum vertical settlement, (c) inhomogeneous settlement, and vertical settlement (d) Bucket 2, (e) Bucket 3.The bar charts illustrating the maximum horizontal displacements of Buckets 2 and 3 under seismic motions with different spectral characteristics and the maximum vertical settlements are shown in Figures 12a,b, respectively. Analysis reveals that the maximum horizontal displacements and maximum vertical settlements of the buckets vary significantly with the spectral characteristics of input ground motions. Notably, ground motions characterized by higher energy content and densely concentrated waveforms tend to generate substantially greater maximum horizontal displacements. Although ground motions with varying spectral properties induce distinct maximum displacements in individual buckets, Buckets 2 and 3 exhibit minimal differences in their maximum horizontal displacements and vertical settlements. This observed similarity is attributed to the symmetric load configuration and the exclusive application of ground motions along the horizontal X-direction, resulting in comparable displacement magnitudes between these two buckets.
Figures 12c shows the differential settlement values under various working conditions obtained through difference calculations of settlement displacement data for suction buckets under ground motions with different spectral characteristics. As shown in figure, the input ground motions with distinct seismic spectral characteristics yield different differential settlement curves for the suction bucket foundation. The ChiChi ground motion exhibits lower energy and gentler waveform characteristics during the initial seismic phase, while demonstrating higher energy and closely spaced waveform patterns during the mid-to-late seismic phase. Consequently, under the ChiChi seismic spectrum characteristics, the differential settlement between Buckets 2 and 3 during the initial earthquake phase was significantly smaller compared to the other three seismic waves. However, during the mid-to-late seismic phase, the oscillation amplitude of differential settlement substantially exceeded that observed under the other three seismic wave conditions.
4.3 Effects of site soil layer liquefaction on foundation displacement
As analyzed in the preceding two sections, the influence of peak ground acceleration (PGA) on soil liquefaction in liquefiable strata significantly outweighs that of ground motion spectral characteristics. This section comparatively examines the displacement patterns of suction bucket foundations in both liquefiable and non-liquefiable sites under Parkfield-02. CA seismic motions with PGAs of 0.1, 0.2, and 0.4 g. For computational simplification, bucket No.1 has been selected as the representative subject for this comparative investigation.
Figures 13a–c shows the time-history curves of horizontal displacement for suction bucket foundations in both liquefiable and non-liquefiable sites under Parkfield-02. CA ground motions with varying peak accelerations. As shown in figure, the horizontal displacements of suction buckets in liquefiable and non-liquefiable sites demonstrate negligible differences under 0.1 g peak ground acceleration (PGA). During the initial phase of ground motion, the horizontal displacements in both site conditions remain nearly identical, with minor discrepancies emerging in the later stages of shaking. When the PGA increases from 0.1 g to 0.2 g, a noticeable disparity in horizontal displacements between the two site conditions becomes evident. As the PGA further escalates to 0.4 g, extensive soil liquefaction occurs within the suction bucket embedded in the liquefiable site. This progressive liquefaction directly results in substantial differential horizontal displacements between the two foundation conditions. Specifically, the complete liquefaction of a significant soil portion inside the suction bucket under liquefiable site conditions critically amplifies displacement contrasts compared to its non-liquefiable counterpart.
[image: Six graphs displaying horizontal displacement and vertical settlement over time for two soil conditions, "Liquefiable" in red and "Non-liquefiable" in black. Graphs (a), (b), and (c) show horizontal displacement over 40 seconds with variations in amplitude. Graphs (d), (e), and (f) demonstrate vertical settlement, with liquefiable conditions showing greater settlement depth. Each graph has time in seconds on the x-axis and displacement or settlement in meters on the y-axis, clearly distinguishing the behavior of liquefiable versus non-liquefiable soils.]FIGURE 13 | Horizontal displacement under both sites (a) 0.1 g, (b) 0.2 g, (c) 0.4 g, and Vertical displacement under two kinds of sites (d) 0.1 g, (e) 0.2 g, (f) 0.4 g.Figures 13d–f shows the time-history curves of vertical settlement for the suction bucket foundation in both liquefiable and non-liquefiable sites under Parkfield-02. CA ground motions with different peak ground accelerations (PGA). As shown in figure, when subjected to a PGA of 0.1 g, the maximum vertical settlements of the suction bucket foundation show negligible differences between liquefiable and non-liquefiable sites. As the PGA increases to 0.2 g, the discrepancy in vertical settlement displacements between the two site conditions becomes more pronounced. When the PGA reaches 0.4 g, extensive soil liquefaction occurs within the suction bucket foundation in the liquefiable site, resulting in the maximum difference in vertical settlement displacements between the two site conditions. Soil liquefaction significantly impacts structural settlement behavior, generating notable vertical settlement differences between the two site conditions. The maximum vertical settlement displacement difference is observed at the conclusion of the seismic event.
The maximum horizontal displacements and vertical settlements of suction buckets in both liquefiable and non-liquefiable sites under varying peak ground accelerations (PGA) are systematically shown in Figure 14. As the PGA increases, the differential values of horizontal displacement and vertical settlement between suction buckets embedded in liquefiable and non-liquefiable sites exhibit a progressive enlargement. This phenomenon can be attributed to the intensified liquefaction severity and expanded liquefaction zones within the soil surrounding suction buckets in liquefiable sites under elevated PGA, which substantially compromise the horizontal and vertical stability of the suction bucket foundations.
[image: Bar charts showing maximum displacement under different PGA levels for unliquefiable (orange) and liquefiable (green) conditions. Chart (a) depicts horizontal displacement, ranging from 0.01 to 0.08 meters, while chart (b) shows vertical displacement, ranging from 0.02 to 0.13 meters. Displacements increase with higher PGA values in both cases.]FIGURE 14 | Maximum displacement under both sites (a) Horizontal displacement, (b) Vertical settlement.5 CONCLUSION
This study investigates the seismic response characteristics of suction bucket group foundations in the liquefiable sites. Through the development of numerical models and multi-parametric analysis, the research systematically examines the influence of ground motion parameters on the dynamic response of foundations. The principal research findings are summarized as follows:
	(1) Under seismic loading, the pore water pressure within the soil inside the suction bucket initially exhibits transient negative values due to shear-induced contraction effects, subsequently shifting to positive pore water pressure as drainage conditions improve. The excess pore water pressure ratio (γu) serves as an effective indicator for quantifying the degree of soil liquefaction. When γu ≥1, the soil inside the bucket becomes fully liquefied, resulting in significant reduction in bearing capacity.
	(2) The horizontal displacement and vertical settlement of the suction bucket group foundation exhibit distinct patterns under seismic loading, accompanied by the presence of differential settlement. Each suction bucket demonstrates similar variation trends in horizontal displacement corresponding to seismic wave fluctuations, with peak displacements coinciding temporally with maximum seismic accelerations. The maximum overall settlement of the suction bucket group foundation occurs at the earthquake termination phase, while the most severe differential settlement manifests during the seismic excitation process.
	(3) The peak ground acceleration (PGA) exhibits a proportional relationship with the horizontal displacement, vertical settlement, and differential settlement of suction bucket foundations. As the PGA increases, these deformation parameters demonstrate corresponding growth. As PGA increases from 0.1 g to 0.4 g, the suction bucket group foundation system exhibits linear amplification of horizontal displacements: Bucket 2 displacement escalates from 0.026 m to 0.111 m, while Bucket 3 increases from 0.02 m to 0.108 m. Concurrently, vertical settlements demonstrate synchronized growth with mean values rising from 0.03 m to 0.14 m. Differential settlement between the two buckets progressively increases from 0.008 m to 0.036 m. Furthermore, under seismic waves with varying spectral characteristics, structural displacements of the suction bucket group foundation intensify with enhanced seismic spectral energy and increased energy density in the input ground motion. Specifically, seismic waves containing higher spectral energy concentrations induce more pronounced foundation displacements. The Parkfield-02. CA ground motion exhibits the lowest spectral energy among the considered excitations, inducing displacements of 0.10 m (horizontal), 0.12 m (vertical settlement), and 0.037 m (differential settlement) in the suction bucket group foundation. Conversely, the ChiChi ground motion demonstrates the highest spectral energy concentration, generating substantially amplified displacements of 0.35 m (horizontal), 0.22 m (vertical settlement), and 0.14 m (differential settlement).
	(4) When the seismic amplitude increases, the degree and extent of soil liquefaction inside and around the suction bucket progressively intensify, resulting in a corresponding reduction in the bearing capacity of the surrounding soil. Under various seismic loadings, the displacement variations of the suction bucket embedded in liquefiable sites exhibit significantly greater magnitudes compared to those observed in non-liquefiable sites under identical conditions.

DATA AVAILABILITY STATEMENT
The original contributions presented in the study are included in the article/supplementary material, further inquiries can be directed to the corresponding author.
AUTHOR CONTRIBUTIONS
XT: Conceptualization, Software, Supervision, Writing – original draft, Writing – review and editing. ZG: Investigation, Validation, Visualization, Writing – review and editing.
FUNDING
The author(s) declare that no financial support was received for the research and/or publication of this article.
CONFLICT OF INTEREST
The authors declare that the research was conducted in the absence of any commercial or financial relationships that could be construed as a potential conflict of interest.
GENERATIVE AI STATEMENT
The author(s) declare that no Generative AI was used in the creation of this manuscript.
REFERENCES
	Kim HD, Lee GS, Lee KI. Seismic fragility analysis of 5 MW offshore wind turbine. Renew Energy (2014) 65:65250–6. doi:10.1016/j.renene.2013.09.023

	Wang X, Yang X, Zeng X. Seismic centrifuge modelling of suction bucket foundation for offshore wind turbine. Renew Energy (2017) 114:1013–22. doi:10.1016/j.renene.2017.07.103

	Zhu F, Bienen B, O'Loughlin C. Suction caisson foundations for offshore wind energy: cyclic response in sand and sand over clay. Géotechnique (2018) 69(10):1–25. doi:10.1680/jgeot.17.p.273

	Latini C, Zania V. Dynamic lateral response of suction caissons. Soil Dyn Earthquake Eng (2017) 100:10059–71. doi:10.1016/j.soildyn.2017.05.020

	Bagheri P, Yoon JC, Park D. Numerical analysis of suction bucket foundations used for offshore wind turbines: energy and geotechnics. (2019). 

	Zhang J, Zhang L, Lu X. Centrifuge modeling of suction bucket foundations for platforms under ice-sheet-induced cyclic lateral loadings. Ocean Eng (2006) 34(8):1069–79. doi:10.1016/j.oceaneng.2006.08.009

	Faizi K, Faramarzi A, Dirar S, Chapman D. Investigating the monotonic behaviour of hybrid tripod suction bucket foundations for offshore wind towers in sand. Appl Ocean Res (2019) 89:89176–87. doi:10.1016/j.apor.2019.05.018

	Jianxin Z, Wenlong C, Xinglei C. Seismic responses analysis of suction bucket foundation for offshore wind turbine in clays. Ocean Eng (2021) 232. doi:10.1016/j.oceaneng.2021.109159

	Negro V, Lopez-Gutierrez J, Esteban DM, Matutano C. Uncertainties in the design of support structures and foundations for offshore wind turbines. Renew Energy (2014) 63:125–32. doi:10.1016/j.renene.2013.08.041

	Kaynia MA. Seismic considerations in design of offshore wind turbines. Soil Dyn Earthquake Eng (2019) 124:124399–407. doi:10.1016/j.soildyn.2018.04.038

	Yu H, Zeng X, Li B, Lian J. Centrifuge modeling of offshore wind foundations under earthquake loading. Soil Dyn Earthquake Eng (2015) 77:402–15. doi:10.1016/j.soildyn.2015.06.014

	Xiaobing L. Centrifugal experimental study of suction bucket foundations under dynamic loading. Acta Mechanica Sinica (2007) 06(23):97–106. doi:10.1007/s10409-007-0100-7

	Zhang P, Ding H, Le C. Seismic response of large-scale prestressed concrete bucket foundation for offshore wind turbines. J Renew Sustainable Energy (2014) 6(1):013127. doi:10.1063/1.4863986

	Ding H, Xiong K, Zhang P. Seismic response of offshore wind structure supported by bucket foundation. Trans Tianjin Univ (2016) 22(4):294–301. doi:10.1007/s12209-016-2630-1

	Ibsen L. Bo. Transient analysis of monopile foundations partially embedded in liquefied soil. Geomechanics Eng (2015). doi:10.12989/gae.2015.8.2.257

	Nicosia GLD. Seismic design of monopile supported offshore wind turbines in presence of extensive liquefaction. (2016). 

	Zhang JF, Yu C, Su DS. Wave-induced seabed liquefaction around the composite bucket foundation of offshore wind turbines. In: International Ocean and polar engineering conference . Kona, Hawaii: International Society of Offshore and Polar Engineers (2015). 

	Patra S, Haldar S. Seismic response of monopile supported offshore wind turbine in liquefiable soil. Structures (2021) 31:248–65. doi:10.1016/j.istruc.2021.01.095

	Esfeh PK, Kaynia AM. Numerical modeling of liquefaction and its impact on anchor piles for floating offshore structures. Soil Dyn Earthquake Eng (2019) 127:105839. doi:10.1016/j.soildyn.2019.105839

	Xuefei W, Chengliang M, Jiale L. Seismic response of suction bucket foundation for offshore wind turbines: a parametric study. Ocean Eng (2022) 257. doi:10.1016/j.oceaneng.2022.111570

	Papanikolaou VK, Kartalis-Kaounis T, Protopapadakis E. A new graphical user interface for OpenSees. In: 1st European conference on OpenSees (2017). 

	Yang CSW, Desroches R, Rix GJ. Numerical fragility analysis of vertical-pile-supported wharves in the western United States. J Earthquake Eng (2012) 16(4):579–94. doi:10.1080/13632469.2011.641063


Publisher’s note: All claims expressed in this article are solely those of the authors and do not necessarily represent those of their affiliated organizations, or those of the publisher, the editors and the reviewers. Any product that may be evaluated in this article, or claim that may be made by its manufacturer, is not guaranteed or endorsed by the publisher.
Copyright © 2025 Tao and Gao. This is an open-access article distributed under the terms of the Creative Commons Attribution License (CC BY). The use, distribution or reproduction in other forums is permitted, provided the original author(s) and the copyright owner(s) are credited and that the original publication in this journal is cited, in accordance with accepted academic practice. No use, distribution or reproduction is permitted which does not comply with these terms.


[image: Frontiers in Physics promotional graphic on a purple background. Text highlights the exploration of complex questions to understand the physical world, covering theoretical, experimental, and applied physics. Includes contact information for Frontiers and an image of a scientific visualization, possibly an atom or molecule.]


OPS/images/feart-12-1523656/feart-12-1523656-g001.gif
DC powee sy

IR—

Elctode s drid ke

® Sotigepote
8 Dt G





OPS/images/feart-12-1523656/feart-12-1523656-g002.gif
gty

mirs et

O Penstn
o s





OPS/images/feart-12-1523656/feart-12-1523656-g003.gif
aecion

Elscumosmti rocss wi
oo

[ ———

ok v

W Sl e o

p 1 chcosaot sup 1 st
i v eciono! ow i ecionst
oL Cct s T CoC s

~l

e | e
e ol »
| — 5 A—
3 |cceommmodctiow  icamomode fm ow i . G i st
55 [ S et S
7 sesh b 7 Ve B ba
] [ Sem— i S—
i
K ols @






OPS/images/feart-12-1523656/feart-12-1523656-g004.gif





OPS/images/fphy-12-1502248/fphy-12-1502248-g013.gif





OPS/images/fphy-12-1502248/fphy-12-1502248-t001.jpg
Depth (km) -5 0 ¥ 10 15 20 25 339 40 60

P-wave velocity (km/s) 13 5.14 5.87 5.88 6.05 632 64 641 8.06 838





OPS/images/fphy-12-1502248/inline_1.gif
{1=[(Vpr vy =1] '





OPS/images/feart-12-1523656/crossmark.jpg
©

|





OPS/images/fphy-12-1502248/fphy-12-1502248-g011.gif
0 s 10 1 0 2% 3w
Distancekm)

po— f e —

gegegeees &





OPS/images/fphy-12-1502248/fphy-12-1502248-g012.gif
SobbRRRR

0 50 100 150 200 250 3 30 400
“Distance(km)





OPS/images/feart-12-1486831/feart-12-1486831-g006.gif





OPS/images/feart-12-1486831/feart-12-1486831-g005.gif
[ -





OPS/images/feart-12-1486831/feart-12-1486831-g004.gif





OPS/images/feart-12-1486831/feart-12-1486831-g003.gif





OPS/images/feart-12-1486831/feart-12-1486831-g002.gif





OPS/images/feart-12-1486831/feart-12-1486831-g001.gif





OPS/images/feart-12-1486831/crossmark.jpg
©

|





OPS/images/fphy-12-1488622/math_1.gif
&





OPS/images/feart-12-1523656/feart-12-1523656-g012.gif





OPS/images/feart-12-1523656/feart-12-1523656-t001.jpg
Specific gravity (Gs) Liquid limit (LL)/% Plastic limit (PL)/% Plastic index (P1) USCS classification

267 418 236 182 CL





OPS/images/feart-12-1523656/feart-12-1523656-t002.jpg
Test number

Power consumption






OPS/images/feart-12-1523656/feart-12-1523656-g008.gif





OPS/images/feart-12-1523656/feart-12-1523656-g009.gif





OPS/images/feart-12-1523656/feart-12-1523656-g010.gif
icle section

w0 w0
Distance from smod (me)

o Y

0

350





OPS/images/feart-12-1523656/feart-12-1523656-g011.gif
Hlsuoosmreprocss wih

Hlstoosmedsprocss whthost






OPS/images/feart-12-1523656/feart-12-1523656-g005.gif





OPS/images/feart-12-1523656/feart-12-1523656-g006.gif





OPS/images/feart-12-1523656/feart-12-1523656-g007.gif





OPS/images/feart-12-1491583/math_4.gif
Psin ¢+ \1,K(0) + AHY}

ccosg ()





OPS/images/fphy-12-1502248/crossmark.jpg
©

|





OPS/images/feart-12-1491583/feart-12-1491583-t003.jpg
Core number Permeability Average Design value of

Hole number coefficient (cm/s) permeability permeability
coefficient (cm/s) coefficient (cm/s)

Al 931x 107

A A2 747x107 833x107 <(1-9)x 10
A3 821x107
B-1 9.08x 107

B B-2 885x107 9.12x107 <(1-9) x 10
B-3 9.45x107






OPS/images/feart-12-1491583/math_1.gif
filx) = J/({)W(x X h)dx'

[0





OPS/images/feart-12-1491583/math_2.gif
Wix -

Hx—2)

Bx-x')

@)





OPS/images/feart-12-1491583/math_3.gif
f= ): %‘—"(xj

o(x-x)

o





OPS/images/feart-12-1491583/feart-12-1491583-g008.gif





OPS/images/feart-12-1491583/feart-12-1491583-g009.gif





OPS/images/feart-12-1491583/feart-12-1491583-t001.jpg
Physical quantity

Value

Physical quantity
RO (kgmm™) 1.95E-06 ECCEN 0.7
NPLOT 3 AN 0
SPGRAV 27 ET 0
RHOWAT (kgmm™) | 1.00E-06 MCONT 0.034
VN 11 PWDI 0
GAMMAR 0 PWKSK (GPa) 0
INTRMX 10 PWD2 0
K (GPa) 000373 PHIRES 0.001
G (GPa) 0.00194 DINT 1.00E-05
PHIMAX (Rad) 052 VDEM 3.00E-08
AHYP 1.00E-07 DAMLEV 0.99
COH (GPa) 1.00E-05 EPSMAX. 08






OPS/images/feart-12-1491583/feart-12-1491583-t002.jpg
Calculation conditions Hole diameter (m) Grouting pressure (MPa) Hole spacing (m)

SCI-1 03, 04, 0.5, 0.6 32 038

sCI-2 06 ‘ 24, 28, 32, 36 038

SCI-3. 06 ‘ 32 0.8 1.0, 12 14





OPS/images/fphy-12-1502248/fphy-12-1502248-g010.gif





OPS/images/fphy-12-1502248/fphy-12-1502248-g006.gif
ﬁ:!!:ﬁ-“
. o i

ST ":'"'::.
i’ SEinE N
bbb

ol
ML
S

S i
i 3?@.“3

Him
e Ll Sl
d ngu’gu:






OPS/images/fphy-12-1502248/fphy-12-1502248-g007.gif
= nnnu. m aunnn ll luu
iaseasss et tanasans nuunn
lnuunu (Besssasesney [enassavesn

HHHHAT

-iseausRasREat = nuu-uu

'Q

i ‘"..:.'",. ea .QIIQ
ey






OPS/images/fphy-12-1502248/fphy-12-1502248-g008.gif





OPS/images/fphy-12-1502248/fphy-12-1502248-g009.gif





OPS/images/fphy-12-1502248/fphy-12-1502248-g002.gif
=T

Tovpoceaic. Distacdiimt Fvpoccaiis Ditesectm





OPS/images/fphy-12-1502248/fphy-12-1502248-g003.gif
T

oS

e .

Bk P,





OPS/images/fphy-12-1502248/fphy-12-1502248-g004.gif





OPS/images/fphy-12-1502248/fphy-12-1502248-g005.gif





OPS/images/fphy-12-1502248/fphy-12-1502248-g001.gif





OPS/images/fphy-12-1458844/inline_12.gif





OPS/images/fphy-12-1458844/inline_13.gif
0P (z;)





OPS/images/fphy-12-1458844/inline_2.gif
i (w)





OPS/images/fphy-12-1458844/fphy-12-1458844-g011.gif





OPS/images/fphy-12-1458844/inline_1.gif
fo0s





OPS/images/fphy-12-1458844/inline_10.gif
o/





OPS/images/fphy-12-1458844/inline_11.gif





OPS/images/fphy-12-1458844/fphy-12-1458844-g008.gif





OPS/images/fphy-12-1458844/fphy-12-1458844-g009.gif





OPS/images/fphy-12-1458844/fphy-12-1458844-g010.gif





OPS/xhtml/Nav.xhtml


Contents



		Cover


		Understanding geomaterial instability: physics and mechanics of landslides and seismic events

		Editorial: Understanding geomaterial instability: physics and mechanics of landslides and seismic events

		AUTHOR CONTRIBUTIONS


		FUNDING


		CONFLICT OF INTEREST


		GENERATIVE AI STATEMENT


		REFERENCES







		Shallow crustal structure detection of the upper crust at Anqiu-Juxian Fault in the Tanlu fault zone

		1 Introduction


		2 Methods


		3 Results


		4 Discussion

		4.1 Spatial distribution and structural characteristics of fault F5


		4.2 The control of fault F5 on sediment in the Suqian area


		4.3 Discussion on the pull-apart basin centered around Sankeshu







		5 Conclusion


		Data availability statement


		Author contributions


		Funding


		Publisher’s note


		References







		Analysis of the mechanical properties and micro-reinforcement mechanisms of loose accumulated sandy soil improved with polyvinyl alcohol and sisal fiber

		1 Introduction


		2 Experimental overview

		2.1 Experimental materials


		2.2 Experimental instruments


		2.3 Experimental procedure







		3 Test results and analysis

		3.1 Characteristics of deviator stress and axial strain curves


		3.2 Relationship between peak deviator stress and confining pressure


		3.3 Shear strength characteristics







		4 Mechanism analysis and discussion

		4.1 Microscopic mechanism analysis


		4.2 Discussion







		5 Conclusion


		Data availability statement


		Author contributions


		Funding


		Acknowledgments


		Publisher’s note


		References







		Numerical simulation study on the construction of cut off walls using high-pressure jet grouting based on SPH method

		1 Introduction


		2 Numerical model of high pressure jet grouting based on SPH method

		2.1 Introduction to SPH method


		2.2 High pressure jet grouting model


		2.3 Material model and parameters







		3 Factors affecting the quality of cut off walls using high spray method

		3.1 Calculation conditions


		3.2 Analysis of main influencing factors







		4 Field experiment


		5 Conclusion


		Data availability statement


		Author contributions


		Funding


		Acknowledgments


		Publisher’s note


		References







		Velocity structure of crust and mid-strong earthquake preparation characteristics in the Huoshan region, East China

		1 Introduction


		2 Geological background


		3 Data and methods

		3.1 Double-difference tomography method


		3.2 Data


		3.3 Selection of the initial model and parameters







		4 Tomography results

		4.1 Model resolution test analysis


		4.2 Distribution characteristics of velocity and Poisson’s ratio







		5 Discussionn

		5.1 Earthquake, fault and velocity distribution relationship


		5.2 Analysis of formation of earthquake swarm and deep seismogenic environment







		6 Conclusion


		Data availability statement


		Author contributions


		Funding


		Generative AI statement


		Publisher’s note


		References







		Experimental study on soil improvement by electrochemical injection coupled with anode movement technique

		1 Introduction


		2 Experimental study

		2.1 Experimental apparatus


		2.2 Materials


		2.3 Test procedure







		3 Results and discussions

		3.1 Drained water and drainage rate


		3.2 Electric current and electric resistance


		3.3 Power consumption


		3.4 Settlement


		3.5 Penetration resistance







		4 Conclusion


		Data availability statement


		Author contributions


		Funding


		Generative AI statement


		Publisher’s note


		References







		Permeability behaviour of polyurethane polymer-reinforced granular material with and without clogging

		1 Introduction


		2 Test material and test program

		2.1 Test material


		2.2 Test program







		3 Test results

		3.1 Permeability behavior of clean PPGM


		3.2 Permeability behavior of clean PPGM







		4 Discussions


		5 Conclusion


		Data availability statement


		Author contributions


		Funding


		Generative AI statement


		Publisher’s note


		References







		Exploring mechanical performance of non-foamed polyurethane-bonded gravel and its pile bearing characteristics under embankments: an experimental and numerical approach

		1 Introduction


		2 Experiment on polyurethane bonded gravel porous material

		2.1 Materials


		2.2 Sample preparation


		2.3 Experiment procedure


		2.4 Mechanical characteristics of NPBG







		3 Numerical modelling

		3.1 Details of the selected case history


		3.2 Three-dimensional numerical modeling


		3.3 Material models and parameters


		3.4 Verification of numerical modeling


		3.5 Comparative modelling procedure







		4 Results

		4.1 Excess pore water pressure


		4.2 Settlement


		4.3 Pile-soil stress and soil arching effect


		4.4 Equal settlement plain in embankment


		4.5 Tension force of geogrid







		5 Conclusion


		Data availability statement


		Author contributions


		Funding


		Publisher’s note


		References







		Influences of the geogrid-reinforced soil platform on the performance of pile-supported embankment

		1 Introduction


		2 Full-scale field test

		2.1 Site conditions


		2.2 Geogrid-reinforced pile-supported highway embankment







		3 Numerical model calibration and parametric study


		4 Measured and computed results

		4.1 Performance of the geogrid-reinforced soil platform pile-supported embankment


		4.2 Load transfer mechanism of geogrid-reinforced compacted


		4.3 Influences of the GRSP modulus on stresses and settlements of pile and soil


		4.4 Influences of GRSP thickness on stresses and settlements of pile and soil


		4.5 Influence of GRSP shear resistance on stresses and settlements of pile and soil


		4.6 Influence of geogrid tensile stiffness on stresses and settlement of pile and soil


		4.7 Influences of geogrid layers and placement on stresses and settlements of pile and soil







		5 Discussion


		6 Conclusion


		Data availability statement


		Author contributions


		Funding


		Publisher’s note


		References







		Macro-meso failure mechanism and strength criterion of frozen weakly cemented sandstone under triaxial unloading

		1 Introduction


		2 Test overview

		2.1 Specimen preparation


		2.2 Test scheme







		3 Test results and analysis

		3.1 Stress–strain curve and analysis


		3.2 Analysis of the failure strength characteristics of triaxial unloading


		3.3 Analysis of the deformation characteristics of triaxial unloading


		3.4 Macro-meso failure mechanism of weakly cemented sandstone under triaxial unloading







		4 Triaxial unloading strength characteristics and criterion of frozen weakly cemented sandstone

		4.1 Triaxial unloading strength characteristics of frozen weakly cemented sandstone


		4.2 Triaxial unloading strength criterion of frozen weakly cemented sandstone







		5 Conclusion


		Data availability statement


		Author contributions


		Funding


		Acknowledgments


		Generative AI statement


		Publisher’s note


		References







		Evaluating seismic stability of reinforced soil slopes using the limit equilibrium method: influence of geosynthetic strength indicators

		1 Introduction


		2 Reinforcement evaluation method and verification


		3 Seismic stability review results of the reinforced soil slope

		3.1 Effect of different indices when the pullout strength of a single geosynthetic is consistent


		3.2 Effect of different indices when the total pullout strength is consistent


		3.3 Effect of different indices when the arrangement is consistent







		4 Discussion

		4.1 Merits of the proposed method


		4.2 Limitations of the proposed method







		5 Conclusion

		5.1 Effects of pullout strength indicators of geosynthetics


		5.2 Optimization of reinforcement layout and layering


		5.3 Guidance for seismic reinforcement design







		Data availability statement


		Author contributions


		Funding


		Generative AI statement


		Publisher’s note


		References







		Research on relaxation characteristics of columnar jointed basalts of deep foundation in hydropower station

		1 Introduction


		2 Method

		2.1 Structural classification and distribution of columnar jointed basalt


		2.2 In-situ experiment test







		3 Results

		3.1 Physical and mechanical parameters of columnar jointed basalt


		3.2 Structural and mechanical properties of columnar basalt after relaxation


		3.3 Determination of relaxation property in columnar jointed basalt







		4 Discussion

		4.1 Size effect


		4.2 Time effect


		4.3 In-situ stress effect







		5 Conclusion and prospect


		Data availability statement


		Author contributions


		Funding


		Generative AI statement


		Publisher’s note


		References







		Dynamic response and damage evolution characteristics of uniform rocky slopes with unstable rock masses based on shaking table tests

		1 Introduction


		2 Experimental study

		2.1 Test equipment


		2.2 Modeling


		2.3 Test conditions







		3 Dynamic response characterization

		3.1 Accelerated response


		3.2 Fourier spectrum evolution


		3.3 Deformation response







		4 Mechanism of initiation and damage of unstable rock mass

		4.1 Rockfall initiation process


		4.2 Damage identification of structural plane of unstable rock mass







		5 Discussion and limitations


		6 Conclusion


		Data availability statement


		Author contributions


		Funding


		Generative AI statement


		Publisher’s note


		References







		Low-carbon stabilization of expansive soils using cement kiln dust and calcium carbide slag: mechanisms and performance

		1 Introduction


		2 Materials and methods

		2.1 Materials


		2.2 Experiment methods







		3 Results and analysis

		3.1 Compaction characteristics


		3.2 Free swelling rate analysis


		3.3 Strength characteristics


		3.4 Scanning electron microscopy analysis







		4 Discussion on the mechanisms of CKD-CCS in soil stabilization


		5 Conclusion


		Data availability statement


		Author contributions


		Funding


		Generative AI statement


		Publisher’s note


		References







		Influence of borehole trajectory and pressure on the characteristics of drilling induced fractures

		1 Introduction


		2 Drilling-induced fractures prediction model

		2.1 Coordinate transformation


		2.2 Wellbore stress distribution


		2.3 Induced fracture orientation determination


		2.4 Model verification







		3 Results and analysis

		3.1 The impact of wellbore trajectory


		3.2 The impact of bottomhole fluid column pressure







		4 Conclusion


		Data availability statement


		Author contributions


		Funding


		Generative AI statement


		Publisher’s note


		References







		Reflection and transmission of P-wave incident obliquely at the interface between an elastic solid and a fluid-saturated porous medium: a comprehensive study via the model of soil mechanics

		Introduction


		Methods


		Results


		Discussion


		1 INTRODUCTION


		2 THEORY OF WAVE PROPAGATION

		2.1 Elastic solid medium


		2.2 Fluid-saturated porous medium







		3 THE REFLECTION AND TRANSMISSION OF INTERFACE INDUCED BY P-WAVE

		3.1 Wave potentials in the elastic solid


		3.2 Wave potentials in the fluid-saturated porous medium


		3.3 Boundary conditions and solutions

		3.3.1 Boundary conditions


		3.3.2 Reflection and transmission coefficients












		4 DEGENERATE VALIDATION OF SOLUTIONS

		4.1 Validation of degenerate formulas


		4.2 Validation of numerical analysis







		5 NUMERICAL RESULTS AND DISCUSSION

		5.1 The influence of boundary drainage


		5.2 The influence of wave frequency


		5.3 The influence of dynamic permeability coefficient


		5.4 The influence of porosity


		5.5 The influence of Poisson’s ratio







		6 CONCLUSION


		DATA AVAILABILITY STATEMENT


		AUTHOR CONTRIBUTIONS


		FUNDING


		ACKNOWLEDGMENTS


		CONFLICT OF INTEREST


		GENERATIVE AI STATEMENT


		REFERENCES


		APPENDIX







		Study on seismic response characteristics of the suction bucket group foundation in liquefiable sites

		1 INTRODUCTION


		2 NUMERICAL MODEL DEVELOPMENT AND VALIDATION

		2.1 Development of the numerical model


		2.2 Validation of numerical model







		3 STUDY ON SEISMIC RESPONSE CHARACTERISTICS OF THE SUCTION BUCKET GROUP FOUNDATION IN LIQUEFIABLE SITES

		3.1 Liquefaction identification


		3.2 Dynamic response of foundation and soil







		4 ANALYSIS OF INFLUENCING FACTORS

		4.1 Effect of peak ground acceleration


		4.2 Effects of ground motion spectral characteristics


		4.3 Effects of site soil layer liquefaction on foundation displacement







		5 CONCLUSION


		DATA AVAILABILITY STATEMENT


		AUTHOR CONTRIBUTIONS


		FUNDING


		CONFLICT OF INTEREST


		GENERATIVE AI STATEMENT


		REFERENCES


















OPS/images/fphy-12-1458844/fphy-12-1458844-g002.gif





OPS/images/fphy-12-1458844/fphy-12-1458844-g003.gif
®) N






OPS/images/fphy-12-1458844/crossmark.jpg
©

|





OPS/images/fphy-12-1458844/fphy-12-1458844-g001.gif





OPS/images/fphy-12-1458844/fphy-12-1458844-g006.gif





OPS/images/fphy-12-1458844/fphy-12-1458844-g007.gif
“!llllw






OPS/images/fphy-12-1458844/fphy-12-1458844-g004.gif
Perodts)






OPS/images/fphy-12-1458844/fphy-12-1458844-g005.gif





OPS/images/fphy-13-1696671/crossmark.jpg
©

|





OPS/images/fphy-12-1497190/fphy-12-1497190-t003.jpg
Number  Sp/% Si/mm Sg/%  Confining pressure/kPa

100 200 300 400

s - - - 424 | 744 1042 | 1390
s2 1 = | = 612 | LI4 | 1301 | 1,580
53 2 - - 663 | 1049 | 1337 | 1665
s4 3 T e | 1065 | 1435 | 1887
55 4 - ~ s s |
56 R = e e | a6 | 27
7o - s | - 1184 | 149 | 2080 | 2428
58 - 2| - 1199 | 1873 | 2188 | 2,685
s N — | 1405 s 2575 | 3015
510 1 6 08 | Lo | ame | 2 | 2w
s | 6 | os o7 | uses | w0 | 2
 sn 3 6 | o8 1149 | 1670 | 2177 | 2959
s13 . | s 08 1,009 [ 1651 | 2076 | 2750
S14 1 9 08 s wn 2w 26
15 29 | 0w | sw s 207 | 2o
16 3 9 08 1192 | 1650 | 2,142 | 2,691
s 4 o | o8 1,088 [ 1577 | 2233 | 2646
S18 1 2o o8 | 1510 | 1968 | 2279 | 2783
519 2 12 08 s wm 2 3o
520 5 e 05 | a0 | | 2093 | 278
521 4 12 08 1245 | 1919 | 2323 | 2610
522 1 15 o | 1497 | 1878 | 2224 | 2810
523 2 15 08 | ten e 2 sm
524 P 05 | 1517 | 2u6 | 2418 | 30%
s 4 15 08 1353 | 1811 2244 | 2,625






OPS/images/fphy-12-1497190/math_1.gif





OPS/images/fphy-12-1497190/math_2.gif
@

Sp =%





OPS/images/fphy-12-1497190/math_3.gif
(0, = 0y), ., = a0y + 0





OPS/images/fphy-12-1497190/fphy-12-1497190-g013.gif
.w

inpeoned
sy st

4






OPS/images/fphy-12-1497190/fphy-12-1497190-g014.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-t001.jpg
P d max/ pal pamn/ @ | Dso/ Cy Cc
(g.cm™) (gem™) (gem™) % mm

3

14






OPS/images/fphy-12-1497190/fphy-12-1497190-t002.jpg
Viscosity/ Volatile Ash pH
mPa.s matter/% content/%

34, 05






OPS/images/fphy-12-1497190/fphy-12-1497190-g011.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g012.gif





OPS/images/back-cover.jpg
Frontiers in
Physics

Investigates complex questions in physics to
understand the nature of the physical world!

Addresses the biggest questions in physics,
from macro to micro, and from theoretical to
experimental and applied physics.

Discover the latest
Research Topics

Frontiers
Avenue do Trbunal-Fédéral 34
1005 Lausanne, Switzerland
fontersinorg

Contactus

+41(0)215101700
frontersn ro/about/contact

& frontiers | Research Topics






OPS/images/feart-12-1491583/feart-12-1491583-g005.gif





OPS/images/feart-12-1491583/feart-12-1491583-g006.gif





OPS/images/feart-12-1491583/feart-12-1491583-g007.gif





OPS/images/feart-12-1491583/feart-12-1491583-g001.gif





OPS/images/feart-12-1491583/feart-12-1491583-g002.gif





OPS/images/feart-12-1491583/feart-12-1491583-g003.gif
e

GenerteSPH sl
ot

Esabih an e
sl Part

Apply fed consaim_

condiions

Specty rlvant





OPS/images/feart-12-1491583/feart-12-1491583-g004.gif





OPS/images/fphy-12-1497190/math_4.gif





OPS/images/fphy-12-1497190/math_5.gif





OPS/images/feart-12-1491583/crossmark.jpg
©

|





OPS/images/feart-13-1519602/inline_3.gif





OPS/images/feart-13-1519602/inline_2.gif
050 O





OPS/images/feart-13-1519602/inline_1.gif





OPS/images/feart-13-1519602/feart-13-1519602-t001.jpg
Vertical ~ Horizontal Horizontal  Pore Fluid RN 17K/ Poisson’ Tensile  Diameter/c

in situ maximum minimum pressure/M column ratio/ 4]  strength/M
stress/MPa in situ in situ pressure
stress/MPa  stress/MPa in
well/MPa

“ 30 o . —





OPS/images/feart-13-1519602/feart-13-1519602-g022.gif





OPS/images/fphy-12-1458844/math_2.gif
- 26 @), g (5,) 20 (@) | 3Ci (@)
R e e SR e )
8 (5) = X, Gamy

o





OPS/images/fphy-12-1497190/crossmark.jpg
©

|





OPS/images/fphy-12-1458844/inline_7.gif





OPS/images/fphy-12-1458844/inline_8.gif
0 (w) 9C; (w)
o (2)” 0P, (2)





OPS/images/fphy-12-1458844/inline_9.gif





OPS/images/fphy-12-1458844/math_1.gif
(@) (1)
sty (@) = £~ ty(@) == Y} vaer 2





OPS/images/fphy-12-1458844/inline_3.gif





OPS/images/fphy-12-1458844/inline_4.gif





OPS/images/fphy-12-1458844/inline_5.gif





OPS/images/fphy-12-1458844/inline_6.gif
a, 5





OPS/images/feart-13-1519602/math_4.gif
cosayc08f, sinmycosf, sinf,
sinay w0

cosa, sinB, sina,sinf, cos)

@





OPS/images/feart-13-1519602/math_3.gif
oy = RyocR, (3)





OPS/images/feart-13-1519602/math_2.gif
o = RiogR, (2)





OPS/images/feart-13-1519602/math_10.gif
b0+ 22 x0xcos. %0 sin 26+
0= T X0+ R x0xcos 2040x0xsin 20+ P,

X1-P,=5MPa
o) (oo

%

X4c0s20+0x45in20-P,

0
X1-P,=35MPa

~2v(0y o) X 1 xco0s 20~ 4vx0x 1
xsin 20— aP, = 25MPa.






OPS/images/feart-13-1519602/math_1.gif
e wh sinay cos
o s s e o, S sy o sy
B DR






OPS/images/fphy-12-1497190/fphy-12-1497190-g010.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g006.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g007.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g008.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g009.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g002.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g003.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g004.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g005.gif





OPS/images/fphy-12-1497190/fphy-12-1497190-g001.gif
S R S B





OPS/images/fphy-13-1522240/fphy-13-1522240-g003.gif
B

& ¢

(DCpiR of refaxation (m)

3

B T T T O I TS T Ty
pitimad





OPS/images/fphy-13-1627649/fphy-13-1627649-g002.jpg





OPS/images/fphy-13-1522240/fphy-13-1522240-g002.gif
Force coumn

(9 igd beig plarc s






OPS/images/fphy-13-1627649/fphy-13-1627649-g001.jpg
Extreme high water level 73.73
~ Design high water level /2.73

Mean sea level 70,04

Design low water level /-2.37

Natural seabed surface 7-19.00.

Transition section top $717.00

Transition section.

712,00
400

7-16.855

Suction bucket 89500 __ |

Transition section bottom 713,00

7-15.50

(b)

Bucket4






OPS/images/fphy-13-1522240/fphy-13-1522240-g001.gif
Stack band

S

P





OPS/images/fphy-13-1627649/crossmark.jpg
©

|





OPS/images/fphy-13-1522240/crossmark.jpg
©

|





OPS/images/fphy-13-1597946/fphy-13-1597946-g008.gif





OPS/images/fphy-12-1526223/math_9.gif
oy B -3v o) ~(sing, 3peos )]
Mo e (518 ) ©
= 28 oo+ A i -]





OPS/images/fphy-13-1597946/fphy-13-1597946-g007.gif





OPS/images/fphy-12-1526223/math_8.gif





OPS/images/fphy-13-1597946/fphy-13-1597946-g006.gif





OPS/images/fphy-13-1597946/fphy-13-1597946-g005.gif
)

]

P
i e

e
o

{ims

ful

L

T

R e 3

ooy

é‘“‘ Ly






OPS/images/fphy-13-1522240/math_1.gif
[0





OPS/images/fphy-13-1522240/inline_2.gif





OPS/images/fphy-13-1627649/fphy-13-1627649-g005.jpg
Time(s)

SiltA(3.4m)
SiltB(6.0m)
siltc(8.8m)

(b)

200

150

100

Pore water pressure (KPa)
o 3

|
N
S
S
—_
S

) 20 30
Time(s)





OPS/images/fphy-13-1522240/inline_1.gif
.
e=¢g) =





OPS/images/fphy-13-1627649/fphy-13-1627649-g004.jpg
(a)

PGA(g)

-0.05

—-0.10

o

10 20
Time(s)

30

(b) 0.12

Amplitude (g)
g S
S [=5)

o
=
S

g
=)

0.1

1 10
Frequency (Hz)

100





OPS/images/fphy-13-1522240/fphy-13-1522240-t001.jpg
Category Rock type grade n<10% 10%<n < 15% n>15%

Count = Proportion Count = Proportion Count = Proportion

m 13 43.3% 3 10 33.3%
First type of columnar jointed basalt )
m2 1 3 10.0%
1 2 333% 2
Cryptocrystalline basalt T
m2 2 333%
m 3 333% 1 ; 3 333%
Breccia Lava T

m2 - 2 222%





OPS/images/fphy-13-1627649/fphy-13-1627649-g003.jpg
[t
=0

~
—
8]

(b) 0.00
) Experimental value et Experimental value
210 —— Simutatedvolie ) SORES ——— Simutedvaue
a E-0.05
0.8
o =
= E 0.10
Q 0.6 5
b (2]
g Tg -0.15
go2 g
00 £-0.20

0 10 20 30 5 10 15 20 25 0 5 10 15 20 25
Time (s) Time(s) Time(s)





OPS/images/fphy-13-1597946/crossmark.jpg
©

|





OPS/images/feart-13-1519602/math_9.gif
an 20 = ©
—





OPS/images/feart-13-1519602/math_8.gif





OPS/images/feart-13-1519602/math_7.gif
0, = max(0,,0,,0,) B
a,=min(0,0,0;)

+040,-0,-0





OPS/images/feart-13-1519602/math_6.gif
o

0= (0g+0,)/2~

(09 +0.)/2+ (o + 0.)* + 473,12

(opr oy +ar )2

[C





OPS/images/feart-13-1519602/math_5.gif
®





OPS/images/fphy-13-1597946/fphy-13-1597946-g004.gif





OPS/images/fphy-13-1597946/fphy-13-1597946-g003.gif





OPS/images/fphy-13-1597946/fphy-13-1597946-g002.gif





OPS/images/fphy-13-1597946/fphy-13-1597946-g001.gif
P-wave

oY





OPS/images/feart-12-1486831/inline_77.gif





OPS/images/feart-13-1544660/feart-13-1544660-g002.gif





OPS/images/feart-12-1486831/inline_76.gif





OPS/images/feart-13-1544660/feart-13-1544660-g001.gif





OPS/images/feart-12-1486831/inline_75.gif





OPS/images/feart-13-1544660/crossmark.jpg
©

|





OPS/images/feart-12-1486831/inline_74.gif





OPS/images/fphy-13-1522240/math_9.gif
©)






OPS/images/feart-12-1486831/inline_73.gif





OPS/images/fphy-13-1522240/math_8.gif
®)






OPS/images/feart-12-1486831/inline_72.gif





OPS/images/fphy-13-1522240/math_7.gif
4





OPS/images/feart-12-1486831/inline_71.gif





OPS/images/fphy-13-1522240/math_6.gif





OPS/images/fphy-13-1522240/math_5.gif





OPS/images/feart-12-1486831/inline_8.gif





OPS/images/feart-12-1486831/inline_79.gif
rl





OPS/images/feart-13-1544660/feart-13-1544660-g004.gif





OPS/images/feart-12-1486831/inline_78.gif





OPS/images/feart-13-1544660/feart-13-1544660-g003.gif





OPS/images/fphy-13-1522240/math_16.gif
(16)





OPS/images/fphy-13-1627649/fphy-13-1627649-g013.jpg
(b)

Unliquefiable
—— Liquefiable

—— Unliquefiable
—— Liquefiable

—— Unliquefiable
—— Liquefiable

=
=3
X

=
=
=

=
=
=S

0.00

Horizontal displacement (m)
1
e
=
S

Horizontal displacement (m)
Horizontal displacement (m)

1
1<
=
=

(d) 0.00 (€) oo (f) 0.00
Unliquefiable Unliquefiable Unliquefiable
= Liquefiable ——— Liquefiable — Liquefiable
g -0.01 E o, § ~0.04
= T —0.02 =
= s )
3} QE) g
E -0.02 = = 008
S
g o —0.04 9
2 3
5 s g
S -0.03 8 S
g £ hioe £ o1z
g g >

—0.16

0 10 . 20 30 40
Time(s)






OPS/images/fphy-13-1522240/math_15.gif
s






OPS/images/fphy-13-1627649/fphy-13-1627649-g012.jpg
(a)

Vertical settlement(m

Maximum horizontal displacement (m)

0.04

0.03

0.02

0.01

0.00

Parkfield Trpinia

Time(s)

] Buckerz
[—_IBucket3

Whittier  ChiChi
Name of the earthquake

Parkfield
Irpinia

———— Whittier
~——— ChiChi

(b)

(e)

Vertical settlement(m)

0.03

0.02

0.01

Maximum vertical settlement (m)

0.00
Parkficld Irpinia Whittier
Name of the earthquake

Time(s)

= Bucket?
Bucket3

ChiChi

Parkfield

Trpinia
—— Whittier

0.15

Parkfield
Trpinia

o
S

0.05

Uneven settlement (m)
g

-0.05
-0.10
—0.15
0 10 20 30 40
Time(s)





OPS/images/fphy-13-1522240/math_14.gif
(14






OPS/images/fphy-13-1627649/fphy-13-1627649-g011.jpg
=
L
=
=
=
I
~

13

(b)

—e— Irpinia
—A— Whittier

N = < <

— - — S
oner ainssaad xoyem axod zodng

—=— Parkfield

—e— Irpinia
—A— Whittier
—v— ChiChi

3! = < N
— - - 1=}

onex anssaid 1ayem axod 1adng

0.8

Soil layer depth (m)

Soil layer depth (m)

=
<
32
H
&

Irpinia
—— Whittier

Parkfield
Irpinia
—— Whittier

< A e N <
o <) c ) $

(wr) Juswede|dsIp [BIUOZLIOH

(©)

Time(s)

Time(s)





OPS/images/fphy-13-1522240/math_13.gif
2o+ ~0=0
;i

13)





OPS/images/fphy-13-1627649/fphy-13-1627649-g010.jpg
Parkfield

Trpinia
——— Whittier
—— ChiChi

(b)

0.30 Parkfield
) Irpinia
——— Whittier
. 0.25 —— ChiChi
N
0.20
g
= 0.15
)
=
2.0.10
g
<€ 0.05

o
o
S

0.01 0.1 1 10 100
Frequency (Hz)





OPS/images/fphy-13-1522240/math_12.gif
(12






OPS/images/fphy-13-1627649/fphy-13-1627649-g009.jpg
Maximum horizontal displacement (m)

s

Vertical settlement (m)

[ ]Bucket2
[_IBuckets

0.12
0.10
0.08
0.06
0.04
0.02
0.00

0.1g 0.15g 0.2g 0.25g 0.3g
PGA (g)

0.4g

0.00

<
2

|
=3
(=3
©

|
.
=
)

1
I
=
o

Time(s)

(b)

(e)

Maximum vertical settlement(m)

0.16

[ Bucket2
[ Bucket3

0.14
0.12
0.10
0.08
0.06
0.04
0.02

0.00
0.1g 0.15g 0.2g 0.25g 0.3g

PGA (g)

0.4g

0.00

| | |
=) = =
—_ f=3 =3
L] oo B

Vertical settlement (m)

|
Y
N

0 10 20 30 40
Time(s)

®
(o)

Uneven settlement(m)

0.04

0.02

Time(s)





OPS/images/fphy-13-1522240/math_11.gif
)






OPS/images/fphy-13-1627649/fphy-13-1627649-g008.jpg
—
Q
~

Super pore water pressure ratio

=) =3 =
> =Y —_
S G 1)

Horizontal displacement (m)

|
s 9
—_— f)
(=) [y

Soil layer depth (m)

Time(s)

(d)

Horizontal displacement (m)

Super pore water pressure ratio

0.08

0.04

0.00

—0.04

—0.08

-0.12

Time(s)





OPS/images/fphy-13-1522240/math_10.gif
(10






OPS/images/fphy-13-1627649/fphy-13-1627649-g007.jpg
(a)

Horizontal displacement (m)

0.04

0.02

0.02

Bucketl
Bucket2
Bucket3
Bucket4

(b)

Vertical settlement (m)

0.00

-0.01

-0.02

—0.03

Bucketl
Bucket2
Bucket3
Bucket4

—~
(@)
~

0.001

Angle (°)
=
=
g

-0.001

Bucket]
Bucket2
Bucket3
Bucketd






OPS/images/fphy-13-1627649/fphy-13-1627649-g006.jpg
(@) e Before Parkfield-02.CA (0.1g) excitation (b) P At t=10s during Parkfield-02.CA (0.1g) excitation

p m
n
m
156
m
134
19
12
151
803
[} m
us m1
23 a8
HIED 109






OPS/images/fphy-13-1522240/math_4.gif
“@






OPS/images/fphy-13-1522240/math_3.gif
®





OPS/images/fphy-13-1522240/math_2.gif





OPS/images/fphy-13-1627649/fphy-13-1627649-g014.jpg
o
Q
~

Maximum horizontal displacement (m)

0.08

0.06

0.04

0.02

0.00

0.1g

0.2g
PGA (g)

[ unliquefiable
[ viauefiable

0.4g

(b)

Maximum vertical displacement (m)

0.15

0.12

0.03

0.1g

0.2g
PGA(g)

[ uniquefiable
- Liquefiable

0.4g





OPS/images/feart-12-1486831/feart-12-1486831-t004.jpg
GRSP factor

Modulus 634 114 580 473 266 95 53 103
‘Thickness ‘ 317 135 117.1 ‘ 133 ‘ 10.6 59 229 7.0

Friction angle ‘ 373 27 1497 25 132 64 65 64

“Tensile stiffness of the geogrid ‘ 476 138 410 645 7.1 83 58

Layers of the geogrid ‘ 104 0 676 94 09 33 09

Placement of the geogrid ‘ 10 0 30 12 0 (5 0

Note:  is the stress concentration ratio of pile to soil; p, is the soil arching ratio; p,, is the tensioned membrane ratio; p, , is the composite ratio of soil arching and tensioned membrane; S, is
thii diffoweitia] Settlearinnt o sl wsd plle: - I ihis settennant of ekt sartaos . 15 th Deight of plins 6f eqmal esttlsment (DES) i sadbanlanuiils 5. 18 the setiletienit oE PES
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Parameter Range of value

Elastic modulus (MPa) 15,20, 25,30°, 50, and 100
Gravel in GRSP ‘Thickness (cm) 10,20, 30, 40, and 50°

Inner friction angle (deg) 10,15, 20,25,30°, 35, and 40

Tensile stiffness (kN/m) 600,900, 1,125", and 2.250
Geogrid in GRSP

Rt i e o

Layers and placement

1 (middle), 2 (middle and upper)”, 2 (middle and lower), and 3 (middle, upper and lower)
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Material =y > ¢’(deg) E(MPa)
(kN/m?>)

Embankment | 185 10 2% 20 03
7 Loam 1.1 205 27 35 03

Muddy clay | 17.9 16.1 10 8 03

Sandyloam | 184 119 20 25 03

Sandyclay | 192 288 265 50 03
7 Sitysand | 190 265 311 I 80 03

Gravel 178 3 30 30 03

Note: y is the unit weight of soil; ¢’ is the effective cohesion of soil; ¢' is the effective friction
adiaie: T ke th Younws thistie o of solk v lsithe Pilbocly tatlc.
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Soil layer = Thickness/m Shear

resistance/kPa
Loam 20 Plastic 17.4
Muddyclay | 84 Fluidal plastic | 16.5
Sandyloam | 32 Soft plastic 233
Sandy clay 7.4 Plastic 314
Silty sand 108 Medium dense | 39.2
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Test aim Dynamic response and failure performance of uniform rocky slope-unstable rock system
Classification Rocky slope Composition Steel plates, angles and channels
Basic Container Size Length: 3.1 m, Width: 1.2 m, Height: 2.5 m
‘Triggers Earthquake
Preparation Compaction
Angle 60° Angle 367
Material Mixture of barite powder, quartz sand, Material Mixture of loess, river sand, and water
Slope model ‘gypsum, water, and glycerin Weak structural plane
Properties Density: 2.2 g/cm’; Cohesion: 20.01kPa; Properties Density: 1.8 g/cm?; Cohesion: 0.95 kPa;
Internal friction angle: 36.6” Internal friction angle: 27.65°
Acceleration sensors “Tritial acceleration Test cases 2
M":’“‘:’“‘g Displacement sensor Deformation Test condition
ools
Test variable Seismic wave types and amplitudes
Industrial Camera Image Record

® Elevation and surface amplification effects are evident within the rock slope, and these effects intensify as the slope’s height increases. The vertical deformation of
unstable rock masses exhibits heightened sensitivity to elevated seismic intensities

Main test observations

‘The unstable rock mass is initiated under the input 0.8 gKB seismic wave condition, and the initiation process can be summarized into three distinct stages
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Amplitude (g) Excitation No.  Amplitude (g) Excitation No. Amplitude (g) Excitation

signal signal signal
X i 74 X Y 74 X Y 74

1005 | 005 005 WN 10 04 KB 19 | 08 048 048 EL
2 ol KB 1 04 | 024 | 024 EL 20 | 08 056 072 WL
3 01 | 006 | 006 EL 12 04 | 028 | 036 WL 21| 005 005 005 WN
4 o1 | 007 | 009 WL 13005 005 005 WN 2 | 10 KB
5 | 005 | 005 | 005 WN 4 06 KB 23 | 10 06 06 EL
6 02 KB 15 06 | 036 036 EL 24 | 10 07 09 WL
7 02 | 012 | 012 EL 16 | 06 | 042 | 054 WL 25 | 005 005 005 WN
8 02 | 014 | 018 WL 17005 005 005 WN

9 | 005 | 005 | 005 WN 18 08 KB
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Lithology Density Cohesion Internal
)

(g/cm (kPa) friction
angle (°)
Rock mass ‘ 22 2001 366
Weak

‘ 18 0.95 27.65

intercalation
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[\[}

ramete

Physical dimension, L

Scale factor

C =30

2 Volumetric weight, y G, =1

3 Gravitational acceleration, g C,=1

4 Internal friction angle, Cp=1

5 Dynamic modulus of Elasticity, E Cp=C,C =30
6 Dynamic Poisson’ ratio, i Cu=1

7 Cohesion, ¢

8 Shear wave velocity, V,

9 Input acceleration, A Cut

10 Duration, T, Cry=C, % =5477
11 Frequency, © Go=C =018
12 Linear displacement, s C,=C =30

13 Angular displacement, G=1

14 Strain, & Co=1

15 Stress, & C,=G,C=30
16 Response velocity, V Cy=C"?=5477
17 Response acceleration, a C,=5477
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Pile types Total settlement (mm) = Post-construction settlement (mm) = Post-construction settlement ratio

(%)
Concrete pile 632 56 89
NPBG pile 1222 09 07
Cement-mixed pile | 191.9 462 241
Gravel pile 407.6 87 21
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Pile types Maximum increment of excess  Increment of vertical total Pore water pressure coefficient

pore water pressure (kPa) stress (kPa)
Concrete pile 134 24 055
NPBG pile 10 426 002
Cement-mixed pile | 53.0 ‘ 576 092
Gravel pile 40 108.3 004
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Pile types Weight Elastic Poisson'’s Cohesionc' Internal Dilatancy Permeability

density modulus E ratio v (kPa) friction angle y(°) k (m/day)
y(kN/m3) (MPa) angle ¢/ ()
Concrete pile 25 20,000 02
NPBG pile 189 200 03 755 03 01 328
Cement-mixed | 20 120 03 280 25 [ 432E-04
pile

Gravel pile 19.8 15 03 1 39 432
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Soil pressure Field-measured values (kPa) Liu's computed values (kPa) The calculated results in this

paper (kPa)

Soil surface between piles | 314 58.1 558

Pile top 5836 5926 590.8
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Soil layer Weight Elastic Poisson’s Cohesion ¢ Internal Permeability

density y modulus E ratio v (kPa) friction angle  k (m/day)
(kN/m3) (MPa) ¢ (°)
Embankment fill 185 20 03 10 30 -
Crushed stone 178 20 03 10 40 -
bedding
Coarse granular fill | 18.4 7 03 15 28 -
soil
Silty clay 197 25 035 288 265 8.64E-04
Silty clay with silt 173 18 04 161 10 432E-04
and sludge
Loam 20.2 44 035 205 27 4.32E-04
Sandy silt 197 70 035 265 311 432E-03
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